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PREFACE TO THE THIRD EDITION 

The objectives of the third edition are identical with those of the first and second: 

(1) to present clearly and concisely the fundamental principles which are basic to 

each subdivision of hydraulic engineering, and (2) to demonstrate the practical 

applications of these principles by examples which have been drawn largely from the 

actual practice of hydraulic engineering. 

Since the publication of the second edition in 1952, many time-honored practices 

have been made obsolete by revolutionary advances. In preparing the third edition, 

the Editors were confronted with the task of bringing the book up-to-date in a period 

of rapid and dynamic change. Three factors of primary importance are: (1) The 

correlation of extensive field and laboratory testing programs; (2) the development 

of new designing methods which now brings the results of theoretical analyses closer 

to those obtained from field observations; and (3) the rapid increase in the use of the 

digital computer. 

Recent advances in dam design illustrate the interrelations between these three 

factors. As one example, field measurements to determine the actual behavior of 

large gravity-type dams have revealed characteristic patterns of vertical normal stress 

distribution which vary widely from the straightline distribution as obtained by 

conventional analytical methods. Concurrently there has been developed the finite- 

element method of analysis. The pioneer exploratory work of several investigators, 

as described in Sections 9 and 10, resulted in patterns in stress distribution which in 

many cases approached those obtained from tests of both prototype structures and 

structural models. The application of the finite element method would not be prac- 

tical without the aid of the digital computer. 
In a similar manner these changing practices have resulted in improvements in 

designing methods for arch dams. The trial-load method of analysis, as presented 

in the first and second editions, is now almost universally accepted as a basis for the 

design of arch dams. During recent years, however, some trial-load procedures have 

been changed to adapt them to computer programming. 

These improvements in designing methods have been paralleled by the develop- 

ment of improved structural types. Several notable advances have been made in 

Europe during the past decade. To illustrate, dams of the flexible-concrete-block 

type, the cored-gravity type, and the wide-span multiple-arch type have been devel- 

oped by Italian and French engineers. 

Another example of progress is afforded by improved criteria for the design of large 

water conductors, spillways, canals, and other hydraulic works. Here again, definite 

advances have resulted from the close coordination of field and laboratory experi- 

mental programs. By way of example, field tests to measure the discharge capacities 

of large tunnels, and other water conductors, operating under velocities ranging up 

to 90 feet per second, are described in Sections 2 and 3. From the data thus obtained, 

friction coefficients have been related to Reynolds numbers of unprecedented magni- 

tude. As a result, a substantial element of heretofore theoretical fluid mechanics 

now enters the realm of practical applied hydraulics. 

vu 



vill PREFACE TO THE THIRD EDITION 

These recent observations have furnished designers with more realistic criteria for 

the giant river projects which are being built in response to the rapidly growing food 

requirements of many developing nations. Vast programs of civil works, involving 

hydraulic structures of unprecedented magnitude and cost, are being equated directly 

to average increases in per capita caloric intake and also to the nation-wide economic 

benefits which result from multipurpose systems operations for irrigation, flood con- 

trol, power, domestic and industrial water supplies, and other water uses. More 

than ever before the work of the hydraulic engineer is now related to the achievement 

of national goals. 

In response to many requests, the Editors have added new sections on basic hydrau- 

lies, reservoir hydraulics, natural channels, regime canals, river diversion, basic prin- 

ciples of concrete dam design, cored-gravity and massive-buttress dams, prestressed 

dams, barrages and dams on soft foundations, fish passing facilities, pumped storage, 

flood control, navigation, groundwater, drainage, and tidal energy development. 

Many other sections have been completely rewritten. 

For convenience in reference, the third edition has been divided into four parts: 

I, Hydrology and Basic Hydraulics; II, Water Conveyance; III, Dams; and IV, Water 

Use, Control, and Disposal. 

Calvin V. Davis 

Kenneth E. Sorensen 
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SECTION 1 

HYDROLOGY 

By Puiuure Z. Kirpich AND GorDON R. WILLIAMS 

A brief discussion of engineering hydrology is presented in this section. The scope 

of this book, together with space limitations, does not permit a complete treatment of 

the subject, for which reference is made to several comprehensive texts published 

during recent years on the broader applications of the subject. 

PRECIPITATION 

1. Measurement. Nonrecording precipitation gages of good design provide a 

means of magnifying precipitation depth so that it is more easily observed. The 

standard U.S. Weather Bureau gage,!.* for example, with a receiver area of 50.3 sq in. 

(8 in. diameter) and a measuring tube area of 5.03 sq in. (2.53 in. diameter), provides a 

magnification of 10. Automatic recording gages, which produce a chart record, are 

manufactured by several instrument companies. Results obtained from recording- 

gage charts should be checked by making periodic volumetric measurements in order 

to guard against faulty operation of the gage mechanism. 

To minimize error, gages should be located to avoid poor exposure. The ideal loca- 

tion is a large, flat, open area free from large trees or structures which might intercept 

precipitation. On the other hand, to reduce wind effects, low barriers such as bushes 

or fences are desirable at a distance from the gage not less than twice their height. 

Observers at nonrecording gages usually report only daily amounts of precipitation 

and depths of snowfall on the ground. It is often advantageous to instruct them to 

record, in addition, the times of beginning and ending of heavy precipitation. Used 

in conjunction with the record of a nearby recording gage, this information is of great 

use in delineating both areal and time distribution of precipitation. There are at 

present in the United States 10,270 nonrecording gages and 3,204 recording gages. 

2. Sources of Data. In the United States, the principal source of precipitation 

data is the U.S. Weather Bureau. Many other agencies, both public and private, 

maintain gages. However, in a given locality it is always best to obtain data first from 

the appropriate regional office of the Weather Bureau, as this agency often publishes 

data obtained from other agencies. An excellent series of river basin maps, locating 

both precipitation- and stream-gaging stations, is available.” 

3. Adjustment of Records. A precipitation record is often obtained from a poorly 

exposed gage or from one whose location has been changed during the period of record. 

If the exposure was satisfactory for part of the record (at least 5 years or more), an 

adjustment of the remainder of the record can be made. The adjustment should be 

made by comparing the ratio between the recorded values of the annual or seasonal 

precipitation with the corresponding average value for a group of base stations in the 

vicinity. Compute the ratios for each year or season, and examine them for indica- 

tions of any sharp changes or trends, which, if present, indicate modifications in the 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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1-2 HYDROLOGY 

regime of the station. In lieu of computing the ratios, the dowble-mass-curve tech- 

nique’ may be used. LHither of these two methods is based on the fact that seasonal 

precipitation figures at stations in the same general locality are usually consistent with 

one another. However, this is not true for short-period precipitation, for which this 

type of adjustment is not recommended. 

4. Estimates for Missing Records. Ratios established as described in Art. 3 can 

be used to estimate the missing portion of arecord. As an example, available records 

for Stations A and B in the same general locality are as follows: 

Period Station A | Station B 

1930 41.0 in. 

1931 40.2 in. 

1932 36.0 in. 

1933-1949 (avg) | 37.5 in. 39.0 in. 

The precipitation at Station B for the years 1930, 1931, and 1932 are estimated by 

proportion to be 42.6, 41.9, and 37.4 in., respectively. 

5. Geographical Distribution. The following basic factors determine the amount 

of mean annual precipitation at a station on the earth’s surface: (1) latitude, (2) posi- 

tion and size of the continental land mass in which the station is located, (3) distance 

of the station from the coast or other source of moisture, (4) temperature of ocean and 

coastwise currents with respect to adjacent land masses, (5) extent and altitude of 

adjacent mountain ranges, 7.e., orographic effects, (6) altitude of the station. 

Considering latitude alone, the generalized world pattern is composed of a series 

of belts resulting from the circulation of the atmosphere. At the equator, there is a 

belt of relatively low pressure known as the doldrums, where intense solar radiation 

heats the air and causes it to expand and rise. Warm moisture-laden winds converge 

on the region and produce high precipitation from frequent thunderstorms. At about 

30° north and south latitude, there are high-pressure belts, called the horse latitudes, 

where warm, dry air descends and precipitation is low. From about latitudes 35° 

to 65° interaction of the moisture-laden prevailing westerlies with cold, dry polar air 

generates storms of the frontal type (see Art. 9) and produces abundant precipitation. 

Convection-type thunderstorms also occur in this zone in summer, but produce less 

total precipitation than the frontal storms even though the short-duration intensities 

at individual points are generally much higher. From latitude 65° to the poles, dry 

polar air predominates increasingly and causes a decrease in precipitation. 

The wide variations in mean annual precipitation in the United States (Fig. 1) 

are an example of the large departures from the generalized world precipitation pattern 

caused by factors (2) through (6). The latter factors produce even greater variations 

in Asia. High pressure builds up in winter over the cold continental land mass and 

produces a dry wind (winter monsoon) blowing outward to the Indian Ocean. The 

summer monsoon is wet and blows in the reverse direction. Thus the normal plane- 

tary circulation of the atmosphere is greatly modified by the large size of the Asiatic 

continent. The combined effects of the wet summer monsoon and the high altitude of 

the Himalayas in northern India, which it crosses, explain why this region is one of very 

high precipitation. For example, the mean annual precipitation at Cherrapunji, 

India, is 428 in. 

6. Seasonal Distribution. The belts of different atmospheric pressure described 

in the preceding article move north in summer and south in winter (opposite seasons in 



Frc. 1. Normal annual amount of precipitation in the United States. (From V. T. Chow, ‘‘Handbook of Applied Hydrology,” McGraw-Hill Book Company, New York, 1964.) 
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PRECIPITATION 1-5 

the Southern Hemisphere), causing marked changes in the depth and type of precipi- 

tation for the various seasons of the year. In the United States, the variation in depth 

between summer and winter is greatest on the West Coast (Fig. 2) because of two 

principal factors: (1) the northward movement in summer of the dry high-pressure 

belt of the horse latitudes and (2) the presence of cool coastal water. The latter lowers 

the temperature below the dew point and hence reduces the moisture content of air 

carried landward by the prevailing westerlies. Subsequently, when this air strikes 

the warm land mass, dehumidification takes place, and almost all opportunity for 

precipitation is lost. 

The East Coast, on the other hand, shows a fairly uniform seasonal depth of 

precipitation. The origin of precipitation is distinctly different, however, in summer 

and winter. Summer precipitation is mostly of the convectional thunderstorm type 

and increases toward the south owing to increased summer convectional activity in 

that direction. Winter precipitation is almost entirely of the cyclonic or frontal type 

caused by the interaction of polar and tropical air masses. A further description of 

storm types is given in Art. 9. 

In the interior of the country, particularly west of the 95th meridian, still other 

seasonal patterns exist. In the Great Plains region, as at Omaha, Neb., summer thun- 

derstorms produce high precipitation as compared with winter, when the region is 

covered by cold, dry polar air. In the Plateau Region, as at Salt Lake City, Utah, 

mountain ranges seal off incoming moist air during all seasons. 

Figure 3 gives monthly temperatures and precipitation for selected stations 

throughout the world representative of climatic conditions varying from subarctic to 

tropical. Climatic types are after Trewartha.‘ 

7. Snow. Investigations to date are insufficient for the determination of adequate 

relationships among the many variables involved in snow problems. However, 

satisfactory empirical relations can often be derived if there are sufficient snow-cover 

measurements and precipitation, temperature, and runoff records. 

Figure 4 shows correlations between (1) a.snow-survey index for April 1 and the 

ensuing April—July runoff, and (2) the basin winter precipitation and the ensuing 

April-July runoff. It is noted that the first correlation is much the better of the two. 
The snow-survey index is the estimated water equivalent on the basin in inches deter- 

mined as follows: 

1. Average water equivalents were measured along 11 snow courses, each at a 

constant elevation from 5,700 to 10,300 ft in the Sierra Nevada (see Ref. 6 for snow- 

surveying methods). 

2. The basin was divided into three zones according to altitude. 

3. The average water depth for each zone was computed by averaging the courses 

in that zone. 

4. The average basin depth, or snow-survey index, is the weighted average of the 

zones, the weights being taken as proportional to the area of the zone. 

Another type of correlation, shown in Fig. 5, gives the “degree-day factor’’ for use 

in short-period predictions. The degree-day factor multiplied by the weighted degree- 

days gives snowmelt in inches. Degree days are measured from 32 F as a base; a day 

having an average temperature of 44 F would be equivalent to 12 degree-days. In 

Fig. 5a, the mean temperature at an index station (Blue Canyon) and the elevation of 

the snow line (the lower limit of snow cover) are used as parameters to get “‘weighted’’ 

degree-days. The latter, multiplied by the degree-day factor, which is a function 

of the date, gives snowmelt in inches. 

The setting up of design storms of storm rainfall is described in Art. 11. Rainfalls 
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from winter storms are often critical for large areas, particularly if augmented by snow- 

melt. Because in this case we are interested in maximum rather than in average 

conditions, the degree-day method described in the preceding paragraph would give 

too low a value of the snowmelt, and it is necessary to study the physics of melting 

snow more closely. 

Light? and Wilson’ have done this, Light presenting the formula 

D = V[0.00736(T — 32)1070.00001562 4 0.0231 (e — 6.11)] 

in which D is the snowmelt in 6 hr in inches, V is the wind velocity 50 ft above the 

snow surface in miles per hour, 7’ is the air temperature 10 ft above the snow surface 

in degrees Fahrenheit, e is the vapor pressure in millibars, and Z is the station eleva- 

tion in feet above mean sea level. If Z is less than a few thousand feet, its effect may 

be neglected, and the formula reduces to 

D = V(0.0074T + 0.023e — 0.37) 

Light’s formula, which is empirical in part, evaluates snowmelt caused by turbulent 

heat exchange between the air (including water vapor in the air) and the snow. 

Snowmelt by rainfall can be computed from 

Be 144 

derived from the fact that the heat of fusion of ice is 144 Btu/lb, in which D, is snow- 

melt in inches, P is rainfall in inches, and 7’, is the wet-bulb temperature, assumed 

equal to the rain temperature. D, is usually small compared with D; the wind, high 

humidity, and temperature accompanying warm rains cause more snowmelt than the 

rain. 

Studies of storms with large depths of snowmelt in the Ohio River basin in western 

Pennsylvania showed D to be only 60 to 72 percent of that indicated by the formula.® 

Unfortunately there are insufficient determinations at present to evaluate the per- 

centages for general application. Studies for a particular basin, if justified, should 

include detailed meteorologic and hydrologic analyses of past storms and the resulting 

runoff to establish values of the variables in the formula for D during successive time 

periods. The runoff hydrographs should be analyzed to determine variation in 

infiltration (see Art. 23) with time, runoff due to rainfall, and runoff due to snowmelt. 

If K is the percentage of snowmelt D, given by the theoretical formula, the variation 

of its value with time can be determined and applied later in setting up design storms 

(see Art. 11) for maximum conditions. A value of K of zero during the early part of 

the storm might be logical, as ripening of the snow cover takes place before the maxi- 

mum rate of snowmelt is reached. By “ripening’’ is meant the process prior to the 

occurrence of melting, in which the temperature of the snow is brought up to the melt- 

ing point and the capacity of the snow to hold liquid water is exhausted. 

8. Droughts. The safe (or “‘firm’’) capacity of projects depending on streamflow 

must, as discussed in Art. 20, be based on records sufficiently long to include low-flow 

or drought periods. The word ‘‘drought”’ as used here is merely a descriptive term, 

denoting a period of lower than average flow. If the streamflow record is too short, 

it may be extended by developing correlations with precipitation records as described 

in Arts. 18 and 19. 

Thornthwaite,!® in a discussion of the definitions of drought from an agronomical 

point of view, points out that it cannot be defined merely as a shortage of rainfall, 

because both the demand of vegetation for water (which varies according to the time 
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of the year) and the moisture available in the soil must be taken into account. He 

has developed curves for ‘‘potential evapotranspiration,’’ or the amount of water 

that would be evaporated and transpired by plants, if it were available. Figure 6 is an 

example showing that at Columbus, Ohio, in an average year there is a surplus of rain 

from December to May; from May to July the excess of potential evapotranspiration 

over precipitation is withdrawn from soil moisture; from July to October there is 

moisture deficiency, 2.e., drought; and from October to December precipitation again 

exceeds potential evapotranspiration, causing soil moisture accretion. It is seen that 

the magnitude of drought depends not only on the quantity of precipitation, but also 

Columbus , Ohio Independence, lowa 
>, x 

ane Gi he . lf; 
So/l moisture J '-\, Moisture deficiency Soil moisture ——_+Y, Soil mo/sture 
utilization4.0 fF \ 3.2 inches UtilizationZ8 = L477 accretion 2.8 

inches /nches inches PZ ies 

4 RinofF M2 ye Soil moish unott /y. J wi Soll moisture 
inches 1) fa \-,.\ accretion 4.0 Runofl 72 

inches | | ap inches x 

pS (E oN S \ 

Inches 

LOK 
SY 
WAY 
QAXX 

CAG 

Sully -tot = 

J IM AIM Joey SO) IND 

o———- Rate of potential evapotranspiration (inches per month) 

SS =s * Rate of precipitation (inches per month) 

Fig. 6. Potential evapotranspiration and concurrent precipitation. 1° 

on its relative timing with respect to potential evapotranspiration. At Independence; 

Iowa, during an average year, owing to better relative timing, there is no moisture 

deficiency, even though the total annual rainfall is less than at Columbus. 

While the moisture deficiency at Columbus does not mean crop failure during an 

average year, it does indicate that crop yields would be increased if the deficiency were 

eliminated. The possible countermeasures listed by Thornthwaite are supplemental 

irrigation and improved farming practices, which include adjustment of the crop 

calendar so that harvest will precede drought, and crop rotation to improve the soil 

structure and increase its water-storage capacity. 

Acquaintance with the agronomist’s point of view is of increasing importance to 

the hydrologist for two principal reasons: (1) If future scientific research and economic 

studies demonstrate the value of supplemental irrigation, even in ‘‘humid”’ regions like 

eastern United States and western Europe, it will be necessary to develop sources of 

supply to meet the new demand for water. (2) If farming practices are improved, 

actual evapotranspiration prevailing at present will be increased so as to equal poten- 

tial evapotranspiration. Although crop yields will benefit, the net runoff to streams 
will be reduced (see Art. 16). 

STORM RAINFALL 

9. Storm Types. Certain features of the various types of storm should be con- 

sidered in the design of flood-control and drainage structures, and spillways for dams. 
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These features include season of probable occurrence, areal extent, duration, fre- 

quency, and possibility of rapid succession of two or more storms. 

Cyclones. The term cyclone denotes a storm area of low atmospheric pressure, 

generally circular in shape, in which the winds blow spirally inward counterclockwise in 

the Northern Hemisphere, clockwise in the Southern. There are two main types of 

cyclones each associated with a distinct storm type: the tropical cyclone (also called 

hurricane or typhoon) and the extratropical cyclone or frontal-type storm. 

Tropical cyclones'!* are comparatively small, violent storms originating in the 

doldrums belt about 15° of latitude from the equator. Hurricane winds, which often 

reach velocities greater than 100 mph, blow spirally inward about the center or eye of 

the storm. The resulting rapid convergence of warm, moist air causes heavy precipi- 

tation. A total of 96.5 in. of rain fell at Silver Hill, Jamaica, W.I., in 4 days, during 

the passage of a hurricane. The diameter of a tropical cyclone varies from 100 to 

600 miles. For data on frequencies and paths of hurricanes, see Ref. 12. 

The frontal-type storm is associated with the extratropical cyclone. In fact, as 

stated by Bjerknes,!!® the extratropical cyclone is formed, initially, by an unstable 

wave or eddy in the polar front, which forms the boundary of separation between 

northern polar air and southern tropical air. Extratropical cyclones vary greatly in 

size up to 1,000 miles in diameter and move generally eastward across the United 

States at a speed of 300 to 700 miles/day. As stated in Art. 6, almost all precipita- 

tion in winter on the East Coast of the United States is caused by frontal storms. 

Thunderstorms are local atmospheric disturbances of short duration characterized 

by violent vertical air currents, gusty surface winds, torrential rain, hghtning, thunder, 

and sometimes hail. The necessary conditions for thunderstorm formation are three: 

(1) the presence of a body of warm, moist air, (2) atmospheric instability in the zone 

overlying this body of air, and (3) an initial lifting agent. By ‘atmospheric instabil- 

ity’? is meant a condition wherein the rate of decrease in temperature with height 

(lapse rate) exceeds the rate at which the warm, moist air mass cools by adiabatic 

expansion. ‘The intensity of the storm depends on the magnitude of the three factors. 

The initial lifting agent is most commonly local thermal convection. Quiet, humid 

surface air over an intensely heated land area becomes warmer than the surrounding 

air and causes an unstable condition in which the warm air rises and is replaced at the 

ground by cooler descending air. The latter also becomes heated and rises. If this 

unstable convective condition continues, towering cumulus clouds form and thunder- 

showers occur. Local convectional storms usually occur following the hottest part of 

the day and produce a large percentage of the summer rainfall in the middle-latitude 

continents and almost all the annual rainfall in the tropics. 

A second cause of initial lifting is a well-developed cold front. A series of cold- 

front thunderstorms may develop as a continuous line (called a squall line) along the 

front. Unhke the convectional type, cold-front thunderstorms can occur at any time 

of the day and any season of the year, although they are rare during the winter months. 

If conditions are favorable, such a storm can produce large amounts of rainfall over a 

relatively wide area such as the storm of July 7-8, 1935, which caused record-breaking 

floods in the upper Susquehanna River basin in south central New York. 

Another cause of thunderstorms is orographic lifting in mountainous areas, a factor 

tending to increase the frequency and intensity of thunderstorms in such areas. 

Intensity-duration relations for thunderstorms are discussed in Art. 10. 

10. Point Rainfall. By point rainfall is meant rainfall at a single station as 

distinguished from rainfall over an area. Point rainfall is applicable in design to 
small areas up to about 10 sq miles. 

Time Distribution. The time distribution of precipitation can be shown graph- 
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ically by either a hyetograph or a mass curve, as shown in Fig. 7. The former shows 

the depths during a selected time period (1% hr in this case); the latter shows the 

cumulative depth vs. time, the slope at any point giving the rate of rainfall. In many 

storms, precipitation expressed as a percentage of storm totals is the same at widely 

distributed points; hence the mass curve for a nonrecording gage can be determined 

by plotting the observed points and then sketching in the curve by comparing it with 
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Fia. 7. Hyetographs and mass curves for the storm of Aug. 3, 1950, at Philadelphia, Pa. 

the known curve for a nearby recording gage. With complex storms of long duration, 

meteorologic studies may be justified to give a closer approximation. 

Design Storms. In setting up a hypothetical storm for design conditions, the most 

critical features of several past storms are often combined, for a given frequency of 

occurrence, into a single design storm, thereby simplifying design computations. This 

involves, first, establishment of the intensity-duration relation, for the design fre- 

quency selected, as follows: The maximum 5-min rainfall intensities during the storms 

of record are arranged in order of magnitude. If the record is 50 years long, the 

highest rainfall intensity has a return period of 50 years, the second 25 years, the third 

16.7 years, and so on. A smooth curve is plotted from which the intensity for any 

return period can be determined. A similar computation is made for 10-min, 15-min, 

and other durations. Cross plots are then made giving curves of intensity vs. dura- 
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tion, with return period as a parameter. Chow'%+ has made an extensive compilation 

of formulas for rainfall intensity, most of which have the form 

a 

Es: 

ll in which J = rainfall intensity, in. /hr 

t = duration of rainfall, min 

a and b = empirical constants for area under study 

but since 1935 such formulas have been largely superseded by Yarnell’s studies!4 

as supplemented, more recently, by those of Hershfield.1® The latter reference con- 

tains a series of 54 outline maps of the United States showing point-rainfall depths for 

various frequencies and durations. Figure 8 shows the 6-hr rainfall depths deter- 

mined in Ref. 15 to have an average return period of 10 years. A study of the outline 

maps indicates that the 6-hr depths for other frequencies bear the relation to the 10- 

year depth shown in Table 1. The maximum deviation from the average for a par- 

TaBLeE 1. FREQUENCY OF 6-HR RAINFALLS 

Return Period, Depth, % of 

Years 10-year Depth 

1 53 

2 64 

5 85 

10 100 

25 120 

50 135 

100 148 

ticular location is less than 10 percent for return periods of 5 years or more. For 

shorter return periods, the maximum deviation is no greater except for areas in the 

Southwest where the l-year rainfall is only 40 to 45 percent of the 10-year rainfall. An 

error of 10 percent will still be tolerable for most design purposes; if not, the maps in 

Ref. 15 should be consulted. With the 6-hr depth established, the depths for other 

durations can be determined from the percentages in Table 2, obtained, as were the 

values in Table 1, from a study of the outline maps in Ref. 15. 

TaBLE 2. RAINFALL AMOUNTS FOR DURATIONS OTHER THAN 6 HrR* 

Percent of 6-hr rainfall 

Duration Zone A Zone B Zone C 

5 min 9 14 18 

15 min 19 30 38 

30 min 25 40 50 

1 hr 35 55 62 

2 hr 55 70 76 

6 hr 100 100 100 

12 hr 130 124 118 

24 hr 165 150 140 

* Zone A is the area in the states of California, Oregon, and Washington west of the Sierra Nevada 

and Cascade Mountains; Zone B, between Zones A and C; Zone C, east of the Continental Divide. 

Values are fairly accurate (within 10 percent) in Zone A except that (1) in the northwest portion 

(roughly north of the 35th parallel and west of the 95th meridian) the percentages for durations over 

6 hr should be multiplied by the factor 0.90 and those under 6 hr by 1.10; (2) in the higher parts of the 

Appalachian range, values tend to approach those of Zone A. Values in Zones B and C may vary from 

the averages given above by 25 percent. See Ref. 15 when greater accuracy is required. 
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With the depth-duration relation established, the rainfall pattern is next deter- 

mined, as in Table 3. The assumption in this case, namely, that the 5-year, 15-min, 

30-min, and other-duration rainfalls would all occur in the same storm, is a severe one 

and therefore conservative when used as a design criterion. The frequency of this 

storm would actually be less than once in 5 years. The sequence of depths, shown in 

the last column of Table 3, has been chosen so as to place the greatest intensities in the 

2 TABLE 3. COMPUTATION OF HYPOTHETICAL 5-YEAR DESIGN 

StoRM FoR VicINIry oF LOUISVILLE, Ky. 

6-hr 10-year rainfall = 3.3 in. (Fig. 8) 

6-hr 5-year rainfall = 0.85 X 3.30 = 2.80 in. (Table 1) 

Duration, ; Depth Design-storm 
: Depth, in.* 3 % - 

min increment, in. depths, in. 

0 0 

15 1.06 aie 0.25 

30 1.40 0.25 1.06 

45 1.65 0. 17 0.34 

60 1.82 0. 14 Ong 

Tes 1.96 0. 12 0.14 

90 2.08 0.09 0.12 

105 PD) sAli/ 0.07 0.09 

120 224 ; 0.07 

* From factors in Table 2 for Zone C; intermediate values were interpolated. 

early part of the storm in accordance with a Weather Bureau study!* of heavy thunder- 

storms. Figure 9, taken from this study, shows that, as the depth for the total storm 

duration increases, the rates for partial durations become more uniform. 

11. Areal Rainfall. As stated in Art. 10, for areas greater than about 10 sq miles, 

the point rainfall and the areal rainfall are usually different. If areal rainfall is 

defined as the average precipitation over an area during a given time period, there are 

two types of problems, as in the case of point rainfall: (1) analysis of past storms 

to give, for a selected area, areal rainfall 

nee as a function of time, and (2) determina- 
90 - tion of areal rainfall vs. time for design 

(AO fo 2.00 

20! "to 300 
O 

| conditions. 

30! to 400" The first problem is best analyzed 
18 . . 

with the use of the mass curve for point 

rainfall described in Art. 10. Various 

methods are used for weighting the point 

rainfalls to get the areal rainfall, includ- 

ing simple arithmetic averages, the Thies- 

/ 
40!"to 5.00" 

Percentage of total rainfall 

£ oO 

30 sen method, and the isohyetal method. 

20 Simple averages are of satisfactory ac- 

6 curacy only when rainfall varies slightly 

oy ei | + or when stations are equally spaced. In 

0 i5 30 45 60 the Thiessen method, the weight of each 

Minutes station is proportional to its area of 

Fic. 9. Typical mass curves of 1-hr influence, determined by plotting perpen- 
thunderstorm rainfall over a basin. 16 dicular bisectors to the lines joining 
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adjacent stations and measuring the portion of the area falling within the resulting 

polygon. Thiessen polygon lines are shown in the example in Fig. 22. In the iso- 

hyetal method, lines of equal rainfall are drawn by interpolating the station values 

(see Fig. 22). Straight-line interpolations are generally used unless known topo- 

graphic influences indicate otherwise. From the isohyetal map, the average areal 

rainfall is computed by measuring the areas within successive isohyets. Asa repeti- 

tion of this process for many storms is laborious, the Thiessen method is often pre- 

ferred even though it may not be so accurate. In some cases a successful compro- 

mise may be effected by modifying the Thiessen-method weights so as to give results 

in accordance with the isohyetal method as applied to only a sampling of the total 

number of storms to be analyzed. 

The second problem, that of setting up a design storm for a given drainage basin, 

is approached by detailed studies of past storms of record. These rainfall values 

are then used in design-flood computations for important structures, as explained in 

Art. 24. The underlying principle in these studies is that of slorm transposition, in 

which it is assumed that past storms in a region can recur in a transposed position, 

which is critical with respect to the basin being studied. Unless the basin is narrow 

and elongated or has some other unusual shape, a further assumption is often made, 

namely, that the storm shape and orientation will conform sufficiently closely to the 

shape of the basin so that reductions in the precipitation values need not be made. In 

mountainous regions where orographic effects are pronounced, modifications can be 

introduced, as described in Art. 13. 

For areas up to about 400 sq miles and 

durations up to about 2 hr, thunderstorm- 

type rainfall produces the governing values. 930} | 

Figure 10 gives average area-depth curves, 

as determined for 20 dense gage net- 

works up to 400 sq miles from various 
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Fic. 10. Area-depth curves.!® Iria. 11. Typical mass curve of thunder- 
storm rainfall over a basin. 

Duration-depth relations for point rainfall, previously discussed, showed that in 

thunderstorms the higher intensities occur in the early part of the storm. However, 

when areal thunderstorm rainfall is considered, the effect of storm movement, causing 

nonsynchronization of the mass curves of rainfall at various points in the area, results 

in a more uniform rainfall pattern. A typical mass curve of thunderstorm rainfall 

for an area of 375 sq miles is shown in Fig. LI. 

For areas greater than about 400 sq miles, the governing values are produced by 
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frontal cyclonic storms rather than by thunderstorms. In regions subject to tropical 

hurricanes that type of storm usually causes the greatest depths for a wide range of 

areas. The task of analyzing in a comprehensive manner the precipitation data for 

large-area storms requires too great an expenditure of labor to be justified in the 

investigations for a single project. Fortunately, however, the extensive projects for 

flood control and river-basin development of agencies of the Federal government have 

greatly stimulated studies of large-area storms. These studies, started in 1937 by the 

Corps of Engineers in cooperation with the Hydrometeorological Section of the 

Weather Bureau, have included detailed examinations of original precipitation records 

for both recording and nonrecording gages, and meteorological studies of the storm 

history to aid in the plotting of mass curves. Following the plotting of the mass 

curves, isohyetal maps and depth-area-duration curves, similar to those shown in 

Fig. 12, were drawn. To January, 1958, the results for 527 major large-area storms 

have been published in Ref. 17, which is continually being revised and supplemented 

as additional studies are completed. Data for 150 of these storms are also presented 

by Bernard in Ref. 18, which includes a description by Hathaway of the methods of 

analysis used. 

12. Probable Maximum Precipitation. For structures the failure of which would 

be disastrous to human life or to important economic values, a design storm based on 

50-year or even 100-year rainfall amounts may be inadequate. The U.S. Weather 

Bureau has therefore developed the concept of probable maximum precipitation, 

abbreviated PMP. The PMP for a given area is the amount of rainfall resulting from 

the most critical meteorological conditions that are considered probable of occur- 

rence.!°20 Figure 13 gives ratios of the 6-hr PMP to the 100-year 6-hr rainfall, for 

areas of 10 sq miles or less (point rainfall), as determined from data in Refs. 19 and 20 

and as published in Ref. 15. East of the 105th meridian, the point PMP’s for other 
durations are about as follows: 

Duration, Rainfall, % 

hr of 6-hr 

1 50 

2 65 

6 100 

12 110-120 

24 118-128 

48 128-143 

Where a range is indicated, higher values should be used for southerly locations. 

West of the 105th meridian, Ref. 21 gives the following for Zones A and B as defined 

in Table 2: 

Rainfall, % of 6-hr 

Duration, hr 

Zone A Zone B 

1 26 47 

2 57 76 

6 100 100 

12 143 143 

24 180 180 

48 238 238 
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Reduction factors to obtain average rainfall depths as a function of area are as 

follows (in percent of point rainfall): 

East West 

of 105th meridian* of 105th meridianft 

Duration, hr 

100 1,000 100 400 

sq miles sq miles sq miles sq miles 

1 oe Sao 72 61 

6 77 55 89 80 

12 80 59 92 83 

24 82 62 93 87 

48 83 66 

* These are average values derived from charts in Ref. 19, which divides the area into eight zones. 

Maximum deviation from the average for a particular zone is 10 percent. 

+ From chart, Ref. 20, p. 54. 

13. Orographic Effects. The orographic effect, or lifting of air passing over a 

mountain barrier, was listed in Art. 5 as one of the factors governing the depth of 

annual precipitation. When associated with thunderstorms or cyclonic activity, the 

orographic effect may greatly influence the areal distribution of storm rainfall. There- 

fore, in mountainous regions it is necessary to modify the simple procedure of storm 

transportation described in the preceding article. 

A method*« that has been used with some success is to express storm rainfall at 

various stations in the basin as a percentage of the mean annual precipitation. If 

this is done, it is often found that the recorded rainfall depths tend to be equal per- 

centages of the mean annual rainfall in spite of the orographic effects which cause 

large differences in the depths of both storm rainfall and mean annual precipitation. 

Isopercential lines (lines of equal percentage) can be drawn, and in the storm trans- 

position, the pattern of the isopercential lines, rather than of the isohyetal lines, can 

be transposed. Linsley?? lists the following minimum meteorological conditions before 

consideration of the foregoing theory can be applied: (1) the inflow directions of 

storms crossing the area do not vary excessively; (2) the air-mass characteristics are 

reasonably the same from storm to storm; and (3) the area under consideration is 

small enough so that variation in latitude of storm tracks does not affect the dis- 

tribution within the zone. 

RUNOFF 

14. The Nature of Runoff. Runoff, which results from precipitation, is not 

directly proportional to precipitation but is a residual phenomenon which takes place 

only after certain demands (termed “‘losses’’) have been satisfied. The most impor- 

tant loss is termed ‘‘evapotranspiration”’ and denotes water returned to the atmos- 

phere as (1) evaporation from land surfaces; (2) evaporation from “‘interception,”’ 

which refers to precipitation intercepted by vegetation and not reaching the ground; 

and (3) transpiration, whereby water, drawn from the soil by the roots of plants as 

part of their life process, is then released through pores into the atmosphere. The 

term “consumptive use’”’ is often used interchangeably with evapotranspiration, and 

its determination is of prime importance in the design of irrigation projects (see Sec. 

33). Let P denote the volume of annual precipitation on a drainage basin, # the 

”) 
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evapotranspiration, and #& the runoff. Then 

P=E+R and R=P-E 

From this equation, called the equation of the hydrologic cycle, it is seen that, from 

the point of view of runoff, evapotranspiration is a loss. Hence, it is often referred to 

as “water loss.’’ For drainage basins having large water areas in lakes or swamps, 

water loss equals the sum of evapotranspiration plus the evaporation from the water 

areas. Subterranean flow, or ‘deep seepage,’’ sometimes occurs to or from a basin in 

sufficient magnitude to require adjustment of the runoff factor (see Art. 16). 

By subtracting mean annual runoff from mean annual precipitation, Williams?’ has 

compiled mean annual water losses for many drainage basins in humid parts of the 

United States, with results as shown in Fig. 14. He also found (Fig. 15) an approxi- 

mate correlation between mean annual water loss (evapotranspiration) and mean 

annual temperature. A noteworthy feature of Fig. 14 is the fact that the water-loss 

lines are approximately parallel to the temperature lines east of longitude 95°. West 

of this longitude, the water-loss lines turn sharply and become perpendicular to the 

temperature lines. This is explained by the rapidly decreasing precipitation west- 

ward, which fails to satisfy the evapotranspiration demands that would otherwise 

occur at the prevailing temperature. The actual demands of vegetation under ade- 

quate water supplies can be determined from computed values of potential evapo- 

transpiration!®.24 (see also Art. 8). 

Quantitative data on consumptive use of water by various crops?® and by forest 

and range lands under various systems of management are necessary not only for 

determination of water-supply requirements for irrigation systems (see Sec. 32) but 

also to determine what the effect on basin annual and seasonal runoff will be of large- 

scale schemes for irrigation or watershed management. 

15. Short-term Runoff. Although the total runoff over a long period of time, 

such as a year, may be known, for example, by deducting evapotranspiration from 

basin precipitation, fluctuations over shorter periods of time require a more detailed 

analysis of mechanics of the runoff process. Referring to Fig. 16, it is seen that, from 

the total rainfall measured by a gage on the ground, the amount necessary to wet 

vegetation must be deducted. This amount, measured in inches over the drainage 

basin, is called interception and is returned to the atmosphere by evaporation. Rain- 

fall reaching the ground moves through the soil surface, a process which is called 

infiltration. Infiltration occurs both prior to and during the occurrence of surface 

runoff. The infiltration capacity or rate at which the soil is able to absorb rainfall is 

a variable depending on many factors. Water which has infiltrated the surface passes 

first through the belt of sozl water. In this belt, water is withdrawn by the transpira- 

tion of plants and by evaporation from the soil, which in arid climates may reach 

depths as great as 20 ft.22 Proceeding downward under the action of gravity, water 

leaving the belt of soil water passes through an intermediate belt and reaches the 

water table. The water table is a surface marking the upper limit of a zone or under- 

ground reservoir in which the soil is completely saturated. If water is added from 

above, the volume in the underground reservoir increases, causing a rise in the water 

table. This addition of water from above is called growndwater recharge. The rela- 

tively slow movement of water from the groundwater reservoir or zone of saturation to 

a stream channel is called groundwater or base flow. When the rate of rainfall exceeds 

the infiltration capacity, water accumulates on the ground surfaces as a thin film or 

sheet, and overland flow begins. A volume of water required to fill small surface 

depressions, termed depression storage, is abstracted, following which the depressions 

overflow and overland flow enters one of the myriads of channels and subchannels 
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Mean annual water loss in inches 
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Fie. 15. Mean annual evapotranspiration vs. mean annual temperature for selected 

basins with the mean annual precipitation exceeding 20 in.23 
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Fie. 16. Generalized cross section defining runoff terms. 

found throughout the drainage basin. The volume of water in transit in the overland- 

flow sheet is called surface detention. The sum of interception and depression storage 

is called initial abstraction. The term rainfall excess denotes the total volume 

(expressed in inches over the basin) of overland flow; or from the preceding definitions, 

it is precipitation less initial abstraction less infiltration. Local geological and soil 

conditions in some basins permit another path of movement to the stream channel, 

namely, through upper soil layers (see Fig. 16), when the term subsurface flow or 

interflow is applied. The term direct runoff denotes the sum of the overland and 

subsurface flow. Increasing rates of runoff (direct plus base) reaching a stream 

channel cause a rise in water surface and an increase in channel storage, which is the 
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volume under the water-surface profile (see Sec. 5). This volume becomes large 

during floods, particularly when streams have wide flood plains. Figure 17, showing 

the discharge hydrograph of a stream and the graph of rainfall at a nearby recording 

gage, serves to illustrate further the above definitions. 

16. Groundwater Runoff. Although water is present in the ground within all the 

belts between the impervious zone and the surface (Fig. 16), the term “groundwater’’ 

as used in hydraulic engineering refers only to water recoverable by springs and wells. 

The development of wells as a source of water supply is treated in Sec. 35. 

The space between the ground surface and the water table is called the zone of 

aeration and includes the capillary fringe where water is held in the soil pores by 

capillarity, the intermediate belt where suspended water (called ‘‘vadose’’ water) is held 

by molecular attraction, and the belt of soil water. Plants extend their roots into 

the intermediate belt to various depths, while trees usually extend their roots into the 

zone of saturation. 

The term aquifer refers to a water-bearing geologic formation, 7.e., one that is 

saturated with water. If confined between impervious strata, aquifers may contain 

water under pressure, In which case they are called artesian. 

After the occurrence of direct runoff accompanying a stream rise, stream flow 

during the descending limb or recession side of a flow hydrograph occurs as outflow 

from channel storage and outflow from groundwater storage (groundwater or base 

flow). The former outflow occurs relatively rapidly, following which flow is entirely 

from groundwater storage. From studies of many hydrographs it has been found’ 

that groundwater-depletion curves for a given drainage basin are nearly always the 

same; hence the term normal groundwater-depletion curve is used. It has been found 

further that this curve, or at least segments of it, follows a simple inverse exponential 

function”? of elapsed time of the form 

QQ: = Qk 

where Qp is the discharge at any instant, Q; is the discharge ¢ days later, and K is the 

“daily depletion factor.’”’ As @ is the derivative of storage with respect to time, 

integration of this equation gives 

_ Qo 
ms log. K 

where ¢ is the base of natural logarithms and Sp is the groundwater storage available 

for runoff at the time of Qo. From this, it is seen that the discharge at any time is 

proportional to the water remaining in storage. The value of &K can be determined by 

plotting observed recession curves on semilogarithmic paper, taking care to select 

periods of little or no direct runoff. In Fig. 18, the recession constant K is the average 

slope of the streamflow hydrographs, plotted on semilogarithmic paper, for 3 years 

during which typically low summer flows were preceded by periods of relatively high 
direct runoff. 

17. Annual Runoff. Figure 19 is a map of the United States showing lines of 

equal average annual runoff. The indicated mean annual runoff for a given region is a 

generalized one, local variations due to geology and soil cover, especially to topog- 

raphy, causing departures from the average for the region. A detailed study of 

variations in mean annual runoff in the Connecticut River Basin in New England#!® 

showed differences of 100 percent between valleys and nearby mountain peaks, with 

values for the basin as a whole ranging from 18 to 40 in. The principal reason for 

the variations in this case is the difference in precipitation caused by the mountainous 

terrain. It is apparent, therefore, that the values indicated in Fig. 19 give the average 
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Fie. 18. Semilogarithmic plotting of stream flow and derivation of the recession constant 
K. Gediz River at Kizkoprusu, Turkey. 

runoff over large areas and that there may be substantial errors if the values are 

applied to small ungaged areas, especially in mountainous regions. 

It is of interest to compare mean annual precipitation and runoff over the United 

States as shown in Figs. 1 and 19. In central Nebraska, the mean annual runoff 

of about 1 in. is only about 5 percent of the precipitation of 20 in., whereas in Penn- 

sylvania the runoff is 20 in., or 50 percent of the precipitation of 40 in. Note that in 

both cases the difference between precipitation and runoff or evapotranspiration is 

approximately the same—20 in. 

18. Seasonal and Long-term Variations. Figure 20 shows the seasonal variations 

in the United States and a stream in the Caribbean area in terms of average monthly 

percentages of the annual runoff. The United States data are from Ref. 32a. In the 

autumn and winter, runoff is generally low in most of the United States as soil mois- 

ture, depleted during the summer, is replenished and as much precipitation occurs in 

the form of snow. Spring and early summer are periods of high flow, caused by 

melting snow in northern and high-altitude areas and the high moisture content of the 

soil as a result of accumulations during the winter. 

Long-term variations in streamflow are best studied by computing 10-year moving 

averages and plotting them against the terminal or midyear. A series of 16 such 

plotted graphs for various streams in the United States, having records for 40 or more 

years, is described on page 68 of Ref. 32. The principal conclusion to be drawn from 

these studies is that there is no definite trend in the quantity of runoff, either upward 

or downward, for the United States as a whole. The graphs for some of the streams 

have seemingly regular cyclic variations; however, graphs for other streams showing 

similar periodic variations for part of the record do not repeat the periodicities with 

sufficient regularity to enable forecasting of future streamflows. 

19. Estimates for Missing Records. I[stimates of daily, monthly, or annual 

streamflow, when records are incomplete or even entirely lacking, may sometimes be 
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made; however, the problem is one requiring great caution and judgment and thorough 

familiarity with the hydrologic characteristics of the region and drainage basin being 

studied. 

If a partial record is available, it may be completed by making correlations with 

nearby records for concurrent periods. Periods of overlapping records may be plotted 

with an arithmetic time scale and a logarithmic discharge scale. The vertical dis- 

tances between the plots, which are a measure of the ratios between the two discharges, 

will be found to vary, being greater for low flows and less for high flows. This is 

because low-water flows tend to vary as the first power of the drainage areas while 

flood flows vary as a fractional power, usually the square root (see Art. 24). The 

above procedure is applicable to estimating missing periods or extrapolating short 

records of daily, monthly, or annual runoff. 

Values for missing periods in monthly and annual runoff records may be estimated 

by using ratios to normals as recommended for precipitation records in Arts. 3 and 4. 

Attempts to derive direct correlations between annual runoff and annual basin 

precipitation are generally unsuccessful. In addition to the methods described above, 

annual runoff may be estimated from evapotranspiration and precipitation, using the 

equation of the hydrologic cycle (see Art. 14). Year by year, variations in evapo- 

transpiration may be estimated from adjacent river basins,?* but in lieu of individual 

values the average annual value may be computed from the average annual temper- 

ature (see Figs. 15 and 16). As annual evapotranspiration is the most stable term in 

the equation of the hydrologic cycle, use of average values is a reasonable approxi- 

mation. Individual annual runoff values are computed by subtracting the estimated 

evapotranspiration from basin precipitation computed as outlined in Art. 11. 

Estimates of monthly and annual runoff at a place entirely lacking in stream- 

gaging measurements should be approached with great caution, particularly in arid 

and semiarid regions where the quantity of flow during drought periods is greatly 

affected by climatic and physiographic features. A possible solution is to obtain spot 

discharge measurements several times a year and then estimate the runoff by com- 

parison with a long-term station in the same general locality. However, for important 

projects a gaging station should be installed as an essential first step in the project 

investigations. In humid regions such as the Eastern United States, where fairly 

uniform conditions prevail, it may be permissible to compute runoff as being pro- 

portional to the drainage area. A sufficient number of gages should be available in 

the region to establish whether or not seasonal runoffs are in fact proportional to the 

drainage area; estimates for drought periods should be made with caution as described 

above for arid regions. 

20. Utilization Studies. The various techniques for determining reservoir storage 

requirements to meet water-utilization demands are described in Sec. 4. These 

techniques, which include the flow-duration curve, the mass curve, and the residual 

mass curve, are based on stream-gaging records with corrections applied for evapora- 
tion from the reservoir surface (see Art. 27). Inasmuch as future operation of the 

reservoir and the expectation of safe yields are based on past records, it is apparent 

that these records must be of sufficient length to include samples of extremely dry and 
wet periods that occur at infrequent intervals. Where streamflow records are short, 

it will be necessary to extend them, as described in Art. 19. Ordinarily only runoff 

quantities for periods longer than a month can be obtained by this method but such 

data would be ample in studying a reservoir of relatively large storage capacity. On 

the other hand, with small reservoirs taking run-of-the-river flow it would be necessary 

to know the expected instantaneous (or possibly average daily) minimum. Studies 

of groundwater-depletion curves, correlated with minimum flows during the period of 

observed runoff records, may be useful in this connection. 
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FLOODS 

21. The Flood Hydrograph. The runoff hydrograph for a stream covering a 

time interval during which a period of direct, 7.e., storm, runoff occurred, was shown 

and discussed in Art. 15 and will now be examined in greater detail. 

An essential first step in flood-hydrograph analysis is the separation of storm runoff 

and base runoff, following which it is sometimes desirable to separate the storm runoff 

into surface and subsurface runoff. In Fig. 21, lines AC and DE are normal ground- 

3000r iP 

Discharge in c.f.s. 

Time in days 

Fic. 21. Separation of direct and ‘base runoff. 

water-depletion curves. Groundwater recharge occurs in the time interval AB, the 

points A and B defining, respectively, the beginning and the end of the flood hydro- 

graph. While the form of the groundwater hydrograph between A and B is largely 

indeterminate, it need not ordinarily be established exactly, as the groundwater flow 

is usually a small part of the total flow. Furthermore, if a consistent procedure is 

followed in separating the groundwater flow, in both analyzing and synthesizing flood 

hydrographs, results will be accurate enough for practical purposes. In Fig. 21, the 

groundwater hydrograph has been drawn arbitrarily as a reverse curve with the point 

of inflection about midway between A and B. The hydrograph of direct runoff is 

then APB. Barnes? has developed an analytical method for separation of the direct- 

runoff hydrograph into surface and subsurface flow. However, while desirable for 

research, this refinement is not usually made in design studies. 

The factors determining the magnitude and time of the peak and the shape of the 

direct-runoff hydrograph can be placed in two groups: meteorological factors and 

drainage-basin characteristics. The meteorological factors include intensity of rain- 

fall and its variation with time and place, depth and condition of snow on the ground, 

and temperature. The drainage-basin characteristics include a subgroup of topo- 

graphic factors comprising size, shape (including length and width), drainage density 

(length of all stream channels in the basin divided by the area of the basin), land slope, 

channel discharge capacity and slope, and a second subgroup of geological and agro- 

nomical factors comprising surface and subsurface soil characteristics and vegetal 

cover. While almost all these factors can be expressed in quantitative terms,%4%> a 

satisfactory explicit function for the direct-runoff hydrograph involving these factors 

has never been derived. However, a long step forward in flood-hydrograph analysis 

occurred with the introduction in 1932 by Sherman®* of the unit hydrograph. 

22. The Unit Hydrograph. Suppose that rainfall excess on a given drainage basin 

has a volume of 1 in. of depth, that it is uniformly distributed throughout the basin, 

and that it occurs at a constant rate with respect to time, beginning at time = 0 and 

ending at time = ¢r. The resulting observed hydrograph of direct runoff would also 
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have a volume of 1 in. and would represent the integrated effect of all the drainage- 

basin characteristics described above. Let this hydrograph be called a wnit hydro- 

graph for duration tr. If the rainfall-excess volume is n in., uniformly distributed as 

before, ordinates of the resulting discharge hydrograph can be obtained simply by 

multiplying ordinates of the unit hydrograph by n. If rainfall excess is reason- 

ably uniform throughout the basin, here is a powerful tool for synthesizing flood 

hydrographs. 

The preceding theory has some limitations. As discharge rates increase, overland 

and channel velocities increase and tend to produce a more sharply peaked hydro- 

graph. On the other hand, valley storage and overland detention also become greater, 

these factors having a dampening effect on the hydrograph. In a given drainage 

basin, if the velocity effects are greater than the storage effects, unit hydrographs based 

on minor observed flood rises are apt to have low peak values and should not be used. 

If, with rising flood stages, storage effects become pronounced, the final flood hydro- 

graph should be corrected as described in Ref. 37. Experience with observed flood 

hydrographs permits the generalization that unit hydrographs should not be used for 

drainage areas greater than about 2,000 sq miles, when valley storage effects, as well 

as variations in rainfall excess in the drainage basin, tend to become too great to be 

reflected in the unit hydrograph alone. 

Hydrologists are coming to recognize a lower limit as well in applicability of the 

unit-hydrograph principle.®2 For very small areas of less than about 1 sq mile, the 

relative importance of overland flow detention is very great and other methods of 

flood-hydrograph determination are recommended (see Art. 26). 

The techniques of unit-hydrograph derivation are summarized briefly in the 

following steps with references made to the example in Fig. 22: 

1. Study the rainfall and runoff records and select for analysis storms which are 

isolated, intense, and occurring uniformly over the basin. A storm having all these 

characteristics will obviously be rare, particularly in a short record, and it will be 

necessary to select storms approaching that ideal as closely as possible. 

2. Plot mass-rainfall curves, an isohyetal map for the storm, and hyetographs 

showing time distribution of rainfall loss and rainfall excess. Determination of the 

loss and its distribution is partly a matter of judgment. The total volume of the loss 

equals the basin rainfall minus the volume of direct runoff (see step 3). The rate of 

loss is greatest in the early part of the storm, but it may be rather uniform, particularly 

with wet soil conditions from antecedent rainfall. A fuller discussion of loss rates is 

contained in Art. 23. 

3. Plot the observed discharge hydrograph and separate and subtract the base flow 

(see Art. 21), giving the hydrograph of direct runoff with a volume of 1.40 in. Divid- 

ing the ordinates by 1.40 gives the unit hydrograph for rainfall-excess duration tp 

of 12 hr, this time interval being the duration of rainfall excess indicated by the 

hyetographs. 

4. To obtain a unit hydrograph for other values of tz, proceed as shown in Fig. 23 

and Table 4. 

5. Repeat the process with additional storms and develop unit hydrographs for 

the same value of tg so that they can be compared and averaged. If a storm has 

characteristics too complex for unit-hydrograph development it may be necessary to 

estimate a trial unit hydrograph and reconstitute the hydrograph as described in the 

following paragraph. 

Application. Two examples, each illustrating the computation of a flood hydro- 

graph by use of the unit hydrograph, are given in Table 5 and Fig. 25. Within the 

limitations cited above, the unit hydrograph has become an invaluable aid in the 
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70 read rainfall excess 69,580 second-feel, 
ausSid (EQUa/S / in /2 hours 

cs, 34 prs 

o 60 

y 2) | 
7D) 
(S 

8 3 50 
ue / 
fe) 

6 Notes: 

340} 
3 Drainage area =/290 square 
5 | miles. 
Je 

a One inch runoft//2 hours trom 
£29 | /290 squore miles = 69.380 
& second-feet. 

9 S-curve hydrograph @) = ~ 
oO plotted /2 hours later on time 
AZ D scale, 
eco. 

/2 hour unit hydrograph @) = 9= 

ofan l curve hydrograph (1) = Qe 

g See | 
10 ~ 

YA ~ a 

r = 
SS 

O SS 
O 24 48 ge 96 120 144 

Time in hours 

Fiac. 23. S-curve hydrographs. 

determination of flood hydrographs required in the design and operation of spillways, 

flood-control and multiple-purpose reservoirs, drainage pumping stations, and other 

water-control structures. Coupled with the principles of storm transposition (see 

Art. 24), the unit-hydrograph method permits much more reliable estimates of design- 

flood discharges than was formerly possible. 

Synthetic Unit Hydrographs. Since the introduction in 1932 of the unit hydro- 

graph, its use has become widespread in the United States, particularly among agencies 

of the Federal government. Certain characteristics of observed unit hydrographs 

and of the drainage basins producing them have been compiled in the form of standard 

data sheets by participating agencies of the Subcommittee on Hydrologic Data of the 

Federal Inter-agency River Basin Committee. The purpose of the compilation, 

which is still continuing, is to permit exchange of basic information on unit hydro- 

graphs among interested agencies in order to obtain means of evaluating and com- 

paring observed unit hydrographs and of deriving synthetic unit hydrographs for 

drainage basins having little or no streamflow measurements. Drainage-basin 

characteristics compiled include the drainage area; the length L along the longest 

watercourse from the gaging station to the head of the stream (not to the divide); the 

length Z.q along the stream from the gaging station to a point opposite the center of 

gravity of the drainage basin; the drainage density or total length of all streams 

(including intermittent streams) divided by the drainage area; the average stream 

slope or total fall of the longest watercourse divided by L; the average slope of trib- 
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TaBLE 4. CompuTaTION oF UNIT HyproGRAPH OF ONE DURATION FROM UNIT 

HyprocraPpH oF ANOTHER DuRATION?®?) 

Computation of S-curve hydrograph from Computation of 6-hr unit hydrograph from 

known 12-hbr unit hydrograph 12-hr S-curve hydrograph 

Time, hr iS 

12-hr unit | 12-hr S-curve|12-hr S-curve| 12-hr S-curve eunes oom SEG 

hydrograph hydrograph hydrograph hydrograph Op at ieee EO 

3 in cfs 2 in cfs 1 in efs G gifted Gle |DE Cole = col) etek 8) 
5) cfs 

(1) (2) (3) (4) (5) (6) (7) 

6 900 300 900 1,800 

12 © 100} US ie 900 2,500 5,000 
18 6,900 ns 900 7,800 3,400 4,400 8,800 

24 ota} { Byio 13, 500 7,800 5,700 11,400 

30 a | on 20, 100 13, 500 6, 600 13,200 
Sr i 

36 13,600 13,500 27,100 20,100 7,000 14,000 

42 13,900 20,100 34,000 27,100 6,900 13,800 

48 13,200 27,100 40,300 34,000 6,300 12,600 

54 11,800 34,000 45, 800 40, 300 5,500 11,000 

60 10,300 40,300 50,600 45,800 4,800 9,600 

66 8,950 45,800 54,750 50,600 4,150 8,300 

72 7,650 50,600 58 , 250 54,750 3,500 7,000 

78 6,400 54,750 61,150 58,250 2,900 5,800 
84 5,250 58, 250 63,500 61,150 2,350 4,700 
90 4,200 61, 150 65,350 63,500 1,850 3,700 

96 3,200 63,500 66,700 65,350 1,350 2,700 

102 2,280 65,350 67,630 66,700 930 1,860 

108 1,580 66, 700 68 , 280 67, 630 650 1,300 

114 1,100 67 ,630 68,730 68, 280 450 900 

120 750 68, 280 69 ,030 68,730 300 600 

126 500 68,730 69, 230 69 , 030 200 400 

132 300 69 ,030 69, 330 69 ,230 100 200 

138 150 69 , 230 69 , 380 +69, 330 50 100 

144 50 69,330 69 , 380 69,380 0 0 

eo EO ee SO eee ol ee eee eh ee 

All discharges are instantaneous values at the end of the hour designated in column (1). Drainage 

nrea equals 1,290 sq miles. 

Given: 12-hr unit-hydrograph values in columns (1) and (2). 

Procedure: 1. Compute S-curve hydrographs 1 and 2, which is the sum of a series of 12-hr unit 

aydrographs spaced 12 hr apart. Computation procedure is indicated by the arrows in the table. 

2. Shift S-curve hydrograph 1 6 hr as in column (5) and subtract from column (4) giving, in column 

(6), the runoff from a rainfall excess of }4 in. in 6 hr. 

3. Multiply values in column (6) by 2 to get the rainfall-excess volume of 1 in. 

utary streams (a tributary stream being defined as one whose drainage area is less 
than 10 percent of the total drainage area); the average slope of the main streams (a 

main stream being defined as one whose drainage area is more than 10 percent of the 

drainage area); and the maximum, minimum, and mean elevations of the drainage 

basin. Unit-hydrograph characteristics, compiled as originally suggested by Snyder,*® 

include the duration of rainfall excess (also called unit duration); peak of the unit 

hydrograph Q, in cubic feet per second and q» in cubic feet per second per square 
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TaBLE 5. COMPUTATION OF HyPOTHETICAL HypDROGRAPH* 

Surface runoff from rainfall-excess units, 

cfs 

T; 12-hr unit | Rainfall Base Total 

ae hydrograph,| excess, in. flow, discharge, 

2 efs per 12 hr Rainfall-excess, in. cfs cfs 

Subtotal 

0.7 3.8 10.9 1.8 

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) 

6 800 0 

12 2,900 

18 5,900 ORT BOON Mrsreweth a. ill covet een.. peaeereneas 560 | 2,200 2,760 

24 8,600 Hketies Boi, eweraera Wl Le ane eee MI cree eee 2,030 | 2,200 4,230 

30 10,500 hts} 4,130 MOAN cavern oneal ie Scores pete eli Ome cOO) 9,370 

36 11,600 Vow Sr OOO |  LOUDOO! | see ecies, Mate coer, 16,220 | 2,200 18,400 

42 11,800 10.9 7,350 | 22,400 Serre wetseeen en 38,470 | 2,200 40,700 

48 11,300 Pees 8, 120 |=32), 700 Sl OOO ma rserat (T2420) 52200: 74,600 

54 10, 100 is 8,260 | 39,900 64,300 1,440 | 113,900 |} 2,200 | 116,000 

60 8,800 eee 7,910 | 44,100 93,700 5,220 | 150,930 | 2,200 |} 153,000 

66 7,600 Baars 7,070 | 44,800 | 114,400 | 10,600 | 176,870 | 2,200 | 179,000 

72 6,500 ets 6,160 | 42,900 | 126,400 | 15,500 | 190,960 | 2,200 | 193,000 

78 5,500 nae 5,320 | 38,400 | 128,600 | 18,900 | 191,220 | 2,200 | 193,000 

84 4,500 ns 4,550 | 33,400 | 123,200 | 20,900 | 182,050 | 2,200 | 184,000 

90 3,500 iets 3,850 | 28,900 | 110,100 | 21,200 | 164,050 | 2,200 | 166,000 

96 2,700 ase 3,150 | 24,700 95,900 | 20,300 | 144,050 | 2,200 | 146,000 

102 1,960 ater 2,450 | 20,900 $2,800 | 18,200 | 124,350 | 2,200 | 127,000 

108 Be) aoe 1,890 | 17,100 70.800 | 15,800 | 105,590 | 2,200 | 108,000 

114 940 Spats 1,370 | 18,300 60,000 | 13,700 88,370 | 2,200 90,600 

120 630 prearet 930 | 10,300 49,000 | 11,700 71,930 | 2,200 74,100 

126 430 vases 660 7,450 38 , 200 9,900 56,2107 2200. 58,400 

132 250 Thee 440 5,050 29,400 8,100 42,990 | 2,200 45, 200 

138 130 teh 33 300 3,570 21,400 6,300 31,570 | 2,200 33,800 

144 50 ae 180 2,390 14,500 4,860 21,930 | 2,200 24,100 

SOM DI feet er Dee 90 1,630 10, 200 3,530 15,450 | 2,200 17,700 

V5 Gin IW nay kceeer eet 40 950 6,870 2,390 10,250 | 2,200 12,500 

AE TP vcrccreete Rey Tl cerieees 490 4,690 1,690 6,870 | 2,200 9,070 

TOSS Ti tervcncn as Ries om UA ances 190 20 1,130 4,050 | 2,200 6,250 

GR lk Aeisto cacto Bits, Nl inca | erat eee 1,420 770 2,190 | 2,200 4,390 

SOL Vie eee Bree) ot MAE eeek cance laren Soe 550 450 1,000) | 2;,200 3,200 

LSGh Ny | fobvawers rs lt eas ets | kee ee oe 230 230 | 2,200 2,430 

Neha | eras 6 em Ws ato Oy | ees Creme Oe we ace 90 90 | 2,200 2,290 

* Drainage area = 1,100 sq miles. All discharges are instantaneous values at the end of the hour 

given in column (1). 

mile; time ¢t, from the center of rainfall excess to the peak; time ¢, from the center 

of rainfall excess until 50 percent of the runoff volume has occurred; coefficient 
C, = (tp/LLca)®-3; and coefficient 640C, = dptp. 

It has been found that, if adjacent streams have similar characteristics, the values 

of C, and 640C, are about the same; in the absence of streamflow records, therefore, 

these coefficients can assist in the derivation of a synthetic unit hydrograph. The 
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& 100 | T T y T = ee 

E 80 Fate corresponding to 5 inch | 

g rainfall - excess per hour =/O7.5 
5 ? cfs per square miles. 
5 60 Curye 00 | (HE OE 

3 50 Dio 

eB OTR, 3B 
5 40 ZO . iF 

= a > 24 2 = 4 5 

4 30 ey eee — Sa 
c a59 e/2 é 7 = F os 

LO a i7@ 
§ 20 oy 7 hs ralweHR EE |i50 16S 
2 355 58 9 - mi /6 

3O 62 > 26 PIN, las : 
= * 930 54 = 377 be ‘i 40k at 
= 65 42 a | “ 
= eoe 44 6 
2 e22 /0@ 38 

<= iO) in e /4 3/ 69 oe 

x p2/ 
[o} i} 
@® a | 

5 aa | 
50 100 200 300400 600 800I000 2000 3000 5000 10,000 

Drainage area in square miles 

SOURCE OF DATA 

a "Report of cooperative hydrologic investigations, by Penna. Dept. of Forests and Waters, U.S. 
Weather Bureau and U.S. Geological survey. 

@ Transactions of American Geophysical Union, part I, 1940, pp. 649-659. 

= Hydrological reports prepared by various district offices of U.S. Engineer Department. 

Numbers beside points identify basins listed in Table 6 

Frc. 24. Six-hour unit hydrograph peaks vs. drainage area.*8¢ Numbers beside points 

identify basins listed in Table 6. 

curves in Fig. 24 were taken from Ref. 38d (also given in Ref. 45a), which describes 

curve 100 as being an enveloping curve of the plotted points and of some additional 

points (not shown) for drainage areas larger than 10,000 sq miles. The curves parallel 

to curve 100 correspond to percentages of the latter, as indicated. These curves and 

Table 6 can be used to assist in estimating the synthetic unit-hydrograph peak. 

Reference 40 contains about 60 unit hydrographs for drainage basins throughout 

the state of Illinois. 
23. Infiltration Theory. Infiltration was defined in Art. 15. It is necessary to 

estimate the total volume of infiltration and its distribution in determining rainfall 

excess, as described in Art. 22. Infiltration has been measured directly on small plots 

of land and related to soil type, vegetal cover, and antecedent soil-moisture con- 

ditions.82° These measurements, having been made under laboratory conditions, 

cannot be applied directly to natural drainage basins of varying soil, cover, and topog- 

raphy; however, they have been very useful in studying means by which agronomic 

methods can increase infiltration capacity (the maximum rate at which the soil can 

absorb rainfall), thereby reducing surface runoff and soil erosion. 

Other basic differences between small plots and natural drainage basins include 

(1) the presence of channelization in the latter, which increases the speed of water 

particles compared with the overland flow velocities of small plots, and (2) quick 

subsurface flow, which may be present in natural areas. Despite these differences, 

which tend to make indicated loss rates much smaller than those obtained from 

experimental plots, the infiltration approach has been furthered persistently by many 

investigators who have introduced the term infiltration index to denote the computed 
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TaBLe 6. IDENTIFICATION OF BasINs IN Fie. 24 

Fost Stream Location Pp N. me Stream Location 

1 | Washita River, Okla. Near Mouth 37 | Youghiogheny River, Pa.-| Connellsville, Pa. 
2 | Youghiogheny River, Pa. | Sutersville, Pa _W.Va. j 
3 | Black River, Ark. Leeper, Ark. 38 | Susquehanna River, Pa. | Towanda, Pa. 
4 | Casselman River, Pa, Markelton, Pa. 39 | Susquehanna River, Pa. | Wilkes-Bavre, Pa. 
5 |So. Fk. Ten Mile Jefferson, Pa. 40 | W. Br. Susquehanna Renova, Pa. 

Creek, Pa. River, Pa. 

6 | Turtle Creek, Pa. E. Pittsburgh, Pa. 41 | W. Br. Susquehanna Williamsport, Pa. 
7 | Canacadea Creek, N.Y. Almond dam site, N.Y. River, Pa. 
8 | Tygart River, W.Va. Tygart dam site, W.Va. 42 | Juniata River, Pa. Newport, Pa. 
9 | Cheat River, W.Va. Rowlesburg, W.Va. 43 | Delaware River Port Jervis, N.Y. 

10 | Allegheny River, Pa. Kinzua, Pa. 44 | Delaware River Belvidere, N.J. 
; 45 | Lehigh River, Pa. Bethlehem, Pa. 

11 | L. Beaver Creek, Pa. E. Liverpool, Pa. 
12. | Sugar Creek, Pa. Sugar Creek, Pa. 46 | Schuylkill River, Pa. Pottstown, Pa. 
13. | Redbank Creek, Pa. Redbank Cr. dam site, 7 | Susquehanna River, Pa. | Towanda, Pa. 

a. 48 | Canisteo River, N.Y. Arkport Dam, N.Y. 
14 | Allegheny River, Pa. Above Kinzua, Pa. 49 | Otselic River, N.Y. Whitney Pt., N.Y. 
15 | Clarion River, Pa. Clarion, Pa. 50 | Westfield River, Mass. ies dam site, 

ass. 
16 | Kiskiminitas River, Pa. | Vandergrift, Pa. 
17 | Cheat River, W.Va. Beaver Hole, W.Va. 51 | Loyalhanna Creek, Pa. New Alexandria, Pa. 
18 | Conemaugh River, Pa. Bow, Pa. 52-56 | Mahoning Creek, Pa. Dayton, Pa. 
19 | West Fork River, W.Va. | Enterprise, W.Va. 57-58 | Coldwater River, Miss. Coldwater, Miss. 
20 | Laurel Hill Creek, Pa. Ursina, Pa. 59 | Saddle River, N.J. Lodi, N.J. 

60 | Whippany, N.J. Morristown, N.J. 
21 =| French Creek, Pa. Utica, Pa. 
22 | French Creek, Pa. Saegerstown, Pa. 61 | Ramapo River, N.J. Mahwah, N.J. 
23 | Buffalo Creek, W.Va. Barrackville, W.Va. 62 | Ramapo River, N.J. Pompton Lakes, N.J. 
24 | Dunkard Creek, Pa. Bobtown, Pa. 63 | Wanaque River, N.J. Wanaque, N.J. 
25 | Chartiers Creek, Pa. Carnegie, Pa. 64-68 | Redbank Creek, Pa. a. 

69 | Washita River, Okla. Durwood, Okla. 
26 | Oil Creek, Pa. Rouseville, Pa. 70 | Strawberry River, N.Y. | Poughkeepsie, N.Y. 
27 | Raccoon Creek, Pa. Moffatts Mills, Pa. 
28 | Yellow Creek, Pa. Hammondsville, Pa. 71 | Petit Jean River, Ark. Boonville, Ark. 
29 | Brokenstraw Creek, Pa. | Youngsville, Pa. 72 | Petit Jean River, Ark. Blue Mt. dam site, Ark. 
30 | Millers River, Mass. Birch Hill, Mass. 73 | N. Br. White River, Mo. | Tecumseh, Mo. 

74. | N. Br. White River, Mo. | Norfolk dam site, Ark. 
31 | Allegheny River, Pa. Franklin, Pa. 75 | Eleven Pt. River, Mo. Bardley, Mo. 
32 | Allegheny River, Pa. Vandergrift, Pa. 
33 | Monongahela River, Pa -; Dam No. 2, Pa. 76 | Fourche la Fave River, 

W.Va. Ark. Gravelly, Ark. 
34 | West Fork River, W.Va. | Clarksburg, W.Va. 77. | Fourche la Fave River, 
35 | Tygart River, W.Va. Fetterman, W.Va. Ark. Nimrod dam site, Ark. 

78 | Little Red River, Ark. Greer’s Ferry, Ark. 
79 | Row-Willamette River, Dorena (Star), Ore. 

36 | Monongahela River, Pa.- | Charleroi, Pa. Ore. 
W.Va. 80 | Illinois River, Okla. Tahlaquah, Okla. 

loss rate for natural basins. Although it might appear that the two differences noted 

above would tend to vitiate the infiltration approach, there may be value in its use in a 

practical case if it is found, for example, that the records for several flood periods for a 

drainage basin can be resynthesized by using a constant unit hydrograph and con- 

sistent values of the infiltration index. The example given in Art. 24 under Past 

Floods illustrates the use of the infiltration index. The results of a large number of 

determinations of the infiltration index for drainage basins in various parts of the 

United States are given in Refs. 38e and 45b. 

24. Flood Discharge Estimates. Methods are summarized in this article for 

making discharge estimates for (1) past floods and (2) design floods. 

Past Floods. Reliable stream-gaging observations, if available, form the best 

basis of determining the discharge of a past flood; however, if such observations are 

faulty or incomplete, other methods can provide a check on the discharge deter- 

minations. The general procedure is to assemble all known facts regarding the flood, 

including the areal and temporal distribution of precipitation, temperature, soil 

conditions, river stages, and flood discharges in adjacent river basins or in the same 

basin at upstream and downstream points. With all these facts, along with a knowl- 
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edge of pertinent characteristics of the various drainage basins involved, it is possible, 

in many cases, to piece together the history of a past flood occurrence including a 

hydrograph giving the desired peak discharge. 

Figure 25 is an example of such a determination. The mass rainfall curve in 

(a) was derived by plotting an isohyetal map of rainfall for the basin, computing the 

total basin rainfall (7.1 in.), and determining the time distribution by comparison 

with mass curves (not shown) at nearby stations. The mass infiltration curve, the 

slope of which equals the infiltration index, was developed in the course of compre- 

hensive studies of the storm of July, 1942, and the concurrent runoff, covering a large 

area and many drainage basins in northwestern Pennsylvania and southwestern 

New York. In (}) are shown hyetographs for rainfall, infiltration, and rainfall excess. 

The rainfall rate equals the slope of the mass rainfall curve in (a). During the time 

interval 11 p.m. to midnight, July 17, the rainfall rate exceeded the infiltration rate 

(average); hence, the volume of infiltration is as given in curve 1. From midnight 

to 3 a.m., July 18, the rainfall was less than the indicated infiltration rate in curve 1. 

The volume of infiltration during this period is therefore the same as the rainfall. 

This is shown in (a) by shifting curve 1, as indicated by the arrow, giving curve 2. 

From 3 to 5 a.m. the rainfall rate again exceeded the infiltration rate, as indicated by a 

segment of curve | shifted to curve 2. A similar procedure is followed during the 

remainder of the storm period. ‘The shifting of the infiltration curve follows a sug- 

gestion made by C. F. Izzard.4! The 1-hr synthetic unit hydrograph has the Snyder 

coefficients indicated in the figure, as determined from observed coeflicients for similar 

drainage basins in the same region. ‘The 2- and 3-hr graphs were derived from the 

1-hr graph utilizing the S-curve procedure (not shown) described in Art. 22. Finally, 

the flood hydrograph in (d) was computed from the unit hydrographs in (c) and the 

rainfall excess volumes in (0). 

Design Floods. Design-flood hydrographs are needed in the design of reservoirs, 

spillways, flood channels, and other water-control structures. Methods applicable 

to drainage systems, including small natural areas of a few square miles or less, and to 

urban drainage are described in Art. 26. Hconomic factors are of prime importance 

in the selection of a design flood. For example, it may be found in the case of a local 

flood-protection project that physical limitations make it uneconomical to set the 

design capacity higher than the maximum flood of record. In this instance, the 

design flood equals the maximum past flood; it should of course be established con- 

currently that the project is economically justified even with the limited protection. 

As a second example, the severity of the design flood for a reservoir spillway should 

be related to the economic loss resulting from the possible failure of the impounding 

dam or from downstream inundation. 

The procedure for developing a design flood is the same as that described in the 

previous example relating to a past flood, except that the magnitude of the three main 

components—precipitation, infiltration index, and unit hydrograph—is changed to 

correspond to more critical conditions. Just how critical these conditions must be is 

related to the economic problem as previously discussed. ‘Taking the infiltration 

index first, the most severe condition might be to use the minimum values observed in 

the region for similar physiographic conditions, or a value of zero would be used in 

the case of melting snow. The peak of a unit hydrograph derived from observations 

of a minor flood may have to be increased as much as 50 percent to reflect conditions 

during a major flood.*’/.39 The determination of the design precipitation or design 

storm may require considerable meteorological research, as summarized in Art. 11. 

Snowmelt problems in connection with design floods are discussed in Art. 7. 

Prior to the development of current techniques based on the unit hydrograph and 

flood routing analysis, a large number of empirical formulas were used to estimate 
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flood discharges for design purposes. The formulas, many of which are given and 

evaluated in Ref. 42, make use of various combinations of factors such as drainage 

area, average width of the basin, average basin slope, and frequency. These formulas 

generally have only local application, but they may be useful in extrapolating the 

available data. A second method, and one that still has value, is to plot for a given 

region all known maximum discharges in csm (cubic feet per second per square mile) 

against drainage area in square miles. If plotted on logarithmic paper, a straight line 

will usually define the envelope of maximum points. As the only factor here con- 

sidered is drainage area, it is obvious that such a plot provides only another basis of 

comparing the design-flood discharge with the past flood history of the region being 

studied. Studies of maximum flood discharges throughout the United States have 

shown the slope of the envelope curve to be 0.5 in most cases, giving a formula of the 

type 

Q=CVA 

where Q is the discharge in cubic feet per second, A is the drainage area in square miles, 

and C is a coeflicient known as the Myers rating. The equations of envelope curves 

for various regions will indicate that the exponent of the drainage area may be more 

but rarely less than 0.5. Where the indicated exponent is less than 0.5, the usual 

conclusion is that portions of the drainage basin are not contributing to flood flows 

and therefore the formula is not applicable. This is true of very large river basins or 

for those in semiarid regions. In both cases, major flood-producing storms do not 

encompass the entire basin defined by the topographic boundaries. If a sufficient 

number of station-years of river records are available, the envelope curve is a measure 

of the flood-producing potential of a region, and provides only a general index of flood 

intensity. Because of peculiar physical features, the flood-producing potential of 

drainage basins will vary widely even though the meteorological characteristics may 

be similar. It is inadvisable to apply envelope curves with coefficients of 0.5 to 

drainage areas less than about 10 sq miles. Flood discharges for drainage areas of a 

few square miles tend to vary more nearly as the first power of the drainage area. 

Discharge values estimated from high Myers rating on small drainages indicate rates 

of runoff that are higher than known rainfall rates for point rainfall. 

The Myers ratings of the envelope curves for various regions of the United States 

are given in Table 7. 

25. Frequency Analyses. Flood-frequency analyses are generally made for one of 

two purposes: (1) as a guide to judgment in determining the capacity of a structure, 

such as a highway bridge opening or cofferdam where it is considered permissible to 

take a calculated risk, and (2) as a means of estimating the probable flood damage 

prevented by a system of flood-protection works over a period of years, usually equal 

to the estimated economic life of the works. In the first case, the magnitude of the 

flood discharge that will be equaled or exceeded in a certain period of years is desired. 

In the second case, it may be necessary to consider, in addition to the peak-flood 

discharge, factors such as duration of flooding, time between flood peaks, and month 

of occurrence (agricultural damage, for example, might be significant only during the 

growing season). In both cases, the reliability of the frequency estimates depends on 

the length of the observed record rather than on the specific method of mathematical 

analysis used to obtain the frequency relation. ‘Thus, if a 50-year record is available, 

the peak discharge of a 10-year flood based on this record might be stated with 

assurance; however, the peaks of the 50- or 100-year floods could be estimated only 

approximately. 
The procedure followed in deriving a frequency relation for peak discharges con- 

sists of three steps: (1) compilation of flood peaks in order of magnitude, (2) com- 
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TaBLe 7. ENVELOPE Curves or Maximum FLoop DISCHARGES 

IN THE UNITED STATES 

Approx range 

Region of drainage areas, Myers rating 

sq miles 

North Atlantic and Middle Atlantic slope basins.......... 10-400 7,000 

500-30,000 5,500 

South Atlantic slope and Eastern Gulf of Mexico.......... 10-10, 000 6 ,000* 

Ohiouniver Dass... ene ten inc bre cern pate a one 10-900 7,000 

1, 000-4 ,000 6,000 

5 ,000—200 , 000 4,300 

Eastern Great Lakes and Eastern St. Lawrence River basins. 10-60 6,000 

70-1 ,000 3,500 

Upper Mississippi River and Western Great Lakes basins. . 10-150 4,000 

200-800 2,700 

900-15 ,000 1,800 

Lower Missouri and Western Mississippi River tributaries. . 10-5 , 000. 7,500 

6 ,000-15 ,000 4,000 

Weatern Gulf of Mexico basing. ...... 22. Dace oie ose we aes 50-3 , 000 14,000* 

4 ,000-9 , 000 10,000 

10 ,000—40 , 000 5,000 

RacificuslopelbasinsaniCalifornigaccre racecar nraenen arr 10-3 ,000 6, 000* 

4, 000-12 ,000 4,000 

Pacific Slope and Lower Columbia River basins in Washing- 

CORSE OPER OW os coe sy, ches apse Alec ereo cane sod. scedetombeeres 10-8 , 000 7 ,000* 

Great Basin and’ Rocky Mountains. sos. ated earners: 10-700 4,000* 

800-6 , 000 3,000 

* Higher estimates available, but subject to further confirmation. 

putation of recurrence intervals, and (3) plotting. In compiling the flood peaks, 

either the “‘annual-flood’”? method or the ‘‘partial-duration series’? method is used. 

In the former, only the highest peak in each water year is listed. In the latter, all 

floods above a base are compiled. ‘This eliminates an objection to the annual-flood 

method, namely, that the second highest peak during a given year may be greater than 

the highest peak during another year. However, in selecting peaks for the partial- 

duration series, caution should be exercised so as not to include consecutive peaks 

caused by storms which are not independent meteorological events. If flood damage 

is of primary concern, the time interval between peaks affects the amount of the 

damage and hence 1s a factor in deciding on which peaks to include in the compilation. 

“Historic floods’’ are severe floods that occurred prior to the beginning of the con- 

tinuous stream-gaging record but whose peaks are established on the basis of satis- 

factory evidence. They should be included in the compilation, but their recurrence 

interval is computed differently, as described subsequently. 

The recurrence interval of each flood peak is computed by one of the following 

formulas: 
N 

N 

f= = 055 (2) 
ae Neel 

where 7’, is the recurrence interval in years, N is the length of continuous record in 

years, and M is the order of magnitude of the flood peak. Reference 43 discusses 
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these formulas and shows that the shape of the final curve, particularly in the frequent- 

flood range, is little affected by the choice of the formula. The writers prefer formula 

(1) because of its simplicity and because refinements in making frequency estimates 

do not appear justified, considering the degree of accuracy of the basic data and the 

fact that, for the less frequent floods, the length of record is generally too short to make 

any positive predictions with regard to frequency. 

When historic floods are included, the recurrence intervals for all floods equal to or 

greater than these floods are computed in the same way except that the value of JN is 

made equal to the time in years between the earliest historic flood and the end of the 

continuous record. The final plot of peak discharge vs. recurrence interval can be 

made on probability or semilogarithmic paper. It is convenient in flood-damage 

studies to use percent chance of occurrence rather than the recurrence interval 7’, in 

years. The percent chance of occurrence P = 100/T7,. 

More reliable flood-frequency determinations, as well as estimates of flood fre- 

quency from ungaged areas, may be made by combining the results of flood-frequency 

analyses of all available runoff records in a region, thereby developing a generalized 

frequency relation supported by all available data. The U.S. Geological Survey, in 

cooperation with state agencies, has made studies of this kind in a number of states, 

and the procedure is outlined in Ref. 33. Briefly the method utilizes the fact that, 

in hydrologically homogeneous regions, floods of selected frequencies bear an essen- 

tially constant relation to the mean annual flood. For example, floods having a 25- 

year recurrence interval may be equivalent to 2.2 times the mean annual flood. The 

latter flood is determined from the individual frequency curves to be that occurring 

at a recurrence interval of 2.33 years. A reference or index flood determined in this 

manner is more dependable than one determined from an arithmetic mean of the 

known flood events. In a homogeneous region, a satisfactory relation can usually be 

developed between size of drainage area and the magnitude of the mean annual flood. 

26. Storm Runoff from Small Areas. The term ‘‘small area’’ is a qualitative one 

indicating that, for the area in question, surface detention is high relative to channel 

storage. Such is the case of flat areas drained artificially such as airfields and agri- 

cultural drainage districts, and natural areas of less than a few square miles. 

Urban built-up areas drained by storm sewers may also be classed under ‘“‘small 

areas.’’ See Sec. 39, Drainage, for methods of estimating storm runoff for such areas. 

Current practice with respect to airfield drainage design is based on the overland- 

flow hydrograph method, described in Refs. 32f and 46, and on the rational method, 

described below (see also Ref. 47). 

In agricultural drainage work, ditch capacities are usually based on empirical 

factors called “drainage moduli,” giving runoff per unit of drainage area. Obviously, 

such factors must be based on experience in the region and judgment must be exercised, 

particularly if some of the runoff is from an adjacent natural area that is not drained 

artificially. In the case of projects involving large canals and pumping stations, and 

possibly also pondage to reduce pumping requirements (as an example see Ref. 48), 

it may be necessary to develop flood hydrographs based on extensive analyses of many 

related factors such as rainfall, consumptive use of crops and other vegetation, soil 

moisture and storage, and groundwater. 

With respect to floods from small natural areas, the effort expended on analysis 
should be related to (1) the importance of the structure being designed and (2) whether 

the complete hydrograph is needed as well as the peak discharge. 

An excellent summary of current practice for estimating peak discharges for high- 

way culvert design is given in Ref. 13. Reference 49 presents a method based on a 

statistical study of 96 watersheds from 1| acre to 25 sq miles in size, all located east of 

the 105th meridian, but excluding the Atlantic and Gulf Coastal Plain and certain 
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other areas where drainage-basin characteristics are difficult to define. The so-called 

“rational method” described in Sec. 39, Drainage, can be used where empirical formu- 

las based on local experience are lacking; data on coefficients and a critique of this 

method are in Ref. 50. No matter which method is used, the following statement is 

pertinent: ‘The results obtained . . . must be considered as aids to engineering 

judgment rather than proven figures.’’* 

If the complete hydrograph is required, such as for design of spillways and outlets 

of dams, an analysis based on observed floods or on an application of the unit-hydro- 

graph principle can be made. In the absence of stream-gaging records, the unit 

hydrograph can be synthesized from a procedure given in Ref. 216. 

27. Evaporation. In this article only evaporation from free-water surfaces is 

discussed. The readily measurable factors affecting the rate of evaporation are*?¢ 

alr and water temperature, relative humidity, wind velocity, barometric pressure, 

and salinity of the water. The last two factors normally have a minor effect on 

evaporation. 

Measurements of evaporation in the United States have most commonly been 

made with the standard U.S. Weather Bureau Class A pan consisting of an unpainted 

galvanized iron pan 4 ft in diameter, 10 in. deep, and set on a wood grillage 6 in. above 

ground to permit circulation of air under the pan. 

Formulas for computing evaporation from meteorologic data utilize Dalton’s law, 

according to which the rate of evaporation is a function of the differences in the vapor 

pressures at the water surface and in the atmosphere. Experimental evidence®!*? sub- 

stantiates the following formula for pan evaporation: 

E = (€o — €a)°-88(0.387 + 0.00412) 

where EF is the daily evaporation in inches, eo is the saturation vapor pressure in 

inches of mercury at the water temperature, é, is the actual vapor pressure in inches 

of mercury of the air 2 m above the ground, and wu is the wind velocity in miles per day 

measured 6 in. above the rim of the pan. 

Reservoir evaporation may be estimated from pan measurements by applying 

coefficients which vary with season of the year and with the climatological character- 

istics of aregion. For example, the coefficients for converting annual pan evaporation 

to evaporation from shallow lakes and reservoirs varies from a maximum of 0.81 in 

the northeastern states to a minimum of 0.60 in the southwestern states. Figure 26a 

is a map*’ of the United States showing variations in the coeflicient for converting 

annual pan evaporation to evaporation from shallow lakes and reservoirs. Average 

annual lake and reservoir evaporation in the United States for the 10-year period 

1946-1955 is given in Fig. 26b and has been computed from pan evaporation data, 

which have in turn been reduced by appropriate coefficients. 

The term “shallow,’’ when applied above to lakes and reservoirs, is intended to 

limit the coefficients and evaporation depths to bodies of water with maximum depths 

of about 180 ft. Deeper bodies of water have different evaporation characteristics 

because of the longer time lag required for the water temperature to adjust to the 

seasonal changes in air temperature. Data on the differences in evaporation between 

deep and shallow reservoirs are meager, but it is probable that the differences in 

seasonal totals are more significant than differences in annual totals.>4 

The relative importance of evaporation in water-resources planning depends 

entirely on the climatological characteristics of the region in which a reservoir is located. 

In humid regions water surface evaporation may be little different from evapotran- 

spiration in the reservoir area, and therefore the creation of a reservoir will not 

materially change the water yield of the reservoir area. In semiarid regions, where 

the depth of evaporation may be many times the depth of runoff per unit of area, 
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conversion of only a small percentage of a drainage basin to water area may seriously 

deplete the water yield available below the reservoir. 

On large projects where evaporation is an important consideration, extensive 

investigations may be justified including supplemental pan measurements and 

meteorological measurements at a proposed reservoir site. Such supplemental meas- 

urements, even though of short duration, may be compared with similar long-term 

observations at regular Weather Bureau stations, thus enabling a more reliable 

estimate of evaporation at the reservoir site. 

— 
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SECTION 2 

BASIC HYDRAULICS 

By W. J. Bauvsrr, Davin 8. Lovurz, aNnp W. L. Voorpurn! 

PART I. CLOSED CONDUITS 

FLUID PROPERTIES 

1. General. Applied hydraulics is concerned with the physical action and the 

interaction of particular masses of fluid in either the static or kinetic states. These 

actions and interactions are analyzed by attributing to the fluid certain physical 

properties each of which is defined to be the controlling property for a particular type 

of action. Viscosity plays an important role in the problem of hydraulic friction. 

Mass density is important in nonuniform flow. Unit weight is of great concern in 

stratified flow. Surface tension is a factor in model experiments. Compressibility 

is a factor in water hammer. Vapor pressure is a factor in high-velocity flow. 

2. Conservation of Mass. The fundamental law of continuity is frequently 

expressed as 

Q=AV (1) 

in which Q = discharge in volume per second 

A = cross-sectional area of the flow 

V = average velocity normal to the flow section 

In a more general sense, the temporal mean velocity may be constant at a point, but 

it usually varies from point to point in a section so that 

Ao 
Q = i} vdA (2) 

in which v = temporal mean velocity 

dA = an element of area for which v is the velocity 

Ao = total area of the flow cross section 

Because the mean of the values of v is equal to the average velocity, Eq. (1) is exact 

for all distributions of velocity. Written between two sections 1 and 2 through which 

the same steady discharge is passing, Eq. (1) also provides the familiar 

AV; a AoV» (3) 

3. Conservation of Momentum and Energy. [Equations similar to Eq. (2) are 

written to define the flux of momentum and energy past a flow cross section as follows: 

Momentum flux 
Ao 

ef. vidA = BpV*Ap (4) 

1 Material in addition to formulas and charts, prepared by W. L. Voorduin, which appear in the 

first, second, and third editions, was contributed by W. J. Bauer and David 8. Louie. 
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Energy flux 
3 2 

g [aa = OAs = 205 (5) 

in which p = mass density 
a = kinetic-energy factor 

8B = momentum factor 

If v is constant across the section both a and 6 are unity. If v is variable across the 

section, both a and @ are greater than 1. 

4. Bernoulli Equation. One of the equations used in the analysis of one-dimen- 

sional, steady, incompressible flow is the Bernoulli equation, a special form of the law 

of conservation of energy. For a constant discharge in a closed conduit the theorem 

h¢ between 1 and 2 

Py V42 Po V2? 

2 2g +h, (between 1 and 2) 

where p = average pressure 

Z = distance above reference datum 

V= velocity 

a = kinetic - energy factor 

y = specific weight 

Fie. 1. Bernoulli equation. 

states that the energy head at any cross section must equal that in any other down- 

stream section plus the intervening losses. Figure 1 shows these relationships for a 

typical closed conduit. 

It is a common practice to determine the velocity head at a section by means of 

the average velocity of the flow. In the usual case, the velocity distribution is non- 

uniform and the energy head so computed is somewhat less than the true value. A 

kinetic-energy factor, as defined in Eq. (4), should be applied to the velocity head of 

the mean velocity in order to obtain the correct energy head. That is, 

Vy 
hy me Og, (6) 

If the velocity distribution is known, the distribution coefficient may be determined 

as follows: 
A 

A 
3 3 — fp aa > 44 

Ca A = (7) 
|, aa ay 
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where v is mean velocity through the elementary area and V is the mean velocity for 

the cross section. 

For turbulent flow at medium and high Reynolds number in straight conduits of 

established regimen, a commonly varies from 1.02 to 1.10; in viscous flow and at bends 

and similar nonuniformities, it may be 2.0 or greater. Because it usually has a small 

effect and is tedious to evaluate, the effect of ais usually neglected in practical engineer- 

ing. The Bernoulli equation then becomes 

V2 D2 V2? 2 FS AO eee ear (8) 

Although a is neglected in design, its use may be required when analyzing the results 

of field investigation of prototype structures in order to provide a logical explanation 

of certain hydraulic behavior. 

FRICTION LOSSES 

5. General. Application of the Bernoulli equation requires a clear understanding 

of the factors which affect the head loss Hz. The head losses are commonly classified 

as boundary losses and form losses. Boundary losses are those arising from shear 

forces between the fluid and the boundary materials. In addition, cross-sectional 

shapes are significant to boundary losses because they affect the ratio of the flow area 

to the wetted perimeter. The effects associated with the cross-sectional shape of a 

uniform conduit are not classified as form losses. Form losses arise from recirculating 

eddies produced by the geometry of the containing vessels such as bends and either 

expanding or contracting transitions. 

Two types of flow must be considered: laminar flow in which the fluid may be 

envisioned as flowing in parallel layers and turbulent flow in which the particles are 

moving in all directions causing a complete mixing of the fluid. The concept of 

laminar flow as moving in parallel layers is actually an artificial one which is useful as 

an aid to theoretical analyses—for engineering practice, conditions of turbulent flow 

are encountered more frequently than those of laminar flow. As will be shown 

elsewhere in this section, different laws govern the two types of flow. The principles 

and equations of fluid resistance, as developed by Chezy, Manning, Kutter, Darcy- 

Weisbach, Scobey, and Hazen and Williams, apply to turbulent-flow conditions. 

6. The Chezy Formula. Friction losses h; are usually determined by formulas 

which have a long background in use. Of fundamental importance is the Chezy 

formula 

V=C/RS (9) 

where V = mean velocity, fps 

R = hydraulic radius, ft 

S = slope of hydraulic gradient 

C = a coefficient 

7. The Manning Formula. The Manning expression 

_ 1.486 C R¥ (10) 

where n = a coefficient of frictional resistance which, under many conditions, is 

common to both the Kutter and Manning formulas. 

As will be shown elsewhere in this section, m is a function of roughness, viscosity, 

diameter, and velocity. Figure 2 shows a chart for the solution of the Manning 

formula using average values of n. Figure 2 may be applied to both open and closed 

conduits. 
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In computing the flow in pipes, the formulas which result from combining the 

Manning and Chezy formulas may take several forms: 

y = 220 sy (11) 

ee 668 d369¥ (12) 

h = 2.872 0 (13) 

h = 4.66n2 (14) 

d= Aa) (15) 

Figure 3 shows a chart which may be used in applying Manning’s formula to the 

computation of flow in pipes flowing full. Table 1 gives average values of n in Man- 

ning and Ganguillet and Kutter formulas in common use for various materials. 
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Fic. 3. Manning’s formula for pipes flowing full. 

These values may be used for preliminary investigations. It should be kept in 

mind, however, that n is not a constant but a variable, as will be shown elsewhere in 

this section. 

8. The Kutter Formula. The historic Kutter formula is still widely used to deter- 

mine the value of C in the Chezy formula. Ganguillet and Kutter determined 
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TaBLE 1. VawtuEs* oF COEFFICIENT OF ROUGHNESS n IN MANNING AND GANGUILLET 

AND KuTTeR FORMULAS 

n 

Type of pipe Condition 

Best Good Fair Bad 

Cast iron Clean, uncoated 0.012 0.013 0.014 0.015 

Clean, coated 0.011 0.012 0.013 

Dirty,on tubenculated asl mercct in |leaiencrene 0.015 0.035 

Wrought iron Commercial, black 0.012 0.013 0.014 0.015 

Commercial, galvanized ORO1S 0.014 0.015 0.017 

Lock bar or welded Smooth and clean 0.010 0.011 0.013 

Brass or glass Smooth 0.009 0.010 0.011 0.013 

Riveted steel or spiral steel Clean 0.013 0.015 0.017 

Vitrified! sewer piper lle mamnnnnn Ihtertcricnsne cers ter tae 0.011 0.013 0.015 0.017 

Common clay Graimagetile. 7 Vasnate a sere scenes eter ee 0.011 0.012 0.014 0.017 

Concrete Rough joints) |) ss pe 0.016 0.017 

Dry mix, rough forms | ..... 0.015 0.016 

Wet mix, steelforms | ..... 0.012 0.014 

Very smooth | ..... 0.011 0.012 

Wioodistave sm 9 Su Sere octotec nays oestrone 0.010 0.011 0.012 0.013 

* Values are based on tables by Horton and values recommended by King. See H. W. Kine and 

E. F. Brarer, ‘‘Handbook of Hydraulics,” 5th ed., McGraw-Hill Book Company, New York, 1963. 

Values given under good or fair may be used for designing. 

empirically in 1869 that 

Gnes e 0.00281/S + 1.811/n 
i ie (41.6 + 0.00281/S)n 

WR 

9. The Darcy-Weisbach Formula. Still in use at the present time (1967) is 
the hundred-year-old Darcy-Weisbach formula 

(16) 

hy Sao (17) 
where h, = friction loss, ft 

l = length of pipe, ft 

d = inside diameter, ft 

f = coefficient of frictional resistance 

Like n in the Kutter and Manning formulas, f is a function of roughness, viscosity, 
diameter, and velocity. 

10. The Scobey Formulas. Scobey’s formulas have had an extensive use in the 

design of irrigation and hydroelectric works. As a result of field measurements 

Scobey arrived at the relationships shown by Table 2. Values of C, and K, are given 

in Tables 3 and 4. Figures 4, 5, and 6, respectively, show diagrams for the solution 

of the wood-stave, concrete, and steel pipe formulas. 
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Fria. 4. Solution of Scobey’s formula for wood-stave pipe. 

TABLE 2. SUMMARY OF SCOBEY FORMULAS 

Function Wood-stave pipe Concrete pipe Steel pipe 

D0.58h, 9-526 

Y= 1. 62.D09.65h ,0.555 4. 73.D0.625p 70.50 
K 40.526 

0.785 D2.58h /9-526 
Q= 1.272 D2-85h, 79.555 3.72C.D2-85h 70-50 = - 

8 6 

in which D = inside diameter, ft 

hy = friction loss, ft/1,000 ft 

Cs = a coefficient 

Ks = a coefficient 

11. The Hazen and Williams Formula. The Hazen and Williams formula for the 

flow in pipes has been used extensively in the design of water-distribution systems. 

This formula is usually expressed as 

V = 1.318CR2-8880.54 (18) 

in which C = a coeflicient 

R = hydraulic radius 

S = slope of hydraulic gradient ll 
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TasBLe 3. VALUES OF C, IN ScoBEY’s FORMULA FOR CONCRETE PIPES 

Class Condition (GF 

1 Old California cement pipes; generous supply of mortar in joints, mortar squeeze 0.267 

not removed 

Also: class 2 pipes conveying sewage 

2 Dry-mix precast in short units, washed inside with cernent mortar, moderate care; 0.310 

monolithic pipe over rough wood forms; cement-gun finish, not troweled 

3 Wet-mix precast in short units; dry-mix precast in long units; monolithic pipe on 0.345 

steel forms; small cement-lined iron pipe; concrete pipe made under pressure and 

mechanically troweled with neat cement. Also: class 4 pipes conveying sewage or 

detritus-laden water 

4 Glazed-interior pipes; large cement-lined iron pipes; monolithic pipes with joint 0.370 

scars or surface irregularities removed; highest quality precast pipe, made against 

oiled steel form, with joints as smooth as remainder, untouched with brush or 

““wash’’ process 

a SS SSS ee ee eee 

TABLE 4. VALUES OF K, IN SCOBEY’S FORMULAS FOR STEEL PIPES 

Class Condition Type Ke 

Full-riveted pipe, having both longi- | a. New sheet metal up to 34.5’ thick 0.38 

tudinal and girth seams held by one or | b. New plate metal 34.56’ to %.5” thick, 0.44 

more lines of rivets with projecting heads with either taper or cylinder joints 

1 from capacity standpoint; pipe with |c. New plate metal 19’ up, with either 0.48 

countersunk rivetheads on interior be- taper or cylinder joints, and for plate 

longs in class 3 44” to 146” thick, when butt-jointed 

d. New butt-strap pipe of plate, 43” up 0.52 

Girth-riveted pipe, having no retarding | New sheet- and plate-metal pipe, such as 0.34 

rivetheads in the continuous-seamed | lock-bar and hammer-weld pipe with lap 

longitudinal joints, but having the same | or flange-riveted field (girth) joints; elec- 

9 girth seams as full-riveted pipe tric weld, hammer-weld and drawn pipe 

with riveted bump joints; and all other 

types with surface continuous except for 

girth belt of rivetheads between field 

units 

Continuous interior pipe, having interior | New sheet- and plate-metal pipe such as 0.32 

surface unmarred by plate offsets or by | pipe with full-welded crimped slip joint, 

3 projecting rivetheads in either longi-| lock bar with welded flange or leaded 

tudinal or girth seams. Not necessarily | sleeve connections, bell and_ spigot, 

described as smooth bolted coupling pipes all belong to this 

class 

Figure 7 shows a nomographic chart for the solution of this equation, and Table 5 

gives values of C for pipes of various ages and materials. 

EVALUATION OF FRICTION COEFFICIENTS 

12. General. It has been pointed out previously that the friction factors f, in the 

Darcy-Weisbach formula, and n in the Manning and Kutter formulas, both vary 

with roughness, viscosity, diameter, and velocity. The evaluation of friction factors 

under the widely varying conditions usually encountered in practice has been made 
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Fic. 7. Solution of the Hazen and Williams formula. 

TaBLe 5. VALUES OF C IN HAzEN AND WILLIAMS FORMULA 

Type of pipe Condition Oe 

New All sizes 130 

12”’ and over 120 

5 years old | 8” 119 

4” 118 

24’’ and over 113 

10 years old | 12” 111 

4” 107 

24” and over 100 

20 years old | 12” 96 

Cast iron 4” 89 

30” and over 90 

30 years old | 16” 87 

ce 75 

30” and over 83 

40 years old | 16” 80 

4” 64 

40” and over ids 

24” 74 
4” 55 

Welded steel Values of C the same as for cast-iron pipe, 5 years 

older 

Riveted steel Values of C the same as for cast-iron pipe, 10 years 
older 

Wood-stave Average value, regardless of age 120 

Concrete or concrete-lined Large sizes, good workmanship, steel forms 140 

Large sizes, good workmanship, wooden forms 120 

Centrifugally spun 135 

Vitrified In good condition | 110 
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possible by the contributions of Reynolds, Nikuradse, Von Karman, Prandtl, and 

Colebrook-White. 

13. The Contribution of Reynolds. The Reynolds criterion, developed by Sir 

Osborne Reynolds late in the nineteenth century, relates the inertial forces per unit 

of volume to the viscous forces per unit of volume. This relationship provides a 

rational basis for establishing the dynamic similarity of fluid motion in closed conduits. 

As an approach to his analysis, Reynolds considered the Newtonian concept that 

the tangential stress between contiguous strata of the fluid should be proportional to 

the rate dv/dy at which the velocity varies across the section of flow. This propor- 

tionality has been adopted as a measure of the fluid viscosity. The relationship may 

be expressed as 

dv 
aay (19) 

in which + = intensity of shear 

w = dynamic viscosity 

In accordance with the Newtonian equation for shear a typical viscous force per 

unit of volume may be written as 

V 
HT (20) 

in which L is a length parameter sometimes expressed as D, the diameter of the 

conduit. 
A typical inertial reaction per unit of volume may be designated by 

V2 ; 
PT (21) 

in which p is the mass density. The ratio of the inertial force per unit of volume to 

the viscous force per unit of volume reduces to the form 

VL 
ia 

p 

The factor p/p, known as the kinematic viscosity », may be compared with the 

gravitational factor y/p = g. The introduction of the kinematic viscosity factor » 

into the expression p(VL/y) yields 

ae 

Vv 
R (23) 

which is known as the Reynolds number. The kinematic viscosity of water relative 

to temperature is shown by Fig. 8. The basic relationship between boundary shear 

stress ry and friction factor f is 

2A is = We dy = 2 = vy (24) 

where vx = shear velocity or friction velocity 

p = density of the fluid (for water, p = 1.935 slugs/cu ft) 

Using the Newtonian definition of laminar flow, Eq. (19) may also be expressed as 

For a circular pipe the shearing stress at the boundary developed by equating 

shear and pressure forces acting on a cylindrical body of fluid at radius r and 
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Fic. 8. Kinematic viscosity of water relative to temperature. (J. N. Bradley and L. R. 

Thompson, ‘Friction Factors for Large Condutts Flowing Full,” U.S. Dept. of Interior, Bureau 
of Reclamation.) 

length L would be 

h 7 = OF (26) 

The equation for velocity distribution in laminar flow is 

wey [1 = (5) | (27) 

where fF is the radius of the pipe. Using Eqs. (25), (26), and (27), it follows that 

_ 32ulV 

hs yd? (28) 

From this it can be developed that the Darcy-Weisbach coefficient of friction in the 
laminar regime is 

_ 64 as (29) 

Equation (29) is valid for values of R up to about 2,000. The work of Blasius and 

Nikuradse verified Eq. (29) and showed that head loss in this flow regime is inde- 

pendent of boundary-surface roughness. 

14. The Contribution of Nikuradse. During 1932 and 1933, Nikuradse, working 

under the direction of Drs. Prandtl and Von Karman, published the results of his now 

famous experiments on artificially roughened pipe. Small, smooth pipes of different 

diameters were coated with sand grains of uniform size and subjected to a wide range 

of velocities. The resistance to flow represented by the Darcy-Weisbach friction 

factor f was plotted with respect to the Reynolds number for various values of the 

relative roughness ro/k where ro represents the radius of the pipe and k the average 

diameter of sand grains. The Nikuradse k is not the absolute roughness or rugosity 

e, as the term is defined by more recent writers. The results of these experiments are 

shown by Fig. 9. The Nikuradse criterion offers a means of grouping pipes having 

similar roughness characteristics for partially and fully developed turbulent flow. 

The straight line A in Fig. 9 represents laminar flow where f = 64/R for values of R. 
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Line C represents the results obtained for turbulent flow in smooth brass pipe. The 

lines denoted as D are for turbulent flow in pipes coated with uniform sand grains. 

The size of the pipe and diameter of the sand-grain coating were varied in the experi- 

ments. The results were then plotted in terms of the relative roughness 7o/k. 

15. The Colebrook and White Contribution. Referring to Fig. 9, the lines 

marked B represent a transition zone between laminar and turbulent flow in smooth 

brass pipe. The lines marked D are for turbulent flow. The curves of Nikuradse 

consistently show a sharp drop followed by a reverse curve in the transition zone. 

The analyses of Von Karman and Prandtl, based on the Nikuradse experiments, 

showed some disagreement in the transition zone. This disagreement was not 

explained satisfactorily until 1939, when Colebrook and White developed a practical 

form of transition to bridge the gap. 

O10 | ag. 
(Warncraenlon Turbulent flow in pipes 

0.08 ; coated with uniform : 

0.07 sand grains io/k=15.0 

0.06 

0.05 

0.04 

0.03 

0.02 

Resistance coefficent f 
ro- diameter of pipe 

k =absolute uniform roughness 
or diameter of sand grains 

Turbulent flow in 

smooth brass pipe 

1,000 10,000 100,000 1,000,000 

Reynolds number R 

0.01 

Fic. 9, Variation of the resistance coefficient with the Reynolds number for artificially 
roughened pipes. (Bradley and Thompson, ‘‘Friction Factors for Large Conduits Flowing 

Full,” Engineering Monograph, No. 7, U.S. Dept. of Interior, Bureau of Reclamation, 

March, 1961.) 

Colebrook and White demonstrated that the deviation of the Von Karman—Prandtl 

analyses from those of Nikuradse stemmed from the fact that resistance to flow for 

uniform sand is different for equivalent, nonuniform roughness, such as that which 

exists in commercial pipes. The coarser grains disturbed the laminar sublayer before 

the smaller irregularities became effective. The resulting formula, as proposed by 

Colebrook and White, follows the trend of experimental results and is asymptotic to 

both the smooth and rough pipe equations of Von Karman and Prandtl. 

The Colebrook and White formula is 

Vi & R Vf 
The U.S. Army Engineers, Waterways Experiment Station, after careful study of 

several large prototype structures concluded that Eq. (30) could not be verified for 

large Reynolds numbers. 

16. The Von Karman and Prandtl Contribution. Concurrently with the Nikuradse 

experiments, Von Karman and Prandtl developed a theoretical analysis for pipe flow 

with suitable formulas for smooth and rough pipe. Smooth pipes are defined as those 

having small irregularities when compared with the thickness of the boundary layer. 
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Rough pipe is defined as having irregularities in the walls which break up the laminar 

boundary layer, with the result that completely turbulent flow is developed. 

The Von Karman-—Prandtl resistance equation for turbulent flow in smooth pipe is 

Bene 
Vf 

which corresponds to line C of Fig. 9. The equation for rough pipes is 

2 logio (R Vf) — 0.8 (31) 

1 To 
i — + 1.74 32 Vi ( (32) 

17. The Moody Chart. The Prandtl-Von Karman experiments and the con- 

tribution of Colebrook and White were finally brought together by Moody in a com- 

0,040 
Severe d 

Generally tuberculated : ZN 
steel | | 

Oe Rough concrete and | 

Se heavy brush 
2 painted steel 

5 
pa OO ZO 
8 2 
© 
ul 

0.010 

Smooth concrete and fs 
hot-dipped asphalted steel 

0) 
0.008 0.010 0.012 0.014 0.016 0.018 0.020 

Mannings coefficient n 

Notes : 

f=friction coefficient from Moody diagram 
e= rugosity values, ft 

n=friction coefficient, Manning 

_ U7n2 
R!/3 

R= hydraulic radius, ft 

Fic. 11. Relationship between the Darcy-Weisbach f, Manning’s coefficient n, and the 

value of e. 

prehensive chart (Fig. 10) which may be superimposed on all the experimental f vs. 

R curves for larger pipes. In contrast to the Nikuradse sand roughness, the roughness 

elements of commercial pipe are not uniform. The protuberances vary not only in 

sizes but also in pattern of spacing. As a means of differentiating the Nikuradse 

uniform sand-grain roughness k, the nonuniform roughness or rugosity of commercial 

pipes will be designated as «. This is a practical simplification of more complex 

definitions of roughness. In practice, the measurement of natural roughness has been 

based upon the use of twice the root-mean-square height of the roughness elements e«, 

which is measured by moving a small probe across a rough surface or a plaster cast of 

that surface. Figure 11 shows the relationship between the Darcy-Weisbach f, 

Manning’s coefficient n, and values of ¢ corresponding to various surfaces. The 

difference between the Nikuradse k and twice the root mean square of projection e is 
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sometimes overlooked but it should not be if the most accurate understanding is to 

be achieved. 
In actual flow, the shear is influenced by both turbulent and viscous actions. In 

the central portion of a conduit where the mixing process has a freedom of action, 

viscosity has virtually no influence on the shear. At high Reynolds numbers, the 

flow can be considered totally turbulent action. However, at low Reynolds numbers, 

the effect of viscosity is quite important. Near the wall, the momentum exchange 

between layers apparently does not take place, and on this basis, it is reasoned that 

there must bea laminar film or sublayer. This assumption was verified experimentally 

by Hagen and Poiseuille. The velocity distribution in the laminar film is linear. 

Next to the thin laminar film is the transition zone; beyond this lies the turbulent 

zone. 

18. Laminar Film or Sublayer. The concept of laminar film provides a physical 

picture of the difference between “rough’”’ and “‘smooth”’ pipe surfaces. If the thick- 

ness of laminar film 6 is greater than the roughness e the surface is smooth; however, 

if 6 is less than e then the surface is rough. 

Von Karman gave the following experi- 

mentally derived value for 6: 

BASIC HYDRAULICS 

11.6y 

S/o 

where R = hydraulic radius 

S = hydraulic slope 

Equation (33) may be rewritten in the 

TLL {oye 

VRSg 
OCNOSHONy 1Se2. Or SiOr4 oO 

Reynolds number R in millions 

(a) Friction coefficients for 36-in tamped pipe 
with various joint conditions 

form 

f= 0.011 == Bad aS Average 32.8d 
> 0010 joints = R Ai (34) 

E 0.009 = = 
s rt Smooth pipe? 

0.008 This equation clearly states that the film 

thickness decreased with increase in ve- 

locity. Therefore, the same pipe may 

O4e OCs OS a Om SZ Ones One® 

Reynolds number R in millions 

(b) Friction coefficients for 36-in cast pipe 
with various joint conditions 

Fic. 12. Friction coefficients for 36-in. 

tamped and cast pipe with various joint 

conditions. (Lorenz G. Straub, Charles E. 

Bowers, and Meir Pilch, Resistance to Flow 

in Two Types of Concrete Pipe, Technical 

Paper no. 22, Series B, St. Anthony Falls 
Hydraulic Laboratory, University of Minne- 

sota.) 

experiments. To 

examples will be given. 

reference should be made to See. 3. 

Reference to Fig. 12 shows the variations of Manning’s n with R for 

diameter concrete pipe with various joint and surface conditions. 

demonstrate this previously mentioned variation, 

have a hydraulically smooth boundary 

surface at low velocity and a hydrauli- 

cally rough boundary surface at higher 

velocity. 

19. Variations of Friction Coefficients 

with Reynolds Numbers as Observed in 

Prototype Experiments. It is of interest 

to note the relationships between friction 

coefficients and Reynolds numbers which 

have been observed during prototype 

only four 

For a more complete discussion of prototype behavior 

36-in.- 

Figure 13 shows 

the variations of the Darcy-Weisbach f and Manning n for unlined rock sections of the 

Apalachia tunnel, TVA. Figure 14 shows the variations of the Darcy-Weisbach f 

with R for various sizes and lining conditions of corrugated-metal pipe. 

shows the results of flow tests at high 
Figure 15 

teynolds numbers in three coated-steel pen- 
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Fie. 13. Apalachia tunnel—Tennessee Valley Authority. (Rex A. Elder, Friction 
Measurements in Apalachia Tunnel, Proc. ASCE, paper 1007, June, 1956.) 

stocks at San Gabriel Dam in California. The resulting friction factors seemed to 

coincide with the smooth-pipe curve of Nikuradse and Von Karman. 

20. Partly Lined Conduits. Tunnels and conduits constructed with different 

materials along their length due to geologic 

and other reasons will have different head O44 

losses in each reach. In this case an effec- 

tive friction coefficient is a direct weighted =. 0.10 

average of the component factors, depending 5 009 

simply on the relative proportion of each 8 

type of roughness. This method is quite 0.08 

useful in preliminary design where numerous = 0.07 

combinations of conduit sizes and materials = ~ 

must be studied in order to arrive at an 8 0.06 

economical design. However, when the @ 

results of the economical design, or when the = O0S 

materials for various portions of the conduit 230904 

are better known, then the boundary-friction & 

loss of each part can be determined separately 0.03 
to provide a more accurate estimate. 002 

In the case of conduits partially lined 2 SAB PO Ise Ba C 

circumferentially, it is believed that the xto> x108 

linear assumption may not be valid because 

of the interplay between two flow regimes. 

An expression that has been used for such Fie. 14. Friction factors, corrugated- 
metal pipe. (U.S. Army Corps of 

. eee Engineers, Waterways Experiment Sta- 
P, + P.(ns/nr)?? |” (35) tion, Hydraulic Design Criteria, Chart 

P, 224-14.) 

Reynolds number R 

conduits is 

We, 0, 
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where n = Manning’s coefficient 

P = perimeter 

r = subscript for the rough section 

s = subscript for the smooth section 

( = subscript for the whole section 

n, = weighted Manning coefficient for the partially lined section 

Tests conducted at the Imperial College, England, indicated that at low Reynolds 

numbers and low absolute roughness, the composite friction coefficient was closer to 

the smooth-pipe factor than to the arithmetic proportions as shown. Furthermore, 

ll 

ll 

- 0011 5 0.010 
= 8 0.008 oO we} 

aie 8 cove rH sD) = 0. Applies to 54'line and 123" li 2 ea i ppli ine an 3) line: ii} 

r ©.009 Eo aan 
> 

2 Dal has i 12 Wepre Fo 29) ae 
fa) ars 

16 “20 -30_740) 50° 60 L x10® x10" ui 
Line Velocity, fps Reynolds number R 

Fic. 15. Results of flow tests—San Gabriel Dam in California. (Mazwell F. Burke, 
High-velocity Tests in a Penstock, Trans. ASCE, paper 2766, vol. 120, p. 863, 1955.) 

tests indicated that at high Reynolds numbers and at high absolute roughness, the 

converse is true. 

21. Unlined Tunnels. The size and shape of any unlined rock tunnel may vary 

considerably from one section to another, thus resulting in large surface irregularities. 

Field investigations of unlined tunnels made by Rahm! show that a definite relation- 

ship exists between the Darcy-Weisbach f and variations in cross-section area. 

120 

Actual tunnel area 
% of theortical area 

O 
(ne Omen Om Om Om © 99 

Frequency % 

Fic. 16. Distribution curve for cross-sectional areas, unlined tunnels—Tasan tunnel, 

Sweden. (Lennart Rahm, Friction Losses in Swedish Rock Tunnels, Water Power, London, p. 

461, December, 1958.) 

Rahm related the friction factor f to variations in the cross-sectional areas along 

the tunnel which were arranged in a series according to their order of magnitude and 

then plotted in a normal-distribution logarithmic diagram, as shown for a typical 

tunnel by Fig. 16. 

The slope of the straight line in Fig. 16 represents the variation in the cross- 
sectional area of the tunnel by the relation 

_ Alig = Abn 
ie Wer TaRe™ 5 x (100 percent) (36) 

1 

1 Raum, LennART, Friction Losses in Swedish Rock Tunnels, Water Power, London, December, 1958. 
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I| in which s = slope, as defined by Eq. (36) 

Ag g = cross-sectional area corresponding to a frequency of 99 percent 

A, = cross-sectional area corresponding to a frequency of 1 percent 

As determined from Fig. 16, s = 33 percent. 

Figure 17 shows the relationship between the percentage variation in area s and 

the friction coefficient f. For practical design purposes, Rahm expressed this as a 

06 
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© 005 roughness k and relative variation 
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Percent relative variation inarea,s (b) Defintion sketch , k 

Fic. 17. Relationship between f and s, Fic. 18. (Rahm, Water Power, p. 462.) 
unlined tunnels. (Rahm, Water Power, p. 

462.) 

straight-line relationship which may be expressed as 

f = 0.00275s (37) 

Furthermore, it was found that approximately 

_ 200tm 
—— R, 

in which tm = average excess overbreak 

R, = hydraulic radius of the theoretical section 

Rahm also determined the relationships between relative roughness and relative 

variation in area, as shown by Fig. 18a. A definition sketch defining the value k is 

shown by Fig. 18b. The relationship between various values of k, f, and actual tun- 

nel area is shown by Fig. 19. 

22. Deposits and Organic Growth. ‘The discharge capacities of tunnels and other 

water passages may decrease with aging because of deposits and organic growths on 
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the interior surfaces. 

BASIC HYDRAULICS 

These accumulations increase boundary-friction losses with 

resulting decreases in discharge capacities. 

Corrosion on the interior surface of water-conveyance structures reduces carrying 

capacity in water-supply mains, produces discolored water, and creates taste and odor 

O15 
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2 

= O40 

ne) 

c 
o 
3 0.05 

‘® 
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oO 
O 

O 100 200 300 400 
Actual tunnel area,sq meters 

Fic. 19. Relationship between f and actual 

cross-sectional area corresponding to vary- 

ing values of k. (Rahm, Water Power, p. 

463.) 

problems. In metal pipes, corrosion gives 

rise to tubercules on the interior surface, 

and these in turn decrease the carrying 

capacity by roughening of the interior of 

the pipe surface. Improper filtration of 

water or operation of treatment plants 

beyond their capacities may result in floc 

passing through filters, depositing alumi- 

num hydroxide on the pipe walls. Even 

a thin coating will reduce the carrying 

capacity materially. Other coatings may 

consist of calcium carbonate and silica 

slime. 

In a number of tunnels in Chicago, an 

analysis of the gelatinous material showed 

that it was principally aluminum hydrox- 

ide and silica. Measurement of the fric- 

San Antonio 
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Fic. 20. Trend curve, head-loss tests. (W. D. Hudson, Studies of Distribution System 
Capacity, J. Am. Water Works Assoc., February, 1966.) 
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tion loss in these tunnels indicated that the Manning’s coefficient of friction n had 

increased from 0.014 when new to as high as 0.0196 for some tunnels after 7 years 

of service. 

After 10 years of service, the 18-ft-diameter tunnel leading to the Apalachia 

hydroelectric plant (TVA) was found to have the following changes in roughness: 

the average values of Manning’s n rose from 0.011 to 0.018 for the concrete section, 

from 0.010 to 0.018 for the steel section, and from 0.030 to 0.038 for the unlined 

rock section. 

After only 3 years of service, the 10 ft-0 in.-by-10 ft-0 in. concrete fish-passing 

conduit at the Priest Rapids hydroelectric project, Columbia River, accumulated 

from 14 to 3 in. of algae and sponge sliming, which increased the value of n from 

0.0104 to 0.0187. After cleaning, this value dropped to 0.0108. 

Figure 20 shows the effect of aging of water-supply mains in several large cities in 

the United States as measured by increases in the Hazen and Williams coefficient C. 

The loss in capacity may range between 25 and 30 percent. 

FORM LOSSES 

23. General. Generally, between intake and exit, the flow encounters a variety of 

shape configurations in the flow passageway such as changes In section from rectangular 

to circular, partial obstacles, branches, bends, slots, expansions, and contractions. 

These impose losses in addition to those resulting from frictional resistance. Form 

losses are the result of fully developed turbulence and thus can be expressed in the 

general form 
y2 

H, = K.=— 
29 (39) 

in which K, = coefficient of form loss 

Hy, = form loss 

There follow discussions of a few of the commoner types of form losses encountered 

in engineering practice. 

24. Sudden Enlargements. A sudden enlargement, such as that shown by Fig. 21, 

results in intense shearing action between the incoming high-velocity jet and the 

surrounding water. As a result, much of the kinetic energy of the jet is dissipated 

by eddy action. Most of the turbulence disappears and the velocity becomes prac- 

tically uniform across the section of the enlarged pipe at a distance of about five 

diameters from the enlargement. Rapid pressure fluctuations accompany the 

enlargement. 

Using the symbols shown by Fig. 21, the loss of head at a sudden enlargement is 

Wee Ve)F 
2g 

Practical applications of this principle may be found in several high-head outlets 

which are designed to release discharges at velocities which will not damage the water- 

passage linings. The proposed sudden-enlargement energy dissipator for Mica Dam, 

to be constructed on the Columbia River in British Columbia, offers one example. 

One of the two 45-ft diversion tunnels at Mica was selected as the most logical 

and economic location for a gate-controlled expansion chamber which would serve to 

reduce the velocities of the discharge into the tunnel during the filling period of the 

reservoir. With outlets of conventional design, the maximum velocity would have 

been 170 fps. The most promising arrangement provided for a sudden-enlargement 

energy dissipator in the tunnel upstream of the main plug which would contain three 

gated outlets.! 

H, (40) 

1 Russevy, Samunt O., and James W. Bau, Sudden-enlargement Energy Dissipator for Mica Dam, 

Proc. ASCE, J. Hydraulics Div., July, 1967, p. 41. 
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Possible cavitation of the concrete tunnel lining was an important consideration. 

As shown by the hydraulic gradient (Fig. 21) pressures in the fast-moving eddies are 

lower in the surrounding water and under certain conditions can fall as low as the vapor 

pressure. If pressures fall sufficiently low, the collapse of vapor bubbles may occur 

Total head 

Pressure 
gain 

Pressure head 2g 

Fia. 21. Sudden enlargement. 

at the boundary of the tunnel lining, with resulting damage to the surface. From 

comprehensive model tests, including one made on a concrete-lined steel pipe under 

approximately prototype discharge conditions, it was determined that the design 

0.6 

05 

04 

0.3 

0.0 
/ 

1.0 HES ZO ZS 3.0 3.5 4.0 

Fic. 22. Head loss, sudden contraction. (Pipe Friction Manual, Hydraulic Institute.) 

cavitation number K for the Mica expansion chamber, as expressed by the formula 

Spee 
K Jah, = 186 (41) 

in which H, = vapor pressure of water, H; = total head of flow entering enlargement, 

and H» = pressure head downstream from the enlargement, should be approximately 

3. The value of K at the point of incipient cavitation damage was less than 1. 
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25. Sudden Contraction. The head loss resulting from a sudden contraction may 

be expressed as 
V2? (ee 

Hy, = K—~ (42) 
29 10 

Values of K for various ratios of D; to Dz 08 

are shown by Fig. 22. 
O06 
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Fic. 23. Gradual conical expansion. Fie. 24. Loss coefficients for gradual 
conical expansion. 

26. Gradual Conical Expansion. ‘The losses resulting from gradual expansion, 

such as shown by Fig. 23, may be expressed in the following form: 

(Vane) e : y (43) 
where V; and V» are velocities in the upstream and downstream sections, respectively, 

H, the transition head loss, and A, the transition loss coefficient. 

lély == I&, 
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Fic. 25. Head loss in conical expansion 

Early experiments by Gibson! show that the loss coefficient A; is a function of the 

central angle @ of the truncated cone. The tests show that the loss coefficient is also 

a function of the ratio of areas A; and Ag. 

by Fig. 24.3 

1 Department of the Army, Office of the Chief of Engineers, Engineer Manual EM 1110-2-1602, 

p. 7, August, 1963. 
2 Ginson, A. H., The Conversion of Kinetic to Pressure Energy in the Flow of Water through Pas- 

sages Having Divergent Boundaries, Mngineering, 93, 205, 1912. 

3Srreerer, Victor L., ‘Fluid Mechanics,’”’ 2d ed., p. 188, McGraw-Hill Book Company, New 

York, 

The results of the Gibson tests? are shown 



2-24 BASIC HYDRAULICS a 

Figure 24 shows that the loss coefficient increases rapidly as @ increases up to 

about 60°. 

The results of more comprehensive tests published by V. Tatarinov, which appear 

in Product Engineering, May, 1946, are shown by Fig. 25. These tests confirm some 

of the earlier results obtained by Gibson. 

27. Gradual Conical Contraction. 

There is less laboratory information 

available on the loss in contraction 

transitions, such asshown by Fig. 26, than 

for expansion transitions. Tatarinov 

also presented the results of tests on grad- 

ual conical contractions shown by Fig. 27. 

VALS WS ZOD SOPs So E4O 

Dy 
D2 

Fic. 26. Gradual conical contraction. Fra. 27. Head loss in conical contraction. 

(V. Tatarinov, Product Engineering, May, 
1946.) 

28. Bend Losses. The bend loss excluding friction loss for a circular conduit is a 

function of the bend radius, pipe diameter, and deflection angle of the bend. Bend 

losses for pipes having 90-deg bends and varying degrees of rugosity «/D are shown 

0.2 0.0020 
0.0015 

== ©. OO1ON ain 
SOLO 0O5 

O/ Smooth 

OY 2 8 & FB © 7 8 FY AO 
aR 
D 

Fra. 28. Resistance coefficients for 90-degree bends of uniform diameter. (Pipe Friction 
Manual, Hydraulic Institute.) 

by Fig. 28. Curves showing recommended bend-loss coefficients for R/D ratios from 

1 to 10 and for deflection angles from 0 to 90 deg are given in Fig. 29.1 

1 Factors Influencing Flow in Large Conduits, Report of Task Force on Flow in Large Conduits, 

Committee on Hydraulic Structures, Proc. ASCE, J. Hydraulic Div., November, 1965, p. 138. See 

also Ito. Hand Imai K., Energy Losses at 90° Junctions, Proc. ASCE J. Hydraulics Div., September, 
1973, p. 1373. 
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[=a 
0.20 

Definition sketch 0.05 1 T 

R 
Value of 01 

O 20 40 60 80 4100 

Deflection angle a deg 

Fic. 29. Friction losses at bends. 

MEASUREMENT OF FLOW IN CLOSED CONDUITS 

29. Differential Head Meters. The flow of a fluid through a constriction in a 

closed conduit results in a lowering of pressure at the point of minimum sectional 

area. This drop in pressure is a function of the rate of flow. Differential head meters 

have been used in many forms. ‘To illustrate the principle, two will be described: the 

Venturi meter and the diaphragm orifice. 

30. Venturi Meters. The Venturi meter is an instrument which makes practical 

use of Bernoulli’s theorem in measuring the quantity of liquid flowing through a pipe. 

The meter, as shown by Fig. 30a, consists of a short length of pipe tapering to a narrow 

throat in the middle. Tubes entering the enlarged end and at the throat make it 

possible to measure pressures at these points. 

31. Venturi Meter Formulas. Ieferring to Fig. 30a, 

1 — 7? _ 
— Y 5 a es Eee >) ss Wi : ¥ Lie? 9 Q CA, Sm /2gh or Q CA, | / gh 

= ae ae Ai - aaa M = meter constant = Goa = A> ee 

Q = CM V/2gh = K V/2gh (44) 

where Q = rate of discharge, cfs 

r = ratio of area at entrance to area at throat = A,/A>» or for circular areas 

D,2D»? if D, and D» are diameters at entrance and at throat (usually 7 is 

greater than 4, smaller than 16) 

g = acceleration due to gravity 

h = difference in level (ft) at which a liquid stands in two vertical tubes, which 

are connected to the side holes at entrance and throat, respectively, and 

are either open to the atmosphere or under equal pressure or connected 

through a closed space in vacuo 

C = discharge coefficient, which varies between 0.97 and 1.00 for well-made 

Venturi tubes of suitable size for conditions of operation 

Figure 306 also shows a graph for values of the discharge coefficient C in terms of 

meter size and throat velocities. Figure 31 shows the variation of C with Reynolds 

numbers for Venturi meters having a ratio of throat diameter to entrance diameter 

of 0.50. 

32. Diaphragm Orifice. If properly calibrated by tests, a diaphragm inserted in a 

conduit may also be used to measure flows. Figure 32 shows such an arrangement 
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Fic. 30a. Section of Venturi tube. 
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Fie. 30b. Values of discharge coefficient C’ (Venturi meter). 

and the symbols which appear in the equation for determining the discharge 

eyes 2gh 

Values of K which were determined experimentally by Johansen are shown by 

Fig. 33. 
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33. Minor Losses. Minor losses may be expressed in the equivalent length of pipe 

that has the same energy loss for the same discharge. The chart in Fig. 34 offers a 

convenient method of estimating these losses. 

4.00 

200° 400" 

0.99 

0.98 

OLS 

0.96 

Coefficient C 

OS 

0.94 

0.93 
104 10° 40& 40° 

2De2 
Reynolds number u 

Fic. 31. Venturi meter—discharge coefficients. (ASME Power Test Code.) 

Pressure head 
| ek pipe wall 

Coefficient K 

O 40 80 120 160 

————————— JR 
Fic. 32. Diaphragm orifice. Fig. 33. Diaphragm _ orifice—coeffi- 

cients of discharge. 

ORIFICES 

34. High Head. When the head is relatively large, as compared with the size of 
the orifice, the following equation will apply: 

Q =CA V2gH (46) 

in which Q = discharge, cfs 

H = head on center line of orifice, ft 

A = area of orifice, sq ft 

Sharp-edged circular orifices, as shown by Fig. 35 and the accompanying table of 

discharge coefficients, will operate through a wide range of heads with a value of C of 

approximately 0.60. Rectangular orifices, such as those which are formed by opening 
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Globe Valve, Open 

Angle Valve, Open 

Close Return Bend 

al 
Standard Tee 

Through Side Outlet 

Hat 
Standard Elbow or run of | 

Tee reduced 

Si 
Medium Sweep Elbow or_| 

run of Tee reduced 14 

Gi 
Long Sweep Elbow or 
run of Standard Tee 

Fic. 34. 
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34 Closed 

14 Closed 
Fully Open 

500 

Standard Tee 

300 

fi 200 

/| Square Elbow 

100 

Borda Entrance 50 

Sie! » 
20 

Sudden Enlargement-—|_ _ 

d/p- 4 
djp- 4 10 

5 

- Ordinary Entrance 3 

iz 

Di==d 

Sudden Contraction 1 

De 
d/p=-4 
d /D- % 0.5 

x . 0.3 

0.2 
Sa Elbow, 

0.1 

coefficients. 

shown by Fig. 37. 

35. Low Head. When the dimensions of the orifice are large, as compared with 

the head, the discharge formula may be written 

Gate Valve 3000 

V4 Closed 2000 

1000 

Equivalent Length of | Straight Pipe, Feet 

Q = 4C V2g LHL — H,%) 

! 

Nominal Diameter of; Standard Pipe, Inches 

Resistance of valves and fittings to flow of fluid. 

Example: The dotted line shows that 
the resistance of a 6-inch Standard El- 
bow is equivalent to approximately 16 
feet of 6-inch Standard Pipe. 

Note: For sudden enlargements or sud- 
den contractions, use the smaller diame- 
ter, d, on the pipe size scale. 

Inside Diameter, Inches 

a gate having a shape such as that shown by Fig. 36, will have much higher discharge 

Discharge coefficients for submerged orifices of varying forms are 
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H Orifice diameter D, 
, inches 

ft |0.50 |1.00 | 2.00] 4.00 
t al 

a Values of C 

10 |0.604/0.597/0.596 |O595 

20 | 0602]0.596}0595 0594 

30 | 0.600]0.595)}059 4/0594 

a Kioa St netitice fhe = 40 | 0.600/0.595)0.594/0.593 

5O |0599]0595)0594]0593 

60 |0599|0.594| 0,593 |0.593 

Fie. 35. Discharge coefficients, circular sharp-edged orifices, varying heads. 

Medaugh and G. D. Johnson, Civil Engineering, p. 424, July, 1940.) 

Gate opening, % 
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0 = 
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Discharge coefficient C 

Source: Hydraulic Design Criteria, Waterways 

Experiment Station, Corps of 

Engineers US Army, Sheet 320-1] 

Fig. 36. Discharge coefficient C. 
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with dimensions and symbols as indicated by Fig. 38. The expression 24C +/2g may 

be designated as the overall coefficient m which appears in the equations and coeffi- 

cients determined by prototype measurements of the spillway discharge capacity of 

Wilson Dam. These and other prototype experiments are described more fully in 

Sec. 20. 

Re 

ST) ] 03) ee ie | 10.0] K-- /4.0-> 
aL C=062 E 06s on ea z= a 

Series | 

= Elliptical entrance. 

rat No C-064 iE ae “082 
l-a 4-a = TPE 

fal ne =072 a Cc=0es 
I-b 4-b 5-b Tb 

co) le 78 an isi C=0.85 

IFC Ae ete 1Fe 

||| 4// tubes NOTE. Where elliptical entrance is not iat 
4°0"" 4/0” indicated corners are square 

Values of “Cgiven are averages for the 
formula V=CV2gh Te c' 

From University * = 7 
of Wisconsin, 

C7096 = Buy /letin No.2/6 =092 _V|C-093 =0.90 C=0. 
l-d 4-d 5-d 6-d T-d 

Fic. 37. Discharge through orifices and tubes. 

3 3 
Discharge== CY2g L (H22 -H,2) 

Fic. 38. Discharge for large vertical orifice compared with head. 

PART II. OPEN CHANNELS 

36. Critical Flow. Flow in open channels is governed primarily by the action of 
gravity upon the moving fluid. The acceleration of gravity g or the slope S is expressed 
or implied in all open-channel flow formulas. In most problems the acceleration of 
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gravity may be considered to be a constant. This makes possible its implicit presence 
in some flow formulas, even though it is not expressed. 

The dimensionless parameter used to describe and classify open-channel flow is the 
Froude number 

V 
jue 

Voy 
(48) 

where F = Froude number 

V = average velocity of the flow 

g = acceleration of gravity 

y = depth of flow 

Flows are classified as follows: 

F <1: flow is subcritical 

F = 1: flow is critical 

F > 1: flow is supercritical 

Critical flow requires the least energy for a given rate of discharge. Assuming a 

hydrostatic distribution of water pressure within the moving fluid, 

3 

Ue = \/ 

in which y. = critical depth 

q = unit discharge per lin ft width 

g = acceleration of gravity 

The critical velocity is the average velocity of flow at the critical condition and is 

expressed by 

|| 

(49) 
= 

ll 

Vee 2 = Voq = Voy (50) 

In uniform flow in a rectangular channel at critical depth, the velocity head V2/2g is 

exactly half the depth of the flow. For other prismoidal sections, Eq. (50) may be 

used without appreciable error by using the average depth of flow. The average depth 

is the area of flow divided by the surface width of the flow. Figure 39 defines terms 

and notations commonly used in analysis of open-channel flow. 

As shown by Fig. 39, the velocity is a variable throughout the section, being 

typically low near a boundary and high at some distance from a boundary. The 

square of the average velocity is used in calculating the velocity head, which is con- 

sidered to be a measure of the total kinetic energy of the moving fluid. In reality 

the total kinetic energy is made up of the sum of the kinetic energies of all the filaments 

comprising the flow. As the square of the mean is not equal to the mean of the 

squares, a correction is in order if more precise calculations are required, and the 

kinetic-energy factor must be applied, as is explained in the preceding portion of this 

section on closed conduits. 

37. Classification of Flow Profiles. The concept of critical depth serves as a 

useful tool for the classification of all possible water-surface profiles for flow in open 

channels. Flow at velocities greater than critical is called supercritical flow, and flow 

at velocities less than critical is called subcritical flow. A convenient way to deter- 

mine whether flow is subcritical or supercritical is to compare the average depth of the 

flow with the critical depth. It can be demonstrated that the critical depth is equal 

to two-thirds of the specific energy. For example, with a specific energy of 3 ft, all 
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PROFILE OF OPEN-CHANNEL FLOW 

bw= surface width 

Typical variation 

of total head 
ave 

across a section 
2q 
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A=flow area Average depth 
(shaded ) A 
Q=AV y=—— 

SECTION A-A Dw 

Fic. 39. Profile of open-channel flow and terms and notations for open-channel flow. 

flows at greater than 2 ft of depth are subcritical, and all flows at less than 2 ft of depth 

are supercritical. 

The normal depth of flow in an open channel is that depth at which the slope of the 

water surface and the slope of the bottom are parallel. Gravitational forces and 

friction forces are in balance. Flow is steady and uniform. 

Slopes are classified according to the relationship between the critical depth and 

the normal depth. The critical depth is dependent upon the unit discharge of the 

flow; the normal depth is dependent upon the unit discharge and the slope and rough- 

ness of the channel. Classification of slopes is as follows: 

Mild slope. The normal depth is greater than the critical depth. Only subcritical 

flow can be sustained on a mild slope for an indefinite length. 

Steep slope. The normal depth is less than the critical depth. Only supercritical 

flow can be sustained on a steep slope for an indefinite length. 

Adverse slope. Any slope adverse to the direction of flow. The normal depth is 

infinite. In a channel of uniform width but variable slope there are only a limited 

number of possible water-surface profiles which can be developed for a given unit dis- 

charge. Combinations of these water-surface profiles may be used to describe the 

shape of the water surface in transitions between one slope and another. Figure 40 
shows the various combinations which are possible. 
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Fic. 40. Examples of flow profiles. (Ven Te Chow, “Op¢ n-channel Hydraulics,”’ McGraw- 

Hill Book Company, New York, 1959.) 
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38. Steady Uniform Flow. This is flow in which identical conditions prevail from 

point to point and from time to time within the flow. The depth, cross section, dis- 

charge, velocity distribution, density, viscosity, turbulence, and all other aspects of the 

flow remain constant from point to point and from instant to instant. Steady uniform 

flow in open channels is rare, even in the laboratory. 

Under usual field conditions, flow is nonuniform and unsteady. Nevertheless, the 

hypothetical simple condition of steady uniform flow is frequently substituted for the 

more complex real condition because it is easier to handle mathematically. Although 

not strictly correct, it is sometimes convenient to analyze nonuniform and unsteady 
flows by considering the behavior to be comprised of basic steady uniform flow upon 
which the effects of unsteadiness and nonuniformity are superimposed. 

39. Flow Formulas and Frictional Resistance. The most widely used formulas for 

determining the flow in open channels are those of Chezy, Kutter, Darcy-Weisbach, 

and Manning, as set forth respectively in Eqs. (9), (16), (10), and (17). 

For most of the small channels and conduits used in irrigation works, the Kutter- 

Chezy formula will yield conduit sections comparable with those computed by the 

Manning formula. Using an n of 0.014 hydraulic radu between 2 and 6, and with 

slopes between 0.01 and 0.0001, both formulas give approximately the same average 

velocity. Outside these limits different values of nm must be used in one or the other 

of these formulas to obtain the same results. For example, in a reach of one canal 

tested with a hydraulic radius of 11.8 and a slope of 0.00061, a value of n of 0.0152 is 

required in Manning’s formula to provide the same average velocity given by Kutter’s 

formula with an n of 0.014.! 

The coefficient of friction of the Darey-Weisbach formula may be related to the 

size of the roughness comprising the bed and banks of the open channel through the 

assumption that the Von Karman—Prandtl equation for flow in rough pipes may be 

adapted to open-channel flow through the substitution of 4R for the diameter of the 

pipe. The symbol k is used for the effective roughness spacing in feet, and the Darcy- 

Weisbach, Chezy, and Manning open-channel flow formulas are shown in their relation- 

ships to each other in Fig. 41. For example, this figure shows that a Manning n of 

0.030 and a hydraulic radius of 10 ft would correspond to a Darcy f of 0.050, a Chezy C 
of 72, and k equal to about 0.8 ft. 

In addition to Fig. 41, the design chart for the solution of the Manning formula 

(Fig. 2) may be used for determining the flow in open channels. 

In Fig. 41 the dashed lines of constant k are seen to run nearly vertically in the 

vicinity of n = 0.020,k = 0.1 ft. In this range of roughness the n value appears to be 

relatively independent of the hydraulic radius. Both above and below this range of n 

values, however, the lines of constant k are seen to diverge to one side or the other of 

the vertical. If one assumes that a given surface texture has a constant k and also 

that the Von Karman—Prandtl equation for flow in rough pipes can be applied as it was 

in deriving Fig. 41 to give accurate predictions of the effect of roughness, then one can 

reason as follows: 

1. For a given roughness (k = constant), the n value is dependent upon the 
hydraulic radius. 

2. In the range of n values for smooth concrete, for a k of 0.001 ft, the n values for 

concrete pipes of 1 ft and 8 ft in diameter are seen to be about 0.010 and 0.012, respec- 

tively. In this range, increasing R produces higher values of n and lower values of f. 

3. In the range of n values for cobble-lined canals, say k = 0.5, there is little 

dependence of n upon # in the range of R = 10 ft and above, but a significant depend- 

ence upon F in the range of R = 10 ft and below. 

1 Tine, Pauu J., Capacity Tests in Large Concrete-lined Canals, Proc. ASCE, May, 1935. 
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4. The choice of the proper n values for comparing alternative designs with different 

values of R should take into account the effect of R upon n as evidenced in Fig. 41. 

Steady uniform flow in open channels which are made up of surfaces with differing 

roughnesses can be calculated using a weighted average n value calculated on the basis 

of the portion of the wetted perimeter made up of each material. 
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Fie. 41. Plot relating roughness coefficients. 

40. Steady Nonuniform Flow. Steady nonuniform flow remains constant with time 

but varies in velocity from point to point within the fluid. Steady nonuniform flow 

in an open channel is complicated by the fact that the pressure at the free surface must 

remain atmospheric. This requirement results in pronounced changes in the con- 

figuration of the free surface in zones of rapid convergence or divergence in open 

channels. 

The dynamic equation for steady nonuniform flow involves a direct application of 

the principles of conservation of mass, momentum, and energy. Application of the 
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equations for flow without friction is illustrated in Fig. 42. At each section A, B, C, D, 

KE, and F, the total head above the floor line—the specific head—must be exactly equal 

to the vertical distance from the floor to the horizontal line of total head. For each 

specific energy there is only one maximum unit discharge assuming hydrostatic distri- 

bution of water pressure inside the flow. Letting H equal the specific head at a point, 

. lL. alec >t. eae ea 

¢ Y : Y E Y : Y : Y : / 

Line of total head without friction aa 

47.5 

PROFILE 
10.82 1.75' 

WN 

fom [ete fete [eel 
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energy =H 12.5 43.5) 14.5 455° 16.5! AT.5. 
N70 

G 

198 | 206 | 285 
14 12 | 10 

eae ea oe 
2,250 

164 
n75 [4255 | 132 

TG 
Fria. 42. Steady uniform flow, sample computation. 

the maximum or critical discharge per foot of width with hydrostatic pressure distribu- 

tion for rectangular channel is 
Ge = 3.1H7 (51) 

Using this equation, the maximum unit discharge is calculated for each section A 

through F. This unit discharge is then multiphed by the width of flow at the section 

to obtain a maximum discharge at that section. Section F is found to govern, as the 

maximum discharge of 2,250 cfs calculated for that section is less than the maximum 

calculated at any other section. Dividing this discharge of 2,250 cfs by the widths of 
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flow at the various sections gives a unit discharge at each section. Then by trial and 

error a combination of velocity head and depth is found for each section which adds to 

the specific energy available at that section and also gives the unit discharge required 

by the principle of conservation of mass. Plots of specific energy, unit discharge, and 

depth may be constructed as illustrated in Fig. 48. 

It is to be noted that only the principles of conservation of energy and matter were 

utilized in the foregoing illustrative computation of steady nonuniform flow. Only 

these two principles were necessary, as the loss in energy was known, being zero in the 

1,000 
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Iria. 43. Specific energy, depth, and unit discharge for hydrostatic pressure distribution. 

example. For any other energy loss which might be assumed, there would likewise 

be a definite solution to the problem using only the principles of conservation of energy 

and mass. One could, on the basis of a first trial, using the assumption of zero energy 

loss, construct the water-surface profile and calculate the velocity along the flow as in 

the preceding example, and then refine the calculation by calculating an energy loss in 

each reach according to the velocity in the reach. 

The method used to calculate the energy loss could be that of a developing bound- 

ary layer. However, if the surfaces are relatively smooth, a useful answer can be 

obtained by assuming the friction loss in a reach to be that of uniform flow in a channel 

of average cross section flowing at the average velocity, in the reach between sections 
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E and F, for example, the average of 13.9 and 19.4, or 15.65 fps. Using an f value of 

0.016 (corresponding to R = 6 ft and k = 0.008) the loss in the reach would be 

0.016 X 194 X 15.652/2g, or 0.025 ft. Losses in other reaches are less, so that the 

overall loss in head would be about 0.08 ft. This is seen to be relatively small com- 

pared with the 17.5 ft of specific head at F’, so that the assumption of zero energy loss 

appears to give reasonably accurate results. 

41. Backwater Curves. The general approach to the solution of the problem of 

backwater curves is presented in Sec. 5 as it pertains to natural channels. The same 

approach is applicable to prismatic open channels. However, certain simplifications 

are possible in prismatic channels which can simplify the calculation of backwater 

curves. The general equation for nonuniform steady flow in open channels is used as 

a beginning: 
oH] aV aV 

i 
52 

es Ox Ss g Ox 
(52) 

in which So = bottom slope 

st = rate of change of depth y with distance x 

S; = friction slope 

a = kinetic-energy factor 

g = acceleration of gravity 

V = average velocity 

ae rate of change of velocity with respect to distance x 

Both S; and V(dV/dx) can be expressed in terms of a constant q and the depth y, 

producing an equation in which only z and y are variables. This permits integration 

of the equation, usually with the aid of some tabulated numerical values of some of the 

more complex functions. Bresse’s backwater functions are among the better known 
of this type of function. 

42. Slug Flow. Slug flow and flow with roll waves occur at very low Reynolds 

numbers on steep slopes. Channel slopes are 2 percent, or steeper, and the Reynolds 

number is, roughly, 400 or less for roll waves and between 1,000 and 4,000 for slug flow. 

Flow at 1 fps at a depth of 14 in. has a Reynolds number on the order of 4,000. Thus 

the greater velocities and depths which occur in most civil engineering structures place 

the flow outside the ranges for slug flow and roll waves. 

Wind-generated waves in a reservoir may pass over a spillway crest and be trans- 

mitted on down the chute. Such waves would ordinarily be rapidly attenuated as the 

average velocity of the flow in the chute would be greater than the wave celerity. 

Such disturbances are not included in the definition of slug flow or roll waves given 
above. 

43. Unsteady Flow. Unsteady, nonuniform flow is a general type of flow com- 

monly analyzed in two-dimensional forms. The fundamental idea is that water- 
surface slope not only offsets friction but also produces acceleration: 

Total slope — friction slope = acceleration slope 

Let terms be defined as shown in Fig. 39. The dimensionless form of the terms is 

oy Total sl = = otal slope = So + ee 

Friction slope = Sy; 

Acceleration slope with distance = —- — 

Acceleration slope with time = ; ov 
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The equation becomes 

oy aVaV , lav 
S = = Me = Se SS Ee 
Pr Ox GO) ohe ca g ot 

Care must be taken with signs. Slopes So and S; are called positive when sloping 

down in the direction of flow as in the usual case. The term dy/dx produces forces in 

this same direction when y is decreasing. Therefore, if a reduction in y is called 

negative, the sign of dy/dx becomes negative and the equation becomes 

oy _ a OW 5 aly 

ine Ox is g Ox Gs at (53) 

Al aC — alee) 

Term D contains the kinetic-energy factor a and also the average velocity V. 

This term is present even in steady nonuniform flow. 

Term F contains the time ¢. It is the only term which accounts for changes with 

time. 

All five terms are dimensionless slopes. It is significant to examine the magnitude 

of each in any real problem to evaluate the relative significance of each. An example 

follows. 

Example: A river in flood is found to have the following characteristics: 

Bottom slope = So = 0.0002 

Usual friction slope at observed discharge = Sy = So 

Velocity V increased from 1.5 to 2.0 fps in period of 1 hr while depth y increases 8 to 10 ft in the 

same period. Since So = Sy, the equation becomes 

Evaluate the time effect as follows: 

lav _1AaV _120-15 = = = 4.3 x 10-8 7 ob g At g 8,600sec oe 

This is seen to be rather small compared with the friction slope and bottom slope, being only 2.15 percent 

as large. As a first trial, neglect it so that 

dy _ aV AV 

which when integrated merely says that the change in depth is equal to a times the change in velocity 

head. Asa refinement the 4.3 X 10~® slope effect can be added by multiplying this slope by the length 

of reach involved. 

44, Wave Profiles and Velocities. Unsteady flow in open channels involves waves 

of onesort oranother. Theshape of these waves is an important factor in the analysis, 

as are wave velocities which are related to wave shape. The first trace of a wave is 

transmitted with a celerity c = »/gy with respect to the moving fluid. Thus the 

absolute propagation velocity is the vector sum of the fluid velocity V and the celerity 

c. As the wave front builds up, it moves at wave velocity V.~ with respect to the 

moving fluid, this V,, being considerably less than the celerity c. 

With reference to Fig. 44 the wave velocity for a constant shape of wave front is 

oh O38 (54) 



2-40 BASIC HYDRAULICS 

The moving waves of Fig. 44 can be transposed with a steady flow situation by 

the device of subtracting V.» from all velocities, causing the wave front to remain 

stationary with respect to the observer. This gives rise to a unit discharge 

q = yi(Vw — Vi) = yx( Vw — Ve) which is useful in comparing wave shapes. Just as 

in steady flow, the shape of the water surface (wave front) depends upon the Froude 

number. The critical depth y. = ~/q?/g is used as a criterion. If the depth y, is 
greater than y, then the water surface is a gentle curve. If ys is less than y, then the 

water surface resembles a hydraulic jump. This then becomes a moving hydraulic 

jump, or hydraulic bore. 

This technique of transposing the moving-wave problem into a steady-flow problem 

is very useful as a first approximation. If the friction slope is parallel to the bottom 

slope, accurate results are obtained. However, the passage of a wave front changes 

the discharge and depth and consequently the friction slope. A more elaborate 

= Vw t Vw=0 

Moving Stationary 

POSITIVE WAVE 

VytVw  VotVw 
—- —>> 

Stationary 

NEGATIVE WAVE 

Fic. 44. Positive and negative waves. 

analysis can be used if more precision is required, as it would be in relatively long 
channels. 

45. Rating-curve Adjustments. One useful result of wave analyses assuming a 

constant shape of wave front is an equation for calculating the normal discharge Q, at 

a particular river stage when a discharge measurement Q and time rate of change of 

stage j are known. Using V~ as the wave velocity and S» as the bottom slope, 

Q=0 V1 + 72g (55) 
For example, assume Q is measured by current meter during a rising flood stage, 

the rate of stage rise being 1 ft/hr. Assume the slope Sp is 0.0002 and the wave 

velocity V, is 3 fps. Then the quantity under the radical sign becomes 

1 +1 + (3,600)(3)(0.0002) or 1 + 0.465. The ratio Q/Q, = 1.21. Therefore, the 

normal discharge would be 82.5 percent as large as the measured discharge under 

these conditions. 
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46. Typical Wave Velocities. Based on the assumption of a constant shape of 

wave front, wave velocities V, in typical channel cross sections have been computed 

as follows: 

By Manning| By Chezy 

Wide rectangular channel........ 167) Vi 1.50 J 

Wide parabolic channel.......... 1.44 V ieee. y 

Triangularichannellss.02....0.-- ESE 1.25 4 

The average channel velocity is symbolized by V. 

The actual channel shape is seen to have a significant effect, so that the calculation 

of a V,~ in real channel can be approximate at best. Large-scale model studies and 

detailed observations along a particular reach of real channel are required to set up 

working procedures which involve accurate values of V,. In the absence of such 

information, the usual practice is to exercise judgment in the selection of V, with the 

aid of the typical factors given above. 

47. Solitary Waves. Solitary waves of small height in rectangular channels have 

celerities approximated by 

c= Vay +h) (56) 

where c = celerity, fps, with respect to the fluid beneath the wave 

y = depth 

h = wave height above the average depth 

48. Bores. The hydraulic bore is analyzed by the technique of Fig. 44, which 

transforms it into an ordinary hydraulic jump. 

49. Surges in Power Canals. A long power canal flowing at maximum discharge 

will produce a positive surge when a sudden interrupting of the electrical! load occurs. 

The governors automatically shut down the turbines, the flow through the plant 

suddenly stops, and a positive surge develops which travels upstream. Figure 45 

illustrates this condition. The principle of conservation of momentum leads to the 

following: 

ONE oe OR IE se Ie 
g 2 yiye (57) 

This equation can be solved by trial and error. In the case in which V2 = 0, the 

equation may be greatly simplified by the following approximation: 

i ] the average depth 

yiy2 = ¥? 

Making these substitutions and letting V2 = 0 and F, = Vi/V on 

Yi — Yo = YF (58) 

The initial surge height is then approximately equal to the product of the average 

depth and the initial Froude number. If the average initial depth is assumed equal to 

y: for a first trial, successive trials made rapidly on a slide rule will give a reasonably 

accurate answer for the initial surge height. 
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Example: Vi = 6.8 fps, y1 = 43 ft, V2 = 0. Find the initial surge height. 

Vi 6.8 

Vou V732.2 X 43 
Py = 0.183 

Assume y = yi = 48 ft. 

y2 — yi = 0.183 X 43 = 7.88 ft 

Reuse y = 43 + 7.88/2 = 47 approximately. 

y2 — yi = 0.183 X 47 = 8.6 ft 

Reuse y = 43 + 8.6/2 = 47.3. 

ye — yr = 0.183 XK 47.3 = 8.6 ft O.K. 

Storage zone 
V Locus of 

< top of surge 

OSes 4 
Reservoir Original 

aoe | steady flow 

}x- Power 
Station intake 

Surge profile when wavefront 

reaches ae —— 

ee besa 
| Maximum 

stage of 
| rejection 
| surge 

(c) 

Fic. 45. Rejection surge in power canal. (Ven Te Chow, ‘‘Open-channel Hydraulics,’’ 
p. 569.) 

An important effect of the sloping channel must be taken into account for a more 

accurate prediction of surge height. The shaded zone labeled “‘storage zone” in Fig. 45 

must be filled with water as the wave progresses upstream. Although this area is small 

when the surge begins, and V» is essentially zero, it becomes increasingly significant as 

the wave moves farther upstream, giving rise to an appreciable Vy. The trial-and- 

error stepwise solution of the more exact equation for surge height gives smaller and 

smaller surge heights as the surge approaches the reservoir. However, at the instant 

the surge reaches the reservoir, there is now an appreciable V2 which produces a 

secondary surge over the level surface calculated on the basis of the initial shutdown. 
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The height of this secondary surge is less than V»?/g, which may be sufficiently precise 

for most design purposes. The velocity V» is calculated on the basis of the time rate of 

filling of the “storage zone,” which in turn depends upon wave velocity, which comes 

from a step-by-step solution of the more exact equation for surge height. 

50. Negative Surges. Small negative surges in power canals (or in tail tunnels of 

underground hydroelectric plants) are treated in much the same manner as are positive 

surges. Again the principle of conservation of momentum is used to write the equation 

relating surge height, depths, and velocities. Again, a trial-and-error solution is 

necessary, and again one must take into account the effects of slope and the require- 

ments of continuity. 

If the surge height is large, however, the fact that the top of the negative surge 

moves more rapidly than the bottom causes a significant change in wave-front shape. 

- Vw2 

Vv Vwi 
a (ena V, 

—_—> Y, 

Vw2 = /S9Y¥2-V2 

Vws = / 0% -Vy= 3VG¥, -2/G¥2 -Ve 

VwetVws 
qy oo (yo-y4) + Vaya 

Vy=a4>¥1 

Example: Mb =10, Y= 5, V2 = O are given. 

Then Vwe =18-O0=18 

Vw4 = 3v 161 -2V 322 -O=2.2 

ay = (“S42 ) (10-5) +0=50.5 
V,= 50.5 +5 = 10.1 fps 

Fic. 46. Negative surge. (Ven Te Chow, “‘Open-channel Hydraulics,” p. 567.) 

More elaborate analyses are required to evaluate this effect. An approximate solution 

which is usually adequate for design purposes is shown in Fig. 46. 

61. Long Tail Tunnels. A sudden load rejection produces, in a long tail tunnel, a 

negative surge which travels in the direction of flow, then returns as a positive surge. 

If the tunnel is not flowing full the problem is that of surges in an open channel. If the 

tunnel is flowing full, it becomes a surge-chamber problem, the reflected positive surge 

being the one which requires the surge chamber. 

The air flow to and from the surge chamber tends to maintain the pressure at the 

top of the wave at atmospheric levels. The wave fronts then move as in ordinary open 

channels, the negative one moving at VJ gy with respect to the main body of the flow. 

Again the top of the negative surge moves more rapidly than the bottom, so that the 

surge face flattens. The deceleration gradient causes the velocity Vy to change con- 

tinuously so that a step-by-step solution to the problem is required, the height of the 

wave becoming increasingly smaller. The movement of the negative surge is signifi- 
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cant to the solution of the problem, as the magnitude of the deceleration gradient is 

dependent upon the wave position, as is the amount of the water to be decelerated. 

52. Hydraulic Jump on Horizontal Floor. The hydraulic jump on a horizontal 

floor may be analyzed on the basis of the conservation of momentum. Themomentum 

of the flow entering the jump, plus the hydraulic force of this flow, must equal the sum 

of the momentum of the flow leaving the jump, plus the hydrostatic force of that flow. 

Such an analysis ignores the friction forces on boundaries of the flow and additional 

forces introduced by piers, baffles, sills, and other energy-dissipating structures 

in the channel. 

The depth and energy relationships of a jump on an unobstructed horizontal floor 

are shown by Fig. 47. Equating momentum and hydrostatic relationships for points 

Symbols:Q = total discharge, cfs 

g = acceleration of gravity, feet per sec./sec. 

q = discharge per ft width,cfs 

We width of channel Eqe Eo= Energy lost in jump 

E,= energy entering jump 

Eo= energy leaving ee ve 
K Egdatz2 a? 

F,= Froude rumber 7 ; | 
dy Vy | We, , Z 

dj=do—dy,height of jump ecu her ie 
| 
| 

oy 

Ml 

Fig. 47. Hydraulic jump on horizontal floor. 

1 and 2 in Fig. 47 gives 

V2 d> #2 = Eon omega 2Vi rd (59) 

in which d; = depth of channel at point 1 

dz, = depth of channel at point 2 

V, = average velocity at point 1 

V2 = average velocity at point 2 

g = acceleration due to gravity 

The depths d,; and d, may also be expressed in terms of the Froude number at 

point 1, designated as Fy, as follows: 

a = 3 (VIF SFE — 1) (60) 
1 

This relationship is shown graphically by Fig. 48. The lengths of the jump L, 

expressed in terms of d, d2, and F; are shown by Fig. 49 and the loss of energy in length 

L by Fig. 50. The relationships shown by Figs. 49 and 50 have been confirmed 

experimentally. 

53. Hydraulic Jump on Sloping Apron. Several expressions have been developed 

for the hydraulic jump on a sloping apron as typified by Fig. 51. The following 



PART II. OPEN CHANNELS 2-45 

expression presented by Kindsvater has had wide acceptance: 

ds 1 J 8F 2 cos® Pp rs 

dy = 55 ( ean crn ae. 1) Ce 

All symbols have been referred to previously except A, a dimensionless parameter 

called the shape factor, which varies with Ff; and the slope of the apron. Figure 52 

shows values of K which were determined experimentally. 

It was found that the Froude number F; affected A only slightly; therefore, K 

may be related directly to tan ¢ in making preliminary determinations. Figures 53, 

OF 2 546 aS OMe 4S 18520 

SOV ERT 

Fic. 48. Ratio of tail water depth to du. 

Fra. 49. Length of hydraulic jump in terms of d; and d». 
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54, and 55 were plotted from the results of the Bradley and Peterka experiments. 

Figure 53 shows the relationships between d; and ds, tail-water depths, apron slopes, 

and F;. Figure 54 shows the relationships between length of jump L, Fi, and apron 

slopes. Figure 55 shows the relationships between length of jump, tail-water depth, 

apron slope, and F). 
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Fic. 50. Loss of energy in jump on horizontal floor. 

Fie 

These charts should be used as aids in the preparation of preliminary designs only. 

Final designs for important hydraulic structures should be verified by model tests. 

Further reference to application of the sloping-apron principle will be found in See. 20. 

A small triangular sill is usually placed near the end of the apron. ‘This serves to 

lift the flow as it leaves the apron and thus acts to control scour. 

4 

&) 

Kore 

“| 

O 
0 004 O12 020 028 

tan $ 

Fre. 51. Hydraulic jump on sloping apron. Fic. 52. K as function of tan ¢. 

54. Sharp-crested Weirs. Figure 56 shows a typical sharp-crested weir with two- 

dimensional flow. If the underside of the nappe is well-ventilated, the flow over such 

a weir without end contractions may be analyzed by 

Q = KLh*% (62) 

in which Q is the discharge, cfs, L is the length of the weir crest, and h is the difference 

between the elevation of the water surface upstream from the weir and the elevation 
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Fic. 53. Tail water depth for jump on sloping apron. 
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Fic. 54. Length of jump on sloping apron. 

flow at the section where the elevation of the water surface is taken. 

The coefficient K has been evaluated as follows by the experiments indicated: 

Francis 

Bazin 

Rehbock 

\| € 2 99 f ie % hy 34 

K 3.33 | (1 +) - (3) 

ae 
: 

K = (3.248 $5) (1 +055"
) 

h 
yi 

K = 3.228 + 0.435 | 

2-47 

Note that h does not include the velocity head of the approach 

(63) 

(64) 

(65) 
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The submerging of a sharp-crested weir, illustrated in Fig. 57, has the effect of 

reducing the flow over the weir to Qi as compared with the free flow Q determined 

from Eq. (62). Villemonte has found the following equation will evaluate this effect 

Horizontal apron Water suface 

6 Overfalling nappe 

5 
tL 
Ve & 

3 F low 

2 a 

@) Dow Gy Ae) 42 4K) 4 4k) ZO) 

Vy 
Fe = Air vent to underside 

g d, of nappe 

Fia. 55. Length of jump on sloping apron. Fic. 56. Sharp-crested weir with venti- 
lated two-dimensional overflow. 

Fia. 57. Sharp-crested weir with submerged two-dimensional overflow. 

with useful accuracy, the maximum deviation probably being 5 percent: 

¢-[-@)" “ 
The terms d and h are defined in Fig. 57. The exponent v is 1.5 for sharp-crested 

horizontal weirs without end contractions, and 2.5 for 90 deg triangular vee-notch 

weirs in which flow may be calculated by means of 

Q = 2.5h25 (67) 



SECTION 3 

PROTOTYPE PERFORMANCE AND 

MODEL-PROTOTYPE RELATIONSHIP 

By Frank B. CAMPBELL AND Exuis B. Pickntrr 

GENERAL 

1. Model-Prototype Relationships. The word “prototype”’ has a special meaning 

in experimental hydraulics which does not follow the classical connotation of an 

original type of a class of things. The expression is used by hydraulic engineers to 

designate a full-scale structure or watercourse as contrasted with a reduced-scale 

model as used in a laboratory. 

The concept of model-prototype relationship belongs to the recent era of hydraulic- 

model testing which is generally considered to have originated with Hubert Engles’ 

work on river models in Dresden at the beginning of this century. Soon thereafter, 

Theodor Rehbock started his investigations of small-scale models of hydraulic struc- 

tures at Karlsruhe.'* In America, the Alden Hydraulic Laboratory at Worcester, 

Mass., and the Alabama Power Company Laboratory at Mitchell Dam began testing 

models of hydraulic structures in the early 1920s.2. Some 10 years later, the U.S. 

Corps of Engineers initiated their river-model testing at Vicksburg, Miss., and the 

U.S. Bureau of Reclamation started testing models of hydraulic structures at Ft. 

Collins, Colo. Each has developed into a valuable activity for their respective 

organizations. 

The first model-prototype comparisons in the United States were the tests on 

discharge over the Keokuk Dam spillway by the State University of Iowa.* Much of 

the prototype testing effort in the fourth and fifth decades of this century was directed 

toward demonstrating that hydraulic models can predict the flow characteristics of 

the prototype.4*6 After World War II, prototype testing began to evolve from a 

phase of proof of similarity between model and prototype behavior to a search for 

information on certain flow phenomena which cannot be obtained in the laboratory. 

In the meantime, the hydraulic model became recognized as a valuable design tool in 

many types of problems. The U.S. Army Engineers began installing prototype 

testing facilities in hydraulic structures and the U.S. Bureau of Reclamation made 

extensive collections of prototype test results.75 

Froude Number—Gravity. The most basic of the model-prototype relationships 

are those in which the gravity forces are dominant in the model. The dimensionless 

ratio of inertial to gravity forces is called the Froude number in honor of William 

Froude.! This ratio is expressed as 

V 
12 == 1 CDE _ 

where V is the velocity, g is the acceleration of gravity, and L is a significant length. 

* Superior numbers refer to items in the Bibliography at the end of this section, 

3-1 
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The model is geometrically similar to the prototype when the length ratio is 

1G 

L, = i (2) 

where length in the model is Zm and length in the prototype is Ly. For example, 

when the length ratio is 1/25, the linear scale ratio of the model is usually expressed 

as 1:25. 

The Froude number in the model must be equal to that of the prototype if dynamic 

similarity is to be achieved in this type of model: 

Wes Ve 
= o GmLm)®  GpLy)¥ (3) 

where V is the velocity and g is the acceleration of gravity with the proper subscripts. 

As the acceleration of gravity is essentially the same in model and prototype, the 

velocity ratio is 

Vn _ (Lm)? 
Veet (TNT 

Sb ae (4) 

From Eqs. (2) and (4), it can be shown that the time scale ratio is 

T, = L,% (5) 

Recognizing that the volume ratio is the cube of the linear ratio, the discharge ratio is 

Q, = L,°% (6) 

Therefore, when the linear scale ratio is established, the velocity and discharge scale 

ratios can be determined from Eqs. (4) and (6), insofar as the Froude law for dynamic 

similarity is applicable. 

Reynolds Number—Viscosity. The effect of viscosity is important in establishing 

the physical limitations of model studies and in interpreting the results of certain types 

of prototype studies. Reynolds number is dimensionless and expresses the ratio of 

inertial to viscous forces as follows: 

R = — (7) 

where vy, the kinematic viscosity, is the ratio of dynamic viscosity y to density p of the 

fluid. The value of » for water at 60 F is 1.21 X 1075 sq ft/sec.® 

The Reynolds number is of interest where surface resistance and form resistance 

are of an appreciable magnitude. The relationship of pressure-conduit resistance to 

Reynolds number is discussed in Art. 4. The drag coefficient of a cylinder, for 

example, is also a function of Reynolds number.® 

Weber’s Number—Surface Tension. The surface tension of water is not sig- 

nificant in as many problems as are gravity and viscosity. Nevertheless, in certain 

problems of similitude, it can become very important. Because of the relatively 

greater occurrence of the significances of other forces, surface tension may often be 

ignored in the interpretation of laboratory studies. Weber’s number can be expressed 

as 

Vo/pL 

where o is the surface tension of the liquid. As the Weber number decreases, the 

effect of surface tension increases. The surface tension for water at 60 F is 0.00503 

lb /ft.9 
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It has long been recognized that the spray from high-velocity jets as generated by 

flip buckets or Howell-Bunger valves cannot be simulated in the laboratory with 

water. Spray can cause icing on nearby highways and troubles in power-plant 

switch yards unless proper provisions are made. Air entrainment in steep chutes 

cannot ordinarily be predicted from a small-scale model. 

The increase of the coefficient of discharge over thin-plate laboratory weirs! and 

spillway models, at very low heads, has often been observed. Although the cause of 

this phenomenon has not been fully explored, surface tension may be involved. In 

any case, spillway-model discharge coefficients with heads less than about 0.15 ft 

should not be interpreted as applicable to the prototype based on the Froude law 

alone. 

2. Usefulness of Models. Hydraulic models may be classified roughly into struc- 

tures and natural watercourses. Models of hydraulic structures have been employed 

extensively for specific projects and have been the subject of considerable basic 

research and generalization. However, many problems remain to be investigated. 

Models of natural watercourses have been studied for the effects of proposed artificial 

modification. Since a natural watercourse involves individual characteristics for 

each project, basic research and generalization have been scanty. Hydraulic machin- 

ery models are beyond the scope of this treatment. Hydraulic models have been 

found useful in the types of problems discussed briefly in the following paragraphs. 

This treatment is not intended to cover all such problems but rather to indicate the 

general types of problems where hydraulic-model testing has been found useful in 

design. The saving in construction costs alone is normally many times the cost of 

the model study. 

Hydraulic Structures. Uydraulic-model studies of spillways and outlet works 

have constituted a fruitful field of endeavor, resulting in large savings in the cost of 

construction and improvement in operation. 

Spillway Models. The hydraulic design of overflow spillways in connection with 

large concrete dams involves a number of problems where adequate criteria are lacking. 

The approach channel may be curved in plan, and three-dimensional flow nearly 

always develops in approaching the drop through critical depth at the overflow spill- 

way. The effect of the abutment on the head-discharge relationship depends upon 

the approach conditions as well as upon the geometric and hydraulic variables. The 

contraction coefficient for crest piers of various cross sections and locations can be 

studied in the laboratory. A section model of larger scale ratio in a flume is of value 

in the study of the head-discharge relationship for various types of crest gates and 

degrees of submergence. 

Chute spillways with low control crests of different cross sections have been studied 

in the laboratory. The wave patterns caused by disturbances at the trailing ends of 

crest piers can be reproduced qualitatively in the model. Chute spillways with con- 

verging and diverging side walls, in plan, involve three-dimensional flow which usually 

requires a model for solution. Important details of numerous other flow problems 

xan be investigated with a hydraulic model. The free-surface vortex is a difficult 

problem in which the laws of similitude are not well known. 

Outlet-works Models. Relatively short sluices through a concrete dam cannot be 

expected to have as large an effect of surface resistance as do longer conduits and 

tunnels. In general, the hydraulic model is of value in studying local pressures at 

boundary changes. Although the cavitation index cannot be transferred directly to 

the prototype, the tendency for low pressures to form at certain boundary locations 

is an indication that curvature away from the direction of flow is too severe. 

The relative efficiency of different entrance shapes and gate chamber transitions 

can be evaluated in the laboratory. The effectiveness of and local pressures on tetra- 
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hedral deflectors designed to spread the jet at the exit portal can be studied in models. 

Reliable discharge coefficients of partly opened gates can be readily determined in 

the model. 

Energy-dissipator Models. Hydraulic models are especially valuable in designing 

effective and economical energy dissipators. Gravity forces can be expected to be 

dominant. The behavior of the roller bucket has been studied in the laboratory! 

and in numerous models.!2. This type of problem can be investigated with a section 

model in a flume. The trajectory of a flip bucket can be studied in a model but 

prototype losses on the overflow section or in the tunnel should be estimated from 

prototype test results. The disintegration or fraying of the prototype jet with the 

attendant spray and mist cannot be simulated in the model because of the Weber- 

number effect. A qualitative study of scour tendencies of the plunging jet for various 

tail-water depths can be made with a movable-bed model. 

Stilling-basin models are normally a profitable investment in hydraulic design for 

major projects. As the hydraulic jump is involved, the Froude law is applicable. 

Models have been used to advantage in the design of stilling basins as energy dis- 

sipators for both spillways and outlet works. The formation of the hydraulic jump 

requires that the pressure plus momentum upstream and downstream from the jump 

be equal. In a rectangular channel, this can be expressed as 

1 Se 

* as (CVA ay) (9) 

where d,; and d, are the upstream and downstream depth, respectively, and F, is 

the entering Froude number. It is common practice to use baffle blocks and end sills 

to permit a higher floor elevation of the basin or to reduce its length. As little is 

known of the entering distribution of velocity and the drag coefficients of baffle piers of 

various shape, size, and spacing, the hydraulic model becomes a valuable design tool. 

The bottom velocity at the termination of the structure 1s an important criterion of 

safe operation for the particular resistance to erosion of the unprotected channel 

bottom. These bottom velocities can be measured in the hydraulic model. 

Natural Waterways. The design problems of concern with engineering works in 

natural waterways generally involve artificial modification of the natural condition. 

As each problem has its specific, commonly irregular boundaries, the hydraulic model 

study is very valuable. The types of such model studies can be loosely classified into 

rivers, estuaries, and harbors. However, a single model may be used at times for 

more than one purpose. 

A river model may have flood problems as its principal objective where it is used 

to study levee and flood wall heights. The effect of a cutoff across the neck of a 

meander loop on the lowering of flood stages can be studied successfully in a model. 

The result of a navigation lock and dam or other constriction upon the increase of 

flood stages has been investigated in models. Problems of inland navigation in 

connection with locks and dams include lock-approach currents and shoaling in the 

navigation channel. 

Models of estuaries are used to study the movement of the salt-water wedge with 

the ebb and flow of the tides for various fresh-water inflows. The deposition of 

sediment in estuaries may result in costly dredging to maintain navigation channels. 

The pollution of water supply by the salt-water wedge or by raw sewage can be studied 

in an estuary model. The effect of and protection against hurricane-generated tidal 

waves in an estuary have been successfully studied in hydraulic models. 

Models of harbors are normally used to investigate wave-action problems. The 

optimum location of breakwaters to protect against heavy wave action within the 

harbor is a common objective of harbor models. The stability of the breakwater 
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itself has been studied extensively in the laboratory. The effect of tsunamis or waves 

generated by seismic action can be studied in harbor models. With the rapid increase 

in pleasure craft, more emphasis is being placed on model studies of small-craft 

harbors. 

Model Adjustments. Although gravity forces are expected to be dominant in 

hydraulic models, it has been found necessary and practical to make adjustments in 

some types of models to account for the effects of viscosity. Such adjustments are 

occasionally made in models of hydraulic structures and more often in models of 

natural waterways. 

In the case of a chute spillway with a stilling basin, the model should be operated 

so that the sum of the pressure and momentum per foot of width entering the model 

basin simulates that of the prototype. As the loss in the model chute is normally 

higher than that for the corresponding flow in the prototype, a greater discharge in 

the model can be selected which simulates the pressure plus momentum entering the 

basin. A similar problem is encountered in the study of local pressures in a gated 

intake or central control shaft for a conduit or tunnel. [ven a hydraulically smooth 

tunnel model will have a higher resistance coeflicient than that of the prototype 

because of viscous effects. However, the pressure at the downstream end of a gate 

chamber or transition can be simulated by shortening the tunnel to a length based on 

resistance coeflicients previously measured in model and prototype tunnels. 

Whereas hydraulic models of structures with the Froude law applicable are nor- 

mally undistorted; the natural waterway model where Reynolds law becomes impor- 

tant often involves linear distortion. The vertical scale is made large compared with 

the horizontal scale. Thus, there is a greater bottom slope and a greater flow depth 

in the model than would exist in an undistorted model. Both distortions tend to 

offset the effect of viscous forces inherent in a model of this type. 

The pioneering work of Osborne Reynolds was conducted with distortions of 

horizontal to vertical scales of 1:33 and 1:27.78 Such large distortions probably 

affected hydraulic laboratory practice for the next half century. Modern practice 

has tended toward a larger horizontal scale with less distortion, progressing from a 

distortion of 1:10 to 1:4 or even to undistorted models, where the potential con- 

struction and operations savings justify the cost of the larger-size model. 

There are two general types of natural waterways models: the fixed-bed and the 

movable-bed. The first is used when bottom scour is not germane to the problem 

and the second when scour is important. For example, if the model is a fixed-bed 

type, an undistorted model may be justified; whereas in the case of the movable-bed 

model a 1:114 or 1:2 distortion ratio has been successfully used. The larger vertical 

distortion produces a greater boundary shear on the bed of the model in order to 

simulate the natural bed-load movement with the attendant scour and deposition 

involved. Further, the engineer designing the model has recourse to two independent 

variables in selecting the model bed material. The grain size and the density of the 

bed material can be selected to give the desired results. Crushed bituminous coal 

with a specific gravity of approximately 1.3 is an economical bed-load material. Bed 

material made of plastic has been used but, in general, such manufactured particles 

are much more expensive. 
Prototype verification is a necessary procedure in the model technique of natural 

watercourses. For example, in a fixed-bed flood-control model, certain adjustments 

are made in the model so that a prototype stage hydrograph can be simulated in the 

model. After the adjustments are made, the proposed artificial modifications are 

built in the model to determine their effect upon the hydrograph. In the prototype- 

verification process, the engineer may choose to adjust the boundary roughness, the 

water-surface slope, and perhaps the discharge itself. Experience and skill play a 
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large part in the judgment required for an expeditious prototype-verification process. 

Model adjustments for forces other than viscosity have not been well explored, 

although it appears possible to adjust surface tension in the model. As previously 
mentioned there may be a surface-tension effect for very low heads over weirs and 

overflow crests. The possible surface-tension effect upon the incipiency of a core of 

air being drawn into a free-surface vortex needs to be investigated. Modern wetting 

agents such as Aerosol and Santomerse are powerful surface-tension depressants. 

Certain precautions must be taken as the surface tension varies not only with con- 

centration of the wetting agent but also with temperature and time after mixing. 

The experimenter must therefore be equipped to measure surface tension and adjust 

the concentration of the aqueous mixture. Exploratory tests with Aerosol have shown 

that excessive foaming may be a nuisance. However, with care, the Weber number 

may be adjusted in the laboratory. 

A model to adjust the speed of travel of a water-hammer wave involves the Mach 

number. The speed of a pressure wave is dependent upon the moduli of elasticity 

of both the fluid and the pipe material, as well as the pipe diameter and thickness. 

Such model adjustments have been successfully made! by using plastic pipe of known 

elasticity. However, most clear plastics change their modulus of elasticity with time. 

Provision should therefore be made to conduct stress-strain tests on samples of the 

plastics used. 

3. Necessity for Prototype Data. As mentioned in Art. 2, the prediction of 

prototype behavior from laboratory studies depends principally upon the Froude 

law. In cases where viscosity effects become substantial, the geometry or other 

independent variables must be distorted to simulate the prototype, as discussed above 

under Model Adjustments. 

Viscosity. In the case of models representing natural watercourses, prototype 

observations of stage-discharge relationships are needed in order to conduct the 

prototype-verification tests of the model. If length adjustments are made in an 

outlet works model, prototype tests on conduit resistance are necessary to estimate 

the amount of length adjustment. It is therefore important to obtain prototype-test 

results for models where similitude is affected by viscosity. The same is generally 

true of open-channel flow, although precise field measurements in this category are 

difficult. 

Of more direct concern to the designer are coefficients involved with surface 

resistance and form resistance. Economic studies of power penstocks and pressure 

conduits, in general, require reliable prototype information on the resistance coefficient 

to be expected. Prototype-test results are therefore necessary for direct use by the 

designer. There are thus two general objectives requiring prototype tests. When 

the flow phenomena are substantially affected by viscosity, prototype data are needed 

for both the laboratory and the design office. 

Surface Tension. Surface-tension effects enter into a few special problems of 

model-prototype similitude. It has long been recognized that small-scale models 

cannot be used to determine the amount of air entrainment to be expected in a chute 

spillway. In such a case, both the development of the turbulent boundary layer, 

involving viscosity, and the entrainment of air from the surface, involving surface 

tension, may be expected to affect the quantity of air entrained and the bulking of 

the flow. In the problem of spray generated by jets from flip buckets or high-head 

valves surface tension suppresses the spray in the small-scale model. Prototype 

observations are needed in these cases and quantitative field tests are difficult. The 

effects of surface tension on the incipiency of a free-surface vortex with an air core in 

an intake model need further study in the field and laboratory. 

Cavitation. ‘The transfer of laboratory tests of the cavitation phenomena to the 
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prediction of occurrence in the prototype is an unsolved problem. Until further 

progress is made, the designer of high-head projects should familiarize himself with 

the boundary conditions where cavitation has occurred in the prototype. 

Vibration. Much theoretical and experimental work has been done on the vibra- 

tion of elastic bodies. However, little is known of the disturbing frequency and force 

amplitude of various phenomena of flowing water. Again, as in the case of cavitation, 

the designer should familiarize himself with prototype observations of the vibration 

of gates and structural elements in contact with the flow. 

CLOSED CONDUITS 

4. Resistance Coefficients. General Equations. The total energy head Hy, in 

a conduit may be expressed by the equation 

Wie 

2g 
Hin = (Be P RK, £10) (10) 

in which the coefficient AK, is for entrance losses; Ay is for surface resistance (friction); 

K, is for transitions and other losses; 1.0 is for loss of the velocity head at the exit 

portal; and V, is the mean velocity of the conduit flow. Prototype data have 

been obtained in varying amounts at different projects for surface resistance and 

entrance losses, but very little prototype information is available for losses from 

other elements of the conduit system. 

The conduit-resistance loss coefficient Ay can be expressed in terms of the Darcy!®- 

Weisbach!® resistance coefficient f by the relation 

oll, 
Ky; Sali (11) 

where L is the length of the reach and D is the conduit diameter. The variation of f 

with Reynolds number is given on the Moody" diagram shown in Fig. 1, which is 

extrapolated from the small pipe tests and analyses of Nikuradse,'® Von Karman and 

Prandtl, !%.20.2! and Colebrook.”? 

The Manning formula has been used extensively in the computation of surface- 

resistance losses in both open and closed conduits. Empirical formulas developed 

by Scobey, Hazen-Williams, and others also have proved applicable to the deter- 

mination of pipe-surface resistance in limited ranges of Reynolds numbers. The 

principal objections to these formulas are the dimensional character of the coefficients 

involved and the limited extent to which the coeflicients may be extrapolated. The 

Darcy-Weisbach resistance coeflicient, however, is dimensionless and is favored for 

use with the modern concepts of conduit resistance. Manning’s n and the Darcy- 

Weisbach f for circular conduits can be related by the equation 

in English units (12) 

Conduit pressure gradients determined from these equations are for fully developed 

turbulent flow in the conduits. In the upstream part of the conduit (the first 50 to 

100 diameters) the effects of the conduit entrance and the development of the tur- 

bulence will result in a steeper gradient and give the appearance of a higher resistance 

coefficient. 
Lined Tunnels and Conduits. Available prototype-test data for the large, lined 

tunnels and conduits listed in Table 1 are shown in Fig. 1. The concentration of the 

data from each test about its mean line is indicated by the standard-deviation values 

given in the tabulation. The prototype resistance-coefficient data include both 

smooth and rough concrete surfaces and steel surfaces with both smooth and rough 
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finishes. The Pine Flat data are for a rectangular conduit and are plotted for a 

diameter based on equivalent hydraulic radius. The Louisville sewer data are from a 

smooth-plastic-model test. The smooth-pipe curve usually can be used in the design 

of smooth plastic models with appropriate adjustments for the anticipated prototype 

resistance coefficient. 

The U.S. Army Engineers have obtained plaster replicas of conduit surfaces in a 

number of prototype tests in an attempt to correlate the physical roughness of the 

surface with the hydraulic roughness. A value of 2 times the standard deviation of 

the surface-profile fluctuations from the mean was assumed equivalent to a uniform 

sand grain diameter k. The results of these studies are given in Fig. 2 (after Rouse?’), 

Ay PU. i: 
COLEBROOK: iF 2 LOG F =/174-2 LOG (‘+107 by ) 

zx ‘56 

°© 8 PINE FLAT 

iY 
ts 

SMOOTH: 

Rolf @ FORT RANDALL lees e jf -2106 F = 2106 TF - 08 wo SON | @ TUNNEL 10 

= i] 10 100 1000 10,000 

Re vf 

£ 
k 

N NIKURADSE: UNIFORM SAND M C&W: UNIFORM FINE SAND + 5% COARSE 

I COLEBROOK & WHITE: UNIFORM SAND IW C&W: 48% SMOOTH, 47% FINE SAND, 5% COARSE 

I C&W: UNIFORM FINE SAND + 2.5% COARSE WZ C&W: 95% SMOOTH, 5% COARSE SANO 

Fic. 2. Conduit-resistance transition functions for different types of surface roughness a. 

(after Rouse2’). (f = resistance coefficient; r = conduit radius, ft; k = sand grain diame- 
ter, ft; and R, = Reynolds number = VD/y, where V = velocity, fps; D = conduit 

diameter, ft; and y = kinematic viscosity, sq ft/sec.) 

which shows a comparison of transition functions between smooth- and rough-pipe 

conditions for several kinds of surface roughness. There is fairly good agreement for 

the rough-pipe flow, but more tests are needed to confirm or develop the transition 

between smooth and rough for prototype structures. The transition function in 

Fig. 1 was developed by Colebrook and White from data on commercial steel pipe. 

However, a different transition may be more representative of flow conditions in 

large prototype conduits and tunnels. 

Transition curves for several geometric patterns of roughness were developed by 
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Miller,?24 and all lie below the rough-pipe flow curve shown in Fig. 2. It appears 

that the shape of the transition depends upon the size, relative roughness, and relative 

spacing of the elements as well as upon the Reynolds number. 

The data from the Army Engineers tests have been analyzed?* in an attempt to 

correlate construction practices in forming concrete conduits and treating the interior 

surfaces. Table 2 is a summary of the results. The values of n were determined 

from the values of f by means of Eq. (12) and therefore would not be applicable to a 

conduit with a different diameter at the same Reynolds number. 

TABLE 2. OBSERVED RESISTANCE COEFFICIENTS 

Coefficient 

Surface character 

Ra n 

Near Re = 108: 

Concrete, wood forms, joints ground (Oahe)................ 0.0068 0.0098 

Goneretesstecliionms (Denison) eine ater era aston ina 0.0072 0.0103 

Steel ecoall tars (ktealvanG ali) menmers yet ucner reste astyeren ier sve eeae 0.0085 0.0114 

Near Re = 107: 

Steel; vanyls@Bts Randall) ecco eects aiineira eine Leanna 0.0075 0.0107 

Concrete wood forms ((Mnid)) ee eae elastase eae) tree 0.0130 0.0125 

Goncrete;swood formsx(Pine wat) sri cee etn eee neces 0.0132 0.0115 

Concrete, wood forms, roughened with use (Pine Flat)....... 0.0181 0.0135 

Unlined Tunnels. The design decision as to whether to line a water-carrying 

tunnel or to leave it unlined involves a number of factors which affect the economic 

aspects of a project. The matter of structural stability of an unlined tunnel in rock 

depends on the findings of subsurface exploration, a study of the rock mechanics, and 

is beyond the scope of this section. The prospect of loss of flow through faults or 

fissures can be forecast only by thorough subsurface information, geological studies, 

and a knowledge of the groundwater features. In an opposite sense, the possibility 

of heavy flows into the tunnel during construction can be forecast only by studies 

similar to those Just mentioned. 

This treatment is concerned only with the probable loss of hydraulic head in a 

tunnel for a given discharge. Experience indicates that there is a wide variation in 

the resistance coefficient f depending upon the nature of the rock through which the 

tunnel is driven and the techniques of blasting used during construction. The 

literature reveals very little information on either aspect for those tunnels where 

discharge and head-loss measurements are available. 

It can be expected that the friction factor in an unlined tunnel would be inde- 

pendent of the Reynolds number but would depend upon a ratio of an effective 

diameter to an average roughness size of the wall. The Von Karman—Prandtl type 

of equation can be expressed as 

1 D 
— = 2log— + 1.14 vis ae : 

where f; is a theoretical resistance coefficient, D, an effective diameter, and K, an 

effective roughness size. 

Information on field measurements of the tunnel boundaries and head loss was 

not generally available until the publication of Rahm’s?® study. Colebrook?’ pre- 

sented a study of Rahm’s observations along with other information on lined tunnels. 
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Colebrook recommended a mean roughness size of 6 in. to be used with the theoretical 

or specified diameter for smooth limits. 

A restudy has been made of Rahm’s observations along with data on American 

tunnels collected by Schumann.2 This treatment is based on an average diameter and 

an average roughness size determined from the percent of cross-sectional overbreak 

area measured in the field. In most construction, it is required that blasting be 

performed so that no rock or only a very small percentage of the rock may protrude 

inside the theoretical or specified cross-sectional line. 

Reference is made to the definition sketch in Fig. 3. The field measurements 

from tunnels of a horseshoe shape are treated as circular tunnels of equivalent cross- 

sectional area. The ratio of overbreak area to theoretical area can be expressed as 

_ Aas = Ay 
C= EE (14) 

Since the theoretical area is specified and the overbreak is measured, the mean effective 

area can be calculated from 

Am = Ai(1 + 10) (15) 

The diameter of a circle with area A is 

Dy] WA28Ar2 (16) 

If it is assumed that the effective roughness height is 

K =D, — D: (17) 

then the relative roughness is 

Ke es Ale We 

De eee (a5) a 

It should be noted that the roughness K, calculated as the difference between the 

mean actual diameter and the theoretical diameter, is twice the mean overbreak 

thickness. Therefore, the nature of the AK dimension is similar to the Nikuradse 

sand-grain-diameter concept. 

The values of Dm, AK, and Dmn/K have been calculated from the areas available 

and are included in Table 3. The relative roughness was plotted on a semilogarithmic 

graph against the measured friction coefficient as seen in Fig. 3. The curve of best 

fit was found to be 

1 D 
— = 4log = — 0.92 Yi 8K (19) 

The von Karman-—Prandtl equation (13) is drawn for comparison with the data points 

described below. 

It is not surprising that the plotted data exhibit considerable scatter in view of the 

variable nature of rock characteristics and blasting techniques. A comparison of the 

theoretical friction factor f; with the f, measured is shown in Table 3. The standard 

error 1s of = 0.0247. Two curves representing +o, and —c; are drawn in Fig. 3. 

It is recommended that the values of K shown in Table 3 be used as a guide for 

estimating the relative roughness. The value of f, can in turn be estimated by Eq. 

(19) for a design basis or for an economic comparison with lined tunnels. If surge- 

tank design is involved, the —c; curve can be used for the “load off’’ or decelerating 

flow. 

Pressure Gradient at Exit Portal. The vertical location of the intersection of the 

pressure gradient with the exit-portal plane is important in design problems where 
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TasLe 3. Friction Facrors—UNLINED Rock TUNNELS 

No. Project Rock Dim, it Katt Dm/K ti fm 

1 Cresta Granite 28.9 1.8 16.4 0.0645 0.075 

2 West Point Granite 16.8 es 10.0 0.1053 0.080 

3 Bear River Granite 10.9 0.7 16.4 0.0645 0.066 

4 Balch Granite 14.7 Lg e530) 0.0802 0,079 

5 Haas Granite ilfsyar3} 1a 10.7 0.0980 0.068 

6 Kings River Granite 15.9 10) 14.7 0.0704 0.071 

i Cherry Granite 13.8 0.8 Lea, 0.0614 0.090 

8 Jaybird Granite ayy 7/ 0.7 Wes 0.0519 0.077 

9 Apalachia Quartzite and 23.4 1.4 16e7. 0.0634 0.095 

slate 

10 Alfta Granite-gneiss 21.2 1.0 ly fan 0.0614 0.086 

11 Harspringet Granite 52.8 1.8 28.6 0.0416 0.052 

12 Jirpstroramen Slate 39.5 eG) 23.8 0.0476 0.048 

13 Krokstrommen | Granite Sas Pl 17.9 0.0598 0.048 

14 Porjus I Granite-gneiss 28.1 1.9 14.9 0.0704 0.073 

15 Porjus IL Granite-gneiss 29.0 258) 10.2 0.1031 0.055 

16 Selsfore Slate-granite gone Zoe 14.9 0.0704 0.114 

M7 Sillre Gneiss 9.5 a7 7.8 0.1425 0.102 

18 Sunnerstaholm | Granite-gneiss Zone 2.0 11.6 0.0885 0.104 

Nore: Projects 1 to 9 are American tunnels. Projects 10 to 18 are Swedish tunnels. Basic data 

are from Schumann.?8 

the length-diameter ratio is relatively small. Such may be the case for a large flood- 

control conduit or for a highway culvert. 

The ratio of the height of the pressure-gradient intersection Y to the conduit 

diameter D is a function of the Froude number of the issuing flow based on mean 

velocity and diameter or height of the conduit. Experiments by Rueda-Briceno”® at 

the University of Iowa determined the relationship between Y/D and F, for a freely 

issuing jet unsupported by an apron or floor downstream from the exit portal. The 

effect of an apron support is to increase the ¥/D ratios. A study was made of model 

results at the U.S. Army Engineer Waterways Experiment Station and a curve was 

presented in Chart 225.1 of Ref. 12. Various types of bottom support included 

floors which were level, sloping, and with a parabolic drop. <A single prototype 

observation gave approximate confirmation of the model results, as would be expected 

with Froude number dominant. Although the curve of best fit for all supported jets 

was nonlinear on a log-log plot, the following equation appears to be adequate for 

design purposes within the range 1.0 < F, < 3.0: 

¥ _ 0,82R,-027 D (20) 

No systematic investigation of the various cross-sectional shapes of conduit and of 

the various profiles of bottom support has been conducted. 

5. Entrance Losses. ‘The importance of the entrance loss depends on the shape 
of the intake and the length of the conduit. In very long tunnels or conduits the 

magnitude of the entrance loss becomes minor compared with the friction loss of the 

conduit. However, for the case of short conduits such as sluices through a concrete 

dam or culverts under roadways, the energy loss attributed to the entrance can be 

substantial relative to that caused by the conduit resistance. The shape of the 

entrance, the Reynolds number, and the relative roughness affect the entrance loss. 

Shape of Entrance. The square-edge entrance is the simplest shape and is adequate 
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for the intake of a pipe where entrance loss is unimportant and the maximum mean 

velocity head is well below 32 ft of head. A curved entrance where the boundary is 

circular in profile will have a loss coefficient depending upon the ratio of entrance 

radius to conduit diameter. A well-streamlined entrance should be used for a velocity 

head greater than, say, 25 ft. 

The streamlined entrance shape has often been based on an approximation of the 

Tarchhoff conformal-mapping solution for the shape of a jet from a slit orifice of 

infinite width.%® The equations in parametric form are 

Ne ie ttl 
D — ~ sin’ 5 (21) 

ax 1 7 0 : ; 
Dy = = [toe tan G + 5) ae tsa a| (22) 

where D is the orifice breadth and 6 varies from 0 to —7/2. The center of coordinates 

is located at the sharp edge of the slit orifice. Presumably, the pressure on a solid 

boundary would be atmospheric, if the boundary shape fits the theoretical shape of 

the jet. 

The Kirchhoff equation is asymptotic to the Y/D value of 0.611 and would not 

become tangent to the parallel walls of a rectangular sluice. A compound curve of 

two ellipses was devised by the Waterways Experiment Station*! to provide an approx- 

0205/0 1.000 D 

CURVE A 
(EQUATION NO. 23) SS 

CURVE B (EQUATION NO. 24) 

es 1 

Fic. 4. Streamlined entrance curves. (D = conduit dimension, ft; O = origin of curve; 
and PCC = point of compound curvature.) 

imate fit to the Kirchhoff curve. The equations for the two curves as shown in 

Fig. 4 are 

: YEA ome 4 - (sy Curve A: artes 0.382 V1 D (23) 

fe een Fae You. \/ (4 ae ONO 4, Ox : Curve BE ine 1 D ) -- D (24) 

The constant Cy has a value of 0.160D. For small-scale laboratory work, a value of 

Cx equal to 0.20D is adequate. However, for the prototype of large intakes, a more 

accurate value, Cy = 0.205D, may be needed for ordinary concrete construction 

tolerances. For example, if a sluice is 10 ft high, the former approximate value would 

produce an error of 0.05 ft in the X-coordinate of the curve B origin. 

In the ease of multiple parallel gate chambers in bottom intakes for outlet works, 

it is often uneconomical to provide adequate space between intakes for full stream- 

lining of the side-wall intake curves. In any event the intake shape to the vertical 

side wall should be given as much rounding as is practical. Such a design would 
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benefit from a model study with the tunnel or sluice foreshortened to give the proper 

pressure at the downstream end of the intake-structure complex. This can be esti- 

mated by using a realistic lower resistance coefficient to simulate the intake-structure 

exit pressure. Piezometers can then be used to determine whether there may be 

dangerously low pressures on the intake boundary. 

Model-Prototype Comparison. As the model conduit commonly has a resistance 

coefficient higher than simple Froude relations would indicate, the entrance-loss 

CLOSED CONDUITS 

AVERAGE 

CONDUIT PROPER INTAKE 

LENGTH REYNOLDS VELOCITY COEFFICIENT 

SHAPE PROJECT (1) DIAM (2) NUMBER (2) HEAD (1) Ke 

SINGLE INTAKE (CONCRETE DAM CONDUITS) 

PINE FLAT 54 29-36 x10’ 65-81 016 

(PROTOTYPE) (PROTOTYPE) 

A=90, B=30 
C=90, £=5.0 
F =50,G=I7 

ES 802 83 67 x10° 97 007 (3) 

(J: 20 MODEL) (MODEL) 
A=7.5,B=2.5 
C#10.0, £#5.7 
F=4.3, G=1.4 

DOUBLE INTAKE (EARTH DAM TUNNEL) 

DENISON (5) 40 eos 66 019 

(PROTOTYPE) (PROTOTYPE) 

A=25.0, B=39.0 
Tl4 C=19.0, D=200 

Bf\45 E= 9.0, T=53.0 

Cc \p DENISON 47 82-96xXI0° 61-82 012 

(1:25 MODEL) (MODEL) 
PROFILE (SEE ABOVE) 

FT RANDALL 39 0.7-1.5 x 108 16-72 0.25 

E D (PROTOTYPE) (PROTOTYPE) 

A= 240, B= 16.0 
C=23.0, D=220 

Bean E=11.0, T=490 

FT RANDALL 39 09-1.0 x 108 46-86 0 16 

(1:25 MODEL) (MODEL) 

(SEE ABOVE) 

Iria. 5. Entrance-loss coefficients for concrete conduits (from Hydraulic Design Chart 

221-112). (1) Dimensions are in prototype feet. (2) Equivalent diameter for noncircular 

section based on hydraulic radius. (3) Does not include gate slot losses. 

transition. (5) Roof curve major axis vertical. 

(4) Length of 

coefficient based on an extension of the pressure gradient upstream from its lower 

portion would be smaller than can be expected in the prototype. 

A comparison of entrance-loss coefficients for the model and prototype is shown 

ODI 25. 

laboratory and the field. 
The entrance losses for the Pine Flat sluice and the Denison and Fort 

None of the models tested had a length which was 

Ref. 12. 

Randall intakes are shown. 

The Army Engineers had observed the piezometric pressure in both the 

The figure is adapted from Hydraulic Design Chart 221-1 of 

reduced the proper amount to account for the higher conduit resistance of the model. 
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It may be seen that the entrance-loss coefficient A, in the prototype is higher in each 

case than that which was measured in the model. 

It has been shown jn the laboratory by Rao#? that the entrance-loss coefficient is a 

function of the Reynolds number. Actually, the plot of A, vs. #. shows the loss 

decreasing with an increase of Reynolds number in the same manner as does the 

resistance coeflicient of conduits. This can be fully explored by prototype meas- 

urements of the development of the turbulent boundary layer. The boundary 

roughness of the intake curve is also a factor, and prototype measurements are needed 

before the phenomenon can be adequately simulated in the laboratory. 

It should be emphasized that the entrance loss is important with short conduits 

but becomes relatively unimportant with long tunnels. For example, values of 

K, = 0.20 and f = 0.007 may be assumed. The ratio of entrance loss to total loss 

through the system is approximately 10 percent for an L/D = 120; whereas the ratio 

is only 5 percent for an L/D = 400. 

Abrupt Entrances. An entrance is considered here as abrupt if not fully stream- 

lined as discussed above. <A pipe entrance with a circular rounding was investigated 

by Hamilton.*? The ratio of radius of rounding to diameter of pipe was expressed as 

R/D. Wamilton found the entrance-loss coefficient AK, approaching zero for an R/D 

of 0.14. The loss coefficients for various radius-diameter ratios are shown in Table 4. 

Low head tests on full-size culvert pipe at the State University of lowa*! showed 

approximate agreement with Hamilton’s tests. A value of K, of 0.50 is commonly 

assumed for square-edged pipe entrances for conservative flow-capacity design. 

Reliable prototype-test results for abrupt entrances are not available. 

TaBLe 4. Loss CornFrFICIENTS FOR HNTRANCES OF CIRCULAR ROUNDING 

R/D Ke 

0.00 0.45 

0.045 0.14 

0.10 0.03 

0.14 0.0 

Cavitation. Severe cavitation occurred at the abrupt entrances to the Madden 

Dam sluices. Hickox*> reported this damage as well as some damage to the Norris 

Dam sluice entrances during river diversion. In the case of Norris, the pressure at 

the intake was increased by constricting the outlet end of the rectangular sluice. 

The cross-sectional area at the outlet end was reduced by 15 percent. 

Cavitation at a fairly abrupt entrance to a temporary concrete diversion sluice 

caused damage 1.5 to 2.0 ft deep at Blakely Mountain Dam.3* The entrance had a 

circular rounding with the ratio R/D of 0.18 and the sluices were 5.5 ft square. The 

operating head which caused the cavitation damage varied from 29 to 85 ft. Although 

Hamilton, as quoted above, indicates a near-zero loss coefficient for R/D ratios greater 

than 0.14, the Blakely Mountain experience indicates separation on the circular curve 

with consequent cavitation. As separation of the flow from the wall occurred, there 

must have been a substantial head loss. 

6. Terminal Structures. The problem of terminating the artificial conveyance 

of high-velocity flow into a natural or unlined channel deserves special attention in 

design. ‘The major objective is to make certain that the water-impounding structure 

is not endangered or that the water-conveying structure itself does not suffer serious 

damage. Model studies are usually required for major projects. However, because 

of the variability of natural materials and the lack of knowledge of their resistance to 

erosion, field observations of past failures and operating difficulties serve as important 

guides in design decisions. 
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The terminal structure may be a simple concrete apron, a stilling basin, a flip 

bucket, or a roller bucket. A concrete apron is often used downstream from a stilling 

basin. A concrete toe wall carried deep into the foundation is usually required to 

prevent scour from undermining the terminal structure. MRiprap in a trench across 

the end of a terminal structure has been frequently used where the natural material is 

alluvium or an easily erodible formation. 

A concrete apron is the simplest device used at the end of an outlet works or 

culvert. The functions of the apron are to permit partial transition to the normal 

flow of the natural channel beyond and for purposes of safety, to extend the distance 

from the exit portal to the location of erosion of the foundation material. A toe wall 

and riprap are often employed at the end of the paving. A simple apron will seldom 

suffice for a high-head outlet unless the foundation material is sound rock without 

closely spaced fractures, joints, and bedding planes. Many of the older dams, con- 

structed before the principles of the hydraulic jump and stilling basins were fully 

recognized, employed aprons for spillways. Much can be learned from the rock 

erosion experienced at these projects. 

The flip bucket as used in American practice is similar to the “‘ski jump”’ spillway 

of recent European parlance. A vertical curve of the floor, usually circular, throws 

the high-velocity jet into a trajectory which strikes the plunge pool some distance from 

the exit portal of an outlet works or the toe of an overflow spillway. The concrete 

boundary is sometimes shaped to form a lateral-throw flip bucket to cause the jet to 

impinge in the natural stream rather than upon the side of the valley where heavy 

erosion would result. The lateral-throw bucket is commonly developed in a model 

study. A simple flip bucket can cause eroded material from the bed of the plunge 

pool to be deposited downstream. ‘The effect is to raise the tail water for normal 

operation of any power plant which may be a part of the project. The flip-bucket 

jet can be expected to disintegrate or fray in the course of the trajectory and in some 

cases cause heavy spray. Such spray may involve difficulties in power-plant electrical 

switch yards. In the case of the Lucky Peak Dam outlet works, the spray caused 

heavy icing on an adjacent highway during the winter. 

If a circular bucket is submerged below tail water so that the issuing jet does not 

spring free, it is known as a roller bucket. The empirical design principles developed 

in the laboratory by McPherson and others are shown in Hydraulic Design Criteria 

Charts 112-6 and 112-6/1 of Ref. 12. One of the hazards of roller-bucket operation 

is the abrasion of the concrete caused by rock being entrained in the roller. Heavy 

abrasion damage and costly repair were experienced in the Grand Coulee Dam roller 

bucket. Another type of abrasion may be caused when a side roller of vertical axis 

forms at one end of the bucket. Such action introduced gravel from a cofferdam at 

Center Hill Dam, and potholes 8 ft deep developed in the concrete during construction. 

Model studies can normally be expected to indicate whether or not rock from down- 

stream sources would be introduced and retained in the bucket. Furthermore, care 

should be exercised during construction and operation to prevent rock or metal 

fragments from entering the bucket. 

Stilling basins are used as energy-dissipating devices for both outlet works and 

spillways. Their action depends upon the energy loss in the hydraulic jump. Ina 

simple stilling basin the floor is set low enough so that the tail water for the design 

discharge causes the jump to form in the basin [see Eq. (9)]. Model studies have 

shown that baffle piers* and end sills protruding above the floor elevation can cause 

the jump to be formed with only 0.85 or 0.90 of the required dy. The latter ratio is 

more conservative. Substantial economies may be involved in the use of these devices 

* Also called ‘baffle blocks” or simply “‘baffles.”’ 
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if the excavation for the basin floor is of an expensive type. Model studies are nor- 

mally desirable to establish the most economical length and depth. 

It is often necessary to excavate the floor of the stilling basin below the elevation 

of the natural stream bed, in which case a stepped end sill is commonly used. The 

steps direct the flow upward away from granular material or riprap just downstream 

from the end sill. In this case, a bottom roller usually forms with high upstream 

velocities near the bed. A model study can be used to advantage to study this 

action. Velocities across the end sill and in the bottom of the roller as measured in 

the model can be expected to simulate the prototype. The scour pattern of alluvium 

can be studied qualitatively in a movable-bed model. Furthermore, if the model 

scale is sufficiently large, a rough quantitative determination of the size of riprap 

needed can be made. In such a study, a section model in a laboratory flume is 

inexpensive and is adequate if side effects are not to be studied. 

Stilling-basin Elements. The integrity and stability of certain stilling-basin 

elements are important. Although measurements of value can be obtained in the 

laboratory, knowledge of damage and malfunctioning of the prototype is needed in 

the design of such structures. Damage to the stilling-basin baffle piers, end sills, 

and even the floor and side walls has been caused by various phenomena of the proto- 

type. Baffle blocks are particularly vulnerable to damage from cavitation and 

abrasion. 

Cavitation. The severe damage to the Bonneville Dam?’ baffle blocks is one 

example of numerous such instances. More modern baffles have been streamlined 

and studies of various shapes were made in the laboratory at the U.S. Army Engineer 

Waterways Experiment Station.’® The tendency of the basin floor near baffles to 

exhibit cavitation damage was also discussed in the paper. Baffle piers are commonly 

placed transversely across the basin in a single or double row. The clear spacing 

between the baffles is usually not less than the width of the block. If two rows are 

used, the baffles of the downstream row are centered on the clear space of the upper 

row. 

The simplest shape of a baffle block is a cube. Concrete can be saved by sloping 

the downstream side, in which case the longitudinal dimension at the floor is greater 

than the lateral dimension. The drag of a baffle and hence its effectiveness depend 
upon the area presented to the flow. The drag coefficient is also dependent upon the 

shape. Very little systematic research has been performed on the force produced 

by baffles. 

The side walls of some baffle piers have been streamlined in order to reduce the 

tendency toward separation and cavitation in the prototype. The incipient cavi- 

tation indexes studied in Ref. 38 reveal the effects of certain shape modifications but 
the sealing laws to interpret prototype behavior are unknown. 

It should be emphasized that streamlining reduces the drag coefficient of a baffle 

pier and therefore its effectiveness in producing the hydraulic jump with a given 

available tail water. Nevertheless, experience has shown that streamlined baffles 

are less subject to cavitation damage and are therefore a practical compromise between 

effectiveness and permanency. 

As the entering Jet expands vertically within the hydraulic jump, the farther down- 

stream the baffles are placed, the less liable they are to cavitation damage. Baffles 

placed well downstream are in an area of lower velocities and of higher static pressure. 

If baffles are moved upstream into the entering jet they are called chute blocks and 

are very vulnerable to cavitation. The chute blocks of Glendo Dam outlet works 

stilling basin suffered severe damage. Martin and Wagner®? described laboratory 

studies made in an attempt to redesign the Glendo chute blocks by streamlining to 

eliminate severe cavitation. A model study will indicate the velocities and transient 
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pressures to which baffles would be subjected at different locations in the longitudinal 

direction. Again, the engineer may seek a compromise between effectiveness and 

permanency. Baffle piers located about two-thirds the distance from the toe of the 

jump to the end sill are often safe from cavitation damage and show marked advantage 

in producing low velocities across the end sill. Model studies can be employed to 

advantage in such a determination of longitudinal location. 

The use of removable steel armor plate has been suggested for elements subject to 

cavitation. If bolts are used to retain the armor plate, nuts should be tack-welded so 

that they may be cut loose if damaged plates must be replaced. The economic 

problem involves a comparison of the cost of armoring and replacement of damaged 

steel armor plates. 

Abrasion. Severe damage to concrete surfaces can be caused by waterborne 

sand, gravel, and rock in high-velocity flow. An example of such abrasion is the 

invert of the tunnel at Mud Mountain Dam. In anticipation of abrasion, steel rails 

had been embedded longitudinally in the concrete of the invert. Inspection of the 

invert after operation revealed that the concrete had been deeply eroded between the 

rails. A determination as to whether the concrete has been damaged by abrasion or 

cavitation is sometimes a cause of misunderstanding. In general, damage by abrasion 

exhibits a smooth or rounded surface with resistant aggregate protruding. Damage 

caused by cavitation presents a ragged and angular surface as does concrete fractured 

by repeated blows of a hammer. In some cases, damage may be caused by a com- 

bination of abrasion and cavitation. 

The prevention of damage by abrasion involves the elimination of the causes. 

Rock or pieces of scrap metal remaining from construction operations can cause 

abrasion. Rock thrown into stilling basins or left by fishermen who have used rock 

for anchors can cause abrasion. Fences on stilling-basin walls and the restriction of 

boats from terminal structure areas can sometimes eliminate sources of abrasion. 

Side-wall Forces. The side walls of stilling basins may be subjected to random 

pulses of high pressure because of the violent nature of the hydraulic jump in the 

stilling basin. The center wall of the stilling basin at Texarkana Dam failed during 

operation as reported by Berryhill.37 The top of the basin wall at Glendo Dam has 

been observed to move laterally about 1 in. during operation.’® The nature of the 

pulsating forces on a side wall has been studied by the Bureau of Reclamation‘? in 

the laboratory. These studies indicate that a local pressure up to 1.5 times the 

velocity head of the entering flow may be expected near the bottom of the wall. The 

areal extent of these instantaneous pressure extremes is not known. 
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SECTION 4 

RESERVOIR HYDRAULICS 

By Victor A. KoELzER 

INTRODUCTION 

1. General Discussion. A reservoir site is a natural resource. As such, it is 

unportant that it not be wasted by using it to less than its optimum potential. In this 

sense the word “optimum”’ may include the economic limit for a particular purpose or 

the inclusion of a variety of purposes to be served by a single reservoir. 

In the present state of river development in the United States, reservoirs are 

seldom of single purpose. Even where one purpose dominates the situation, lesser 

purposes must be considered. U.S. Federal Power Commission regulations prescribe 

that functions other than power must be considered in the licensing of power projects. 

Practically all the legislation authorizing specific water-resource investigations 

requires consideration of a variety of purposes. The recent emphasis in the United 

States on recreation, pollution control, and preservation of open space makes such 

purposes, while possibly of secondary importance in the amortization of a project, of 

great importance in the overall planning of the nation’s water resources. Hence, it 

may be said that, in the United States at least, practically all reservoirs must be 

planned with multiple purposes in mind. 

Reservoir planning involves consideration of hydrology, hydraulics, design, eco- 

nomics, and sociology. This section is concerned with the hydrologic and hydraulic 

aspects of reservoir planning. 

2. Definitions. An understanding of the reservoir-planning process requires a 

precise definition of terms. The following terms, considered generally acceptable, 

are used in this section: 

Dead storage, sometimes called unusable storage, represents that portion of the 

reservoir volume below the elevation of the lowest outlet. Water in this portion of 

the reservoir can be evacuated only by pumping or by evaporation. 

Inactive storage represents the portion of the reservoir volume which, by agreement 

or by legislation, will not be evacuated. Such storage may coincide with dead storage, 

but not necessarily. 

Active storage, sometimes called usable or effective storage, represents the volume 

of the reservoir between the top of the inactive storage and the normal maximum 

operating level of the reservoir. 

Conservation storage represents the part of the reservoir volume dedicated to 

impoundment of water for later release to serve some beneficial purpose, such as 

municipal supply, power, irrigation, or public health. It frequently coincides with 

active storage. 

Flood-control storage represents the part of the reservoir volume to be utilized for 

impoundment of floodwaters. Such storage may be inviolate, in which case the 

dedicated volume can be used only for flood-control operations, or it may be joint- 

use, where the storage volume is used to serve both conservation and flood-control 

operations. 
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Surcharge storage represents that portion of the reservoir volume above the normal 

maximum operating level. 

Normal maximum operating level is the maximum level at which the reservoir is 

operated to serve any of its planned purposes. Generally, this corresponds to the 

elevation of the top of the spillway gates. Operation of the reservoir to protect 

against a spillway design flood ordinarily will cause the reservoir level to rise above 

the normal maximum operating level. 

Freeboard, as used here, represents the vertical distance between the maximum 

elevation reached in routing of the spillway design flood and the top of thedam. Some 

authors have used this term to represent the vertical distance between the normal 

maximum operating level and the top of the dam. 

BASIC DATA FOR RESERVOIR PLANNING 

3. Reservoir Area-Volume Curves. Sometimes referred to as “‘area-capacity 

curves,’ these curves are typified by Fig. 1. The curves show total reservoir volume 

(or storage capacity) and the reservoir area plotted against reservoir elevation. The 

best basis for such curves is a topographic 

Reservoir area, acres <— map of the reservoir area. 

In the United States suitable topo- 

graphic maps may be available in the 

form of “quadrangle sheets’ prepared by 
the U.S. Geological Survey, which are 

publicly available. Frequently, how- 

ever, it is necessary to prepare such maps 

especially for the reservoir study, by 

either photogrammetric or ground-survey 

methods. The desired scale and contour 

interval will depend on the size of reser- 
Fig. 1. Typical reservoir area and volume voir and type of topography. The se- 

AUS ASE lected scale and contour interval should 
produce values of area and volume which 

are accurate within at least 5 percent. If such a map cannot be made available, a 

preliminary estimate of the available storage volume may be obtained from river 

profiles and valley cross sections. 

4. Streamflow. A reliable estimate of the available streamflow is essential to 

reservoir planning. Such estimates can best be made from records of streamflow at 

the reservoir site, if available. In the absence of such records, estimates of streamflow 

may be made from records of streamflow at another location on the same stream, 

from records of another stream in the same area, or from records of precipitation. 

It is important that estimates of streamflow at the reservoir site be as long as 

possible, in order that the reservoir design may be tested throughout a range of con- 

ditions. Therefore, such estimates frequently are obtained by a combination of the 

methods discussed above. The availability of records and the methods of estimation 

of streamflow are given in Sec. 1. 

When applicable, corrections must be applied to recorded streamflow at a reservoir 

site (or to estimates obtained by correlation methods) to reflect a common level of 

development. For example, upstream reservoirs may have been introduced during 

the period of record which would, by regulation, modify the flow pattern. Similarly, 

evaporation in the reservoirs or upstream diversions for water use may deplete the 

natural flow. In such cases it is generally desirable to correct all records to the 

common base of natural, or “‘virgin,”’ flow, 7z.e., the flow that would have been available 

if no development had taken place. Such corrections involve the use of records on 

Elevation of reservoir 

Reservoir volume ,acre feet ——> 
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storage, diversion, or evaporation, which usually are available from the operating 

entities involved. 

In special cases, where heavy losses of runoff are experienced along the streambed, 

because of evapotranspiration or accretion to groundwater, it may be necessary to 

estimate the gain or loss in streamflow that will occur as a result of a change in flow 

regime or as a result of inundation of valley areas by the reservoir. The “salvage’’ 

of natural streamflow losses has been found to be a significant factor in reservoir 

planning on the Colorado River. 

5. Climatological Data. The climatological data that may be needed in reservoir 

planning include data on precipitation, temperature, humidity, wind velocity, and 

evaporation. The availability of this information is discussed in Sec. 1. 

6. Sedimentation. Estimates of the sediment load of a stream are essential in 

reservoir planning to determine the rate of depletion of reservoir storage that can be 

anticipated through accumulation of sediment. Sediment records collected by the 

U.S. Geological Survey are published periodically in its ‘“‘Water Supply Papers.”’ 

Much unpublished data have been collected by various government agencies, which 

are inventoried periodically by a Federal interagency committee.! 

Various government agencies periodically survey reservoirs which have been in 

operation forsome time. Frequently, special reports on such surveys are made, which 

include data on rate of sediment accumulation, distribution of the sediment in the 

reservoir, and trap efficiency on density of sediment deposits. Summaries of such 

surveys also are issued periodically by the Inter-Agency Committee.” 

SEDIMENT-STORAGE REQUIREMENTS 

7. Rate of Sedimentation. [Estimation of the rate of reservoir depletion by sedi- 
ment accumulation usually involves three basic steps. The estimates required are 

(1) sediment inflow, (2) trap efficiency of the reservoir, and (3) density of the sediment 

deposits. In some instances the method of distribution of the sediment in the reser- 

voir also is a required step. The estimation of sediment inflow offers the greatest 

opportunity for variation in procedures and results. 

Sediment Inflow. The inflow of sediment to a reservoir consists of suspended 
load and bed load. Generally, suspended load is computed from available sediment 

records or by comparison of the basin in question with watersheds having sediment 

records. Bed-load records normally are too difficult to collect; hence bed-load 

estimates usually are made on the basis of judgment and are expressed as a percent 

of suspended load. 

Several methods of estimating suspended load are used, as follows: 

1. Use of average recorded sediment load 

2. Computation by flow duration—sediment-rating-curve method 

3. Estimates by unit yield of watershed 

4. Estimates of erosion 

The use of average recorded sediment load is restricted to instances in which the 

sediment load is measured at frequent enough intervals to establish what is essentially 

a continuous record. Even where such records are available, the period of sediment 

record is usually not as long as the streamflow records at the site, and adjustments 

to the historical average sediment load are desirable because it is not apt to be 

representative. 

1“Inventory of Published and Unpublished Sediment Load Data in the U.S.,”’ April, 1949, and 

supplements of later dates, prepared for Inter-Agency Committee on Water Resources by U.S. Depart- 

ment of the Interior. bt ; . ; : ae 

2 Summary of Reservoir Sediment Deposition Surveys Made in the U.S. through 1960, U.S. Dept. 

Agr. Misc. Publ. 964, May, 1964. 



4-4 RESERVOIR HYDRAULICS 

Sediment concentration usually increases rapidly with diseharge, with the result 

that the load carried during the highest flood of a year may be as much as the total 

load carried for the remainder of the year. This highlights the necessity of obtaining 

as reliable a reflection of the influence of peak flood periods as possible, which is 

usually accomplished only if the entire period of streamflow record is considered. 

The flow-duration—sediment-rating-curve method of analysis is the most desirable 

method of giving appropriate attention to the entire period of streamflow record. In 

this method a sediment-rating curve is first prepared from historical records, relating 

sediment discharge (expressed usually in tons per day) to the water discharge. A 

flow-duration curve is then prepared for the entire period of streamflow record (or 

by procedures described later in this section). The computation of average annual 
load is then made by combination of these curves.! 

Figure 2 shows a typical sediment-rating curve. Preparation of the rating curve 

involves plotting all measured values of sediment discharge against the corresponding 

values of water discharge. The scatter in the plotted points in Fig. 2 is typical of 

most of such plottings. Some of the scatter frequently can be reduced by developing 

separate curves for different seasons of the year, when differences in sediment-runoff 

characteristics can be expected. In extrapolation of rating curves care should be 

taken to avoid extending the curves to an unreasonable value of concentration. For 

this purpose, plotting of lines of equal concentration frequently is useful. 

The average annual sediment load is computed in the flow-duration—sediment-load 

method by using an incremental process. The water-discharge values of the mid- 

ordinate of increments of the flow-duration curve are used to obtain matching values 

of sediment load from the sediment-rating curve. The values of sediment load are 

multiplied by the percentage of time represented by the increment, and a summing of 

these products gives the total load. Table 1 gives an example of the method of 

computation used by the U.S. Bureau of Reclamation. 

Where sediment records are not available (or as a check on other methods of 

computation), the sediment load may be estimated by estimating the sediment yield 

from a unit of area of the watershed. This may be done by selecting a unit value 

from a watershed believed to have similar characteristics of sediment runoff. The 

previously referred to Inter-Agency publication on reservoir surveys gives summaries 

of sediment yields in different watersheds. 

Sediment yield also may be estimated by computing rates of erosion. A method 

developed by the U.S. Department of Agriculture? may be used for this purpose. This 

procedure uses the so-called “universal equation,’”’ which involves a number of vari- 

ables related to localized conditions. The variables include storm energy, rainfall 

intensity, soil erodibility, land slopes, cropping patterns, and extent of conservation 

practices. 

Only in rare instances is bed load known to exceed 25 percent of suspended load. 

In such instances special methods of computation of total load may be used.® 

Bed load is usually estimated as a percentage of suspended load, on the basis of 

inspection of the load-carrying characteristics of the system. 

Trap Efficiency. Trap efficiency represents the percentage of sediment inflow 

which is deposited in the reservoir. In major reservoirs this is frequently near enough 

1 Mixtier, Caru R., “Analysis of Flow Duration, Sediment-rating Curve Method of Computing 
Sediment Load,” U.S. Bureau of Reclamation, April, 1951. 

2 Cuow, Ven Tox, ‘‘Handbook of Applied Hydrology,” pp. 17-6 to 17-9, McGraw-Hill Book Com- 
pany, New York, 1964. A Universal Equation for Predicting Rainfall-erosion Losses, U.S. Agr. Res. 
Ser. Spec. Rept., March, 1961, pp. 22-26. 

3 Scurogeper, K. B., and D. B. Rarrt, ‘“‘Total Suspended Load from Vertical Transport Distribu- 

tion,’’ U.S. Bureau of Reclamation, November, 1952. Koxruzer, V. A., and M. Brroun, ‘“‘A Review 

of Sediment Problems and Possible Solutions,’’ West Pakistan Engineering Congress, Lahore, April, 
1962. 
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to 100 percent to allow use of such a value. However, there may be instances on 

major reservoirs in which a portion of the sediment load is passed through the reser- 

voir. This may occur where the reservoir volume is small with respect to the maxi- 

mum rates of water discharge through the reservoir. 

RESERVOIR HYDRAULICS 

TaBLe 1. COMPUTATION OF SUSPENDED SEDIMENT Loap 

Instantaneous | Instantaneous Daily sedi- 

Limits of % % % water sediment ment discharge 

of time interval mid-ordinate discharge, discharge, KY Sx (EE 

cfs tons/day tons/day 

(1) (2) (3) (4) (5) (6) 

0.00-0.02 0.02 0.01 13,000 2,700,000 540 

0.02-0.1 0.08 0.06 8,100 1,600,000 1,280 

0.1-0.5 0.4 0.3 4,600 820 ,000 3,280 

0.5-1.5 i) 1.0 2,700 425,000 4,250 

15-5..0 3.5 3.25 1,400 185 ,000 6,470 

5-15 10 10 830 93 ,000 9,300 

15-25 10 20 420 39,000 3,900 

25-35 10 30 250 19,500 1,950 

35-45 10 40 190 13,600 1,360 

45-55 10 50 155 10,200 1,020 

55-65 10 60 127 7,500 750 

65-75 10 70 105 5,700 570 

75-85 10 80 81 3,800 380 

85-95 10 90 51 1,720 172 

95-98.5 3.5 96.75 25 325 eh 

98.5-99.5 Oa) 99.0 t5 17.5 

99.5-99.9 0.4 99.7 7.0 

99 .9-99 .98 0.08 99.94 2.75 

99 .98-100 0.02 99.99 

Total average daily load [Col. (6)], in tons = 31,953. 

Average annual suspended sediment load = 31,953 K 365 = 11,600,000 tons. 

For smaller reservoirs, data developed by Brune! are useful. He relates trap 

efficiency to the capacity-inflow ratio (ratio of reservoir capacity to annual inflow), 

as shown in Fig. 3. The capacity-inflow ratio can be considered to be equivalent to 

the period of detention in the reservoir. For large reservoirs, data developed by the 

TVA? allow estimates of trap efficiency to be made on the basis of the relationship 

between the period of detention and the mean velocity of flow through the reservoir. 

Consideration of velocity of flow is desirable because deposition of sediment cannot 

take place if the velocity and resulting turbulence are too high. The TVA curve is 

shown in Fig. 4. 

Density of Deposited Sediments. The procedures described for estimating sediment 

deposited in the reservoir, after applying the trap efficiency to the rate of sediment 

inflow, will result in a value expressed in terms of weight. It then will be necessary 

to convert the result to a volume basis by estimating the space occupied by a unit of 

weight of sediment. This conversion factor is referred to as specific weight, unit 

weight, or density. 

Many published data are available on the many observations that have been 

1 Brune, Gunnar M., Trap Efficiency of Reservoirs, Trans. Am. Geophys. Union, June, 1953. 
U.S. Dept. Agr. Misc. Publ. 970, p. 884. 

2 Proceedings of the Federal Inter-Agency Sedimentation Conference, May, 1947, U.S. Bureau of 
Reclamation, Denver, Colo, 



SEDIMENT-STORAGE REQUIREMENTS 4-7 

100 

oO wN or 
Median curve for no 
ponded reservoir 

£ oO T = 

© Normal ponded reservoirs 

O Normal ponded reservoirs 
with sluicing or venting 
operations in effect 

% Desilting basins 

d | 1 x Semidry reservoirs 

0 Z 
0.001 0002 0005 001 00200300500701 0203 0507 1 C5 SAO 

Capacity- inflow ratio,acre- feet capacity /acre- feet annual inflow 

Envelope curves for 
normal ponded reservoi Sediment trapped, % 

oO ro) 

mo WwW fy (2) 

i) 

Fic. 3. Trap efficiency as related to capacity-inflow ratio. (After Brune. From Ven 
Te Chow, ‘‘Handbook of Applied Hydrology,” pp. 17-23, McGraw-Hill Book Company, 
New York, 1964.) 

100 

Tributary reservoirs 

50 Material 30-70% 
finer than OO074mm 

Mainstem reservoirs~ 

L Material 80- 85% 

finer than 0074 mm 

Sediment passing thru reservoir 

107 10° 10& 107 108 102 

Period of retention in seconds + Mean velocity in feet per second 

Fic. 4. Trap efficiency in TVA reservoirs. (Proceedings of Federal Inter-Agency Sedimenta- 
tion Conference, May, 1947, and correspondence from TVA.) 

made of the density of deposited sediment.! It has been found to vary from 18 to 125 

Ib/cu ft, depending on the sediment size, the depth of deposit, and the degree of 

submergence or exposure of the deposit. The density also depends on the length of 

time the material has been deposited, since the rate of consolidation greatly affects 

the sediment density. 

The procedure presented by Lane and Koelzer? has gained general acceptance. 

1Lann, BE. W., and V. A. Konuzpr, Density of Sediments Deposited in Reservoirs, U.S. Interde- 

partmental Comm. Rept. 9, St. Paul District, Corps of Engineers, St. Paul, Minn., November, 1943. 
Hemprep, C. H., B. R. Cousy, H. A. Swenson, and J. R. Davis, Sedimentation and Chemical Quality 
of Water in the Powder River Drainage Basin, Wyoming and Montana, U.S. Geol. Survey Circ. 170, 

Washington, D.C., 1952. 
2Op. cit. Konuznr, V. A., and Jon M. Lara, Density and Compaction Rates of Deposited Sedi- 

ments. Proc. ASCH, J. Hydraulics Div., Paper 1603, April, 1958. 
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The equation is 

W =W.i+ K logit (1) 

where W = density after ¢ years, lb/cu ft 

W, = density after 1 year, lb/cu ft 

K =a constant for each sediment class and operation condition, to reflect 

consolidation 

é = number of years of consolidation 

The values of W, and K vary with the method of operation and the size of sedi- 

ment material. The values are: 

Sand Silt Clay 

(>0.05 mm) (0.005 to 0.05 mm) (0.005 mm) 

Reservoir operation 

Wi K Wi K Wi ES 

Sediment always submerged or 

nearly eubmersedes., .ace5 fae ee 93 0 65 5.7 30 16.0 

Normally a moderate reservoir draw- 

COWIE Ge Ae arise oo. Sagres ee 93 0 74 Ded 46 LO Sh 

Normally considerable reservoir 

ATS GO WEN a-7e sesetacce eho ess ike eater 93 0 79 LO 60 6.0 

Reservoir normally empty.......... 93 0 82 0.0 78 0.0 

For materials covering a range of particle sizes, it was recommended that the 

equation be used with appropriate weights, applied in proportion to the percent by 

weight in each size classification. 

Using the above procedure, the average density of deposits W,, after ¢ years is 

t War = Wi + 0434K Fea (te | (2) 

The U.S. Bureau of Reclamation! uses the above procedure but considers that the 

values of W, are too high. It prefers to use the initial densities determined by Trask? 

which are as follows: 

é ; ste Initial density, 
Classification | Size range, mm yen 

Sandia crecestrer 0.5-0.25 89 

Sam ganeccstries 0.25-0.125 89 

Sandip weet. 0.125-0.064 86 

Silica We ee eee 0.064-0.016 79 

Siltaedecwe me | OnOLG—OnOOS: 15) 

Site eee ee OOO4—On OOM 75) 

Clavie ee ere nO OOT—O: 3 

8. Distribution of Sediment Deposits. The sediment deposited in a reservoir will 

deposit on a slope, so that the area-volume relationship will be affected throughout 

by deposition of sediment. Where sediment load is a significant factor, the dis- 

1 Miuuer, Carut R., Determination of the Unit Weight of Sediment for Use in Sediment Volume 

Computation, U.S. Bur. Reclamation Mem., eb. 17, 1963. 

» Trask, ParkeR, Compaction of Sediments, Bull. Am. Assoc. Petrol. Geologists, 15, 271-276. 
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tribution of deposits should be estimated, to allow determination of the extent to 

which different allocations of storage are affected by sediment accumulation. The 

Bureau of Reclamation! has developed procedures for estimating the distribution of 

deposits, based on observations of historical deposition in different types of reservoirs. 

9. Density Currents and Stratifications. Differences in temperature of water at 

various locations and depths in a reservoir will occur with changing ambient temper- 

atures. The differences in temperature, resulting in differences in density, will cause 

stratification within the reservoir, as well as exchange of water between areas of 

different densities. 

The use of density currents to pass through a reservoir the fine sediments which 

tend to remain in suspension has been suggested on many occasions as a means of 

reducing deposition. The science of density currents and stratification is not well 

developed, and even the most sophisticated treatises? are hesitant to predict the 

conditions that will occur in given situations. The most extensive data on density 

currents and stratification in natural reservoirs have been collected in Lake Mead. 

RESERVOIR EVAPORATION 

Reservoir planning requires consideration of the losses to be expected in evapo- 

ration from the reservoir surface. This can be quite significant in some instances. 

In Lake Mead, for instance, the annual evaporation loss at full reservoir approaches 

1 million acre-feet, compared with an average annual water supply in the order of 

10 million acre-feet. Methods of estimating reservoir evaporation are given in 

dec. 1. 

ANALYSIS OF WATER REQUIREMENTS 

The design of a reservoir must be based on considerations of water availability as 

related to water requirements, since both generally vary throughout the year. The 

development of water requirements for various uses is discussed individually in 

Secs. 24, 30, 31, 33, 36, 39, and 40. 

ANALYSIS OF WATER AVAILABILITY 

Various techniques have been used to analyze water availability. Among the 

well-established methods are flow-duration analyses, mass-curve analyses, and period- 

by-period simulated reservoir operation through the historical period of streamflow 

record. The latter two methods are the commonest traditional approaches used in 

reservoir planning, and involve examination of the most critical combinations of 

historical streamflow in relation to the water demands expected to be placed on the 

reservoir. Recently, stochastic procedures, which are basically probability ap- 

proaches, have gained increasing acceptance for reservoir planning. 

10. Flow-duration Analyses. The procedures for flow-duration analyses of the 

records for a given stream are presented in Sec. 1. Duration curves are useful in 

computing sediment load, in establishing the degree of flood control to be provided, 

in establishing urban, highway, and agricultural drainage requirements, and in 

evaluating the power capabilities of a river. 

1Tnterim Report—Distribution of Sediment in Reservoirs,’’ Project Investigations Division, U.S. 

Bureau of Reclamation, June, 1954. 

2 Wry, A. S., M. A. Cuurcuiiy, and R. A. Exper, Significant Effects of Density Currents in TVA’s 
Integrated Reservoir and River System, Proc. Minnesota Intern. Hydraulics Conv., September, 1953, 

p. 335. Task ComMITTEr ON PREPARATION OF SEDIMENTATION MANvAL, Sediment Transportation 
Mechanics: Density Currents, Proc. ASCE, J. Hydraulics Div., September, 1963. Harteman, D.R.Y., 

and Rex A. Evpger, Withdrawal from Two Layer Stratified Flows, Proc. ASCE, J. Hydraulics Div., 

Paper 4398, July, 1965. 
3“TLake Mead Density Current Investigations, 1937-40," U.S. Bureau of Reclamation, October, 

1941, 
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Fig. 5. Dimensionless flow-duration curve. 
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Where records for a given stream are not available, it sometimes is possible to 

synthesize a flow-duration curve. It has been found that the shape of the flow- 

duration curve is indicative of the runoff characteristics of the stream if the flow 

occurrences are converted to a dimensionless basis. This can be done by expressing 

the observed flow corresponding to a given percentage of time as a percentage of the 

average flow of the stream. 

Figure 5 demonstrates this principle.! It shows flow-duration curves in dimension- 

less form from streams of varying size and characteristics. The watershed of the 

Loup River has low relief and is composed entirely of ‘‘sandhills,’’ in which practically 

all streamflow originates from groundwater, with practically no surface runoff. The 

North Fork Republican and Frenchman Creek are intermediate-type streams, in 

which part of the basin is in sandhills and part is a moderately rolling area with normal 

type of surface runoff. The Solomon and Saline rivers are all of the surface-runoff 

type, from moderately rolling topography. Willow Creek and Big Thompson River 

originate in the rugged topography of the 

highest part of the Colorado Rockies, 

with much of the annual streamflow be- 

ing from snowmelt. 

It will be noted that the dimension- 

less flow-duration curves for the sand- 

hills stream is extremely flat; that is, 

there is little variability in streamflow. 

The more normal surface-runoff type of 

watershed, on the other hand, has a high 

variability. The curves for the partly 

sandhills, partly normal surface runoff 

and the snowmelt are in between. Fur- 

ther, it will be noted that the curves for ORE CRT On eS One. B14 PACS 8 520 
similar types of drainage areas are of very Timer years 

similar shapes, even though the drainage Pia. 6. Typical mass curve. 
areas vary in size. 

The similarity in shape of curve for basins of similar runoff characteristics suggests 

that a flow-duration curve for an ungaged stream can be synthesized. A flow- 

duration curve can be developed from data available on a stream considered to have 

the same runoff characteristics. It will be necessary, of course, to estimate the 

average flow at the ungaged stream location. This is generally possible, on the basis 

of relationships in drainage areas similar to that of the gaged stream. 

11. Mass-curve Analysis. The mass-curve method of water-availability analysis 

is well established and is extremely useful. It can be utilized to great advantage for 

the complete analysis of a single reservoir having a simple pattern of water require- 

ments. On a more complicated system, it can be used for preliminary analytical 

purposes, to identify periods that are apt to be most critical and in need of more 

detailed study. 

Mass curves show cumulative flow and can be used to indicate cumulative utili- 

zation and storage requirements. Adjustments for evaporation and other losses 

must be made in determining the net volume available from accumulated streamflow. 

This may be done by subtracting from the natural flow the losses anticipated in order 

to ensure the required net yield. To illustrate, Fig. 6 shows an accumulation of 

streamflow OA and an accumulation of demand OB. The curve OA has been adjusted 

by subtracting the expected losses before the plot was made. It a line parallel to OB 

Accumulated discharge ,acre feet 

1 The assistance of Ivan Bauer and Norman Beck in the development of basic data utilized in Fig. 5 

is gratefully acknowledged. 
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is drawn tangential to point a, the beginning of the longest dry, period of record, the 

ordinate de will represent the volume of storage required to maintain a rate of flow not 

less than that represented by the slope of the line OB. 

The mass curve of water utilization need not be a straight line. Figure 7 shows a 

curve of irregular demand plotted with a curve of reservoir inflow for a typical dry 

period. The upper curve shows the cumulative requirements for water use from 

Oct. 1. The lower curve shows the total natural flow in acre-feet from Oct. 1 to May 7 

to be 110,000. On Dee. 15 the total was 15,000 acre-ft; on Apr. 1 it was 40,000 acre-ft; 

likewise the total how from Oct. | to other dates may be read from the curve. The 

maximum vertical distance between the curves is the storage required to meet the 

needs of the project. If the worst period of record is selected for the study, the storage 

requirements are obtained from the mass curve. In the illustration, it was assumed 

that the reservoir was full on Oct. 1, the beginning of the period. The greatest amount 

of storage was used on Jan. 31, 74,000 acre-ft. The reservoir was full again on May 4, 

when the two curves intersected. 

120,000 

{00,000 Mass curve of = May 4 
water utilization reservoi 

full 

Le 

= 
\ 
i—\ 

80000 

60000 

Acre feet Mass curve of 
weekly flow 40,000 

Jan. 31-Maximum draft on storage 74000ac ft 
20,000 

Oct Nov Dec Jan Feb Mar Apr May June 

Fic. 7. Mass curves of water utilization and weekly flow. 

12. Tabular Reservoir-operation Analysis. Where the relation between supply 

and demand is complicated, reservoir planning usually is accomplished by a tabular 

accounting of inflow, reservoir evaporation, release requirements, and reservoir 

storage. In a complex system where several reservoirs, water uses, and points of 

water diversion are involved, this becomes a complicated process. 

Table 2 shows a reservoir-operation study of the critical period for a large reservoir. 

This is a multiple-purpose reservoir, planned for irrigation, power, and such incidental 

flood control as may be possible. The study was on a monthly basis and represented 

the final of several trial-and-error studies to develop the required reservoir size to 

meet specified water-delivery requirements. 

A more complex study is frequently required for a number of alternative proposed 

reservoirs in a major river basin. This is particularly true if some of the reservoir 

sites are alternative to other sites and are for a variety of purposes, such as flood 

control, irrigation, and incidental power. Table 3 shows summarized results from 

such an actual system, with hypothetical names substituted for the actual names 

of reservoirs. 

The results of Table 3 were obtained by detailed system-operation studies carried 

out on a digital computer. It involved a great many more columns of computation 
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TaBLeE 2. RESERVOIR-OPERATING STUDY FOR CRITICAL PERIOD 
All values in 1,000 acre-ft 

Ae = & 
; oe Usable me ES 
irriga- : quired quired 

; inflow 
tion- reser- reser- Change | Reser- 

Inflow between 3 5: ; x 
om water Cn aaee voir Hiaeee voir in voir | Reser- 

Year Month de- ; release é release reser- |storage| voir 
reser- voir ration F | A 

: mands . | to meet for voir at end spill 
voir & andudi-s|ae 

at di- ? irriga- power storage of 
: version ; 

version Bes tion de- month 

dam demand mands 

1950} May 106.7 41.2 RES 29.7 0.3 + 30.1] 190.0 46.6 

June 76.9 Sid i es 36.2 1.2 0 190.0 39.5 

July 33.7 34.3 2.9 ol. 4 exe 0 190.0 ea 

August 19.0 32.9 1.0 sill 1} 1.2 = 14.1 | 175.9 

September ISS.) Sul Al 1.6 29.5 0.9 — 16.8} 159.1 

October tls ga! 24.6 iba) 2o00 0.6 — 11.1] 148.0 

November 12.9 223 0 We 383 0 — 9.4] 138.6 

December 11.9 22.0 0 22.0 0 — 10.1] 128.5 

1951) January 12.0 2200 0 22 0 — 10.5] 118.0 

February lpia 21.1 0 Ph Ue 0 =e) OLE 

March 2175 2308 6.4 16.9 0 19.2 7-89) UPA F! 

April 40.5 36.0 aisu 32.3 0.3 4.9) 12053 

May 52.4 41.2 5.1 36.1 0.3 = 1620!) L36e3 

June 35.9 Sih th 0.8 36.9 i — 2.2) 134.1 

July 19.1 34.3 0 Some i) SS DRA SLL Sz. 

August 15.6 32.9 0.6 32.3 es 2 — L759) 10058 
| La 

September 12.4 Syl oil 0 ileal 0.9 — 19.6] 81.2 

October 16.3 24.6 3.8 20.8 0.6 iluney — 65.8] 75.4 

November 22.6 223 6.8 Leo 0 20.9 oe alecAll weriideal! 

December ise 3} 22.0 3.4 18.6 0 21.8 — 6.5! 70.6 

1952) January 14.3 22ND p7Rt) 20.0 0 21.6 — 7.3) 63:3 

February 20.2 pails ib ae) 15.2 0 210 — 0.8| 62.5 

March 34.5 PAY 3 10.4 12.9 0 22.1 fo eee) 7429 

April 129.5 36.0 14.3 leant, 0.3 +107.5]| 182.4 

May 191.1 41.2 21.8 19.4 0.3 + 7.6] 190.0 163.8 

June 113.0 eyhors Bek oon O 1.2 0 190.0 76.2 
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than shown in Table 2, since several reservoirs had to be considered in each operation. 

Nevertheless, the mechanics of study were basically the same, with accounting of 

such factors as inflow, water requirements, evaporation losses, reservoir storages, 

and outflows. 

The studies made for the mammoth Indus River Basin investigations in West 

Pakistan represent a vast expansion of the type of studies described above. The 

studies involved five major tributaries, two major storage reservoirs, pumped supply 

of groundwater into numerous locations of an irrigation distribution system, five 

points of diversion, and many interconnected canals. The conjunctive operation of 

all these facilities required a method of operation that could only be carried out by 

computer, because of the sheer magnitude of work involved in manual studies and the 

impossibility of eliminating errors in the manual process. 

13. Use of Historical Critical Period. The historical period is frequently useful as 

a basis for analyzing reservoir performance. It affords a demonstration of how a 

project or system has functioned under the various conditions that have been experi- 

enced historically. It has the advantage of being easily understood by the layman, 

since he can visualize what the reservoir wil] do under the worst historical conditions. 

However, the simplicity of this concept introduces pitfalls which should be avoided. 

Reservoir-operation studies of historical flow sequences generally produce con- 

siderable volumes of computations, the very bulk of which may be so impressive that 

it is difficult to retain perspective regarding the limitations inherent in the method. 

However, the dependable yield of a reservoir cannot be more than an informed 

estimate and should not be treated as a precise quantity. 

In using the historical critical period as a basis for design of a reservoir, there is a 

tendency to consider that, because a worse situation has not been experienced his- 

torically, the reservoir will meet the requirements for all time. This obviously is not 

true; a worse situation is always a possibility. There is a tendency also to attach 

undue significance to the sequence of runoff events in the historical critical period. 

This is dangerous because the greatest proportion of runoff is generally a chance 

occurrence of nature. In some streams the runoff of a preceding year or month may 

have some influence, but usually the influence is relatively small. It follows, there- 

fore, that the probability of recurrence of a historical sequence is usually small. 

Investigations should be made whenever possible to determine whether the mag- 

nitude or sequences of runoff in the critical period are comparable in severity with 

other rivers in comparable areas. If the situation is unique, adjustments may be 

necessary. Such adjustments usually have been made in the past on the basis of 

judgment. Recently, however, several investigators have proposed the use of 

parameters which allow area-wide runoff characteristics to be introduced, to influence 

the results obtained from analysis of the records of a single stream. This approach 

is under intensive investigation and development.! 

14. Stochastic Analyses. While it may be possible to use parametric approaches 

to adjust historical flows to obtain a better basis of average yield or of yield for a single 

drought year, it leaves a, question with respect to sequences of flow. The most 

promising approach to the hydrologic design of reservoirs for such cases appears to be 

through stochastic analysis. In this procedure the historical inflow data for a par- 

ticular reservoir are utilized to develop certain statistical parameters and indexes, 

which allow different sequences of inflow to be “venerated’’ by the use of stochastic 

(basically probability) procedures. The statistically generated sequences of flow 

data are then analyzed by any of the traditional evaluation methods (mass curve, 

1Srauy, Joun B., Low Flow of Illinois Streams for Impounding Reservoir Design, I/linois State 

Water Survey Bull. 51, 1964. Goocu, Rosert S., Design Drought Criteria, Proc. ASCE, J. Hydraulics 

Div., March, 1966. 
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tabular methods, etc.). Thus a variety of sequences of monthly and annual inflows 

may be considered, the sum total of which gives an evaluation of the probabilities 

involved. 

There is an inherent psychological advantage to the stochastic approach, since 

the results must be expressed in terms of probabilities. This discourages a false 

sense of security that the design drought period will not be exceeded in severity—a 

feeling which can easily be obtained when the basis of design is the most critical 

period of record. 

The stochastic approach is under rapid development. Although the basic phi- 

losophy, theories, and some procedural matters have been worked out, much remains 

to be done in the development of specific procedures before the approach can be 

considered to be fully operational. The classic work in this field was performed by 

Hurst,! followed by highly significant work by Langbein? and Fiering.® 

To utilize the stochastic approach, it is necessary to develop several statistical 

parameters. These include the values of mean flow, measures of the variability of 

individual occurrences from the mean, and correlations between flows during previous 

periods and the flow during following periods. Although techniques for these anal- 

yses are undergoing rapid change, reference by the reader to the writings of the 

pioneer investigators referred to will provide basic background on the details of pro- 

cedures that may be used. 

After the statistical parameters are developed, they may be used to select random 

values of streamflow. This is the equivalent of “pulling historically observed stream- 

flows from a hat,’’ with proper constraints being applied to assure that unrealistic 

results will not be obtained. These constraints include such factors as the limitation 

on minimum flow that will be randomly selected (obviously it cannot be less than zero 

and usually it will be more) and the effect of the runoff from a previous period on the 

otherwise randomly selected runoff of a following period. 

In using the stochastic approach it is necessary to decide on the number of years 

of record that should be generated and analyzed. While the number of years required 

to produce a result which has a certain probability of accuracy is undoubtedly subject 

to mathematical analysis, procedures have not yet been developed for this deter- 

mination. Some investigators have arbitrarily utilized a 100-year generated record, 

but in some instances comparison of two separately generated 100-year periods has 

resulted in substantially different storage requirements. 

Whatever the period of record that may be generated, it can be done most expedi- 

tiously and economically by use of a digital computer. Programs are available for 

this purpose, and these usually can be combined expeditiously with programs for 

analysis of the performance of the reservoir in meeting a variety of storage and 

delivery requirements. 

The use of stochastic procedures, through development of a stochastic model, 

should not be interpreted as ignoring of historical data. Historical data are used to 

develop means, parameters of variability of flow, and relationships between successive 

flow periods. The only element of historical occurrences which is given small impor- 

tance is the sequence of flows. This, however, is highly desirable since the historical 

sequence represents only one of many possibilities of sequence. The stochastic 

approach attempts, therefore, to put the historical sequence into proper perspective 

as to its probability of recurrence. 

1 Hurst, H. E., Long Term Storage Capacity of Reservoirs, Trans. ASCE, 1951, pp. 770-808. 

2? LancBEIN, W. B., Queuing Theory and Water Storage, Proc. ASCE, Paper 1811, October, 1958. 

Lanepein, W. B., and N. C. Marauas, Information Content of the Mean, J. Geophysical Res., August, 
1962. 

3 Firrinc, Myron B., Queuing Theory and Simulation in Reservoir Design, Trans. ASCE, 1962, 
pt. I, pp. 1114-1144, 
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15. Application of Stochastic Approach. The use of the stochastic approach can 

be demonstrated by studies for a river in the Philippines. In that basin there were 

no runoff or precipitation data available for a large portion of the 1941-1949 period, 

with appreciable periods of record both before and after that time. Accordingly, the 

normal procedure for bridging of the gap in data by correlating runoff with pre- 

cipitation was not possible. 

The storage reservoir proposed for this basin is of the holdover type, with several 

years of drawdown between reservoir fillings. Because of this, it was essential that 

the sequence of runoffs for consecutive years be representative. The assumption 

that the record prior to 1941 would be continuous with the record starting in 1949 

would be open to serious question. Ac- 

cordingly, it was concluded that the best 702 

procedure would be to consider water 

supply on a stochastic basis. 700 
5% probability4 
4 % probability + 

O41 % probability 
i 

In the stochastic analysis new 

sequences of historical flows were gener- 

ated, utilizing the historical flow data as 

the basis. Normal] distribution of the 

historical values about the mean was as- 

sumed in this analysis, except for certain 

controls that were placed on the sequence 

of monthly events. This control was 

developed by plotting successive monthly 

flows, one against the other, to develop 

serial correlations of successive monthly 

flows. 

The generation of monthly stream- 

flows, as well as operation studies neces- 

sary to estimate the dependable outflow, 

was by use of the digital computer. The 

drawdown was determined for four as- 67 

sumed controlled outflows by the digital 

computer, for several 100-year series of 

generated streamflow, and the resulting F16. 8. Reservoir drawdown in critical 

drawdowns were averaged. The results, Pero. 

expressed in terms of 0.1 percent, 1.0 per- 

cent, and 5.0 percent probabilities of occurrence, are shown in Fig. 8. These curves 

furnished a basis for selection of the probabilities of a shortage in water supply that 

could be tolerated in design of the reservoir. 

Minimum drawdown elevation of reservoir, meters 

o (es) @ 

———————————— 8 
4050) 60) 70) 80) 90) 1OOMiO 120 

Regulated Outflow, cu.m.p. sec 

RESERVOIR WAVE ACTION 

16. Freeboard Allowances. The term “freeboard” is frequently used in different 

ways. As defined previously, freeboard must include consideration of the following: 

1. Height of wind tide (referred to also as setup) 

2. Height of waves in deep water generated by winds 

3. Effect of wave run-up on sloping embankments on height of waves 

4. Any additional margin of safety considered necessary 

Final design decisions on freeboard allowances usually involve consideration of the 

type of dam, the situation governing the spillway design flood, and the effect of waves. 

This section is concerned only with wave action. An excellent article by Saville, 
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McClendon, and Cochran! and a manual by the U.S. Corps of Engineers? form the 

basis of procedures given in this section for computing waves. 

17. Basic Assumptions. A number of formulas have been developed for computa- 

tion of heights of wind tide, waves, and run-up. Most of these involve use of wind 

velocity and fetch as basic parameters. While the different formulas will yield dif- 

ferent results, the variation between formulas is frequently not so great as the variation 

possible in results that are due to assumptions as to wind velocity and fetch. Thus, 

the development of reasonable assumptions is of prime importance. 

Wind. The magnitude of wind tide, wave height, and run-up will vary with the 

magnitude of wind velocity and the duration of that velocity. Thus, it is desirable to 

develop wind data on a duration basis, if possible. The proper combination of 

velocity and duration is not always subject to precise determination, although pro- 

cedures are available in the computation of wave heights for determining the minimum 

required time to reach maximum wave heights. Frequently, maximum wave con- 

ditions will not result unless the duration is in the order of 1 hr. Therefore, in 

wind-tide calculations the maximum observed 60-min average wind is frequently taken 

as the first trial for design. This assumption then can be checked against the values 

of wind tides derived as described later. 

Care should be taken to utilize only those wind conditions considered possible of 

occurrence at the same time or immediately following the meteorological conditions 

causing the pool level under consideration. For example, if the spillway design storm 

is not of the hurricane type, the winds used to compute freeboard allowances should 

not be of the hurricane type. 

Fetch. Fetch length is the horizontal distance of open water surface over which 

the wind blows. The use of the greatest straight-line distance over open water in 

wave computations will result in computed wave heights that are too high, since the 

amount of adjoining open water having shorter but significant fetches influences the 

waves. Observations on artificial reservoirs have indicated that use of an “‘effective 

fetch’’ is more reliable. The effective fetch is computed by dividing the 45° angle on 

either side of the maximum fetch line into about 15 equal segments, multiplying the 

fetch length for each segment by the cosine of the angle of deviation from the maxi- 

mum fetch line, and dividing the sum of the products by the sum of the cosines. 

Wind velocities over water are generally higher than over land under comparable 

meteorological conditions, because of lesser roughness. The following values repre- 

sent averages observed on artificial reservoirs: 

Ketch emesis tanec ces none ee eee 0.5 1.0 2.0 3.0 4.0 5.0 (or over) 

over water 
AWW SLI CLT: G1, cece et een tee 1.08 Das L201 1.26 1.28 1.30 

over land 

The maximum potential wind velocity may not always coincide in direction with 

the direction of maximum fetch. If observations of maximum winds of given direc- 

tions are available, the use of the effective fetch length can be carried one step further, 

utilizing the appropriate design wind velocities with the fetches indicated. 

18. Wind Tide. Wind tide, or “setup,’’ is the piling up of water at the leeward 

end of an enclosed body of water, as a result of the horizontal stress on water exerted 

by the wind. The magnitude of wind tide can be expressed by the following modifi- 

1SavILLE, THORNDIKE J., Eumo W. McCuenpon, and AuBert L. Cocuran, Freeboard Allowances 
for Waves in Inland Reservoirs, Trans. ASCE, 1963, pt. IV, pp. 195-226. 

2 Waves in Inland Reservoirs, Tech. Mem. 132, Beach Erosion Board, U.S. Corps of Engineers, 
November, 1962, 
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cation of the Zuider Zee formula: 

UF 

eS 1,400D (3) 

in which S is the wind tide (in feet) above still water, U is average wind velocity (in 

statute miles per hour) over the fetch distance F (in miles), and D is the average depth 

of water along the fetch line (in feet). 

19. Wave Height and Other Characteristics. Wuind-generated waves in a large 

body of water are not uniform in height. Successive waves will not be identical— 

each wave will be preceded and succeeded by a higher or lower wave. Data obtained 

from recordings of 45 storm periods at Fort Peck and Denison reservoirs have shown 

a very close comparison between the observed frequency distribution of wave heights 

on inland reservoirs with observed data on oceans. The following characteristics 

have been observed for the spectrum of waves observed at a given time and place: 

% of total number Ratio of H Ratio of H 

of waves averaged to average to significant | % of waves 

to compute specific | wave height wave height exceeding H 

wave height H Hay Hs 

1 2.66 6 0.4 

5 2.24 1.40 2 

10 2.03 127 4 

3314 1.60 1.00 13 

50 1.42 0.89 20 

100 1.00 0.62 46 

The significant wave height H, is defined as the average height of the highest one- 

third of all waves in a spectrum. As will be seen from the above tabulation, 13 

percent of all waves can be expected to exceed H,. These values would be reached 

at the end of a buildup period and give measures of the variations that can be expected 

in wave-height distributions. H, may be computed by the set of curves in Fig. 9. 

Knowing the effective fetch and the wind velocity, the curve can be entered with these 

values to give the minimum time duration and value of Hs. 

Once the value of H,; is computed, the occurrence frequency of a wave of any 

height can be computed from the preceding tabulation. The design height for waves 

H can be selected on the basis of consideration of frequency of winds of a given magni- 

tude, duration of winds, and frequency of waves of given size. The finally selected 

design height must be a judgment value, involving consideration of the type of dam 

involved, as well. 

20. Wave Run-up on Slopes. A wind-generated wave will be influenced when it 

runs up the slope of an embankment. The effect may be either to increase or to 

decrease the height of the wave in relation to the still-water surface, depending on 

wave characteristics and the slope, roughness, and permeability of the embankment. 

Therefore, the effect of run-up is usually combined with the actual wave height in 

computing allowances for wave action, into a single item designated as wave run-up 

height F. 
In this sense 2 is the vertical distance between the maximum elevation obtained 

by a wave running up an embankment and the water elevation at the toe of the slope. 

The water elevation at the toe of the slope is the still-water elevation plus wind tide. 

Because of the relationship between wave height and run-up, it usually is convenient 

to compute run-up as a function of wave height. 



4-20) RESERVOIR HYDRAULICS 

0.1 OZ OSnO ae OG Olson 2 wo 4h MG & WO 20 30 40 

@ 
Oo 

£& 

ro) 
5 
= 

e Ry 
fo) ton 2 ¥ 

fo) 5 ‘aN vd 

% RN NY So 
fru NJ/ \\ fe) 

s M 
S SN 
E ~ iY 

2 
a7 

Cc E . ni 
SOR OR 

0304 06 08 1 

Effective fetch distance, miles 

Fic. 9. Generalized correlations of significant wave heights H; with related factors (deep- 
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represent minimum wind duration, in minutes, required for generation of wave heights 
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Vic. 10. Generalized relations between wave periods (7) and related factors (deep-water 

conditions). (Beach Erosion Board, U.S. Corps of Engineers, Tech. Mem. 132.) 
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The wave characteristics are represented by the wave steepness ratio Ho/Lo, where 

Hy = specific wave height and L) = wave length, measured from crest to crest, in 

deep water. H may, for practical purposes in deep reservoirs, be taken as equal to H. 

Ly may be computed from the following formula: 

Lo = 5.12T? (4) 

where 7’ is the wave period, which may be determined from Fig. 10. This wave period 

is approximately the same for waves ranging between the significant wave H, and 
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Fria. 11. Wave run-up ratios vs. wave steepness and embankment slopes. (Trans. ASCE, 
vol. 128, 217, 1968.) 

the maximum wave Hymax. Thus, in deep water the Lo determined for the wave 

steepness ratio can be used for any value of H between Himax and H,. Deep-water 

conditions can be considered to be present when the depth at the toe of the slope is 

more than one-third of the calculated wave length. 

Using the values of Ho and Lo, the effect of run-up on wave height may be com- 

puted from Fig. 11. Curves are shown for smooth slopes and for rubble mounds. 

Smooth slopes include surfaces such as well-graded earth embankments covered with 

sod and asphalt or concrete facing. Run-up on hand-placed riprap slopes approaches 

that computed for smooth slopes. Run-up on dumped riprap slopes can be considered 

to be about 50 percent of computed run-up on smooth slopes. 
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21. Total Allowance for Wave Action. The total allowance for wave action is the 

sum of the following: 

1. Wind tide, computed as in Art. 18 

2. The combination of wave height and wave run-up, utilizing wave height as 

computed in Art. 20 and the ratios shown in Fig. 11 

RESERVOIR FLOOD ROUTING 

Routing of floods through reservoirs is far simpler than through river channels, 

because of the unique relationship existing between reservoir stage and discharge. 

This relationship is established from the discharge characteristics of the reservoir 

outlets and the spillway, as they relate to reservoir elevation. 

A number of methods have been developed for flood routing. Two methods, each 

of which has advantages, are presented here. The arithmetic method has the advan- 

tage of easy checking and filing. Also, because it utilizes curves developed from small 

differences, it possesses greater accuracy in reading of curves than most arithmetic 

methods. The graphical method has the advantage that variable time periods can 

be used, which is not easily possible with the arithmetic method. 

200,000 

150,000 | 

100,000 | 

Outflow (Q), cfs 
50,000 4 | 

0 
300,000 400,000 500,000 600000 

S+ nO six hour -cfs 

Fic. 12. Working curve for reservoir flood routing. Routing interval, 6 hr. 

22. Arithmetic Method. [For any time interval, the storage equation can be 

expressed as 

r= (S- 8) +($ +9) (5) 
a 

in which J = average inflow during period 

S, and S, = storage at beginning and end of period 

Q; and Q: = outflow at beginning and end of period 

This may be rewritten as 

ea (6) 
2 By 

If we let S — Q/2 = (S + Q/2) — Q, then, substituting, in the first step, 

(+9 —-Q+1=S8. . @ 

Also, in the second step, 

ays 3 Qs S» 5 Q + Ip = 83 = (8) 

If S and Q for the first step are known, and J for all steps also is known, the equa- 

tions can be solved by a curve relating (S + Q/2) to Q (for a given time interval). 

A typical curve for this purpose is shown in Fig. 12. This curve is constructed from 

data on reservoir volume and spillway discharge, as related to reservoir elevation. 

Since Q is small with respect to (S + Q/2) the routing can be carried out utilizing a 

much smaller sheet of graph paper than would be required to obtain similar accuracy 

with the usual graphs relating (S + Q/2) to (S — Q/2). 
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Utilizing Fig. 12, the routing can be carried out in the following manner: 

6-hr Item in Volume, Origin of 

period routing 6 hr, cfs value 

1 Q 2 
S+ x 300 ,000 Known 

-Q 0 Known 

+1 40 ,000 Given 

2 Q : 
S+ ay 340 ,000 Algebraic sum 

—Q 23,000 From Fig. 12 

apie 80,000 Given 

2 S +> = 397 ,000 Algebraic sum 

—Q 60,000 From Fig. 12 

+I 150,000 Given 

. Sip e 487 ,000 Algebraic sum 

-—Q 118,000 From Fig. 12 

+I 90,000 Given 

S+ 2 459 ,000 Algebraic sum 
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Fic. 13. Sorensen graphical method for routing floods, 
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23. Graphical Method. The equation for reservoir flood routing also may be 

expressed as 
dV TS 9 
Onl : Q cy) 

in which reservoir volume V = fi(h) 

inflow I = f3(7') 

outflow Q = fo(h) 

1 I ‘yy so that WAM) + ach) = fal) (10) 

Figure 13 shows the graphical solution of Eqs. (9) and (10). Curve 1 is plotted 

with coordinates Q and V. Curve 3 is plotted with coordinates h and V (reservoir 

Trg. 14. Graphical adjustment for wedge storage. 

volume curve). Both h and @ can be plotted as functions of time as the graphical 

solution progresses. As f3(7’) = J, it is convenient to plot the inflow hydrograph to 

the same scale as Q. Then line 2 can be drawn by projecting horizontally from the 

average value of J for each period AT’. 

If wedge storage is to be considered and is known, a family of curves may be 

drawn for curve 1, each labeled with the appropriate value of 7. Then, as shown in 

Fig. 14, the curve corresponding to /; is used for the initial point hy and the curve cor- 

responding to J» is used for the final point h2. However, curve 1 corresponding to 

zero wedge storage must be used for projecting to curve 3 in obtaining the plot of h 

against time. 



SECTION 5 

NATURAL CHANNELS 

By RussELL W. REVELL 

INTRODUCTION 

1. Flow Characteristics. Of the several types of open-channel flow, only those 

commonly found in natural channels are discussed here. 

Flow in natural channels is varied because the depth changes along the channel. 

It is gradually varied if the change in depth is gradual and rapidly varied if the change 

is abrupt. Flow in natural channels is almost always turbulent flow with water 

particles moving in an irregular pattern. Viscous forces are small compared with 

inertial forces. The Reynolds number is less significant than the Froude number F 

(Sec. 2), which expresses the relationship between inertial forces and gravity forces. 

In the case of natural streams, the length characteristic L is the hydraulic mean 

depth.! 

The commonest flow in natural channels is subcritical flow in which V < +/gD 
and F is less than unity. The flow is termed tranquil and the velocity is less than the 

velocity of gravity waves so that downstream conditions affect the depth of flow. In 

critical flow V = +/gD and the water-surface profile is usually marked by standing 

waves. Insupercritical flow V > +/gD and the flow is described as rapid or shooting. 

Downstream conditions cannot affect the depth of flow. This section is concerned 

with subcritical flow. 

HYDRAULICS OF NATURAL STREAMS 

2. Discharge Formulas. Bernoulli’s theorem applied to open channels states that 

the sum of the water-surface elevation and velocity head at any section is the same as 

at any upstream section minus the intervening loss in head. In Fig. 1, 

Z: the, = Z, +h, + hy + other losses (1) 

where Z = elevation of the water surface above some datum 

h, = velocity head at the indicated cross section 

hy = head loss in reach due to friction 

1 = length of reach 

Although the velocity head is usually assumed to be V*/2g, where V is the mean 

velocity and g is the acceleration of gravity, this is not strictly true where velocity 

distribution is nonuniform. The true velocity head, in energy computations, is 

aV?/2g where a is the energy coefficient. Kolupaila? proposed values of @ for natural 

channels ranging from 1.15 to 1.50 with an average of 1.30. This refinement is 

frequently omitted where velocities are low. 

Water flowing in a channel continually loses energy to its surroundings. This 

loss is expressed as the slope of the energy gradient. In Fig. 1 the energy gradient is 

(hy + other losses) /l. Discharge formulas define the relationship between the 

1CHow, Ven Tz, ‘‘Open-channel Hydraulics,’ McGraw-Hill Book Company, New York, 1959. 

2 KouupaiLa, Steronas, Methods of Determination of the Kinetic Energy Factor, The Port Engi- 

neer, Calcutta, India, 5 (1), 12-18, January, 1956. 

5-1 
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Fic. 1. Energy profile in open-channel flow. 

friction slope h;/l, the discharge, channel roughness, and the geometry of the channel 

cross section. 

The other losses shown in Fig. 1 may result from stream curvature, form factors, 

contractions at bridges, and other channel obstructions. If these losses are fairly 

uniformly distributed along the channel, they are included in the friction head hy. 

If not, they must be computed separately, as explained in Art. 5. 

The Manning formula (Sec. 2) is by far the most commonly used in the United 

States for determining flow in natural channels. The Chezy formula (Sec. 2), the 

Ganguillet and Kutter formula (Sec. 2), and the Darcy-Weisbach formula (Sec. 2) 

are also in use. The values represented by the terms of these discharge formulas all 

vary from place to place in natural channels and also vary with discharge. Therefore, 

application of discharge formulas to natural channels is usually less accurate than 

for artificial channels. For this reason, their use for natural channels usually is 

restricted to relatively short reaches where reliable average values of the terms can 

be determined. 

3. Roughness Factor. In the discharge formulas referred to in Art. 2, the resist- 

ance to flow is evaluated by roughness factors: n in Manning’s and Kutter’s formulas, 

C in the Chezy formula, and f in the Darcy-Weisbach formula. 

Energy losses in turbulent flow are due primarily to skin friction, internal dis- 

tortion, and impact. Roughness factors cover all these losses. Discharge formulas 

are empirically derived. The roughness factors are adjusted to make the formulas 

fit observed data. The formulas then will give reliable results for flow conditions 

having a similar roughness factor. For most flow conditions, impact will be small, 

and it is not too difficult to select a roughness coefficient that will account for the skin 

friction and the internal distortion. In natural streams having steep slopes and high 

velocities, large impact losses result from channel irregularities or obstructions that 

would cause only negligible impact losses for lower slopes and velocities. In such 

case, the n values must be substantially increased unless the additional impact losses 

are otherwise accounted for. 

The effective roughness of a channel depends as much on the concentration of the 

roughness elements as it does on the size of the elements. The greatest effective 

roughness is found when the roughness elements cover from 15 to 25 percent of the 



HYDRAULICS OF NATURAL STREAMS 5-3 

channel.! Greater concentrations reduce rather than increase the distortion of the 

flow caused by the roughness elements. 

A comprehensive discussion of roughness factors is given in a report of the Amer- 

ican Society of Civil Engineers.? 

4. Values of n for Natural Streams. Manning’s formula is convenient to use with 

natural streams. Its n value can be computed if all the other terms are known. An 

n determined for one stage might not be usable at a significantly different stage because 

of differences in impact losses and changes in configuration, and because n varies 

slightly with hydraulic radius. When the bed is moving sand, dunes are formed on 

its bottom which significantly increase the n value over what it would be at lower 

velocities when the bed is not moving. There are no adequate criteria as to when the 

bed movement starts. 

Where n cannot be computed directly, it must be estimated. This can be done by 

visually comparing the roughness of the channel with that for other channels of known 

roughness, or from descriptive tables of m values. Errors in estimating n values 

result in equal and opposite percentage errors in computing velocity and discharge. 

Therefore, care in selecting n values should be consistent with desired accuracy. 

Values of n for natural channels are given in Tables 1 and 2. 

TABLE 1. VALUES OF n IN MANNING’S ForRMULA FOR NATURAL STREAMS 

DETERMINED BY R. E. Horton* 

Condition of stream bed 

Natural-stream channel 

Best Good Fair Bad 

1. Clean, straight bank, full stage, no rifts or deep pools..| 0.025 0.0275 0.030 0.033 

2. Same as 1 but some weeds and stones................ 0.030 0.033 0.035 0.040 

3. Winding, some pools and shoals, clean. reas bee eOn0Sa 0.035 0.040 0.045 

4. Same as 3, lower stages, more ineffective? Blepen ad 

BOCCOUS Para es ee eo eee ae aah ore reget aS Seen) 05040 0.045 0.050 0.055 

5. Same as 3, some weeds and stones..................- 0.035 0.040 0.045 0.050 

Ga Samoias 45 stony, reachesmnngn. cr cassettes thom Paras 0.045 0.050 0.055 0.060 

7. Sluggish river reaches, rather weedy or with very deep 

BOO Say ee Na ye eee Meth ticasts eater sie ae Let tones harem carton eng 0.050 0.060 0.070 0.080 

Sim VERY LWeOG Ye TEACHES rn ste mialers crak ercine tend eneuamrestnr sn uetard 0.075 0.100 Ont25 0.150 

*CorbetTT, Don M., and Oruers, Stream-gaging Procedure, U.S. Geol. Survey Water Supply 

Paper 888. 

Although Horton’s n values originally were intended for use with the Kutter 

formula, they are also applicable to Manning’s formula.’ 

Another approach to the determination of n values is the one used by the U.S. 

Soil Conservation Service, as shown on page 461 of ‘Design of Small Dams’’ by the 

U.S. Bureau of Reclamation.4 This method, shown in Table 2, gives a much clearer 

definition of just what kind of energy losses is included in the roughness coeflicient n. 

1 Rousn, Hunter, Critical Analysis of Open Channel Resistance, Proc. ASCE, J. Hydraulics Div., 
July, 1965. ; 

2 Task Force on Friction Factors in Open Channels of the Committee on Hydromechanics of the 
Hydraulics Division of the American Society of Civil Engineers, Friction Factors in Open Channels, 
Progress Report, Proc. ASCE, J. Hydraulics Div., 89 (HY2), pt. 1, March, 1963. 

3Corpetr, Don M., and Oruers, Stream-gaging Procedure, U.S. Geol. Survey Water Supply 
Paper 888. : 

4U.S. Burpav or RecvamMatTion, “Design of Small Dams. 
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TasLe 2. Som ConservATION Service Mrruop or DETERMINING n VALUES 

Steps: 

Assume basic n 

Select modifying n for roughness or degree of irregularity 

Select modifying n for variation in size and shape of cross section 

Select modifying n for obstructions such as debris deposits, stumps, exposed roots, and fallen logs 

. Select modifying n for vegetation 

. Select modifying n for meandering 

7. Add items 1 through 6 

Qoarwnre 

Aids in Selecting Various n Values: 

1. Recommended basic n values 

Ghannelsanrearthw 5. e cn. 0.010 Channels in fine gravel. ..57..004 o= 2c. 0.014 

Cbharrnels in tock. oe... mc. cen 0.015 Channels in coarse gravel.............. 0.028 

2. Recommended modifying n value for degree of irregularity 

Smootbienseeecdago ves vecursmeates 0.000 MEO era bel veancemrscrolsaneiake erste eae 0.010 

IMIR ODA ance ae at re er heen 0.005 S@Viere ee crc ae hen cess MRE eure 0.020 

3. Recommended modifying n value for changes in size and shape of cross section 

Grad Wal crekace scene ayer 0.000 He CUEING ary usta cher ena) onan 0.010-0.015 

Occasionaleesesatenncscner eee 0.005 

4. Recommended modifying n value for obstructions such as debris, roots 

Negligible effect... c..cc02 225.5%: 0.000 Appreciableefiect: .4...4.. .sh5 ..aie estos 0.030 

BDO PAU enouaedecdauesucent 0.010 Severerettectisc. merase otises eel oe cee 0.060 

5. Recommended modifying n values for vegetation 

Low Gettin aiiccww eee 0.005-—0.010 High effect oc :.. a6 cccen «one soe ees 0.025-0.050 

Medium effect........... 0.010-0.025 Very: high eftect.«..5 oa occas 0.050-0.100 

6. Recommended modifying n value for channel meander 

Ls; = straight length of reach Lm = meander length of reach 

Lm/Ls n 

1.0-1.2 0.000 

2-15 0.15 times 7s 

>1.5 0.30 times ms 

where ns = items 1+2+3+4+5 

5. Curvature, Form Factors, and Other Losses. The n in Manning’s formula 

normally accounts for the friction from the roughness of the channel boundary and 

for normal internal distortion. Other losses in natural channels result from velocity 

disturbances caused by curvature of the channel, bank irregularities, expansion or 

contraction of the channel, and obstructions in the channel. These cause abnormal 

internal distortion and impact losses. Before applying additional corrections for 

such losses, the selected m value should be carefully reviewed to determine whether 

or not it already accounts for these losses. 

Losses not covered by the n value usually are expressed as percentage of velocity 

head or percentage of changes in velocity head. Bends in natural channels induce 

energy loss in addition to that from an equal length of straight channels. Spiral 

flow is induced in and below the bend, with the water near the surface being deflected 

toward the outside of the bend and water near the bottom being forced toward the 

inside of the bend. Also, the water-surface elevation on the outside of the bend is 

somewhat higher than on the inside, because of the centrifugal force.! 

Few quantitative data are available on the head loss in bends in natural channels. 

Experimental observations on losses in bends are largely restricted to artificial chan- 

nels where variables can be controlled. Adapting head losses for artificial channels 

to natural channels requires considerable judgment. 

Yen and Howe? list three sources of additional head loss due to bends: internal 

1 Buu, F.L., Jr., J. K. Herpert, and R. L. Lancerietp, Flow around a River Bend Investigated, 
Civil Eng., 4 (5), May, 1934. 

2 Ypn, C. H., and J. W. Howe, Effects of Channel Shapes on Losses in a Canal Bend, Civil Eng., 
12 (1), January, 1942. 
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friction from secondary currents in and below the bend, reduction of effective cross- 

sectional area due to eddies accompanying separation of flow from the bank, and loss 

of head due to repeated velocity changes. These combined effects can exceed those 

of boundary friction. They found the energy loss due to a 90-deg bend with uniform 

width of 11 in. and 5-ft radius of curvature to be 

2 

Hy = 0.380 (2) 

where H, = head lost in the bend, ft 

V = mean velocity in the approach section, fps 

g = acceleration of gravity 

Experiments by Scobey! on the flow of water around bends in flumes indicated 

that Manning’s n value should be increased by 0.001 for each 20 deg of curvature 

per 100 ft. 

Yarnell and Woodward? found the loss in 180-deg bends in flumes to be 

channel width V2 
Hy, — 0.21 = > aa 

inner radius 2g (3) 

A rough empirical guide for energy loss due to expanding or contracting sections 

follows: In a contracting section the energy loss due to contraction is considered to 

vary from 10 percent of the difference in velocity head where the contraction is gradual 

and smooth to 50 percent where the contraction is abrupt. For expanding sections, 

the energy loss is considered to vary from 20 percent of the difference in velocity head 

where the expansion is gradual and smooth to 50 percent where the expansion is 

abrupt. 

Other sources of energy losses are channel obstructions such as bridge piers, which 

have been covered in technical literature. Such losses are discussed in Art. 11. 

DETERMINATION OF DISCHARGE 

6. Methods. Discharge in natural channels usually is determined from current- 

meter measurements, from evaluating the terms in formulas for turbulent flow, as in 

the slope-area method, by special indirect methods utilizing known hydraulic prop- 

erties, or for small streams, from weir measurements. 

7. Weir Measurements. Weir formulas are derived from experiments; so the 

geometry and approach conditions of the weir must be similar to those of the experi- 

mental weir from which the formula was derived. In addition, the underside of the 

nappe must be well ventilated so that the pressure will be atmospheric. 

The use of weirs for determining discharge of natural channels is limited by the 

difficulty of obtaining free overflow conditions for the ranges in discharge usually 

experienced and, for larger streams, by installation cost. In addition, variable 

approach conditions often cause the discharge to vary appreciably from that indicated 

by weir formulas. Therefore, where accuracy is required, weirs in natural channels 

should be rated frequently by current-meter measurements rather than depend on a 

weir formula. 

An outgrowth of the weir for natural channels has been the artificial control whose 

purpose is to stabilize the stage-discharge relationship rather than to fit a standard 

weir formula. The artificial control creates supercritical velocity up to the stage at 

1 Scopny, Prep C., The Flow of Water in Flumes, U.S. Dept. Agr. Tech. Bull. 398. 

2YarRNELL, Dayip L., and SaprMan M. Woopwarp, Flow of Water around Bends, U.S. Dept. 

Agr. Tech. Bull. 526. 
3 YARNELL, Davin L., Bridge Piers as Channel Obstructions, U.S. Dept. Agr. Tech. Bull. 442, 1934, 

Liv, H. K., J. N. Brapuny, and E. J. Puarn, ‘Backwater Effects of Piers and Abutments,”’ prepared 
by the Civil Engineering Section, Colorado State University, Fort Collins, Colo., in cooperation with 

the U.S. Bureau of Public Roads, October, 1957. 
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Fic. 2. Price-type current meter (U.S. Geological Survey). 

which it becomes ‘‘drowned out,’’ thereby eliminating any effects of changing channel 

conditions downstream for such stages. The control must be rated by discharge 

measurements or model studies. It is subject to the same inaccuracies due to chang- 

ing upstream pool conditions as are welrs. 

8. Current-meter Measurements. Current-meter measurements offer a relatively 

accurate method of determining flow in natural channels. Current meters have a 

rotating element actuated by the current, a device for indicating rotations of this 

element, and usually fins for orienting the meter with the current. The rate of 

rotation of the rotor indicates the velocity of the water. There also must be a device 

for lowering the current meter to the desired depth below the water surface. The 

commonest current meter in the United States is the Price-type meter shown in Fig. 2. 

It gives reliable results for velocities ranging from about 0.1 to more than 15 fps. 

With this meter, an electric circuit is completed with each rotation, or each fifth 
rotation, of the rotor by a cam touching an electrical contact. The closing of the 

circuit causes an audible signal in an earphone. The circuit consists of a dry-cell 

battery, the meter, and the earphones connected in series. 

Current-meter measurements in shallow water can be made by wading with the 

current meter mounted on a sliding support on a graduated wading rod which indicates 

the water depth. One electrical lead is attached to one of the electrical contacts of 

the current meter and the other to the wading red. The circuit is completed through 

the metallic body of the current meter and the wading rod. 

Discharge measurements for deeper rivers are made from a cableway, bridge, or 

boat with the meter mounted above a streamlined sounding weight. ‘The meter is 

supported by a thin steel cable with an inner insulated conductor. The outer part 

of the cable is connected, through a special] connector, to the current-meter body and 

the inner conductor is connected to the electrical contact of the meter. The sounding 

cable can be paid out from a graduated sounding reel or handline. These and other 

auxiliary items of equipment are described in U.S. Geological Water Supply Paper 

888.1 

If a double-conductor cable is not available, a separate insulated conductor can be 

attached to the contact point of the meter, but this increases the drag in swift water. 

Another solution is to use a single-conductor sounding cable insulated from the body 

of the current meter. A short electrical conductor connects the cable to the contact 

point of the meter. A separate bare wire is trailed in the river, completing the circuit 

by the conductivity of the river water. For this circuit the sounding cable must not 

be grounded. A rating table is furnished with each current meter. 

In making a current-meter measurement, it is essential to measure the cross- 

sectional area of the river with an accuracy comparable with that used in determining 

1CorpeTT, Don M., and Orumrs, Stream-gaging Procedure, U.S. Geol. Survey Water Supply 
Paper 888. 
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velocities. The cross section should be as nearly at right angles with the current as 

possible and far enough downstream from tributaries or channel obstructions for 

normal velocity distribution to be fully developed. The depth is measured at known 

distances from a reference mark on shore. A convenient method for wading or boat 

measurements is to string a tagline across the river with markers at convenient 

intervals. For measurements from a cableway or bridge, the cable or bridge railing 

can be marked with paint at convenient intervals. 

The average velocity, from top to bottom, is determined at each sounding point. 

When velocity distribution is normal, as will be found at a well-located measuring 

section, the average of the velocities at 0.2 and 0.8 of the distance from the water sur- 

face to the bottom will represent the average velocity in that particular vertical within 

close limits. Where shallow depths do not 

permit placing the current meter at 0.8 a 

depth or where reduced accuracy can be 

tolerated, the velocity at a single point 0.6 | 

of the distance from the surface to the 

bottom can represent the average velocity “ 

in the vertical. Where vertical velocity 

distribution is abnormal, it is advisable to 

measure the velocity at 0.2, 0.6, and 0.8 of 

the distance from the water surface to the 

bottom and let the average of the three 

velocities represent the average velocity in 

the vertical. In positioning the current 

meter, it is the axis of the meter that must 

be at the indicated depths, not the bottom 

of the sounding weight. 

Verticals are selected across the river so 

that the discharge represented by each 

vertical is a reasonably uniform percentage 

of the total discharge. A good rule is to 

keep this percentage from exceeding 5 

percent. This usually can be accomplished 

with about 30 verticals. The probable 

error of a measurement with 30 verticals is 

only about two-thirds that for a measure- 

ment with 15 verticals.’ : rays Fie. 3. Position of sounding weight and 
Two common causes of inaccuracies in soundiagalne (Uns (Geusmcal Sue) 

discharge measurement are failure to 

compensate for elements of the current not being at right angles to the measuring 

section and failure to compensate for the vertical angle of the sounding cable when 

the meter is cable-supported. 

The horizontal-angle correction, when required, is made at each subarea. It is 

most conveniently made by multiplying the mean velocity in the vertical by the cosine 

of the deviation of the current from a perpendicular to the measuring cross section. 

In discharge measurements from a bridge, boat, or cableway, the depth is com- 

monly determined by positioning the bottom of the sounding weight at the water 

surface, then lowering it to the river bottom and noting the amount of sounding 

cable paid out. The sounding weight will be carried downstream by the current, 

causing the sounding cable to be slanted as shown in Fig. 3. 

Apex of vertical angle 

in sounding line 

Vertical angle 

Water surface 

Current ——> 

River bed 

1 Carter, Routtanp W., and Irvina E, Anpprson, Accuracy of Current Meter Measurements, 

Proc. ASCE, J. Hydraulics Div., 89 (HY4), July, 1963. 
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The amount of cable paid out ce will be greater than the depth of the water by the 

amount cd, called the dry-line correction, plus the difference between the curved length 

de and the true water depth, called the wet-line correction. These corrections may 

be determined from tables of correction which are available in U.S. Geological Survey 

publications.! 

Dry-line corrections can be dispensed with, even with the meter supported from a 

considerable distance above the water, if the tag method is used. In this method, 

tags of fabric or other material are firmly attached to the sounding cable at fixed 

distances above the bottom of the sounding weight. The sounding weight is lowered 

to the bottom of the river. It then is raised until the highest submerged tag is at 

the water surface. The sounding weight is again lowered to the bottom and the 

additional sounding line that is paid out is measured with the sounding reel or other 

device. Since the vertical angle changes little when the sounding weight is close to 

the bottom, the wet line will have been measured in its entirety, it being the distance 

from the bottom of the weight to the tag plus the additional line paid out. It is still 

necessary to measure the vertical angle to obtain the wet-line correction. 

The amount of the sounding corrections can be reduced with the accuracy of the 

discharge measurement increased by using heavier sounding weights, thereby reducing 

the vertical angle. 

It is sometimes necessary to measure the discharge under an ice cover on a river. 

The effective depth is the distance from the underside of the ice cover to the river 

bottom. If the effective depth is sufficient, the mean velocity in the vertical can be 

found by averaging the velocity at 0.2 and 0.8 of the effective depth. For smaller 

effective depths the mean velocity in the vertical is found by multiplying the velocity 

at 0.5 of the effective depth by 0.88. 

Discharge measurements in winter sometimes encounter anchor ice, which is a 

slushy type of ice attached to the streambed. Since the sounding weight and current 

meter will sink through this layer of anchor ice, care must be used in noting its top 

surface. This surface should be considered to be the river bottom for purpose of 

computing the discharge measurement. Its surface can be detected as the point at 
which the current meter ceases to register any velocity. 

9. Area-Velocity Method. Computation of discharge from a current-meter 

measurement is most conveniently performed by the area-velocity method, as shown 

in Fig. 4. The cross-sectional area is divided into many small areas of measured size, 

Amit area 

Fia. 4. Subdividing the cross section. 

as explained in Art. 8, and the mean velocity is determined for each area. The sum 

of the incremental products of area and velocity is the total discharge. 

An incremental area is found by multiplying the depth at each vertical by the 

sum of half the distances to each adjacent vertical. The average velocity in the 

vertical is taken to represent the average for the entire incremental area. 

10. Slope-Area Method. Practical considerations sometimes prevent making dis- 

charge measurements during floods. The slope-area method is useful for determining 
such flood discharges from field data. It is essentially the reverse of computing n 
from field data as explained in Art. 4. It makes use of an open-channel formula, 

1CorsetT, Don M., and Orners, Stream-gaging Procedure, U.S. Geol. Survey Water Supply 
Paper 888. 
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usually Manning’s formula. The following conditions are desirable for a slope- 

area reach: 

1. Sufficient high-water marks to determine the flood-crest profile along each 

bank 

2. A single, fairly uniform channel with no significant gain or loss in the reach 

3. No significant erosion or deposition in the reach during or following the flood 

Cross sections, at least two and preferably three, are surveyed. They are so 

spaced that the fall between them can be measured accurately, but close enough 

together so that uniformity of conditions in the reach is not sacrificed unduly. Ele- 

vations in the cross sections should be to the nearest tenth of a foot, and in the profiles 

to the nearest hundredth of a foot. Where there are pronounced breaks in the slope 

or roughness of a cross section, such as between main channel and overbank areas, the 

conveyances are computed separately for each subsection. 

The discharge will not be reliable without an accurate determination of n; so con- 

siderable care should be given to its selection. A contracting section is preferable to 

an expanding section because the effects of errors in determining n are reduced. 

Since the submerged cross sections almost certainly will have different areas, 

velocity-head corrections must be made to determine the energy gradient. If there 

are large variations of velocity in a cross section, the velocity head must be determined 

from weighted velocity heads for different parts of the cross section. 

In making the computations, approximations of discharge will have to be tried 

until the proper discharge is found that will give compatible values of energy gradient 

and surface gradient. 

11. Indirect Determinations. A contracted section in a channel causes an abrupt 

drop in water surface due to conversion of static head to velocity head. A contracted 

bridge opening is a typical example. This drop can be used to determine discharge, 

using Bernoulli’s theorem of continuity of head. The equation for discharge through 

the contracted opening is 

kA Ne H lee } 4 Q = kA \29 (H+ 5 - hy) (4) 

where Q = discharge 

k =a coefficient for sharp-edged or square entrances, usually ranging from 

0.90 to 0.95 
A = effective area of the most contracted section (eliminating parts of the 

cross section not contributing to the flow) 

g = acceleration due to gravity 

H = drop in water surface due to the contraction 

V2/2g = velocity head in the approach section 

h; = loss in head due to friction 
A sketch of the site will aid materially in making the computations. Longitudinal 

profiles upstream and downstream from the contraction, when extended to the point 

of contraction, will give the value of H. If the determination is made later from flood 

marks, care must be exercised to eliminate the effects of standing waves in the down- 

stream profile. Velocity head in the approach section can be determined from the 

cross-sectional area by trial and error. The friction loss hy ean be determined from 

Manning’s formula using for the average velocity the square root of the average of 

the squares of the velocities in the approach section and in the contracted section. 

The value of hy has a minor effect in short, abrupt contractions. 
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STREAMFLOW RECORDS 

12. General Requirements. Unlike many other resources, streamflow is an ever- 

varying quantity. Consequently, records of streamflow must be kept over a long 

period before average streamflow and streamflow variability at a particular place can 

be evaluated accurately. Therefore, if streamflow records are not available at or 

near asite, astream-gaging program should be initiated as soon as the need for records 

becomes apparent. Fortunately most important rivers in the United States have 

some kind of flow record. The U.S. Geological Survey alone operates approximately 

7,500 stream-gaging stations, and many others are operated by various public and 

private agencies. 

Frequently a streamflow record is too short to provide the required information. 

Usually it is possible to extend a short record by correlating it with a much longer 

record at some other point on the river or on a nearby river. Sometimes recourse 

must be had to correlating a short streamflow record with a much longer precipitation 

record, although this is usually less satisfactory. 

For some purposes, such as power studies or reservoir-operation studies, it is 

important to have a long sequence of streamflow data. It is common practice to 

assume the historical sequence of streamflows, but this limits the length of the sequence 

to the length of the record and may not adequately reflect the probabilities of unusual 

events. If the record is sufficiently long to define average conditions and variations, 

it can be extended to any length by stochastic procedures using statistical parameters, 

as explained in See. 4. 

The accumulation of streamflow records requires three steps: (1) the collection of 

stage or gage-height records, (2) the determination of the relationship between stage 

and discharge, and (8) the computation of discharge from stage using this relationship. 

13. Gage-height Records and Recorders. The record of river stage is derived 

from periodic readings of a nonrecording gage, usually a graduated vertical staff gage, 

or obtained continuously from a water-stage recorder. The site for a river gage should 

be selected carefully. For best results: 

1. There should be a good control section, such as a rocky riffle, a short distance 

downstream of the gage to provide a stable relationship between stage and discharge. 

2. The gage should be on a reach which is fairly straight and with a stable cross 

section. 

3. The site should not be subject to variable backwater such as would result from 

a confluence with another river a short distance downstream. 

4. There should be a section fairly near the gage suitable for current-meter 

measurements. 

5. Conditions for installation of the gage should not be difficult. 

6. The site should be accessible under all weather and river conditions. 

7. Suitable personnel to serve as gage readers and to perform minor services 

should be available nearby. 

8. The site should be as near as practicable to the site for which streamflow 
records are required. 

Frequently it is impossible to obtain all desired features. For instance, large 

rivers usually do not have suitable control sections. 

Nonrecording gages are adequate for rivers where the stage changes gradually, 

provided a reliable gage reader is available. On the other hand, flashy streams would 

require very frequent gage readings to provide a good record of stage. Therefore, 

most river gages are provided with an automatic water-stage recorder. 

Water-stage recorders make a continuous ink or pencil trace of stage on a moving 
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graduated chart or print the stage on moving tape. Cylindrical charts mounted on 

revolving drums commonly provide a record of stage for a day, week, or month. Long 

strip charts passing over rollers will provide a record for up to a year at normal rate of 

chart movement. Some continuous recorders will operate unattended for several 

months. For every recording gage installation there should be a nonrecording gage 

to which the recorder is referred. 

Water-stage recorders usually are actuated by a float in a stilling well in which 

the water level is maintained at the same level as in the river by connecting intake 

pipes or openings through the wall of the stilling well. The size of the intake or 

opening should be such as to dampen out waves and surges in the river, yet allow the 

water surface in the stilling well to follow every change in stage of the river. 

Stilling wells embedded in the river bank are fitted with intake pipes, usually two 

or more at different levels in case one becomes clogged with sediment. The lowest 

intake pipe should be lower than the minimum expected stage. The stilling well 

should extend far enough below the lowest intake pipe to provide a sump for the 

accumulation of sediment, which should be removed periodically. The intake pipes 

should be fitted with flushing devices for streams carrying sediment. 

If the stilling well is large enough for access there should be a staff gage attached 

to the inside wall. The recorder should be set to read the same as this gage. For 

smaller stilling wells the recorder should be actuated by a graduated tape reading the 

same as the outside staff gage. Differences in clevation between the river surface 

and the water surface in the stilling well indicate faulty intake action or drawdown 

of the gage well due to the velocity of the water past the end of the intake pipe. 

Stilling wells sometimes are attached to bridge piers or abutments or to river walls. 

In such cases a small opening allows access of river water but dampens out waves and 

surges. Small-diameter stilling wells in deep water sometimes are fitted with a cone 

at the bottom with a small hole which serves as an intake and also permits escape of 
sediment that otherwise would accumulate in the well. 

In cold climates, precautions must be taken to prevent the float from freezing to 

the water surface. One method is to set the stilling well deep in the river bank and 

then construct a floor as a frost barrier across the gage well below the freezing level 

of the ground with provisions for the float cable, and sometimes for the float, to pass 

through the floor. Another solution is to place the float in a vertical cylinder open at 

both ends. A lght oil or kerosene is poured into the cylinder. The recorder float 

then floats in the oil. The water in the stilling well outside the cylinder is allowed 

to freeze. 

Where range in stage or sediment makes use of a stilling well difficult or expensive, 

a servomanometer, sometimes referred to as a bubble gage, usually will overcome the 

difficulty. Dry nitrogen gas from a high-pressure tank is reduced in pressure and 

allowed to escape very slowly from the end of a tubing firmly anchored to a point 

below the lowest low water. The pressure of the gas will equal the water pressure over 

the end of the tubing. There is a mercury manometer with a reservoir at one end 

moved by a motor so that the mercury pressure and gas pressure balance. The 

movement of the mercury reservoir is transmitted through gearing to a water-stage 

recorder. Figure 5 shows a servomanometer gage connected to both a continuous 

recorder and a printer. 

All gages should be checked periodically by levels to assure that they are at correct 

datum. Therefore, there should be at least one, and preferably more, bench marks 

at known elevation and completely separated from the gage structure so that they 

will remain unaffected by any casualty to the gage. 

14. Stage-Discharge Relationships. The second step in determining streamflow 

is to establish the relationship between river stage and discharge. This requires the 
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Itc. 5. Servomanometer gage. (U.S. Geological Survey.) 

simultaneous observation of river stage and measurement of river discharge. Except 

for the unusual case of a completely stable channel, the relationship between stage 

and discharge will not long remain constant. Therefore, the determination of the 

stage-discharge relationship is a continuing process. 

Stage is plotted as ordinate against discharge as abscissa on either rectangular or 

logarithmic coordinates, and a representative curve is drawn through the plotted 

points. Where a rating curve is used for a considerable period of time, it is convenient 

also to express the relationship in tabular form. The curve and/or table are referred 

to as the station rating. 

The daily discharge is computed directly from daily average gage heights and the 

rating. In cases of rapidly changing stage, the day should be subdivided into several 

shorter periods and discharge computed for each period and averaged. 

Where the stage-discharge relationship is unstable, different ratings should be 

used from time to time. Where alarge number of ratings otherwise would be required, 

the “shifting control’? method can be used. In this method a variable-shift adjust- 

ment is applied to the gage reading for each discharge measurement to make the 

measurement plot close to a reasonably representative rating curve. Similar shift 

adjustments are applied to daily average stages before applying the rating to determine 

daily discharge. The shift will be known for each day on which a discharge measure- 

ment is made but must be interpolated or otherwise estimated for days between 

measurements. Therefore, frequent discharge measurements are required where 

the stage-discharge relationship shifts badly. 

Stations affected by variable backwater present complications since a third 

variable, slope, must be considered. This requires two river gages separated a suf- 



BACKWATER CURVES 5-138 

ficient distance to permit accurate determination of the fall in water-surface elevation 

yet sufficiently close to provide an essentially plane water surface between them. 

Both gages should avoid areas of distorted water surface, such as bends. If there is 

appreciable difference in cross-sectional areas, both gage heights should be corrected 

for velocity head. 

If only intermittent backwater is experienced, a standard rating curve can be 

derived for periods of no backwater and a second curve drawn showing the relationship 

between the fall and percent reduction in discharge for periods of backwater. Where 

backwater is experienced a large part of the time, or on large rivers of low slope where 

changing discharge results in changing slope, a standard slope or fall is selected and all 

measurement discharges are corrected to this standard slope or fall. This is done by 

multiplying the discharge by the ratio of the square root of the standard slope or fall 

to the square root of the slope or fall for the measurement. A rating curve is then 

drawn for these corrected discharges. The use of the curve is the reverse of its 

derivation. The discharge read from the curve is multiplied by the ratio of the 

square root of slope or fall for that particular time to the square root of the standard 

slope or fall. 

An ice cover on the river or ‘“‘anchor’ 

stage-discharge relationship. The surface in contact with the flowing water, and 

hence the resistance to flow, is increased. Therefore, the river stage for a given dis- 

charge is increased. This increase in stage is termed the ‘backwater due to ice.” 

Frequent discharge measurements and a plotting of air temperatures help to interpret 

this backwater when computing daily discharges. 

fe ) ice clinging to the bottom will change the 

BACKWATER CURVES 

15. Problem and Purpose. A common problem in river hydraulics is to determine 

what the water-surface profile of the river would be under specific river-discharge and 

channel conditions. The term ‘backwater curves’’ is applied to such profiles. 

Backwater curves are used to determine grade lines for flood-protection works, 

highways, and bridges. They are used to determine tail-water ratings for hydro- 

electric power plants and elevations for pumping plants, canal headworks, and energy 

dissipaters. They are often used to determine areas subject to flooding. 

16. Theory and Principles. It has been shown that there are 12 possible types of 

backwater curves,! but as used herein, the term applies to low-gradient profiles in 

rivers or other open channels with subcritical velocities. Such conditions are found 

above dams or other obstructions. River backwater curves usually are derived by 

one of many step methods, in which the reach of river in question is subdivided into 

many short subreaches and the change in water-surface elevation is determined for 

each subreach, either analytically or graphically. 

Figure 1 shows the energy profile for open-channel flow. Equation (1), based on 

that figure, can be rearranged to read 

Z, = Z, +h; + other losses + hiy — hyo (5) 

where the subscripts | and 2 have been reversed because backwater computations 

for subcritical velocities proceed in an upstream direction. 

Determination of a backwater curve for a specific discharge consists of successively 

computing Z, for the upstream end of a reach from known values of Z; at the down- 

stream end and the physical characteristics of the reach. The value Z, then becomes 

Z, for the next upstream reach. This continues until the desired backwater curve 

has been computed. 

1 WoopWarb, SHERMAN M., and Cuestey J. Posey, “ Hydraulics of Steady Flow in Open Channels,” 

John Wiley & Sons, Inc., New York, 1941. 
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The key to the computations is the determination of the friction loss h;, and other 

losses if significant, usually with Manning’s formula. This formula, when used for 

backwater curves, usually is written in the form 

2 
8, = % 6) 

where S; = friction slope 

Q = discharge, cfs 

K = conveyance = (1.486/n)AR” for English units 

The value of K is found by trial and error. Details of computations are covered 

in Art. 18. 

17. Basic Data. All step methods of deriving backwater curves require a knowl- 

edge of the shape and elevation of cross sections at each end of the various subreaches 

and also of the channel roughness and the water-surface elevation at the starting 

point. 

Backwater curves start at a point where the water-surface elevation is known for 

the particular discharge and proceed upstream. If there are no such points of known 

water-surface elevation, then a starting elevation must be assumed for a point well 

downstream from the reach for which the backwater curve is desired. A good pro- 

cedure for such cases is to assume two different starting elevations, one higher and 

one lower than the elevation normally expected for such a discharge. Backwater 

curves are computed from each starting point. If the two curves merge downstream 

from the reach for which the backwater curve is desired, then the procedure is accept- 

able. If not, the computations should be started at a point farther downstream. 

Field surveys are required unless accurate large-scale topographic maps showing 

water depths are available. Cross sections should extend up both banks to above the 

expected backwater elevation and should be approximately at right angles to the 

current. The field survey determines the values in the Manning formula. 

Where several backwater curves are to be computed, it is convenient to plot the 

hydraulic radius and the cross-sectional area at each section against water-surface 

elevation as shown in Fig. 6. 

Hydraulic radius, feet 

4 760 O 30 20 10 0 

Ihe 

radiu 

above M.S.L. 

Water surface elevation, feet 

O 10 20 30 40 50 

Area, thousands of square ft. 

Fic. 6. Elements of cross section No. 1, Missouri River at Kansas City, Mo. (U.S. 
Army Corps of Engineers.) 

The distance between cross sections depends on the uniformity of the channel and 

on the desired accuracy. Cross sections should be located at transitions between 

expanding, contracting, or uniform sections. Preferably, they should be spaced so 

that average velocities will not vary by more than 20 percent between adjacent cross 
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sections. On large rivers, cross sections spaced at an average interval of a mile or 

more may be adequate, while on small rivers the spacing might be a few hundred feet. 

Distances between cross sections should be measured along the main part of the cur- 

rent. In some cases, such as overbank flow at a river bend, the distance between 

cross sections, and hence the slope, will be different for the main channel and the 

overbank flow. If pronounced, this will require special procedures.! 

Cross sections should represent conditions for a significant length of reach. There- 

fore, purely local irregularities should be disregarded. When taking cross sections, 

soundings should be taken to establish shape of the underwater part of the cross 
section, and water elevation noted. 

Where there are large variations in depth or roughness in different parts of the 

cross section, the cross section should be subdivided and the conveyances for the cross 

sections added. A common situation requiring subdivision is the case of the flow 
extending onto a flood plain. 

An index map should be prepared showing the river channels, overbank areas, 

cross sections, and any structures that might affect the flow of the river. An example 

of such a map is shown in Fig. 7. 

North Kansas City 

Kansas City Mo. 

Sule, ft. 
ie} 
if 

LEGEND 

Thalweg 

—@— Cross section and number 

Fic. 7. Missouri and Kansas rivers at Kansas City, Mo. (U.S. Army Corps of Engineers.) 

18. Mathematical Solutions. The standard step method is particularly suited to 

natural channels and is illustrated here. It is convenient to prepare a table of 
hydraulic elements such as shown in Table 3. 

The actual steps in determining the backwater curve are carried out in Table 4. 

The functions of the columns of the table follow: 

Column (1) identifies the cross section. Locations of cross sections for the example 

are shown in Fig. 7. 

Column (2) shows the trial elevation from which the characteristics of the cross 

section are determined. 

Column (3) shows the distance of the cross section from some reference. 

Column (4) is the length of the reach in feet. 

Column (5) shows the cross-sectional area of each part of the cross section. 

Column (6) shows the wetted perimeter of each part of the cross section. 

1U.S. Corps or Enaineprrs, ‘Engineering Manual,”’ Civil Works Construction, Part 114, Chap. 9, 
Hydrologic and Hydraulic Analyses, Computation of Backwater Curves in River Channels, p. 9, 

May, 1952. 
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ARNE IGID! By, 

NATURAL CHANNELS 

HyprauLic ELEMENTS* 

Missouri and Kansas rivers at Kansas City, Mo. 

a W.S. Wetted 

Be River |Reach,| El., Descrip- From To Width, | perim- | Area, R jk 

bien mile ft it tion of area | station | station ft eter, sq ft ae 

— MSL ft 

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11) 

Missouri River 

1 |377.58 745.1 | Left over- 0+ 35) 5+ 05 470 470 | 2,650} Levee 1 on 3 

bank 

Channel 5 + 05}/13 + 90 885 900 {31,900} Bank 1 on 1 

1,060 

2 \300, 78 745.3 | Left over- 0 + 62} 2 + 40 178 181 | 1,190} Levee 1 on 4 

bank 

Channel 2+ 40/14 + 97) 1,260 | 1,290 |32,500) Bank 1 on 5 

845 

3 |377.94 745.5 | Left over- 0+ 61) 1+ 50 89 92 580] Levee 1 on 4 

bank 

Channel 1 + 50/16 + 72) 1,520 | 1,550 |38,300} Bank 1 on 4 

2,060 

4 |3878.33 745.9 | Channel 2+ 91/23 + 72] 2,080 | 2,110 |48,500| Levee 1 on 4 

Bank 1 on 414 

1,690 

5 1378.65 746.2 | Left over- 4 + 62/11 + 80 720 720 | 3,020] Levee 1 on 4 

bank 

Channel 11 + 80/32 + 24] 2,040 | 2,080 |47,300] Bank 1 on 1 

1,580 

6 |378.95 746.2 | Left over- 4 + 62}11 + 80 720 720 | 3,020] Levee 1 on 4 

bank 

Channel 11 + 80/32 + 24] 2,040 | 2,080 |47,300| Bank 1 on 1 

2,430 

7 |379.41 746.9 | Left dike 0+ 61; 9+ 40 880 880 | 8,270] Levee 1 on 4 

Channel 9 + 40/22 + 35] 1,300 | 1,320 |34,700] Levee 1 on 3 

Kansas River 

1k 0.00 | 1,430 | 757.0 | Channel 840 860 |29,400| Levee 1 on 3 

both sides 

298 

2K 0.056 757.0 | Channel 840 860 |29,400| Levee 1 on 3 

both sides 

Missouri River 

10 |383.54 750.3 | Left over- |32 + 80/44 + 50] 1,170 | 1,180 |12,900} Levee 1 on 3 

bank 

Channel 44 + 50|57 + 40) 1,290 | 1,310 |34,600 

Dike 57 + 40/62 + 29 490 490 | 5,700| Levee 1 on 4 

2,430 

Fairfax |384 750.3 | Left over- 560 640 | 5,010) 1 level surface 

bridge bank and 3 pier 

surfaces 

Channel 1,400 | 1,580 |36,600| 7 pier surfaces 

Right over- P29 130 | 1,100} Bank 1 on 4 

bank 

8,290 

11 (385.57 751.6 | Left over- |59 + 60/81 + 10] 2,159 | 2,150 |13,900]} Levee 1 on 3 

bank 

Channel 81 + 10/89 + 32 820 840 |22,300) Bank 1 on 1 

* U.S. Army Corps of Engineers. 
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Column (7) shows the hydraulic radius for each part of the cross section. It is 

found by dividing the area by the wetted perimeter. 

Column (8) shows the two-thirds power of the hydraulic radius. Columns (6) 

and (7) could be dispensed with if R%*, instead of wetted perimeter, were plotted 

against water-surface elevation in Fig. 6. 

Column (9) is Manning’s roughness factor n. 

Column (10) shows the conveyance K for the various parts of the cross section. 

It is equal to (1.486/n)AR*% in the Manning formula. 

Column (11) shows the square root of the slope at the cross section. It is found by 

dividing the discharge by K. 

Column (12) shows the slope at the cross section. It is the square of the value in 

Column (11). 

Column (13) is the mean slope in the reach. 

Column (14) is the friction head in the reach. It is the mean slope multiplied by 

the length of the reach. 

Column (15) shows the discharge in each part of the cross section. This is required 

for the computation of velocity head in Columns (16) to (19). The total discharge 

is distributed between the subsections in proportion to the conveyance of the sub- 

sections shown in Column (10). 

Column (16) shows the velocity in each part of the cross section. 

Column (17) is velocity squared times discharge. It is computed for each part of 

the cross section and the values totaled. 

Column (18) is found by dividing the total value for the cross section in Column 

(17) by the total discharge. 

Column (19) is the velocity head and is found by dividing the value in Column (18) 

by twice the acceleration of gravity. 

Column (20) shows the difference in velocity head. It is found by subtracting the 

value in Column (19) from the similar value for the previous (downstream) cross 

section. 

Column (21) shows the total difference in head between the cross section and the 

previous (downstream) cross section. 

Column (22) shows the elevation at the cross section. It is the previous value 

plus Column (21). If it differs materially from the assumed value in Column (2), a 

new value must be assumed and the computations for the entire line repeated. The 

elevation in Column (22) is a point on the desired backwater curve. 

Where energy losses not covered by the roughness factor n are significant, as 

discussed in Art. 5, they must be taken into account in computing backwater curves. 

This will require additional columns in the computation table. 

Bridges that obstruct the flow of the river must be considered in computing 

backwater curves. Table 4 illustrates an approximate method that is suitable for 

low velocities where the bridge presents only a minor obstruction. Cross sections are 

taken through the bridge and 50 ft upstream and downstream from the bridge. The 

wetted perimeter for the bridge section is increased by the water depth on the sides 

of the piers. In the illustration, the curves of hydraulic elements for section 10 are 

used for the cross sections 50 ft upstream and downstream from the bridge. 

19. Effect of Tributaries. In carrying a backwater curve past a sizable tributary, 

it is necessary to compute the water-surface elevation of both streams immediately 

above the confluence. These two cross sections are designated 6 and 1K in Fig. 7 

and Tables 3 and 4. The discharge above the confluence consists of 350,000 cfs from 

the Missouri River and 81,000 efs from the Kansas River. The friction slope is com- 

puted for each of the two cross sections using the flows at the respective cross sections. 

The friction head for the Missouri River is computed using the mean slope of sections 
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5 and 6 for the Missouri River and sections 5 and 1K for the Kansas River. The 

velocity head at sections 6 and 1K is determined from the combined flow of 451,000 

cfs at the two sections through the combined area of the two sections. The values 

in Columns (15) and (17) are totaled for the two cross sections to obtain a velocity- 

head value, 0.35 ft. The difference in velocity head between section 5 and the com- 

bined sections is 0.28 ft. This is added to the (.16-ft friction loss for the Missouri 

liver to obtain a total head difference of 0.44 ft and the 0.10-ft friction loss for the 

Kansas River to obtain a total head difference of 0.38 ft. These values are added to 

the elevation at section 5 to obtain the elevations at sections 6 and 1K, respectively. 

FLOW ROUTING 

20. Definition and Methods. Flow routing is the determination of the timing 

and shape of a flow wave in an open channel or reservoir. Since flow routing is fre- 

quently used for predicting or reconstructing the progress of a flood, it is often referred 

to as ‘flood routing’’ regardless of the magnitude of the flows involved. 

Flow-routing methods include mathematical, graphical,! and computer? methods. 

A common mathematical method is described in Art. 24. Most flow-routing methods 

will work to a degree for either a river or a reservoir. The choice depends on con- 

venience and required precision. This article is concerned with flow routing through 

open channels, such as natural rivers, in which there is no significant backwater 

from tributaries. 

21. Practical Applications. touted streamflows are used to provide flood warn- 

ings, to determine benefits from existing or proposed flood-control works, to determine 

the effects of upstream power-plant operation on downstream plants, for scheduling 

irrigation deliveries, etc. They also can be used to reconstruct natural flood hydro- 

graphs on regulated rivers to extend the period of flood-frequency data and to check 

the consistency of streamflow records at different points on a river. 

22. Theory and Principles. Flow routing has two basic aspects, time displace- 

ment of the flood wave, and the reduction of the peak and spreading out of the wave 

base. Complex procedures utilizing all the known factors affecting open-channel 

flow® are used where there are tidal influences or where the quality of the basic data 

and the required accuracy of the results warrant the considerable additional work 

involved. For most problems, approximate methods that keep the computations 

within manageable limits are indicated. These methods ascribe the change in shape 

of the flood wave to channel storage.4 A common method is described in Art. 24. 

The solution of flow-routing problems must conform to the law of continuity. In 

any time interval and using comparable units, 

AS 
O=1 -— a ® (7) 

where O = mean outflow during period At 

I = mean inflow during period At 

AS = change in storage during period Al 

At = length of period 

1LawuerR, Epwarp A., Hydrology of Flood Control, Part II, Flood Routing, in ‘‘ Handbook of 
Applied Hydrology” by Ven Te Chow, McGraw-Hill Book Company, New York, 1964. Linsuery, 

Ray K., Jr., Max A. Konuer, and JosepuH L. H. Paunuus, ‘‘ Applied Hydrology,’’ McGraw-Hill Book 
Company, New York, 1949. 

2 Kontpr, Max A., Electrical Analogies and Electronic Computers: A Symposium, Application to 
Stream-flow Routing, Trans. ASCE, 118, 1953. Rockwoop, Davin M., Columbia Basin Streamflow 

Routing by Computer, Proc. ASCE, J. Waterways Harbors Div., Paper 1874, WW 5, December, 1958. 
3.U.S. Corps or ENGrINeEgrsS, “‘ Engineering Manual,’’ Civil Works Construction, Part 114, Chap. 8, 

Hydrologic and Hydraulic Analysis, Routing of Floods through River Channels, p. 2, September, 1953. 
Tuomas, H. A., “Hydraulics of Flood Movement in Rivers,’’ Carnegie Institute of Technology, Pitts- 
burgh, Pa., 1934. 

‘Carter, R. W., and R. G. Goprrey, Storage and Flood Routing, U.S. Geol. Survey Water Supply 
Paper 1543-B, 1960. 
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The above equation can also be written as follows: 

Se — Si = 4d + 12) At — 464(O1 + O2) At (8) 

where subscripts 1 and 2 denote values at the beginning and end of a period, respec- 

tively. 

Figure 8 shows a typical drainage area for which the flow is to be routed from A to 

B. A tributary is gaged at C, and the remaining inflow between A and B is ungaged. 

Tributaries present a special complication. There is no exact direct solution for 

the case in which the flow of one stream induces significant backwater in the other 

stream. Gilcrest! presents a trial-and-error procedure for such a case. Where the 

backwater induced by the confluence is small, a simple procedure is adequate. If 

the tributary enters the reach near the upstream end as in Fig. §, its flow can be 

WB 

ia. 8. Location of flow-routing reach. 

Upstream hydrograph ———— 

Downstream hydrograph 

Discharge, cubic feet per second 

O i 2 S) 4 2 

Time, days 

I'ia. 9. Change in flood wave due to channel storage. 

combined with the inflow from the main channel. If it enters near the downstream 

end of the reach, its flow can be added to the outflow after completing the routing. 

For tributaries entering midway in the reach and for ungaged inflow, the inflow can be 

distributed between the two ends of the reach or, for greater accuracy, treated as an 

independent variable.2 Ungaged inflow can be determined from rainfall data using a 

synthetic unit hydrograph or by assuming it to be a percentage of the gaged flow at a 

nearby gaging station. 

1 Gitcrest, B. R., Flood Routing, Chap. 10 in ‘‘ Engineering Hydraulics,’ edited by Hunter Rouse, 
John Wiley & Sons, Inc., New York, 1950. U.S. Corps or Encineers, ‘ Wngineering Manual,” Civil 

Works Construction, Hydrologic and Hydraulic Analysis, Routing of Floods through River Channels, 

Part 114, Chap. 8, September, 1953. 
2U.S. Corps or Enainerrs, ‘Engineering Manual,’’ Civil Works Construction, Hydrologic and 

Hydraulic Analysis, Routing of Floods through River Channels, Part 114, Chap. 8, September, 19538. 
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Figure 9 shows typical hydrographs at the upstream and downstream ends of a 

reach of channel. The inflow to the reach is denoted by abcfg and the outflow from 

the reach by acdeg. The downstream or outflow hydrograph has a lower peak and is 

more spread out than the upstream hydrograph. These changes result from the 

volume abca going into channel storage during the period ac and an equal volume 

cdegfc being released from channel storage during the period cg. 

23. Basic Data Requirements. All methods of flow routing require knowledge or 

assumptions regarding the river channel. The most basic requirement is the relation- 

ship between discharge and channel storage. 

Surveys, including cross sections for various discharges, will give this storage. 

Such surveys usually are not available. An alternate, and more common, method 

is to compute channel storage from inflow and outflow records of an observed flood. 

Figure 9 will serve as an example of effective inflow and outflow for the river reach 

AB shown in Fig. 8. 

TABLE 5. DETERMINATION OF CHANNEL STORAGE 

Change in Total channel 

Day Hours Avg inflow Avg outflow eens Pe ee 

44 SFD 144 SFD 

(1) (2) (3) (4) (5) (6) 

il 0-6 1,300 1,000 300 300 

6-12 2,600 1,400 1,200 1,500 

12-18 6,000 2,600 3,400 4,900 

18-24 9,800 5,300 4,500 9,400 

2 — 11,700 8,500 3,200 12,600 

6-12 11,700 10,600 1,100 13,700 

12-18 10,400 11,200 — 800 12,900 

18-24 8,300 10,400 —2,100 10, 800 

3} 0-6 6 , 300 8,800 —2,500 8,300 

6-12 4,900 7,000 —2,100 6 , 200 

12-18 3,700 5,400 —1,700 4,500 

18-24 2,900 4,100 —1,200 3,300 

4 0-6 2,300 3,200 — 900 2,400 

6-12 1,900 2,600 —700 1,700 

12-18 1,600 2,100 — 500 1,200 

18-24 1,400 1,800 — 400 800 

5 0-6 1,200 1,500 — 300 500 

6-12 1,100 1,300 — 200 300 

12-18 1,000 1,200 — 200 100 

18-24 1,000 1,100 —100 0 

The first step in determining channel storage from inflow and outflow records is to 

determine the average inflow and outflow by periods for the entire flood event. The 

computations are shown in Table 5. In this example, the flood event is divided into 

6-hr periods. The average inflow and outflow for each period, 14(/; + I2) and 

14(O1 + Oz), respectively, in Eq. (8), are shown in Columns (3) and (4), respectively, 

of the table. Column (5) shows the change in channel storage during the period, and 

Column (6) shows the total channel storage at the end of the period above an arbitrary 

base. The computations should cover a period such that the beginning and ending 

discharges are about the same. If the resulting beginning and ending storage values 

are not approximately equal, then either the inflow or the outflow, or both, should 

be adjusted. 
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Another basic data requirement is the time of travel of the flood wave through the 

reach. The time of travel of the flood wave will be the time between the center of 

mass of the flood hydrographs for A and B. This time will be somewhat greater than 

the time interval between the peaks at the two points. 

uicrest! has shown by the Manning formula that the velocity of the flood wave 

is 1.67 times the average velocity of flow for a wide rectangular channel, 1.44 times the 

average velocity for a wide parabolic channel, and 1.33 times the average velocity for 

a triangular channel. Another method of determining time of travel of the flood 

wave through the reach is given in Art. 24. 

24. Mathematical Solution. One of the most satisfactory mathematical methods 

of flow routing is the Muskingum method, described in this section, developed by 

G. T. McCarthy and others in 1934-1935 during studies of the Muskingum Con- 

servancy District Flood Control Project of the Corps of Engineers in Ohio. 

In the Muskingum method, storage is related by a weighting process to both 

inflow and outflow. It is convenient to consider the storage in the reach as being 

composed of both prism storage and wedge storage as shown in Fig. 10. A reservoir 

Wedge storage = Kx(I-O) 

Inflow 

Fire. 10. Flood-wave storage. 

has no wedge storage; so the discharge for a given gate opening is a function only of 

the reservoir stage. In a river channel the outflow is a function of both stage at 

outflow point and slope at the outflow point. The slope at the outflow is related to 

difference in flow within the reach. During the rising phase of a flood wave, inflow 

exceeds outflow, creating the wedge storage and increasing the slope of the water 

surface. During the falling phase the wedge storage is negative. The total storage 

is expressed mathematically by the Muskingum equation as follows: 

S = K{(el + ( — 2z)0) = KO + Ka(I — 0) (9) 

where §S is storage volume and / and O are simultaneous instantaneous values of 

inflow and outflow, respectively. A is a coefficient with the dimension of time and 

is equal to the time of passage of the centroid of the flood wave through the reach. 

The parameter x weighs the relative effects of inflow and outflow on storage within 

the reach. 
The Muskingum method assumes that A and x are constant throughout the flood 

and that there is a unique relationship between storage and weighted discharge at the 

two ends of the reach. This is not strictly correct in most cases, but the method 

usually gives adequate results and the simplifying assumptions greatly reduce the 

computations. 

The actual flow routing is performed for reaches and time intervals of predeter- 

mined length. The objective is to determine outflow from the reach at the end of 

successive time intervals. The general equation for outflow is 

Oy = Cy'Ia + Co'T, + C3'01 (10) 

where subscripts | and 2 to the O and J terms denote values at the beginning and end, 

1 Gincrest, B. R., Flood Routing, Chap. 10 in“ Engineering Hydraulies,”’ edited by Hunter Rouse, 

John Wiley & Sons, Inc., New York, 1950. 
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respectively, of the routing time intervals, and where 

—(Kzx — 0.5At) es 11 
OOF (SAE) ch) 

Ka +0.5At i 12 
C2 ObAt=- KL — z) ce) 

—0.5At + KL — 2) z = 1 
Ce C= Sea Se) (te 

Adding these equations shows that 

Cn HF Cy’ + C;' = 1 (14) 

An alternate and somewhat simpler form of the equation follows: 

Oz — O71 + C1 == O,) ate Co(To i T)) (15) 

At 
where Gi ial = ye (16) 

C, OR AGE ener (17) 

2 > Kl OAL 

It will be noted that all the C values in the above equations are dimensionless. 

K and At must be in the same units. Equation (15) is used in the routing example 

in this section. 

Before computing the C values, it is necessary to determine At, AK, and x. The 

first step in flow routing is to select the routing period At. Flow-routing procedures 

Weighted discharge - 1,000 cfs Weighted discharge -1,000 cfs 

O @ 4 6 8 hO) et O 2 4 6 8 10 12 14 

12 Sj 12 
id wo 
O > 

g 10 B10 
5 8 
Dae it iii! 
o a 
oe + 5 6 

0 4 ne) 
as) x =1OnS ° 
= At=6H - 5 p | | ay 

3 s 
O O 
O 2 4 6 8 10 12 14 O 2 4 6 8 Ol 2 It 

(c ) Channel storage 1,000 quarter-second-foot-days (d) 

Fra. 11. Discharge-storage loops. 
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give the ordinate of the outflow hydrograph at the end of each routing period. The 

periods should be sufficiently short to define that hydrograph adequately. Also the 

period should be not longer than the time of travel of the flow through the reach and 

not less than 2Ka. 

If the length of the reach is such that the flood is at an appreciably different phase 

at the two ends of the reach, the reach should be subdivided into two or more sub- 

reaches. The value of A must be reduced accordingly. The flow is routed suc- 

cessively through each subreach, the outflow for the upstream subreach becoming the 

inflow for the next downstream subreach. 

A value of z is chosen so that the storage will be the same for a given weighted 

discharge for rising and falling stages [see Eq. (9)]. Its value will be between zero 

and 0.5. It will be zero for a reservoir and 0.5 for uniformly progressive flow. Its 

determination for a natural river requires inflow and outflow records. In the absence 

of such records a value of 0.25 often is used. A lower value should be used where the 

reach is constricted at the lower end. A higher value should be used for steep fairly 

uniform channels where the flow is confined within well-defined banks or levees at all 

stages. 

The values of K and z can be found simultaneously where dependable records of 

storage vs. discharge are available. In the example, inflow and outflow are taken 

from Fig.9. Weighted discharge, «J + (1 — x)0, is plotted as ordinate against storage 

for that instant [Column (6) of Table 5] in Fig. 11 using several values of a. It will 

12,000 + 

Upstream hydrograph 
at point A 

Downstream 
hydrograph —+ 

at point B 

10,000 

8,000 

6,000 

4,000 

Discharge, cubic feet per sec 2,000 

O 2 3 4 

Time, days 

Fie. 12. Routed hydrograph. 

be noted that curves b and ¢ for x values of 0.2 and 0.3, respectively, have the smallest 

loops; that is, the relationship for rising and falling stages is most nearly the same. 

Therefore, 0.25 would be an acceptable value for x. The corresponding value of K 

is the reciprocal of the slope of the curve, or 8 hr. 

With the values of At, K, and x determined, the coefficients Cy’, Ce’, and C3’ in 

Iq. (10) or the coefficients C; and Cy in Eq. (15) are computed. The latter equation 

is used for illustration. 

Figure 12 shows a new hydrograph for the upstream end of the reach AP in Fig. 8. 

This hydrograph is routed in Table 6, and the routed downstream hydrograph is also 

shown in Fig. 12. 

In Table 6, Columns (1) through (4) can be computed first. Since the flow wave 

starts at zero hour on the first day, the inflow [Column (1)] and the outflow [Column 

(8)| are the same at that instant. Column (5) is found by subtracting Column (S8) 
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TaBLE 6. RovutTiInGc COMPUTATIONS 

O27 = 01 + Cia = On) =F Code = fh) 

Units: 1,000 cfs Ci = 44, C2 = 

Day ihe = Oi Cnn = Ow) oe 

and I I2 — Ii | C22 — J1) Col. @). — Col. (8) Ci(11 — Oi) C22 — 11) O 

hour Col. (4) + Col. (6) 

(1) (2) (3) (4) (5) (6) (7) (8) 

1—0 0.6 1.0 Onda 0 (0) 0.11 0.6 

6 1.6 3.9 0.43 0.89 0.59 1.02 0.71 

12 1) 1.4 0.16 BCU 2.51 2.67 1.73 

18 6.9 —1.1 =0'.12 2.50 ih ayy id 3%) 4.40 

24 5.8 2.6 0.29 —0.15 —0.10 0.19 5.95 

2—6 8.4 2.3 0.26 2.26 1.51 We E76 6.14 

TT LOR? -—1.2 —0.13 2.79 1.86 ae 7.91 

18 9.5 Als — Omg —0.14 —0.09 —0.28 9.64 

24 7.8 —1.6 —0.18 = bs} —1.04 —1.22 9.36 

3—6 6.2 —1.4 —0.16 —1.94 —1.29 —1.45 8.14 

12 4.8 —1.1 —0.12 —1.89 — 126 —1.38 6.69 

18 3.7 07 —0.08 lO ih KOS is 5.81 

24 3.0 —0.6 O07 Sib, 18) S=OL0e —0.84 4.16 

4—6 2.4 —0.6 —0.07 —0.92 —0).Gi —0.68 3.32 

12 1.8 —0.4 —0.04 —0.84 —0.56 —0.60 2.64 

18 1.4 —0.4 —0.04 —0.64 —0.43 —0.47 2.04 

24 TRO) dient 

from Column (2). 

for the next line (Q2 for the first period or O,; for the second period) is computed next. 

It is found by adding Columns (7) and (8) for the line above. Column (5) for that 

lineis then computed. This routine is then followed until the routing is completed. 

Column (7) is found by adding Columns (4) and (6). Column (8) 



SECTION 6 

REGIME CANALS 

By FRANKLYN C. Rocers anp A. RyLtANpDs THOMAS 

CHANNELS IN ALLUVIUM 

1. Stable and Regime Channels. Channels formed in alluvial soils and other 

erodible materials may be lined with nonerodible materials such as concrete or with 

materials which increase resistance to erosion such as gravel, or they may be designed 

so that their unprotected banks and beds will not be eroded by the flow. The rela- 

tive economy of lined and unlined canals depends on the particulars of each case. 

Channels lined with nonerodible materials are dealt with in Sec. 7. Channels lined 

with gravel are similar to unlined channels excavated in gravel and may be designed 

by the tractive-force method described in Art. 3. Channels with unprotected beds 

and banks formed of alluvial materials in the silt-sand range may be designed by the 

regime-channel formulas given in Art. 4. 

As is generally the case with canals drawing supplies from rivers, the flow carries 

sediment in suspension and as bed load. Suspended load is sediment which is sup- 

ported and distributed by the turbulence of the flow. It is subdivided into bed- 

material load, comprising particles of a size range found also in the bed, and wash load 

comprising smaller particles generally absent from the bed. Bed load is sediment 

which is transported by rolling and sliding along the bed or by intermittent entrain- 

ment in the turbulent flow near the bed. It is important to prevent deposits of 

sediment which would reduce the discharge capacity of a canal. It is equally impor- 

tant to avoid erosive velocities which would attack banks and the foundations of 

structures. The regime formulas have been derived for this case. Also they provide 

guidance for the design of lined canals which are to carry sediment-laden flow. 

2. Channels in Alluvium. Channels formed in alluvial or other granular material 

are said to be “stable’’ if their geometry remains substantially unchanged by scour or 

sediment deposit. Such stability will be achieved if (1) the materials forming the 

boundaries are sufficiently coarse to resist scour from flow in the channel and (2) the 

sediment carried by the flow does not exceed in size or quantity the transport capa- 

bility of the channel. 

Channels are said to be ‘‘in regime’’ when scour and deposition occur, but the 

balance of these is such that the boundaries remain essentially in equilibrium over a 

period of time. In this condition the materials transported by the flow and forming 

the boundaries are of similar origin and accordingly have generally the same physical 

characteristics. 

Formulas for the design of stable and regime channels have been derived by two 

different approaches: one, based on the effect of shear stress (or tractive force) at the 

boundary (applying primarily to stable but not necessarily regime channels) and the 

other, a more empirical approach, based on observations of channels seen to be in 

regime. 

3. Tractive Force. The tractive-force formulas are useful for the design of chan- 

nels with erodible boundaries carrying clear water and also channels in which the 

6-1 
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material forming the boundaries is appreciably coarser than the transported sediment. 

Typical of the latter are channels with gravel boundaries carrying fine sand as sus- 

pended sediment and channels with rigid boundaries conveying flow with sediment 

of any size. 

Tractive-force Formula. The mean shear stress or tractive force per unit area may 

be obtained by resolution of forces along the wetted boundary of the channel, assuming 

that the component of weight of water acting in the direction of the channel slope is 

balanced by the total shear resistance of water acting on the wetted perimeter 

Tok = vyASo (1) 

where 79 1s the mean shear stress on the bed, P the wetted perimeter, y the unit weight 

1.0 1.0 

0.9 = : 
rapezoids, side Ce 
ope=2:1 

Trapezoids, side 
slopes =2:1 and 1.5: 

oO 
fe} 

2) (ip) 
£ 0.8 of 0.8 

x x 
SS O.7 : oe O7 
o Trapezoids, side ia 
i slope = 1.5:1 2 
= 0.6 + + 06 

L Rectangles cS 

2 05 | 2 05 
era Trapezoids, side ak 
iS slopes=1:1 € 
2 0.4 Ee OF 

6 rs} 
EV0OS EOS 

BS) anne iS) 
202 2 OF 
iS} ie} 
a Ge 

OA 0.1 

O es ol 
OF Wy 2 Se 4 1S 6 ie 82 9710 OP BS eG. Sr rr Tek Sh (0) 

Ratio bed width to depth Ratio bed width to depth 

Fic. 1. Maximum shear stress on sides of Fie. 2. Maximum shear stress on channel 

channel. bed. 

of water, A the cross-sectional area, and Sp the longitudinal slope of the bed. The 

mean shear stress is expressed as 

yvyASo 
Zi) P = yRSo (la) 

where R is the hydraulic radius. In relatively wide channels the mean shear stress on 

the bed is given by 

To = ydmSo (1b) 

where d,, is the mean depth. 

Maximum Shear Stress. Shear stress generally varies over the wetted perimeter. 

In natural channels, it tends to be maximum in the bed and minimum on the slopes. 

Correspondingly, the boundary material is often coarser in the bed and finer near 

the banks. Figures | and 2 show the maximum shear stress acting on the sides and 

beds of rectangular and trapezoidal channels.!:* 

Limiting Tractive Forces. 'To avoid erosion of the material forming the boundary 

the shear stress should not exceed certain limiting values which are related to the 

grain size of the material and to the angle of side slope. The theory is directly 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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applicable to the side slopes of noncohesive granular material and to the beds of 

channels consisting of smooth (plane) surfaces formed in such material where there 

is no bed load. Such conditions may prevail in channels formed in coarse gravelly 

material. 

The tractive-force formula is also applied to channels in fine material transporting 

sediment as bed load. In such cases accumulation of transported sediment may 

occur unless the shear stress at the bed exceeds the limiting value for the material 

transported (but to avoid erosion of the sides the shear stress should be within the 

given limits). Where there is bed load, however, it is preferable to use the regime- 

channel formulas given in Art. 4. 

Mean diameter in inches 

0.005 0.01 0.025 0.05 0.10 0.25 OD OLOU/ SOM One O oO 

U.S.B.R. recommended values for canals 
A High-content fine sediment 
B Low-content fine sediment 
C Clear water 
D Canals in coarse material 

* (size 25% larger) 
U.S.S.R. recommended values for canals 
E 2.5% colloids 
F 0.1% colloids 
G Clear water 

Critical shear stress psf 

+ 

0.1 0.2 O4 O06 O81 2 4 6 8 10 20 40 60 80100 

Meon diameter in mm 

Fic. 38. Recommended values of limiting shear stress. (From American Society of Civil 
Engineers.) 

Figure 3 shows the limiting shear stress or tractive foree recommended for the 

design of stable channels by the U.S. Bureau of Reclamation. The values in Fig. 3 

apply to horizontal or near horizontal beds. For sloping banks or sides of channels a 

reduction of factor A should be used, depending on the angle of repose of the material. 

Values of K may be determined from Fig. 4. 

Slope Formulas. ‘The formula in most general use is that of Manning 

_ 1.486 
n 

V R?5S 0% (2) 

where V is the mean velocity and n a roughness factor. 

There are no precise means of determining n, and an estimate has to be based on 

judgment and records of similar channels. 2 depends on the particle or grain size of 
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the boundary material and on larger-scale form roughness. For example, n is affected 

by ripples in the bed, by channel geometry such as bends and changes in cross sections, 

and also in some cases by the sediment load. Plant growth increases the value con- 

siderably. A wide range of n values appears in Tables 1 and 2 in Sec. 5. 

Channels with Gravel Beds. Channels with beds of gravel, shingle, or boulders may 

be considered in two categories according to whether or not there is bed movement. 

If there is no bed movement and the banks are stable (which may be verified by 

Figs. 1 to 4), the relation of slope to grain size is indicated approximately by the 

following formula: 
V6 

Waa (Z) * (gRSo)¥ (3) 

where k, is the equivalent grain roughness, which is taken as the mean size of the 

material forming the boundary, and g is the gravitational constant. g, R, and k, are 

es 
Bla [= 

Side slopes in degrees () 

nNl- Bl= 

Side slopes, vertical on horizontal 

Om ONOeOSmO 4 OONOGn O17 O SEO mo 

Value of K 

Fia. 4. Critical shear stress on inclined slopes. 

in the same units. Equation (3) approximates the Nikuradse rough-pipe formula 

over a range of R/k; from 10 to 150.? 

In terms of the Manning formula this is equivalent to 

Ny = 0.021k,”6 (4) 

where n, is the coefficient for grain roughness when k, isin inches. In nearly all cases, 

however, because of irregularities in bed and banks, grain roughness is superimposed 

on form roughness and the value of n is higher than indicated by Eq. (4). The 

Manning roughness factor is expressed as 

n= Gig? + ny?) (5) 

where n,; is the coefficient for form roughness based only on the irregularities. Values 

of n; are given in Fig. 5, which shows curves based on Has. (4) and (5) and data of the 

San Luis Valley canals, Colorado.’ It will be seen that in gravel of representative 

size 34 to 4 in., ny ranged, with few exceptions, from 0 to 0.02 and n from 0.022 to 
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0.033. It is stated that there was bed movement in some of these canals, which may 

explain the wide range of ny. Elsewhere n values of 0.023 (Upper Jhelum Canal, 

Pakistan, 10,000 cfs) and 0.025 (Dun Canal, India, 80 cfs) have been observed in 

canals with gravel beds. 

If there is general movement the bed becomes irregular and n is consequently 

increased. This is very marked in the case of natural streams with a wide range of 

discharge and considerable bed movement at high stages. The value of n may vary 

considerably with stage, often being maximum at low stages when the large formations 

resulting from flood flows create discontinuities and surface waves. The value of n 

in the river Beas, India, where the mean size of bed material was between 3 and 6 in., 

ranged from 0.023 with 56,000 cfs to 0.037 with 3,300 cfs.4 When designing a canal 

with a low value of n it is therefore important to check that the bed and side slopes 

will be stable under all possible conditions. 

Manning's n | L 0.020 eoee oa ng= 0.021 k,”® 

n¢=form roughness 

n= [N92 +nge2 

0.010 
0.5 OG Os OBE OOO 1.5 2 3 4 5 6 ie 33) S) ke) 

ks, inches 

Fig. 5. Manning’s n for gravel channels. 

Channels with Sand Beds. Although there is a tendency for Manning’s n to be 

higher with coarse sand than with finer materials, the predominant factor is the 

degree of roughness resulting from formation of ripples or dunes on the bed. In the 

case of small channels, the condition of the side banks has some influence. The 

following values of Manning’s or Kutter’s n have been used for many years as a guide 

in India and Pakistan:5 

Condition of Channel n 

AbDOVE AVETEGGs. «ces essere ce 0.0225 

EL OLETADLYs MOUU A aciete oes Ser eres 0.025 

Below average... ...6.4.600d oan» 00276 

EBC eer eaane tatters a teenie rs eee anes 0.0380 

Actual values observed have ranged from 0.011 with nearly plane bed to 0.039 with 

bed of large dunes of coarse sand. 

THEORY OF REGIME CHANNELS 

4. Regime-channel Formulas. The regime formulas of Itennedy, Lacey, and 
others apply to channels with erodible boundaries in alluvial soils carrying small 
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sediment loads. They were derived mainly from data of irrigation channels in the 

alluvial plains of India and Pakistan where the canals draw supplies directly from 

large rivers and in the flood season carry sediment consisting of silt and fine and 

medium sand, the load generally not exceeding 2,000 ppm. 

Unless the dimensions and slope of a channel are constructed to regime require- 

ments, the geometry will suffer gradual change and performance will deteriorate. 

Inadequate slope leads to siltation and loss of discharge capacity, excessive slope to 

scour, endangering structures. Inadequate width leads to bank scour, excessive 

width to meandering. 

Kennedy’s Formula. Now mainly of historic interest, Kennedy’s formula® 

Vo = 0.84d,°-54 (6) 

where Vo = nonsilting, nonscouring, mean velocity and d, = average depth over the 

bed (excluding the side slopes), was widely used for many years. The coefficient and 

exponent were developed for the Bari-Doab canal system, Punjab, where the channel 

bed materials were medium sand approximately 0.32 mm mean diameter. 

Lindley’s Regime Concept. It was later recognized that for stability a channel 

must also have the correct width and slope. Lindley’ advanced a “regime’’ concept 

embracing all channel dimensions and slope, which he believed were fixed by nature 

for given conditions. Lindley stated, ‘when an artificial channel is used to convey 

silty water, both bed and banks scour or fill, changing depth, gradient and width, 

until a state of balance is attained at which the channel is said to be regime.’’ 

Lacey’s Formulas. Lacey’! analyzed data from irrigation channels and rivers, 

mainly in India and Pakistan, but also some in Egypt, Europe, and America. His 

results supported Lindley’s regime concept and permitted quantitative evaluation. 

They were obtained by the correlation of dimensions and slopes of apparently stable 

channels with discharges and size of bed material. The Lacey formulas express three 

primary relationships. All three must be satisfied to achieve true regime: 

Velocity-to-depth relationship 

V = 1.15f“R” (7) 
Velocity-to-slope relationship 

V = 16R78%* (8) 
Width-to-discharge relationship 

P = 2.67Q” (9) 

where V = mean velocity, R = hydraulic mean depth, So = longitudinal slope, 

P = wetted perimeter, Q = discharge, and f = a silt or sediment factor, all in foot- 

second units. Lacey proposed an approximate relationship of f to the grade of bed 

materials: 

f = 1.76D," (10) 
where D, = mean diameter, mm. Plots of Eq. (8) are shown in Figs. 6 and 7 and 

of Eq. (9) in Fig. 8. 

From Eqs. (7), (8), and (9), others can be derived, each relating three of the 

various factors. For example, in terms of discharge and sediment factor, 

R= 047 (2)" (11) 

A= a (12) 
V = 0.79fQ* (138) 

So = us (14) 
1,859Q% 
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Fig. 6. Regime channels—velocity vs. hydraulic radius and slope. 
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Fra. 7. Variations of average velocity with hydraulic radius, slope, and type of channel. 

(From Proc. ASCE, Vol. 86, paper 2484, 1960.) 
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where A = cross-sectional area. These together with Eq. (9) are useful in the pre- 

liminary design of a channel to carry a given discharge. Formulas (11) to (14) apply 

only if (9) is satisfied; otherwise (7), (8), and the following formula derived from (7) 

may be used: 

(15) 

where g = Q/P. Lacey’s general slope formula (7.e., for both regime and nonregime 

conditions) is 
ye 1.346 

Na 

where N, is a coefficient of rugosity equal to 0.0225f. Equation (16) is similar in 

form to Manning’s formula, but according to Lacey, NV is more representative of the 

V RAS 9% (16) 

1,000 
=} 

[aa] | ere 

L++t + A Sand bed and banks 4 tt 
B Sond bed and jhall | | 

cohesive banks . Tih 
C Cohesive bed == +t 43} 

and banks P=2.51 Q0-512 ails 

D Coarse noncohesive cataract a 
= material 2 

c E Imperial data IB 
= like B PoRheene ere BG 
- 100 4 t apie to o 3 see : 
£ 
& ae 9 
2 A | 
2 i alate | Ole 5 | 

g | ha DEN 
2 0.512 

CHO. a= e © Simons & Bender 
e 

S ° D P=1.67 0-512 © Punjab canals 

® Sind canals 

r, af; + : e U.S.B.R. canals 

| if | © Imperial canals 

| Sa | | + Pokistan canals 
1962-1963 

10 100 1,000 10,000 

Discharge Q in cfs 

Fic. 8. Variations of wetted perimeter with discharge and type of channel. (From 
Proc. ASCE, Vol. 86, paper 2484, 1960.) 

variable boundary roughness of an alluvial channel. The Lacey coefficient may be 
related to the Manning roughness factor: 

N, = 0.9nR”2 (17) 

The two formulas will not be found inconsistent if it is recognized that both factors 
are variables in alluvial channels. 

Equation (16) can be derived from Eqs. (7) and (8) in terms of f or Na; Eq. (8) 
is essentially a regime formula whereas Eq. (16) is valid over a wider range of con- 
ditions. The formula in terms of g corresponding to Eq. (14) is 

is 

So = 55809! 
In his later papers Lacey substituted mean depth d,, for R in Eq. (7) and surface 

width W for P in Eq. (9). R remained in the slope formulas. While dm and W are 

(18) 
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often more convenient to use, the formulas utilizing the revised notation have not so 

far been fully substantiated by data. However, except in small channels, the differ- 

ences are not very significant, and either system may be used. Using d,» instead of 

Rin Eq. (7), and rearranging, 

= —"__ = 4.9F (19) 

where F is the Froude number and g is the gravitational constant. This relationship 

between f and F is important and useful in connection with models. If tests on models 

of alluvial channels are performed with sand of the same grade and equal Froude 

number in model and prototype, the results will conform to the Lacey velocity-depth 

relationship. 

The Lacey formulas provide a quantitative evaluation of some of the characteristics 

of natural channels. Among channels having similar bed material those of greater 

discharge will have greater ratio of width to depth and flatter longitudinal slopes. 

Among channels of the same discharge those with coarser bed material have higher 

velocity, greater width-to-depth ratio, and steeper longitudinal slope. 

5. Variations in Regime. ‘The early regime formulas included no provision for 

variation in sediment load and were derived from data of channels where bed and 

suspended load were small—usually less than 2,000 ppm. Performance of canals in 

India, Pakistan, and elsewhere indicates that many apparently stable channels 

operate with a regime differing somewhat from the Lacey relationships [Eqs. (7), 

(8), and (9)], as may be seen, for example, from Figs. 6 to 8. In particular, wide 

variations can occur in the slope. 

Deviations are frequently due to variation in bed-material transport and con- 

sequently in bed form. Laboratory studies of flow in flumes have shown that with 

increasing velocity or tractive force the configuration of sand beds changes through 

phases of ripples, dunes, plane bed, and antidunes (dunes which move upstream). 

The incidence of these phases is illustrated in Fig. 9 based on a diagram by Simons and 

Miller.13 The friction factors n and N, are found to increase through the ripple 

and dune phases but decrease sharply in the plane-bed phase. In regime and near- 

regime channels only the ripple and dune phases occur. 

The dimension given by Eq. (9) is intended to indicate the width of channels 

where side berms have formed by natural deposition of fine sediment carried in sus- 

pension. Such berms are more resistant to erosion than artificially compacted soil 

and should be encouraged to form by setting the artificial banks back from the 

excavated slopes. 

Excess bed and suspended sediment loads have different effects. An increase of 

bed load (coarser fractions) generally leads to a change in bed formation, an increase 

in the number or size of ripples or dunes, with a resultant increase in frictional resis- 

tance to flow. ‘The channel compensates by increasing (or attempting to increase) 

longitudinal slope and by scouring (or tending to scour) the banks to form a wider 

channel. These results may persist, even when the bed load is later reduced; so the 

sediment factors and channel configuration reflect to some degree the previous history. 

Inglis'415 held that because of variations in bed load the values of / were not the same 

in the various formulas; generally frs in Eq. (15) tended to exceed fyr, the value in 

Eq. (7), where 

frs = 192R73S% (20) 

O7oV? 
ivr = yi (21) 

Inglis suggested that the normal or true value of f was the geometric mean of the two. 
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An increase in the finer fractions of suspended sediment can reduce resistance to 

flow. This was discovered from observations at Beleida on the Nile where n was 

found to decrease as suspended sediment increased.1° In laboratory experiments 

Vanoni"’ observed a reduction of 15 percent in n with an increase in suspended load 

from zero to 7,500 ppm, but the effect of further increasing the concentration was 

less. Vanoni later!® concluded that the effect of bed configuration could be much 

greater than that of suspended sediment, which was of minor importance where there 
were dunes on the bed. Experience in India and Pakistan, however, is that increase 
in suspended load drawn from rivers in flood tends to reduce the friction factors. 

Sie see ar eel im T 

| Upper regime 

= yRSo or yday Se 

0.2 = mean velocity 

= unit weight of water 

tV (Ibs/sec-ft) 

No significant bed movement 
0.004 ll =i. 

0.1 0.2 0.3 0.4 OD 0.6 0.7 0.8 09 1.0 

Median size of bed material inmm 

Fre. 9. Bed form roughness in channels. 

Some rivers and large canals in very fine sand or silt and transporting fine sediment 

in suspension have been observed to flow with very flat slopes approaching values 

consistent with the smooth-pipe formulas adjusted for channel flow. On the other 

hand, a very heavy load of fine sediment can demand a slope nearer the normal. An 

interesting case is the Wei Pei Main irrigation canal,!® which with a maximum dis- 

charge of 575 cfs carried a load of 0.1 to 10 percent of sediment finer than 0.03 mm at 

a slope of 0.43 per 1,000, mean velocity up to 3.3 fps. For this case frs and fyr are 

approximately equal at 1.8 (much higher than would be expected for the grade of 

sediment in low concentrations), but the coefficient in Eq. (8) is almost exactly the 

Lacey value of 16. 

Some examples of canal data from the Punjab (West Pakistan) are given in 

Table 1.2°. The Lower Jhelum (3a, 1962) is a canal approximating Lacey regime in 

longitudinal section though rather wider; fyr and frs are nearly equal. The Sidhnai 

Canal (4a, 4b, 1962) was subject to a seasonal change in August (Q = 3,780) when 

the total suspended load temporarily increased to nearly 6,000 ppm; fr increased 
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TaBLe 1. Irrigation CANALS, WEST PAKISTAN, 1962 
Q, A, V, P, R in foot-second units, Dy in millimeters, C; in parts per million 

No. Canal Q A Ve ieSoe< 10008 PR frei s n Dz (er 

1962: 

la Abbasia 972| 430/2.26 0.086 84| 5.1/0.75/0.64,0.018,0.198) 195 

1b Abbasia 878) 442/1.90 0.108 81) 5.5/0.53/0.78 0.024/0. 167 70 

2a Rangpur 1,900) 810/2.35 0.120 139} 5.8/0.71)0.85|0.022/0.180} 70 

2b Rangpur 1,960) 787/2.49 Oz 139| 5.7|0.82/0.79|/0.020|0.176| 450 

3a Lower Jhelum 3,870)1,410/2.74 0.132 214| 6.6/0.85 0.93/0.022 0.257) 180 

3b Lower Jhelum 3 ,030)1,170/2.59 0.142 215) 5.4/0.93/0.92)0.021/0.220) 270 

4a Sidhnai 3,800)1,510/2.52 0.073 183} 8.3/0.57/0.68/0.021|0.03 10 

4b Sidhnai 3 ,780)1,330)2.84 0.070 185| 7.2\)0.84/0.63/0.016)0.05 | 810 

5a Lower Chenab 5 ,360}1,730/3.10 0.182 207| 8.4/0. 86)1.26/0.027|0.330| 135 

5b Lower Chenab 5,540|1,760/3.14 0.200 209} 8.4/0.88/1.35)0.028)0.305| 350 

6a Upper Gugera 5 ,300]1,760/3.01 0.149 216] 8.1|0.84/1.07|/0.024|0.277| 345 

6b Upper Gugera 6 ,200}1,880)3.30 0.159 223) 8.4/0.97)1.15/0.023/0.231) 466 

7a Panjnad 9 ,860/3,280/3.00 0.089 282|11.6|0.58/0.86/0.024/0.197| 110 

7b Panjnad 9, 230|3 ,279/2.81 0.087 281/11.7/0.51/0.87\0.028/0.175} 100 

Te Panjnad 7 ,320/2 ,530/2.89 0.089 255| 9.9/0.63/0.83|0.022/0.163| 85 

7d Panjnad 6, 850|2 ,580|2.65 0.112 255/10.1/0.52/0.96/0.028)0.139| 265 

8a Upper Chenab 14,400/4,110)3.50 0.189 356/11.5/0.80)1.43/0.030|0.230} 225 

8b Upper Chenab 14,000]4,010)3.49 0.197 362}11.1/0.82)1.43/0.030/0.230|) 245 

1963: 

la Abbasia 358] 248)1.44 0.100 78| 3.2/0.49|0.61/0.022)0. 182) <10 

1b Abbasia 267 2271218 0.123 75| 3.0/0.35/0.69|0.029|0.170| <10 

2a Lower Jhelum 3,850|1,407/2.74 0.146 212} 6.6/0. 86]1.00/0.023/0.212) 35 

2b Lower Jhelum 3,970|1,468/2.70 0.134 217) 6.80.80|0.96 0.023)/0.194 410 

3a BERRA Bubs 4 ,250)/1,290/3.29 0.246 212] 6.1/1.33]/1.37|/0.024/0.190) 175 

3b Bak. BD. 4,710|}1,495/3.15 0.213 213} 7.0/1.06/1.30/0.025|0.174| 390 

3c Bune BD: 3,700)1, 565/2 .36 0.069 188} 8.3/0.50]0.65/0.021/0.075| 10 

3d B.R.B.D. 4,110}1,589/2.59 0.079 186] 8.5/0.60/0.73|0.021/0.072 LS 

4a Dipalpur 4,480)1,714/2.61 0.110 208] 8.2/0.63/0.89/0.024/0.178) 40 

4b Dipalpur 4,250)1,617|/2.63 OFLLS: 206| 7.8/0.67|0.90/0.024/0.160| 25 

5a Muzaffagarh 5 ,030}1 , 849/2.72 0.095 226| 8.2|0.68/0.81/0.021/0.084| 80 

5b | Muzaffagarh 5 ,000}1,565}3.19 0.100 219| 7.1/1.08/0.80)0.026/0.072} 115 

5e Muzaffagarh 4,540)1,606/2.83 0.092 213) 7.5|0.80|0.77|0.018/0.072) 30 

5d Muzaffagarh 3,670]1,326/2.77 0.089 188] 7.0/0.82)0.73}0.018/0.182) 115 

6a Upper Gugera 5, 280]1,713/3.08 0.172 223| 7.6/0.94/1.17)0.025/0.142) 145 

6b Upper Gugera 6,170]1, 905/3.24 0.175 223| 8.5)1.24/1.23)0.025/0.260) 105 

6c Upper Gugera 4,880)1,456/3.35 0.150 174| 8.4/1.01]1.10)0.023/0.235) 125 

6d Upper Gugera 5, 630)1,710/3.29 0.173 177| 9.6|0.85|1.26|0.027/0.212) 165 

7a Lower Chenab 4,890|1,562/3.13 0.179 211] 7.4/0.99/1.19/0.024/0.295] 100 

7b Lower Chenab 4,910/1,624/3.02 ORL Ta 206] 7.9/0.87)1.20/0.026/0.290| 140 

AG Lower Chenab 5,160]1,792/2.88 0.171 222] 8.1/0.77/1.18/0.027\0.350| 30 

7d Lower Chenab 6,300}1,821/3.46 0.196 221) 8.2/1.10}1.31/0.024/0.350| 160 

8a Lower Bari Doab 7, 480/2 ,436)3.07 0.079 241/10.1|0.70)0.77|/0.021/0.235) 7 

8b Lower Bari Doab 7,390/2 ,444/3.02 OM 7 240/10. 2/0. 89/1.05/0.026)0.205| 340 

9a Balloki-Sulleimanki 12 ,800|3 , 348/3.83 0.118 331/10.1/1.04]1.00}0.020/0.120} 320 

9b Balloki-Sulleimanki 12, 200|2 ,913]4.19 0.152 327 8.9}1.48 1.13/0.019|0.136| 270 

9e Balloki-Sulleimanki 10 ,300/3 ,018/3.41 0.078 323) 9.3/0.94/0.74/0.017/0.141) 120 

9d Balloki-Sulleimanki 7, 4380/2 ,548/2.92 0.128 319} 8.0/0.80/0.98)0.023/0.135 75 

10a Upper Chenab 13 ,900/4,103)3.39 0.193 366/11.2/0.77|1.43]/0.031/0.240) 150 

10b Upper Chenab 14, 100)4,095)3.44 0.178 366/11.2/0.79|1.35)0.028 0.305) 580 

10¢ Upper Chenab 13 ,900|3 ,576/3.89 0.181 335/10. 7/1.06/1.35|/0.025)0. 194) 205 

10d Upper Chenab 14 ,000/3 ,706)3.78 0.162 336/11.0/0.98]1.27/0.025)0.228) 305 
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while frs and n decreased. This is an example of the effect of a heavy load of fine 

sediment temporarily blanketing the normal bed material. The Lower Chenab 

(5a, 5b, 1962) is a canal which had drawn excessive bed load for many years before a 

sand excluder was provided; frs exceeds fyr and n is rather high, an indication that 

slope is excessive. 

The regime characteristics are generally more marked in the head reaches of a 

canal system where the bed load in excess of the transport capability is usually 

deposited. The mean grain size of bed material frequently decreases continuously 

from the head to the tail of a canal.14 This should be recognized in design and the 

values of f and n adjusted accordingly. 

In a comparison of the Lacey formulas, with data from canals and laboratory 

tests, Simons and Albertson?! put forward separate relationships between velocity, 

depth, and slope for channels having different boundary materials. These are shown 

in Fig. 7, from which it will be seen that the coefficient in Eq. (8), to which Lacey gave 

the value of 16 for regime, appears to be 14 for sand bed and banks and 16 for sand 

bed and cohesive banks. The high coefficient of 20 for the Imperial canals data may 

be a result of the high concentration of fine sediment of 4,000 to 8,000 ppm. 

The width of stable channels also shows some variation from the Lacey formula, 

Eq. (9). Channels carrying a high concentration of bed load tend to be wider; 

channels constructed narrower in cohesive soils may remain narrow because of the 

resistance to scour of the banks. The derived Lacey formula relating width to 

velocity is 
5.37V3 

bi 

This is derived from Eqs. (7) and (9), and consequently f is fyr, Eq. (21). Blench2223 

found it more reasonable to separate these two factors, putting 

V3 

fel 5 

PorW = (22) 

Wm (23) 

where W,, = mean width and F, is a side factor depending on the bank materials, 

given as 0.1, 0.2, 0.3 for “loams of very slight, medium, and high cohesiveness.”’ It 

will be appreciated that the effect of variation in bed load is implicit in the mean 

velocity. In view of the lack of extensive supporting data, the values to be used in 

design should be verified from observations of existing channels. The Lacey value 

for channels with beds of fine to medium sand is approximately 0.2. 

Simons and Albertson”! confirmed the trend of the Lacey P:Q” relation, Eq. (9), 

but the value of the coefficient varied from 1.67 for USBR canals with beds and banks 

of coarse noncohesive materia] to 3.33 for canals with sand beds and banks. These 

are shown in Fig. 8. The variation should not be regarded as a negation of the 

Lacey coefficient of 2.67. The low values are explained by the values of V3/W, which 

approximate Blench’s lowest value; the high values generally apply to canals originally 

constructed to the widths existing at the time of observation. 

EFFECTS OF SEDIMENT AND SEEPAGE 

6. Sediment Transport. The balance of erosion and deposition which character- 

izes regime channels is closely related to the sediment-transport capabilities of the 

flow. The sediment forming the bed and banks of the regime channel originates from 

the rivers and streams from which the supplies are drawn and to a lesser degree from 
the beds and banks. 

Sediment content exceeding 50 percent by weight has been observed for the Ching 

River in China.?4- A maximum of 40.8 percent has been reported for a tributary of the 
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Colorado River.?® But the sediment load in streams from which regime canals are 

fed seldom exceeds 5,000 ppm with an annual average measured in hundreds of ppm. 

Concentrations of sediment coarser than 0.075 mm diameter for various locations 

along the Chenab River in West Pakistan are plotted in Fig. 10. The individual 

lines are visually placed averages of hundreds of readings which show wide scatter 

in the extremes. The effect of curvature in the river is demonstrated by comparing 

values for the Trimmu 1961 left (outside) bank with those for the Trimmu 1961 right 

bank. A gradual change in curvature may account for the difference between the 

Trimmu left-bank values for 1939 and 1961. 

The behavior of sediment depends on the specific gravity, size, and shape of the 

particles and on the size distribution. A typical sample of sediment consists of a 

40® 

=e 

Panjnad, 1961 | 

Chenab River at 
Trimmu, 1939 
(Left bank) 

10°] Chenab River at 
Trimmu, 1961 

(Left bank) 
Q in cfs 

eh +—}+—+ 

Trimmu, 1961 

a (Right bank) : CO 

PA | | | | 
7 ] T 

— 

—+- 

100 1,000 10,000 

Co (Dg > 0.075 mm) in ppm 

Fia. 10. Sediment concentration vs. discharge—Chenab River, West Pakistan. 

mixture of particles of various densities, sizes, and shapes. The variation of density 

is generally small, and for practical purposes the mean density may be used for all 

the sediment. The density is in most cases so near the density of quartz (specific 

gravity 2.65) that this value may be used without significant error in the formulas 

for sediment transport which follow. 

Sediment is classified according to size. The classification proposed by the Sub- 

committee on Sediment Terminology of the American Geophysical Union®® is given 

in Table 2. 

Particle size is determined by sieving (coarser particles) or sedimentation (finer 

particles). For the study of the mechanics of sediment transport and computation 

of sediment load both size and shape are conveniently defined by the fall velocity, 7.e., 

the terminal velocity of fall of a particle in water. The relation of size to fall velocity 

for quertz spheres at various temperatures is shown in Fig. 11.27 Flat (e.g., micaceous) 
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TABLE 2. SEDIMENT GRADE SCALE 

Sine eance Approx sieve mesh 

openings per inch 

Class name 

rote United States 
Millimeters Inches Tyler A hee 

Very large boulders....... 4 ,096-2 ,048 160-80 

Large boulders. .<.254 012 2 ,048-1,024 80—40 

Medium boulders........ 1,024—512 40-20 

Simalljpouldersiacace 1 nn 512-256 20-10 

Dargeicobblesi..c01:s0s.- 256-128 10-5 

mmallicobblesn cess sree 128-64 5-2.5 

Very coarse gravel........ 64-32 2.5-1.3 

Coarse gravel: sia. = 32-16 1-3-0).6 

Medium gravel.......... 16-8 0.6-0.3 214 

nes ora vielepy aceite treet 8-4 0.3-0.16 5 5 

Very fine gravel.......... 4-2 0.16-0.08 9 10 

Very coarse sand......... ZROOO=15O000) eyes cieee 16 18 

(Goarse sander cd erie 1000-07500) 8 9 veg li wee 32 35 

Mediumarsandusencrenve war O.500-0;250) 9 ined 60 60 

Rinesand .)..4n0 sowrechastebs O2250-O0125 Fie erscen ees 115 120 

Very fine sand........... O- 1925-07062) Giese t ede 250 230 

Coarse:siltiys. sass es 0.062—0.031 

MWedinuysilts-een aie eae 0.031-0.016 

Fine silt). ..6cc.400-sase “OLOT6-—0, 008 

Werys finersilt). sie... .ssqsh snes 0.008—0.004 

Coarserclayin. sccm elecie seat 0.004—0.0020 

Mediumielayia-c0-i sera 0.0020—0.0010 

WIR G3ClAy co aa cts dete ote eee 0.0010—0.0005 

Very fine clay............}| 0.0005-0.00024 

Velocity, fps 

Diameter in millimeters 

FarGen Jule 

Velocity in centimeters per second 

Fall velocity of quartz spheres in water. 



EFFECTS OF SEDIMENT AND SEEPAGE 6-15 

particles have lower fall velocities than shown, the effect being small for particles up 

to 0.1 mm, but it may be 25 percent for 1-mm particles. 

The size distribution of a sediment mixture can be represented by a frequency 

diagram as in Fig. 12, which shows characteristic grain sizes for typical sandy suspended 

sediment and bed materials. The mean or effective diameter of a mixed sediment is 

often described by its median or 50 percent size. For further information on the 

properties of sediment see Ref. 28. 

Sediment is transported partly in suspension and partly as bed load. Transport 

results from the action of turbulent flow on the bed. Basically this consists of drag 

on individual particles due to relative velocity. Transport action is complicated by 

variations in velocity, bed forms, presence of particles of a wide size range, action of 

the flow in sorting and lifting particles of various sizes into suspension, and variation 

of fluid properties with varying concentration of suspended sediment. The mechanics 

U.S. approved sieve size 

Nom 3) 162 SOR 5 Ol 10071200 
100 = O 

IK ERS 
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SAO) | Y N ‘ Ae sediment 60 i) 

wo @ 
ro) i a 

@ 30 70 

ih ~ 80 20 Ki | 

\ ‘ 10 NK 90 

ol WSS 100 
10 4.0 O4 0.01 0.001 

Grain size in mm 

Fia. 12. Grain size of suspended and bed sediments in regime canals. 

of entrainment are very complex and are not yet adequately understood. Continuous 

interchange of sediment occurs between bed and suspended load, but because sand 

and finer particles are more easily entrained than coarser materia] there is a marked 

difference in behavior between active channels in which the bed material is sand or 

finer and those in which it is gravel or coarser. In the former the suspended load 

is composed of particles representing the whole range of bed-material size, though the 

fine grades generally predominate. In the latter, with normal velocities, the sus- 

pended load consists only of sand and finer particles without any of the dominant 

sizes of bed material. In both cases the volume of suspended load may greatly 

exceed the bed load. 

Typical grain sizes of suspended and bed load, sampled in eight regime canals in 

West Pakistan, are shown in Fig. 12. The effect of alluvial sorting is indicated by the 

narrow range of grain sizes of the bed material. In most regime canals the sizes of 

the bed material and suspended sediments usually show a marked seasonal variation. 

Although the finer suspended sediments (less than about 0.06 mm) have a meas- 

urable effect on the performance of a canal (see Art. 5), the impairment of canal 
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performance usually results from an excess of coarser materials (greater than about 

0.06 mm). Accordingly, it is the concentrations of the coarser sizes and the variation 

in such concentrations that are significant in canal operation. A typical annual 

variation, as measured near the head of the Upper Chenab Canal, West Pakistan, is 

shown in Fig. 138. 

The transport capability of a channel is a function of capacity, measured as the 

quantity of sediment which will be moved, and competence, measured by the 

maximum size of bed particles which will be moved. Capacity increases with decrease 

in particle size, and transport capability in any given size range can be far greater 

than the volume of sediment available. 
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— 1,200 
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Fira. 13. Annual variation of sediment concentrations—Upper Chenab Canal, West 

Pakistan. 

The size of transportable grain is indicated by the tractive force [Eq. (1) and Fig. 3]. 

In a regime channel the bed material is usually composed of sediment which deposited 

during periods of decreased competency or insufficient transport capacity. 

No precise formula for the rate of sediment transport in an alluvial channel is 

available, and it is doubtful whether any single formula can cover the whole range. 

Several formulas, however, give fair indications of transport capability within the 

range of the data used in their derivation. Yet the sediment load of a channel can 

often be varied by 10 or 100 times without resulting in immediate change in flow 

conditions. This is one reason for the wide scatter obtained when testing formulas 

against observed data in the field. Another reason is the generally inaccurate means 

of sampling, especially in the case of bed load. 

The earliest bed-load formula is probably that of Du Boys: 

Chg. = Cysst0(To ra Te) (24) 

where q; is the weight of bed load per unit time per unit width of channel, C is a 

coefficient related to grain size, y is specific weight of water, s; is specific gravity of bed 

material, ro is the bed shear stress (see Art. 3), and 7, is the critical bed shear stress 

(see Fig. 3). Values of C and 7, given by Straub29 are as follows: 

Particle size, mm....... 5... 0.25 0.5 1 2 4 

Cis SRG ee 0.48 0.29 OP 0.10 0.06 

Tok DSLe Aecan aon Sees A aera 0.017 0.022 0.032 0.051 0.09 
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Equation (24) is useful only for a rough indication of the volume of uniform-sized 

quartz granular material under flume-flow conditions. _ 
Shields’ formula*®? provides for materials of different density: 

Gs =) _ ip tea te 
qYS80 y(se — 1)D, 

(25) 

where gq is discharge of water in volume per unit time per unit width, So is energy 

slope, and D, is particle size. 

Relative movement of particles in fluid is evidently more directly a function of 
fall velocity than of size and density. It was therefore a logical step to include the 

fall velocity (see Fig. 11) as a parameter of particle behavior; no additional parameter 

for density is then required. Whether a further parameter for particle size is required 

probably depends on its importance in relation to boundary roughness. In the case 

of sand beds the bed forms (ripples or dunes) are of greater importance but particle 

size could be a factor where the bed consists of gravel or coarser material. 

Suspended sediment load requires separate consideration from bed load. A con- 

siderable advance resulted from the application of the theories of turbulence to the 

distribution of sediment on a vertical. Sediment falls relative to the fluid surrounding 

it, but the fluid is mixed by turbulence. A state of equilibrium results when the rate 

of sediment falling by gravity is balanced by the net rate of sediment lifted by turbu- 

lence. This approach was due largely to O’Brien#! and to Rouse,#? who produced an 

equation for the distribution of sediment within a moying fluid. A detailed pre- 

sentation and discussion of the distribution function are given by the American Society 

of Civil Engineers Committee on Sedimentation .*% 

Einstein’4 used both bed-load and suspended-load functions in his method of 

computation of total bed-material load. This is a rational step-by-step method based 

on probabilities of turbulent velocities and particle exposure. An imaginary dis- 

tinction is made between cross-sectional area and hydraulic radius contributing to 

shear stress on bed particles and those concerned with shear stress due to bed forms. 

Sediment load of each size range is computed separately, and a “hiding factor’ 

introduced to allow for the availability of particles in a mixture. A relationship is 

derived between a function ¢ concerned with rate of movement of bed load and v 

concerned with bed shear stress. Suspended load is computed as a function of bed 

load.* The method is complicated and is perhaps the most highly refined method 

available sofar. It represents the first serious attempt to compute bed and suspended 

load of graded sediment. An example of its application to a natural channel with 

sandy bed material is given by Einstein. Application to a canal in medium-fine sand 

is given by Shieh-Wen Mao and Rice. 

An approximation to the Hinstein formula for bed load is the earlier formula of 

Meyer-Peter modified by Chien:%® 

is 

9 1 iy 
7 

lapel GO 

* Suspended load includes that part of bed-material load that is transported intermittently in 

suspension. It does not include wash load, i.e., sediment of grain sizes finer than those of the bed. 
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where D,; is the diameter of particle in a mixture, 35 percent by weight being finer, 

and R’ is hydraulic radius relating to the part of the cross-sectional area contributing 

to shear stress on the bed particles. Equation (26) may be used for ¢ values from 

0.0001 to 10. 

Bishop, Simons, and Richardson’? compared computations using the Einstein 

method with results of numerous measurements in laboratory flumes using sand 

mixtures of median diameters of 0.93, 0.47, and 0.19 mm, also some canal data. The 

general trend of experimental results was indicated by Einstein’s formula, but the 

agreement was far from perfect. Winstein’s factors were reevaluated to give better 

conformity with the data and curves produced for use in bed-load computations. 

Colby*® analyzed experimental flume data to compare the relationship of bed- 

material load to four parameters: mean velocity, stream power, and two forms of 

effective bed shear. He concluded that each of these could be used but no one was 

satisfactory for all flows, nor was total shear a satisfactory parameter. The relation- 

ship of load to mean velocity was found to be as good as the others (except where 

antidunes persisted, which is unlikely in controlled canals) and was convenient 

to apply. 

Mean velocity was used by Dixon and Westfall,3? who summarized more than a 

thousand sediment measurements taken in flumes, canals, and rivers representing 

discharges ranging from 0.09 to 95,200 cfs with sediment concentrations (fraction 

coarser than 0.062 mm) ranging from 1 to 133,000 ppm. From these data the authors 

derived the following general relationship: 

V = 6.8(qsw) 4 (29) 

when qs is the transported sediment load, Ib/sec/ft of channel width, and w is the fall 

velocity of the median-sized grain. In Eq. (29), gs represents only the sand fraction 

taken as coarser than 0.062 mm. A representative selection of the data used by 

Dixon and Westfall and the graph of Eq. (29) is shown in Fig. 14. For specific chan- 

nels the coefficient in Eq. (29) may be slightly higher or lower than the indicated 

value of 6.8. 

A simple empirical formula which has been shown to conform moderately well 

with sediment-load data of flumes and canals in medium-fine sand is that of Ahmad 

and Rehman :4° 

1,000q72So 
Be = 1 + 5c% (30) 

where q is discharge per unit width, So is energy slope, w is mean fall velocity of the 

sediment, and ¢ is the concentration of sediment by weight in parts per 1,000, excluding 

sediment finer than 0.06 mm. 

7. Sediment Control. The introduction of excessive sediment into a canal fre- 

quently results in deposition in the canal with loss of capacity. If available head is 

sufficient to increase velocity and carry the sediment through the canal, the problem 

must be dealt with at the point where the water is discharged from the canal. Usually 

either or both aspects are objectionable and provisions are made for excluding the 

sediment from the canal. 

A canal drawing supplies at an angle from a river will tend to draw bed water and 

therefore a heavy load of coarse sediment. The most effective way of excluding 

coarse material is conversely to locate the offtake on the outer bank of a bend in the 

river so that it draws mainly surface water. This method, which has been successfully 

used by Inglis,*! requires smooth approach-flow conditions. Divide walls, which are 

provided at most canal headworks in India and Pakistan, can ensure proportional 

distribution of sediment where the approach is straight. Sediment excluders with 
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tunnels discharging downstream 4243 are sometimes provided between the divide wall 

and the canal-head structure; these also require smooth approach conditions to avoid 

mixing bed and surface flow. The canal-head structure should be given a crest high 

above the river bed and the canal should be designed with energy level below that of 

the river, thus providing a margin of head so that a slight steepening of slope in the 

canal will not drown the head control. 

A form of sediment excluder in operation on a number of large canals in Pakistan 

employs a depressed area or pocket to collect the coarser sediments before the flow 

enters the canal-head regulator. Sediments are flushed intermittently from the 

pocket through low-level culvert-type tunnels which extend past the face of the 

regulator to a point downstream from the canal intake. 

The flow approaching the pocket and head regulator should be guided so as to 

minimize turbulence through the entire range of canal operation. Guide walls are 

usually provided to assure a short length of straight approach channel leading to the 

regulators. Observations have established that sediment excluders utilizing pockets 

and tunnels can keep out 30 to 70 percent of the coarse sediment.** 

The desilting works built in 1938 at the headworks of the All-American Canal on 

the California bank of the Colorado River uses six stilling basins 269 by 769 ft by 12.5 

ft deep to precipitate sediment down to 0.075 mm diameter.*4 Sediment is collected 

from the basin floors by seventy-two 1 25-ft-diameter electrically driven rotary scrapers 

and flushed to a sluiceway through sludge discharge pipes varying from 15 to 36 in. 

in diameter. The works are designed to remove 80 percent of the incoming sediment 

load, which is estimated as 60,000 tons/day for a flow of 12,000 cfs. The sediment 

control is sufficient to achieve successful operation of the unlined canal on a slope of 

1 to 19,000 at a flow of 15,000 efs. 

Another type of basin is used to desilt the flow entering the 34-mile-long unlined 

channel which supphes 3,000 to 3,500 cfs to the hydroelectric plants of the Loup River 

Public Power District, Nebraska.4® The basin is a widened canal section 10,000 ft 

in length, 16 ft deep, 200 ft in bed width, and 264 ft wide at the water surface. The 

flow, at velocities of 0.8 to 0.9 fps, deposits all material including medium sand down 

to 0.25 mm diameter and about half of the fine sand (0.25 to 0.075 mm). A dredge 

with a 24-in. pump powered by a 1,200-hp electric motor (nominal dredge capacity 

62.5 cfs) removes about 1.8 million tons of silt per year, which is equivalent to an aver- 

age of 1,100 ppm for the flow passing through the basin. The canal has operated 

for 25 years without appreciable deposition or scour on a slope of 1 to 20,000. 

When desilting works are provided, a means of control is required to allow some 

fine sediment to enter the canal to avoid serious erosion downstream. 

8. Seepage Losses. ‘The loss of water by seepage from unlined canals can be a 

significant factor in selecting a design and appraising the economic value of a canal. 

Seepage losses have been measured in Pakistan as ranging from 2 cfs per million 

square feet of wetted area in canals cut in clayey soils to as high as 15 cfs per million 

square feet in coarse sand. Values of 6 to 8 cfs per million square feet are common 

for fine to medium sand. 

In the United States seepage losses are usually estimated (roughly) by the Moritz 

formula. 46 

1% 
OF O20 (+) (31) 

in which O is the loss in cfs per mile of canal, Q is the discharge of the canal in cfs, V is 

the mean velocity in fps, and Co is the rate of water loss in cubic feet per 24 hr per 

square foot of wetted area. Average observed values of Cy are listed in Table 3. 
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TABLE 3. AVERAGE OBSERVED VALUES OF LossES IN EARTH CANALS 

Co, 

eu ft in 24 hr 

for 1 sq ft Wetted 

Type of Material Area 

Cemented gravel and hardpan with sandy loam............ 0.34 

Claygandiclayeyaloamee ery 7 terra aetna ean 0.41 

Sanchysloami sear lea Saree tir Pte aie ee cars Eee 0.66 

Wolcamicras hints leir wien ete ein ae emene ee Rg a angen eee 0.68 

Wolcanicrashinwithisand smi aee st sete ernie ee ote eee 0.98 

Sandrand wolcanichashion clayiaenancien acura amie atte ete ees 1.20 

Dandyasollswithurock:tmutae wee sere eel te ee een ae ee ce eee: 1.68 

Sandy andesravellyasoil-ascre setae ee a At eae 2.20 

DESIGN OF REGIME CANALS 

9. Design Procedure. The design of a regime canal is developed from two given 

values: Q, the discharge, and f, the sediment factor. When these are known, the 

main dimensions of the canal, such as wetted perimeter (or the width), the hydraulic 

radius (or depth), and the longitudinal slope, may then be calculated. 

Most canals are operated over a wide range of flow conditions which must neces- 

sarily match the demand pattern at the point of delivery. It is not possible to design 

a channel to be in regime for more than one discharge. Since the sediment deposited 

at low flows will usually be scoured by subsequent high flows, the canal is designed for 

the maximum or near maximum expected discharge. Low flows with little or no 

sediment load would not, however, be objectionable. A channel may be designed for 

a discharge less than the maximum if higher flows occur rarely and banks of sufficient 

height are provided. 

The selection of sediment factors requires careful consideration. The best guide 

is provided by existing channels which are operating satisfactorily under similar 

conditions. The value or values of f may be determined from observations of the 

channel dimensions, using Eqs. (7) and (11) through (15), depending on the com- 

pleteness and reliability of the data. In the absence of suitable observations on 

channels operating under similar conditions, or where conditions will differ especially 

in respect to sediment load, the following criteria should be taken into account. 

Generally, it is desirable to exclude the heavy bed load, but this cannot always be 

ensured. In Eq. (7), f is dependent mainly on the size of bed material and may be 

assumed equal to the f calculated from Eq. (10) using the mean diameter of bed 

material. In the head reaches of a canal, this material may be derived from bed or 

suspended sediment drawn from a river or parent channel. In the lower reaches, it 

may consist of the finer fractions of the upstream load or of the coarser fractions of 

the material through which the channel is excavated. Samples from the source of 

flow and from the channel bed materials should be analyzed and the mean diameter 

size determined after excluding the fine material unlikely to affect the bed. If the 

bed material is mainly fine sand, material finer than 0.05 mm should be excluded 

when determining mean diameter. The value of f, related to hydraulic radius and 

slope, for use in the combination of Eqs. (11) and (14), depends considerably on sedi- 

ment load. If the total load rarely exceeds 2,000 ppm this factor may be assumed the 

same value as the factor computed from Kq. (7). If the load exceeds 2,000 ppm and 

contains a significant proportion of coarse material, the value of this factor should be 

greater than that determined from [q. (7). 

A forecast of sediment mean diameter also permits correlation and interpolation 

with canals which are not necessarily equivalent in all respects. Data in Table 1 

present a wide range of values useful as guides. 
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The following are suggested steps in design using the Lacey formulas: 

1. The design values of Q, f, and Manning’s 7 are selected. fers may differ from 

fvr [see Eqs. (20) and (21)]. 

. P is determined from Eq. (9). 

. Ris determined from Eq. (11) and A = P X R. 

. V is determined from @/A and checked by Eq. (7). 

5. So is determined by Eq. (14) using frs and checked by Eq. (20). Manning’s 

n is calculated by Eq. (2) and S) adjusted if considered necessary. 

6. Slope required is checked with slope available. Where available slope exceeds 

Sy head can be absorbed in drop structures. Where it is deficient, realignment may 

be necessary. Head can sometimes be conserved by adopting a rather deeper canal 

section and taking steps to exclude coarse bed material so that the deep section can be 

maintained; a lower value of frs is then possible. 

7. Width and depth are reconsidered in the light of step 6, sediment load, and 

type of bank material. Width may differ from that given by Eq. (9) and Figs. 7 and 9. 

Side slopes in cut and bank are determined. 

8. Design values of fyr, frs, and Manning’s n are reviewed. 

2 

3 

4 
Z 

The formulas used for the foregoing steps are considered preliminary. The design 

may then be refined by the following steps: 

9. The discharge q is recalculated using Q/b.,, where b,, is surface width of channel. 

10. Mean depth is checked by Eq. (15) using fyr. 

11. A and V are recalculated. 

12. Sois recalculated from Eq. (18) using frs and checked by Has. (2) and (8). 

13. frs is checked by Eq. (20), and So is adjusted if necessary. 

14. If the sediment load is appreciable the design may be checked by one or more 

of the sediment-load formulas given in Art. 6. 

Except in the case of small channels (discharge less than say 50 cfs) top width 

may be used instead of wetted perimeter and mean depth instead of hydraulic radius, 

with little or no modification of the f values. 

Example: A canal for maximum discharge of 2,000 cfs is to be located upstream of Rangpur Canal, 

West Pakistan (see Table 1, item 2, 1962), where the bed load is expected to be similar except that it 

may be somewhat coarser. 

Taking the mean diameter as 0.20 mm, by Eq. (10), f = 0.79 compared with 0.74 for the Rangpur, 

for which fvr was 0.82 and fers 0.79. On consideration with the data of the Lower Jhelum Canal 

(Table 1, item 3, 1962) fvr is taken as 0.85 and frs as 1.0. Manning’s n may be about 0.22, as on the 

Lower Jhelum. 

From Hq. (9), P = 120 ft. From Eq. dl), Rk —6.3ft. A=P>sxR = 760sqtt. Y= O/A = 2.63 

fps. From Eq. (7), V = 2.66 fps. From Eq. (14), So = 0.00015, and using this in Eq. (2), V = 2.82 fps, 
which is near enough to the previous value. From Eq. (8), V = 2.9 fps. It appears that the slope is 

slightly high but suitable for the preliminary design. This slope is available, and the design proceeds 

to step 7. 

A cross section with 110-ft bed width, 6.6-ft depth, and 1 on 1 side slopes is chosen. Excavated side 

slopes will be sufficiently resistant for a normal channel width. Banks above ground level will be set 

back by 10 ft each side, but this is ignored in the calculations. Top width is taken as 123 ft, area 

A = 770sqft, mean depth 6.3 ft,and R6.0ft. fvreand frs are reviewed and considered reasonable, and 

the design proceeds tostep9. gq = 2,000/123 = 16.3sqft/sec. By Eq. (15), Ror mean depth = 6.2 ft 

which is sufficiently near the design value. A = 770, V = 2,000/770 = 2.60 fps. By Eq. (18), 

So = 0.00015. By Eq. (2), V = 2.72 fps and by Eq. (8), V = 2.71 fps, which are near enough. By 

Eq. (20), frs = 0.98, which checks. 

As a check on the sediment-load capability Dixon and Westfall’s Eq. (29) and Ahmad and Rehman’s 

Eq. (30) are used, taking » as 0.1 fps corresponding to the mean diameter of 0.20 mm (see Fig. 11). 

According to the former, transport capability is 250 ppm by weight, and according to the latter itis 
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260 ppm, which are considered acceptable if measures are taken to control the intake of coarse material. 

Both figures refer to that component of sediment coarser than 0.06 mm. 
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SECTION 7 

CANALS AND CONDUITS 

By Catvin V. Davis AND KENNETH EF. SORENSEN* 

INTRODUCTION 

1. Introductory Statement. Artificial channels for the conveyance of fluids fall 

into two primary divisions: those which merely guide the fluid as it flows down a 

sloping surface, and those which confine and guide its movement under pressure, 

commonly referred to as free-flow and pressure conduits. Free-flow conduits may be 

simple open channels or ditches, or they may be pipes or other enclosed structures, 

flowing partly full. In size, they may vary from enormous irrigation water supply, 

power, or navigation canals to a single furrow which guides the farmer’s water or the 

small gutters and troughs found around the home or factory. Pressure conduits may 

be of wood, metal, glass, stecl, concrete, ceramics, plastic, or other suitable substance 

and although usually circular in cross section may be of any form. Consideration is 

to be given here only to those types of conduits commonly utilized in the civil works 

of hydraulic projects. 

HYDRAULIC FACTORS 

2. Effect of Slope. The velocity at which the water flows depends on the steep- 

ness of the slope, the size and shape of the channel, the roughness of its walls, and the 

viscosity and density of the water. Reference should be made to Sec. 2 for the flow 

formulas in common use. For the problems of this section, and within the usual 

temperature range, the effect of viscosity is negligible. 

Resistance to the flow of fluids is usually referred to as frictional resistance, 

although it has little relation to ordinary friction between solids. A solid body sliding 

down an inclined plane in a vacuum will accelerate indefinitely. In contrast, fluid 

resistances increase with velocity and rapidly approach equality with the component 

of gravity parallel to the slope. Consequently, for any set of conditions there is a 

maximum velocity, which will not be exceeded, however long the channel may be. 

In solving problems involving resistance to fluid motion, reliance is placed on 

experimentally derived coefficients for empirical formulas, a variety of which has 

been proposed. In Secs. 2 and 3 will be found the summarized results of both labora- 

tory and prototype field observations. 

3. Mean Velocity. The velocity used in most flow formulas is equivalent to the 

quantity of flow divided by the area of the water prism and is called the mean velocity. 

The actual velocity varies throughout the water prism in some manner that depends 

on the conditions of flow. In certain problems, this variation must be taken into 

account, but its effect is usually hidden in empirical coefficients. Only turbulent 

flow will be considered in this section. Reference is made to Secs. 2 and 3 for the 

principles governing turbulent flow and for tables and diagrams useful in the design 

of both free-flow and pressure conduits. 

4. Best Hydraulic Shape. The wetted perimeter offers resistance to flow and 

generally, for “hard’’ conduits, contributes to cost. Hence, it should be held to the 

*Grateful acknowledgment is made to Julian Hinds for material in this section which appeared in 
the first edition (1942) and the second edition (1952). 
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7-2 CANALS AND CONDUITS 

minimum value consistent with the conditions. The degree to which a conduit con- 

forms to this criterion is a measure of its hydraulic efficiency. 

The most hydraulically efficient of all possible sections on this basis is a semicircle, 

open at the top and flowing full. The best closed section, flowing full, is a circle. 

The best polygonal section is one circumscribed about a semicircle for free flow, or 

about a circle for a closed conduit flowing full. For a specified number of sides, a 

regular polygon or half polygon is better than an irregular one, and the greater the 

number of sides, the greater the hydraulic efficiency. A circle flowing full is less 

efficient than any reasonably shaped open channel. 

Although minimum area and perimeter contribute to economy, they may be 

overshadowed by practical considerations. Figures 1 and 2 show, respectively, 

typical sections of aqueducts and tunnels which are now in service. A square closed 

conduit is obviously hydraulically inefficient, and its flat sides are structurally unde- 

sirable, for either internal or external load. Yet such conduits are occasionally used 

to meet practical conditions. 

Both unlined and lined canals have traditionally been trapezoidal, for construction 

reasons. With recent development of mechanical trimming and lining machines 

(see Art. 42) this reason is no longer always valid, and curved bottoms are appearing, 

el ces 

FL Embankment oe 

Ep WINNIPEG 
aa AQUEDUCT 

CATSKILL 
AQUEDUCT 

LOS ANGELES 
AQUEDUCT COLORADO RIVER 

AQUEDUCT 

Fic. 1. Typical aqueduct sections. 
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Timber Support 

Drain as 

required. U. S. BUREAU OF CATSKILL AQUEDUCT 
CATSKILL AQUEDUCT RECLAMATION PRESSURE TUNNEL 
GRADE TUNNEL GRADE TUNNEL (UNREINFORCED) 

METROPOLITAN WATER DIST. 

UNSUPPORTED STEEL SUPPORTED OF SOUTHERN CALIFORNIA 

COLORADO RIVER AQUEDUCT PRESSURE TUNNEL 
GRADE TUNNELS (REINFORCED CONCRETE) 

Fira. 2. Typical tunnel sections. 

particularly with membrane linings (Arts. 61 to 69). The best shape for a lined tunnel 

usually is a circle, but the section is frequently modified to provide increased floor 

space for hauling equipment, and for other purposes. Figure 3 shows the proportions 

of a standard horseshoe tunnel. Tables 1 and 2 summarize the principal geometric 

hydraulic design parameters for partially filled circular and horseshoe conduit sections. 

5. Allowance for Critical Flow. As explained in Sec. 2, flow in an open channel, 

at or near the critical depth (Froude’s number F = 1.0), is in indifferent equilibrium, 

and slight boundary irregularities may produce marked irregularities in flow. The 

relation of designed depth to critical depth should always be known, and where a safe 

Ita. 3. Standard horseshoe tunnel. 



7-4 CANALS AND CONDUITS 

Taste 1. Area, Werrep PerIMETER, AND Hyprautic Raprus oF PARTIALLY 

FIntep CrrcULAR CONDUIT SECTIONS 

| 
d Area Wet. per. | Hyd. rad. d Area Wet. per. | Hyd. rad. 

D D2 iy || 9B) D D? D D 

0.01 0.0013 0.2003 0.0066 0.51 0.4027 1.5908 On2531 

0.02 0.0037 0.2838 0.0132 0.52 0.4127 1.6108 0.2561 

0.03 0.0069 0.3482 0.0197 0.53 0.4227 1.6308 0.2591 

0.04 0.0105 0.4027 0.0262 0.54 0.4327 1.6509 0.2620 

0.05 0.0147 0.4510 0.0326 0.55 0.4426 1.6710 0.2649 

0.06 0.0192 0.4949 0.0389 0.56 0.4526 1.6911 0.2676 

9.07 0.0242 0.5355 0.0451 Ono” 0.4625 ih falls 0.2703 

0.08 0.0294 075735 0.0513 0.58 0.4723 1.7315 0.2728 

0.09 0.0350 0.6094 0.0574 0.59 0.4822 1.7518 0.2753 

0.10 0.0409 0.6435 0.0635 0.60 0.4920 MST e?? 0.2776 

0.11 0.0470 0.6761 0.0695 0.61 0.5018 1.7926 0.2797 

0.12 0.0534 0.7075 0.0754 0.62 0.5115 1.8132 0.2818 

0.13 0.0600 0.7377 0.0813 0.63 0.5212 1.8338 0.2839 

0.14 0.0668 0.7670 0.0871 0.64 0.5308 1.8546 0.2860 

0.15 0.0739 0.7954 0.0929 0.65 0.5404 1.8755 0.2881 

0.16 0.0811 0.8230 0.0986 0.66 0.5499 1.8965 0.2899 

Onis 0.0885 0.8500 0.1042 0.67 0.5594 TOR 774 0.2917 

0.18 0.0961 0.8763 0.1097 0.68 0.5687 1.9391 0.2935 

0.19 0.1039 0.9020 0.1152 0.69 0.5780 1.9606 0.2950 

0.20 0.1118 0.9273 0.1206 0.70 0.5872 1.9823 0.2962 

0.21 0.1199 0.9521 0.1259 OR sal 0.5964 2.0042 0.2973 

0.22 0.1281 0.9764 0.1312 0.72 0.6054 2.0264 0.2984 

0.23 0.1365 1.0003 0.1364 0.73 0.6143 2.0488 0.2995 

0.24 0.1449 1.0239 0.1416 0.74 0.6231 2.0714 0.3006 

0.25 0.1535 1.0472 0.1466 0.75 0.6318 2.0944 0.3017 

0.26 0.1623 1.0701 0.1516 0.76 0.6404 2.1176 0.3025 

0.27 0.1711 1.0928 0.1566 0.77 0.6489 2.1412 0.3032 

0.28 0.1800 1.1152 0.1614 0.78 0.6573 2.1652 0.3037 

0.29 0.1890 1.1373 0.1662 0.79 0.6655 2.1895 0.3040 

0.30 0.1982 1.1593 0.1709 0.80 0.6736 2.2143 0.3042 

0.31 0.2074 1.1810 0.1755 0.81 0.6815 2.2395 0.3044 

OF32 0.2167 1.2025 0.1801 0.82 0.6893 2.2653 0.3043 

0.33 0.2260 1.2239 0.1848 0.83 0.6969 2.2916 0.3041 

0.34 0.2355 1.2451 0.1891 0.84 0.7043 2.3186 0.8038 

0.35 0.2450 1.2661 0.1935 0.85 OR TALS 2.3462 0.3033 

0.36 0.2546 1, 2870 0.1978 0.86 0.7186 2.3746 0.3026 

0.37 0.2642 1.3078 0.2020 0.87 0.7254 2.4038 0.3017 

0.38 0.2739 1.3284 0.2061 0.88 0.7320 2.4341 0.3008 

0.39 0.2836 1.3490 0.2102 0.89 0.7384 2.4655 0.2996 

0.40 0.2934 1.3694 0.2142 0.90 0.7445 2.4981 0.2980 

0.41 0.3032 1.3898 0.2181 0.91 0.7504 2.5322 0.2963 

0.42 0.3130 1.4101 0.2220 0.92 0.7560 2.5681 0.2944 

0.43 0.3229 1.4303 0.2257 0.93 0.7642 2.6061 0.2922 

0.44 0.3328 1.4505 0.2294 0.94 0.7662 2.6467 0.2896 

0.45 0.3428 1.4706 0.2331 0.95 0.7707 2.6906 0.2864 

0.46 0.3527 1.4907 0.2366 0.96 0.7749 2.7389 0.2830 

0.47 0.3627 1.5108 0.2400 0.97 0.7785 2.7934 0.2787 

0.48 0.3727 1.5308 0.2434 0.98 0.7816 2.8578 0.2735 

0.49 0.3827 1.5508 0.2467 0.99 0.7841 2.9412 0.2665 

0.50 0.3927 1.5708 0.2500 1.00 0.7854 3.1416 0.2500 
| 
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TaBLe 2. Ares, Wrerrep PrrimpTer, AND Hypraunic Rapius or PARTIALLY 

Fittep HorspsHob ConpuiT SECTIONS 

d Area Wet. per. | Hyd. rad. d Area Wet. per. | Hyd. rad. 

D D? D Dp D 2 D D 

0.01 0.0019 0.2830 0.0066 0.51 0.4466 1.7162 0.2602 

0.02 0.0053 0.4006 0.0132 OFS2 0.4566 1.7362 0.2630 

0.03 0.0097 0.4911 0.0198 0253 0.4666 eOGe 0.2657 

0.04 0.0150 0.5676 0.0264 0.54 0.4766 1.7763 0.2683 

0.05 0.0209 0.6351 0.0329 0.55 0.4865 1.7964 0.2707 

0.06 0.0275 0.6963 0.0394 0.56 0.4965 1.8165 0.2733 

0.07 0.0346 0.7528 0.0459 0.57 0.5064 1.8367 0.2757 

0.08 0.0421 0.8054 0.0524 0.58 0.5163 1.8569 0.2781 

0.0886 0.0491 0.8482 0.0578 0.59 0.5261 1.8772 0.2804 

0.09 0.0502 0.8513 0.0590 0.60 0.5359 1.8976 0.2824 

0.10 0.0585 0.8732 0.0670 

@..ilal 0.0670 0.8950 0.0748 0.61 0.5457 1.9180 0.2844 

0.12 0.0753 0.9166 0.0823 0.62 0.5555 1.9386 0.2864 

0.13 0.0839 0.9382 0.0895 0.63 0.5651 1.9592 0.2884 

0.14 0.0925 0.9597 0.0964 0.64 0.5748 1.9800 0.2902 

0.15 0.1012 0.9811 0.1031 0.65 0.5843 2.0009 0.2920 

OpalG) 0.1100 1.0024 0.1097 0.66 0.5938 2.0219 0.2937 

Onze 0.1188 1.0236 0.1161 0.67 0.6033 2.0431 0.2953 

0.18 OC1277 1.0448 0.1222 0.68 0.6126 2.0645 0.2967 

0.19 0.1367 1.0658 0.1282 0.69 0.6219 2.0860 0.2981 

0.20 0.1457 1.0868 0.1341 0.70 0.6312 2.1077 0.2994 

0.21 0.1549 1.1078 0.1398 0.71 0.6403 2.1297 0.3006 

0.22 0.1640 1.1286 0.1454 Onz2 0.6493 2.1518 0.3018 

0.23 0.1733 1.1494 0.1508 783 0.6582 2.1742 0.3028 

0.24 0.1825 1.1702 0.1560 0.74 0.6671 2.1969 0.3036 

0.25 0.1919 1.1909 0.1611 Ona 0.6758 2.2198 0.3044 

0.26 0.2013 iL alg 0.1662 0.76 0.6844 2.2431 0.3050 

0.27 0.2107 iL eel 0.1710 0.77 0.6929 2.2666 0.3055 

0.28 0.2202 1.2526 0.1758 0.78 0.7012 2.2906 0.3060 

0.29 0.2297 D273 0.1804 0.79 0.7094 2.3149 0.3064 

0.30 0.2393 1.2935 0.1850 0.80 ON7175 2.3397 0.3067 

0.31 0.2489 1.3139 0.1895 0.81 0.7254 2.3650 0.3067 

0.32 0.2586 1.3342 0.1938 0.82 0.7332 2.3907 0.3066 

0.33 0.2683 1.3546 0.1981 0.83 0.7408 2.4170 0.3064 

0.34 0.2780 1.3748 0.2023 0.84 0.7482 2.4440 0.3061 

0.35 0.2878 1.3951 0.2063 0.85 0.7554 2.4716 0.3056 

0.36 0.2975 1.41538 0.2103 0.86 0.7625 2.5000 0.3050 

0.37 0.3074 1.4355 0.2142 0.87 0.7693 2.5292 0.3042 

0.38 0.3172 1.4556 0.2181 0.88 0.7759 2.5595 0.3032 

0.39 0.3271 1.4758 0.2217 .89 0.7823 2.5909 0.3020 

0.40 0.3370 1.4959 0.2252 0.90 0.7884 2.6235 0.3005 

0.41 0.3469 1.5160 0.2287 0.91 0.7943 2.6576 0.2988 

0.42 0.3568 1.53860 Ones 22 0.92 0.7999 2.6935 0.2969 

0.43 0.3667 1.5561 0.2356 0.93 0.8052 2.7315 0.2947 
0.44 0.3767 ile eyAGul 0.2390 0.94 0.8101 PA fei 0.2922 

0.45 0.3867 1.5962 0.2422 0.95 0.8146 2.8160 0.2893 

0.46 0.3966 1.6162 0.2454 0.96 0.8188 2.8643 0.2858 

0.47 0.4066 1.6362 0.2484 0.97 0, 8224 2.9188 0.2816 

0.48 0.4166 1.6562 0.2514 | .98 0.8256 2.9832 0.2766 

0.49 0.4266 1.6762 0.2544 0.99 0.8280 3.0667 0.2696 

0.50 0.4366 1.6962 0.2574 1.00 0.8293 3.2670 0.2538 
TF at 
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margin above or below critical cannot be maintained by changing the shape of the 

channel, or otherwise, ample freeboard to care for possible disturbances should be 

provided. 

6. Permissible Velocities. The cost of a conduit varies with its size. Therefore, 

if available slope permits, the cost of the initial construction may be reduced by using ° 

the highest safe velocity. However, if the velocity is made too high, the conduit or 

open channel may be damaged or destroyed by erosion. This must be avoided by 

limiting velocities according to the boundary materials. 

For clear water in smooth concrete or other hard-surfaced water conductors, the 

limiting velocity is beyond practical requirements, except perhaps in very steep chutes. 

Velocities above 40 fps for clear water in concrete channels have been found to do no 

harm. If the water carries abrasive materials, damage may occur with lower veloc- 

ities. Unless the abrasive material is particularly bad, velocities up to 10 or 12 fps 

should not prove injurious to wood or concrete. Thin metal flumes may be damaged 

by coarse sand or gravel at 6 to 8 fps, and the galvanizing may be injured by lower 

velocities. The abrasive materials may be in the water at its source or may enter 

along the channel. No definite relation has been established between the nature of 

abrasive material, material of channel bank, and permissible velocity. Such materials 

should be excluded as far as practicable. 

In unlined earthen channels, the limiting velocity involves many factors. Gen- 

erally, a fine soil is more easily eroded than a coarse one, but the effect of grain size 

may be obscured by the presence or absence of a cementing or binding material. The 

tendency to erode is reduced by seasoning. Groundwater conditions exert an impor- 

tant influence. Seepage out of the channel, particularly if the water is turbid, tends 

to toughen the banks; infiltration reduces resistance to erosion. Erosion can be 

reduced or avoided by designing for low velocities. If carried to an extreme, this 

results in large and costly canals, encourages the growth of aquatic plants, and 

increases seepage and evaporation. 

If the water carries an appreciable amount of silt in suspension, too low a velocity 

will cause the canal to fill up until the capacity is impaired. It is necessary to choose 

a velocity that will keep the silt in motion but that will not erode the banks of the 

canal. The margin of permissible velocities depends on the amount and nature of 

the silt in the water, the nature of the bank material, the size and shape of the canal, 

and many other factors. The silt content of most turbid waters varies with the 

season, as does also the demand for water and the resultant velocity of the flow. 

Thus, as demonstrated in Sec. 6 (Regime Canals), a canal that will scour at one 

season may silt at another. 

The determination of nonscouring, nonsilting velocities for earth canals has 

attracted the attention of many investigators over a long period of time, and a con- 

siderable mass of data and formulas have been accumulated. Because of its com- 

plexities and importance this problem is discussed separately in Sec. 6. Reference 

should be made to this section for design information on all important canal projects 

in alluvium soils. 

However, for preliminary purposes, and for design in many cases, use may be made 

of the approximate values proposed by Fortier and Scobey, in 1926, as shown in 

Table 3.1 Where the silt burden is important, it is better to make the slope a little 

too steep rather than a little too flat. A gradient that proves to be too steep can be 

controlled by checks. In hard-surfaced channels silting is easily controlled if fall 
for scouring velocity is available. 

The values in columns (3) and (4) apply only to particles in suspension and not to 

coarser particles, usually referred to as the bed load, which are rolled along the bottom. 

1 Fortier and Sconey, Permissible Canal Velocities, Trans. ASCE, 89, 940, 1926. 
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TABLE 3. PERMISSIBLE CANAL VELOCITIES 

Velocity, fps, after aging, of canals carrying 

Original material excavated for canal Water transport- 
Cle: a Water trans-| ing noncolloidal 

ear water, f ; 
Sine porting col- silts, sands, 

loidal silts gravels, or rock 

fragments 

(1) (2) (3) (4) 

Pine-sand |noncOuordal) weet citer cle cea ices deere 1.50 2.50 1.50 

Sandys loam: (noncollordal),ancr. ae een ane rrersene ae eve 250 2.00 

Silt Joam (noncolloidaly(. inion sm mac ale wae anes ke hw we 2.00 3.00 2.00 

Alluvial silts when noncolloidal..................... 2.00 3.50 2.00 

Ordinary stir lOOn a sitters eats ets iis euenehs csiiie aero euatane cok 2.50 3.50 2.25 

RVOlcamiCraS anes sm steric cctatee pant hee oe eB olamee ye ev 2.50 3.50 2.00 

BGG PRA ME le hoe csp thas Set Beso een ah RO LS, Sune tals 2.50 5.00 Soar Os 

Stiftieclaya(versyecolloidal)ivann ats staat omic et) ets See 5.00 3.00 

Graded, loam to cobbles, when noncolloidal.......... 3.75 5.00 5.00 

Allivialssilts when: colloidal... 5... 0.020060 00 cree cestens 3.0o 5.00 3.00 

Graded, silt to cobbles, when colloidal .............. 4.00 5.50 | 5.00 

Coarseigravel (noncollordal)iaaun menisci sere etre 4.00 6.00 | 6.50 

Cro les, Hal clas, o cad aadoamonaueronooe Tass wee 5.00 5.00 | 6.50 

Srey Lyell laiRohoevasy, 4. ae coonpaaaondonougnsoe ence 6.00 6.00 | 5.00 

ISvery precaution should be taken to exclude these coarser particles, and where this 

cannot be fully accomplished, means for removal should be provided. 

CONVEYANCE LOSSES 

7. Explanatory. There is an inevitable loss of water from all forms of conduits, 

possibly excepting a pipe perfectly constructed of metal or other nonporous materials. 

Losses are caused by leakage, absorption, and evaporation. The greatest loss usually 

results from seepage in unlined channels. The value of water lost is an important 

factor in all economic problems concerning the conveyance of water. 

8. Losses from Concrete, Metal, and Wood Conduits. The leakage from well- 

constructed and well-maintained concrete, metal, and wood conduits is relatively 

small. Where such conduits occur in short lengths in systems composed chiefly of 

earthen channels, losses from them are negligible by comparison. However, no 

conduit is completely tight, and in long lined systems the accumulation of even small 

leakage may be important. An example is the Colorado River Aqueduct, bringing 

water from the Colorado River to Los Angeles. ‘The main line of this aqueduct is 

242 miles in length, made up as follows: tunnel (16 ft) 92.0 miles, cut-and-cover 

conduit (18 ft) 55.0 miles, lined canal (20 ft) 62.4 miles, pressure conduits 29.7 miles, 

unlined canal 1.0 mile, reservoir passage 2.2 miles. The specifications required that 

all visible leaks be closed, yet an appreciable loss was allowed in economic studies. 

Using data available at the time, the loss for final full operation, including reservoir 

seepage and evaporation for some 3,000 acres of canal and reservoir surfaces, was 

set at about 80,000 acre-ft/year, or 7.5 percent of the designed annual capacity. This 

allowance has been found adequate. 

Data on losses from large aqueduct conduits are scarce. Such leakage is frequently 

expressed in terms of gallons per inch diameter of conduit per mile per day. Tests 

on 17 ft by 17 ft 6 in. conerete horseshoe conduits in the New York City water system 
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showed leakage of 167 to 463 gal per inch diameter, with an average of 283. An 

average leakage allowance of 300 to 400 gal per inch diameter is liberal for any well- 

constructed concrete, steel, or timber free-flow conduit. Leakage from new concrete 

conduits may exceed this allowance, but if visible leaks are repaired, the loss reduces 

as the concrete swells and as small openings fill with silt or algae. 
9. Losses from Canals. ‘The losses discussed in Arts. 7 and 8 are applicable pri- 

marily to substantially built channels of structural materials, or excavated in rock or 

firm eartb. The boundary materials of canals, both lined and unlined, are subject to 

wide variations in permeability, as discussed elsewhere in this section. 

FLOW RESISTANCE 

10. Basic Data. The subjects of flow resistance and flow formulas for computing 

it are discussed in Sees. 2 and 3. Flow formulas are to varying degrees empirical. 

Their application depends on experimental coefficients or constants of which many 

published lists are available. Such data are usually derived from tests on newly 

constructed or well-maintained channels, the designer being left to use his judgment 

of any allowance needed to provide for deterioration with use. 

This situation is not newly discovered. Mossy channels and encrusted pipés 

have caused trouble for many years. Because of the random nature of such occur- 

rences, as to both frequency and severity, attempts to codify them are fairly recent. 

11. Unlined Earth Channels. An unlined earth channel is generally more sub- 

ject to progressive deterioration than other waterways. It is easy to compute, with 

reasonable accuracy, the hydraulic performance of a newly constructed channel. 

However, once put into service, resistance begins to change because of erosion, silting, 

aquatic growths such as weeds, grass, tules, willows, moss, Crustacea, and other rea- 

sons. Aquatic growths increase flow resistance and reduce the effective waterway area. 

Tf left unattended, the usefulness of the channel may be seriously impaired. The 

speed with which choking growth may appear is difficult to predict. Some channels 

require only occasional weeding. Others, more exposed to seeding opportunities, 

may deteriorate rapidly.! 

In the case of very hght annual growth, a liberal design friction factor may largely 

eliminate the trouble. For rapid, or choking, growth, a liberal allowance for friction 

is not a complete remedy. It is not practicable to tabulate a friction value for a 

“mossy” or otherwise fouled canal. The ultimate remedy is cleaning, which in 

serious cases must start early and proceed continuously and may be expensive. A 

more liberal design or freeboard may extend the time between cleanings and reduce 

costs. Cleaning may be accomplished mechanically, by fallowing, or chemically. 

The cost is uncertain and variable. 

12. Hard-surface Conduits. The effects of fouling in hard-surface conduits 

usually are less pronounced and more easily controlled than in earth channels. Sev- 

eral examples of the effects of sliming and other capacity-reducing factors will be 

found in Sec. 2. In many cases flow capacity has been tested and found to be less 

than the designed capacity. 

Three or four decades ago, flow formulas and tables for cast-iron and steel pipes 

were generally accompanied by tables of aging factors, to allow for the gradual accu- 

mulation of tubercules on the interior surface. With modern coatings this dificulty 

has been mitigated. As a result, the aging factors are frequently ignored. Severe 

tuberculation is unlikely, unless the coating fails or spalls off. Such failures are rela- 

tively rare, making it cheaper to clean and repair occasionally than to provide excessive 

capacity initially. However, modern linings do not completely inhibit deterioration 

1SrppuHens, J. C., R. D. BLackspurn, D. E. Seaman, and L. W. Weupon, Flow Retardance by 

Weeds and Their Control, Proc. ASCE, J. Irrigation Drainage Div., June, 1963. 
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by organic slimes and other aquatic growth which may affect any hard-surfaced con- 

duit. Diversity of conditions almost defies specific rules. It would be difficult to 

specify a set of flow factors for ‘‘slimy” conduits. 

13. Recent Studies. Mecognizing the need for a codification of information on 

flow resistances from fouling, the Bureau of Reclamation has under way a continuing 

study of flow conditions in several of its important concrete-lined canals.! 

14. Scope of Bureau Studies. A series of hydraulic-capacity tests were conducted 

in some 170 miles of subcritical flow in nine of the largest concrete-lined irrigation 

canals in the Western United States. Several unusual aspects of flow resistance were 

revealed by the tests, which were made between 1957 and 1962. The tests had four 

objectives: (1) determination of maximum discharge capabilities of new canals built 

with modern equipment, (2) documentation of seasonal changes in flow resistance 

resulting from aquatic growths, (3) verification of estimated head losses across canal 

structures, and (4) documentation of increased flow resistance caused by horizontal 

curves in canal alignment. 

15. General Findings. Jisclosure of the variety and extent of aquatic growths 

on concrete lining surfaces was a surprising result of the tests. The occurrence of 

algae, fresh-water clams, sponges, amphipods, bryozoa, and fish was unexpectedly 

deleterious and generally varied seasonally and with water source and geographical 

location. 

The results were compared with standard tabulated values of Manning’s n and 

with Reynolds number friction factors. Although the effects of these sometimes 

minor and sometimes major factors have at times been surprising, procedures normally 

applied by experienced engineers are by and large yielding acceptable results. How- 

ever, notable deviations of sufficient frequency and severity to warrant a more con- 

servative approach to the design of lined canals have been observed. Tests on the 

Delta-Mendota and Friant-Kern canals (California, 1957-1958) showed a water 

depth over considerable lengths 10 percent greater than assumed in design. In the 

48-ft-bottom-width Delta-Mendota Canal, the depth was 18.1 ft in a section designed 

for 16.6 ft. A systematic study program has been initiated in an attempt to find the 

mechanism of the resistance and, if possible, to predetermine its occurrence. 

16. Conclusions. From the results of these field investigations, it was found 

that: 

1. On the five largest canals (hydraulic radius 9 to 15 ft) the retardation was 

greater than expected. Design values of Manning’s n ranging from 0.0187 to 0.0152 

increased to 0.015 to 0.019. 

2. On four small canals (r = 3 to 7 ft) the effect was less, n changing from 0.0141 

and 0.0145 to 0.013 and 0.016. 

3. Values of friction factor f from straight reaches of the concrete-lined open 

canals were generally 30 pereent higher than usually measured by others in large 

circular concrete closed conduits at the same Reynolds number. Aquatic growths, 

coatings on the lining, construction methods, or other factors may account for this 

variation. 

4. Flow resistance caused by “filamentatious’’ algae growths (presumably moss) 

vary seasonally in clear-water canals, peaking at the time of peak demand. - 

5. Biweekly treatments of 2 lb of copper sulfate per efs applied throughout the 

delivery period controlled but did not eradicate such growths. 

6. In most large lined canals extensive cleaning is not required, but in the Delta- 

Mendota Canal some 50,000 cu yd of silt-clam materials were found on the invert of 

1Trnp, Pauu J., Capacity Tests in Large Concrete Lined Canals, Proc. ASCE, J. Hydraulic Div., 

May, 1965, p. 189. 
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1960 after 7 years of continuous operation. These deposits contributed to increased 

hydraulic resistance, and their removal involved an unexpectedly large expense. 

7. Hydraulic friction losses in the inverted siphon sections of the test canals were 

generally less than anticipated in the original design. 

DESIGN OF CANALS 

17. General Approach. Warth canals have traditionally been trapezoidal in form, 

but with modern materials and construction facilities curved bottoms are possible 

for specific jobs. Side slopes are determined by stability of the bank materials, on 

Tig. 4. Typical canal section. 

the basis of experience. The dimension of the channel and its setting in the ground 

are governed by costs and practical considerations. Hydraulic efficiency is not 

usually a determining factor. The heights and widths of banks are determined by 

freeboard and stability requirements. Typical unlined trapezoidal canal sections 

are shown in Figs. 4 to 7, inclusive. A curved bottom section for buried membrane 

is shown in Fig. 12, Art. 59. 

fe ti A D tz Fa 
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Fia. 5. Typical canal section. 

18. Bank Slopes. The side slopes of cuts and fills not exposed to the action of 

water must conform to the angle of repose of the materials, with allowance for possible 

saturation by seepage. The steepest safe slopes are usually most economical. If 

the slopes within the waterway of an unlined canal are made too steep, the banks will 

erode or slough. Etcheverry and Harding! suggest slopes within unlined waterways 

as shown in Table 4. 

1 Etcheverry and Harding, ‘Irrigation Practice and Engineering,’’ vol. 2, p. 124, McGraw-Hill 
Book Company, New York, 1933. 

| 
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Fic. 6. Typical canal section. 
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Fig. 7. Typical deep-cut canal section. 

These suggested slopes, based on judgment and experience, have been proved by 

many years of use and are generally adequate for normal canal work. For long, 

large canal embankments, however, it is advisable to resort to more scientific pro- 

cedures as discussed in Arts. 30 to 35. 

TaBLe 4. CANAL-BANK SLOPES 

Loy aU Hab ote ah dorks oY cts an amecncng roknihie sega 6 Meesece Baan ad Hoe Move teusvahstarmeusegeqase af esti 14:1 

For cuts in fissured rock, more or less disintegrated rock, tough hardpan................ care See 

For cuts in cemented gravel, stiff clay soils, ordinary hardpan....................+..ss0005: 34:1 

For cuts in firm, gravelly, clay soil, or for side-hill cross section in average loam............ St Wee | 

For cuts or fills in average loam or gravelly loam....... ee et piehaats torre Foe arm Loe To 

Horscutvsiorshlisains | OOSe SANG yalo ann ore tri! feteeat.eis ere see ete es wie aearerel; suc Ai ciiiaracaPeteseth Ors a-copieronadt Tet | 

Horientavoriniennh Vervseanay: GOlL oc ocean eke fa oleae gaa ous su es cues have ees eaakerna eparcMehevetare tte Ee 

For banks not within the waterway: 

Rock#wandrgravelanlisnasrr rte ate wtarace Sear erate himaitirre stern vautcegt sarereert aus csinawatiee rt Cae Sorta eee 

mlistofaverscevlodm eravelliva lop tis crratrac.stere siete say eta denen ta punts saeeapare auieea rls rire ot ictel bisa k 

Sandyaloamrandisand yisOilermrsty aan nia wa yess Luis nist vye, a fcbys kus enquire aon Meaceg eekiieneathes raashe taunt 24 eal 

Lining protects the banks of the waterway from weathering and from the action of 

the water in the canal, but for bank slopes steeper than 1:1 or 1.5:1, the lining may 

have to act as partial retaining wall and unless specially designed may fail. Almost 

any coherent, free-draining material can be maintained on a 1:1 slope if substantially 

lined. 

19. Freeboard. An inadequate friction coefficient, accumulation of sand or silt, 

the growth of moss or other vegetation, centrifugal force on curves, wave action, 

increase in flow resulting from error at diversion, or the inflow or storm waters may 

raise the water level above that computed for a normal flow. Therefore, canal banks 

must extend above the designed water level to provide a factor of safety. The lower 

limit for freeboard is usually 1 ft for small canals, and 4 ft is a usual upper limit for a 

canal having a capacity of 2,000 or 3,000 cfs. Between these limits, the freeboard 

may be made about 1 ft plus 25 percent of the depth, with special allowance for 

unusual conditions. 

The top of the lining, in lined canals, is not usually extended for the full height of 

the bank freeboard. Figure 8 shows the U.S. Bureau of Reclamation recommenda- 

tions for bank height for canals and freeboard for hard-surface, buried-membrane, 

and earth linings.! 

20. Top Width and Thickness of Banks. A canal bank must have sufficient 

thickness and strength to withstand the water pressure against it and to prevent too 

free an escape of water by seepage. The top width is usually made about equal to 

the depth of the water with a minimum of 4 ft, or 12 ft if a patrol road is required. 

If the embankment is to be exposed to the water pressure for a considerable height, 

it should be widened as required and carefully compacted. For first-class gravelly 

soil with just sufficient clay to ensure cohesion, the horizontal distance from L to & 

1U.S. Burwau or RectaMatTion, “Linings for Irrigation Canals,”’ p. 36, 1963. 
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7 — 

ight of bank above W.S. 

Height in ft. 

Height of hard surface or 
buried membrane lining 

10 20) S50 60 100 200 600 1000 2,000 4,000 10,000 20,000 

Capacity in cu ft per sec 

I'ic. 8. Bank height for canals and freeboard for hard-surface, buried membrane, and 
earth linings. (Reproduction of Fig. 7, p. 36, “Linings for Irrigation Canals,” U.S. Depart- 
ment of Interior, Bureau of Reclamation.) 

(Figs. 4, 5, and 6) may be as little as four or five times the depth of water above L. 
Por less stable soils this distance should be increased to a ratio of 8 or 10... The bank 

thickness must be suflicient to avoid piping along the outer toe. 

21. Spoil Banks and Berms. Deep cuts may yield more materials than needed 
for banks. If the excess materials are deposited adjacent to the canal, a level space, 
or berm, should be provided to protect the waterway from sloughing materials. 
Berms are also desirable in excavated slopes above the freeboard level. Spoil banks 
should be regular in form and roughly level. Waste materials may be used to con- 
struct an embankment along the uphill side of the canal to exclude cross drainage or, 
if not needed for this purpose, may be used to reinforce the downhill bank, A typical 
deep-cut canal section is shown in Fig. 7. Berms usually vary from 5 to 10 ft in 
width, depending on the height of fills or cuts. Where practical the tops of banks 
should slope away from the canal. 

22. Shape and Size of Waterway. In an unlined canal, the area of the waterway 
is determined by the permissible velocity or by the available slope if the maximum 
permissible velocity is not to be attained. In a lined canal, the area and velocity are 
usually determined by the available slope, unless some other condition controls. A 
steep hydraulic slope and high velocity reduce the size and cost of the canal but may 
use up head needed for other purposes. Where such factors can be e valuated, the 
canal velocity may be made such that the cost of the canal, plus the loss due to 
steepened slopes, is a minimum. In large canals, it may be necessary to limit the 
depth to avoid the expense of making high banks safe against water pressure or to 
minimize the danger of a bank failure. For moderate-sized canals, depths in excess 
of 10 ft are usually avoided, but appreciably greater depths are permissible where 
required. In rock cut or other firm material, the danger resulting from increased 
depth is negligible. In unlined canals where topographic conditions make the use 
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of flat hydraulic slopes difficult, wide shallow sections may be used to reduce velocities, 

but this device should not be carried to an extreme. 

If the canal is to be constructed across a nearly level terrain, without restriction 

as to the relation of water level to ground surface, the banks become lower and hence 

of smaller volume as the base is widened, decreasing the volume of earthwork. If 

the width is made extreme, the cost per cubic yard of excavation and the cost for 

foundation trimming increase, and the cost of the whole project may be greater. A 

bottom width in excess of six times the water depth is seldom justified. 

A usual procedure is to choose arbitrarily a ratio of base to depth b/d and find 

the value of d from the equation 

¥ Zi 
ee Ven aEsel (1) 

where d = depth of water, b = bottom width and A = area of the water prism found 

by dividing the flow by the permissible mean velocity, and S:1 is the side slope. 

The bottom width is usually chosen to the nearest foot or 2 ft, and the depth is 

adjusted as required. 

Equation (1) apphes only to trapezoidal sections. Similar equations may be 

derived for other fixed shapes. 

HYDRAULIC COMPUTATIONS 

23. Basic Procedures. It will be necessary, as the discussion proceeds, to illus- 

trate hydraulic computations for various types of conduits. Appropriate flow for- 

mulas and basic constants are chosen from Sec. 2. Once the required formula is 

selected and adjusted if necessary to Arts. 10 to 16, the computations are concep- 

tionally simple, but the combinations of fractional exponents in flow formulas and 

algebraic complexities of some conduit shapes produce cumbersome arithmetic. 

24. Computation Aids. This difliculty has led to the development of computation 

aids. In repetitive work such aids are indispensable. Tabular aids for fixed-shape 

conduits, such as circles and horseshoes, appear in Tables 1 and 2, respectively. For 

ranals it is not customary to hold the water prism to an exact fixed shape; hence tab- 

ular or diagrammatic aids are sometimes complicated. In any event, their intelligent 

use is helped by an understanding of the basic procedures. For this reason the 

following examples will be solved with minimum use of such aids. 

25. Example 1. The simplest and most basic problem is the computation of the flow capacity in 

an existing canal. Assume such a problem with the following information: 

1. Data 

Trapezoidal, unlined, firm, loam, good repair, clear water 

Bottom width b = 12.00 ft 

Flow depth d = 5.60 ft 

Side slopes s:1 = 1.5:1 

Hydraulic slope s = 0.000144 

Manning's n (Sec. 2) = 0.0225 

Wanted: velocity » and discharge Q 

2. Symbols. Symbols used in this and in subsequent examples are as follows: 

A = area of waterway, sq ft 

b = bottom width of canal, ft 

d = water depth, ft 

p = wetted perimeter, ft 

r = hydraulic radius = A/p, ft 

s = hydraulic slope 

v = mean velocity, fps 

n = flow-resistance factor in Manning's formula 

Q = discharge, cfs 
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3. Canal Properties. From the specified data find the physical canal properties as follows: 

A = (b + 1.5d)d = (12.00 + 8.4)5.6 = 114.24 sq ft 
p = b + 2d V/3.25 (for $:1 = 1.5:1) = 32.19 ft 

a 
pS Ss BY 145 

Pp 

773 = 2,33 

s = \/0.000144 = 0.012 

4. Computing Flow from Manning's Formula, Sec. 2. 

y= ait 773 s¥2 = 1,85 fps 

Q = Av = 114.24 X 1.85 = 211 cfs 

The flow Q was not specified; hence 211 merely indicates what to expect. 

26. Example 2. Assume that the actual flow in the canal of Example 1 is measured and found to 

be only 200 cfs, indicating n = 0.0225 to be low. From the given data find the correct value of n. 

This is a problem of frequent occurrence in investigational work. 

1. Procedure. Find A, r,r?%, and 3/2, asin Example 1l. Then find the actual value of v by dividing 

the known flow by A, thus: 

v= = = 1.75 fps 

2. Computation of n. Insert this value of v into the Manning formula, Example 1, leaving n as an 

unknown, and solve as follows: 

Nee eee Oe 
n 

n= — X 2.33 X 0.012 = 0.0237 

the answer desired. 

27. Example 3. Find dimensions and hydraulic slope for a new canal in firm loam, for a flow of 

1,020 cfs, at maximum permissible velocity. 

1. Data and Assumptions. From Table 3, Art. 6, the maximum allowable velocity in firm loam is 

v = 2.50 fps. From Sec. 2, assume Manning’s formula, with n = 0.0225. From Art. 18, assume side 

slopes of 1.5:1. Assume a desirable bottom width-to-depth ratio of b/d = 4 with 6 restricted to the 

nearest foot. 

2. Canal Properties. Compute the physical properties of the canal as follows: 

Oe 1,020 
A= =e ores 408 sq ft 

From Eq. (1) with b/d = 4, 

A 408 

= Niza + Sil ata 
b = 4d = 34.44 ft 

3. Correcting to b = 34.00 ft. Rounding } out to the nearest foot (34.00 ft), a few trial repetitions of 

the computation lead to d = 8.68 ft, giving a value of 408.13 sq ft for A, close enough to the specified 

408 sq ft. 

4. Computation of s. The computations for s are as follows: 

p = 34+ 2 X 8.68 +/3.25 = 65.30 ft 
A 408 pe me nea Rs) r 5 65.3 6.25 

173 = 3.39 

With these values and the specified values of n, Manning’s formula yields 

1.486 Se SCs ‘ 1% = 0.0225 X 3.39 XK s7 2.5 

from which 

s = 0.000125 

28. Example 4. Asa further illustration, assume that in Example 3 the terrain makes it impossible 
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or impracticable to use a slope flatter than 0.00015 without relocation or costly checks. Investigate 

the possibility of velocity control by a change in canal shape. 

Enter Manning’s equation with the specified values of n and s, leaving r unknown, thus: 

1.486 
220 — G nak 773 x/0,00015 

from which 

773 = 3.09 
r = 5.43 

The wetted perimeter is 

p= 2 = = = 75.14 

From a trial or two it is found that b = 50 ft and d = 6.8 ft satisfies the values of v = 2.50 fps and 

s = 0.00015. This width is excessive. Whether it should be used depends on factors not specified 

in this example. 

29. Example 5. A more usual condition, particularly in lined canals, is to have only the slope and 

flow prescribed, the velocity and canal dimensions being optional. Assume a flow of 1,000 cfs in trape- 

zoidal lined canal, Manning’s n = 0.014, side slopes 1.5:1, hydraulic slope 0.0004. 

On the basis of experience, with or without published aids, the designer must start with trial dimen- 

sions. A pure trial-and-error approach will be illustrated. 

1. Assumptions. As a first basic assumption a value of b/d = 2 is arbitrarily chosen. 

2. First Trial. Asa start, try b = 16.00, d = 8, and proceed thus: 

A = (b + 1.5d)8 = 224 sq ft 

p=2X 8x/3.25 + 16 = 44.85 ft 
224 
a Q r 44.85 4.99 ft 

24 173 = 2,99 

From Manning’s formula, with n = 0.014, 

= = 

= 106.14 K 2.92 X 0.02 = 6.20 fps 

Q = Av = 224 K 6.20 = 1,389 

which misses the required Q = 1,000 cfs by a wide margin. 

3. Added Trials. The excess capacity of 389 cfs indicates a substantial reduction in size. A 

second trial of d = 7 and b = 14 appears reasonable, and repeating the computation yields results 

A = 171.5, v = 5.68, Q = 974, which is reasonably close. If a closer value is desired a trial of b = 14 

and d = 7.1 will yield Q = 999.4. 

These examples do not cover all eventualities but are illustrative of procedures. 

LOCATION AND CONSTRUCTION 

30. Locating the Canal on the Ground. If there is no restriction as to depth of 

cutting or in the relation of the water surface to the ground level, the canal prism may 

be set into the ground a distance such that the excavated materials will just suffice for 

the construction of the banks. If the ground surface is smooth or regular, this can be 

accomplished precisely for each foot of canal, but surface irregularities make it neces- 

sary to resort to averages. Balancing the cut and fill at any particular section may be 

accomplished algebraically or by trial. For a trapezoidal canal in level ground, as 

illustrated in Fig. 4, algebraic expressions for the area in cutting and the area of the two 

banks may be equated, giving the relation 

ba —- 24S; = [Gi +- ta) — w@) =- (Si -F Sa) — 2)2] =k) (2) 

where k is the percentage of shrinkage between area of cutting and area of compacted 

fill, and all other symbols are as indicated in the figure. This equation may be solved 

for x, the only unknown. 

If the canal is on gently sloping ground but still requires an uphill bank as in Fig. 5, 

the economic cut for level section can be found approximately by setting the canal so 



7-16 CANALS AND CONDUITS 

that the intersection of the top of the level cutting with the ground surface comes half- 

way between the points G and H. 

In Fig. 6, the ground slope is such that the upper bank has disappeared. Algebraic 

expressions for the cut and fill can be devised and solved, or the solution may be made 

by trial. 

The foregoing applies to the economic cut for a straight canal at a single station. 

On curves, allowance must be made for the effect of curvature. Contours are usually 

too irregular to be followed minutely. Consequently the depth of cutting must depart 

from the theoretical at many points, and economy requires that portions of the mate- 

rials be transported along the canal. The excess or deficiency in excavated material 

in each station or fractional station is computed and an algebraic summation is carried 

forward in the form of a table or is plotted on a profile as a differential mass diagram. 

The location is moved uphill or downhill as required to keep the summation close to 

zero. Materials may be moved either backward or forward, and the distance of 

transportation must be considered in computing the cost of the work. Excessive 

haulage should be avoided by wasting and borrowing. The permissible length of haul 

depends on the equipment used for excavation. For important canals, particularly on 

sidehill locations, it is sometimes required as a condition of safety that the water prism 

be set wholly within the original ground, as far as practical, which removes the possi- 

bility of balanced cut and fill. Smaller canals with frequent turnouts may be set in 

shallow cutting to facilitate diversions, the resulting deficiency in excavated material 

being made up by borrowing. 

31. Construction of Embankment. Canal banks must be placed on adequate 

foundations and constructed with care. For high banks, subject to water pressure, or 

for important canals in “thorough fill,”’ the rules for selection and compaction of earth- 

dam materials (Sec. 18) should be followed. The strict application of such rules to 

sections like those shown by Figs. 4 and 5 obviously would be extravagant. However, 

some compaction is required for any bank, especially those dumped in place by drag- 

lines or similar mechanical means. 

32. Embankment Foundations. Economy dictates that the canal embankments 

be placed on the foundation materials at hand. If weak, the embankment is spread to 

compensate. Soft or leaky spots should be avoided by alternative locations, or 

removed and replaced. Surfaces should be scarified, and excessive vegetation should 

be removed. 

In certain arid and semiarid regions, extensive areas of light alluvium or windblown 

materials are sometimes found which have never attained their full natural subsidence. 

When waterlogged by a canal such materials may settle disastrously; hence they 

should be avoided or presettled, or the design should provide for compensation. A 

stable but leaky foundation may be remedied by a sheetpile or slurry trench cutoff or 

by a lined section. 

33. Embankment Materials. Any good well-graded earth material can be used 

for canal embankments, but swampy muck, soft wet clay, quicksand, fine silt, and blow 

sand are unsuitable. For high wet banks and for deep center fills, reference should be 

made to Sec. 18. If obviously unsuitable materials are rejected and reasonable mois- 

ture control is used, canal cut materials generally can be used in embankments. 

34. Placing and Compacting. Hmbankment may be placed on the fill with dump 

trucks, loaded by shovels or other devices or by power-driven scrapers or dragline. 

The dump truck or scraper is usually followed by a bulldozer, which spreads the load 

in an even, relatively thin layer. For well-graded, properly moistened materials, this 

operation usually provides sufficient compaction for water depths up to from 2 or 3 ft. 

For greater depths added compaction by tamping rollers or other devices may be 

required (Sec. 18). The inclusion of lenses of sand, gravel, and soft materials passing 

through the fill must be avoided. 
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35. Failure by Sloughing. Complete saturation of an appreciable part of an 

outer slope may cause failure by sloughing or sliding. Also, a too high escape velocity 

for seepage on the face, at the toe, or from the foundation presents a danger of failure 

by piping. These conditions are not usual in canal banks but are possible. 

THE LINING OF EARTH CANALS 

36. Purposes of Lining. There are thousands of miles of all kinds and sizes of 

unlined earth canals in satisfactory service throughout the world. They are econom- 

ical to construct and will continue to be used where suitable. However, on occasion, 

for one or more of many reasons, it is desirable or necessary to provide canals with a 

lining. A partial list of reasons is: 

1. To avoid excessive loss of water by seepage 

2. To avoid piping through or under banks 

3. To provide needed stability 

4. To avoid erosion 

5. To promote the continued movement of sediments 

6. To facilitate cleaning 

7. To help in the control of weeds and aquatic growths 

8. To reduce flow resistance 

9. To avoid waterlogging of adjacent lands 

10. To promote economy by a reduction in excavation 

37. History and Progress of Lining. The active history of canal lining probably 

began in the nineteenth century. In the early part of this period water was relatively 

plentiful, and a moderate waste was unimportant. Where lining was used, it was 

likely to be for some reason other than the simple value of the water lost. 

This situation gradually changed over the years as demands for water encroached 

upon available supply. At first shortages were met by going afield for added supplies, 

but in many places this is becoming impossible or impracticably expensive. Where 

perennial streamflow is inadequate, storage is required which is often expensive. For 

an extensive system of long unlined canals, losses sometimes have been known to run 

as high as 30 to 40 percent. However derived the wasted water is just as costly as the 

used water. Also, the upper reaches of the works must be oversized to carry the 

water destined to be wasted. Thus water has achieved a value, seepage has become 

expensive, and the need for an economical means for sealing conduits is emphasized. 

This need has developed gradually and has been accompanied by an increasing 

search for better and cheaper canal linings. The search for materials went through 

many stages: masonry, hand-placed concrete, machine-placed concrete, mortar and 

plaster, asphaltic concrete, asphaltic membranes, rubber and plastic sheets, compacted 

soils, solid and chemical sealants. 

The U.S. Bureau of Reclamation of the Department of the Interior, and other 

water-transporting agencies, have been working on the problem of effective canal lin- 

ing at minimum cost since the beginning of the present century, and about 1945 began 

an intensive study, giving particular attention to newly developed materials and to the 

cost reductions which would be made possible by improvement in the design and con- 

struction of conventional types. 

The accomplishment of this study up to 1963 is effectively analyzed in a report 

entitled ‘Linings for Irrigation Canals.’’! This report is drawn on freely for essential 

information in the following discussion of alternative lining materials and procedures. 

1U.S. Burpav or RecuaMaAtTion, ‘Linings for Irrigation Canals,’’ Denver, Colo., 1963. 
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PORTLAND-CEMENT-CONCRETE LINING 

38. Desirable Qualities. Because of its many desirable qualities, Portland- 

cement concrete has long held a dominant place in the canal-lining field. It meets 

more of the requirements of Art. 36 than any other material so far developed, and meets 

them more effectively. However, as generally used in the past, it has been relatively 

expensive, and in this respect it fails to meet the ever-increasing need for low-cost 

linings. 

39. Cost Factors. The high cost of concrete lining is due in part to the inherent 

cost of the concrete itself, but there are controllable factors, especially applicable to 

canals, which can be improved. Among these are thickness, reinforcement, placing 

procedures, and design and construction tolerances. Because of the need of codified 

information on these and other items, the possible improvement of concrete lining has 

high priority on the Bureau of Reclamation’s current canal-study program. 

40. Thickness Requirements. The required thickness of a concrete lining is 

determined by the purpose to be served and by operating conditions. If seepage con- 

trol were the only purpose, a relatively thin lining (if uncracked, or if cracks are closed) 

would suffice. Because of lack of data, the choice of thickness is often arbitrary. 

As an extreme example, consider the 62-mile length of lined canal on the Colorado 

River Aqueduct, bringing domestic water to southern California. This 20-ft-bottom- 

width canal with 10.2 ft water depth could not readily be taken out of service for 

repairs. Hence the bottom lining was made 8 in. thick, the sides tapering to 6 in. at 

the top. Twenty-five years of operation have proved this thickness to be ample, but 

there is no proof that a thinner lining might not have sufficed. Thinner linings have 

been successfully used under comparable circumstances. 

A brief discussion of thicknesses for use in cement concrete, asphaltic concrete, and 

shotcrete is given on page 33 of “Linings for Irrigation Canals,’’ followed by a diagram 

of the relation of thickness to canal capacity, derived from Bureau practice. The 

data on this diagram are transposed into Table 5. The values shown are somewhat 

arbitrary but are based on long experience under a wide variety of conditions and are 
valuable as guides. 

If surface deterioration from alkali, freezing and thawing, or other cause, or if 

TaBLeE 5. SuGaEstep THICKNESSES OF PORTLAND-CEMENT 

AND ASPHALTIC CONCRETE LININGS* 

Thickness, in. Flow, cfs 

Unreinforced concrete: 

2.00 0-200 

2850 200-500 

3.00 500-1 , 500 

3.50 1, 500-3 , 500 

4.00 Above 3,500 

Asphaltic concrete: 

2.00 0-200 

3226 200-1, 500 

4.00 Above 1,500 

Reinforced concrete: 

3.50 0-500 

4.00 500-2 ,000 

4.50 Above 2,000 

Gunite: 

1525 0-100 

1.50 100-200 

Lois 200-400 

2.00 400 up 

* U.S. Bureau or Recuamatron, “Linings for Irrigation Canals,’’ Denver, Colo., 1963. 
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heavy icing or other extraneous influences are possible, the indicated thicknesses may 

need to be increased. 

41. Minimum Reinforcement. The requirement for reinforcement for other than 

structural] purposes is indeterminate. Returning to the Colorado River Aqueduct for 

an extreme example, it was important that this canal be free from breakage and as 

nearly bottle-tight as possible. Nominal reinforcement in conjunction with adequate 

jointing, or continuous reinforcement, adequate to preclude any wide-open cracks, 

were indicated alternatives. The latter was chosen using 0.6 percent of high-elastic- 

limit steel. The result sought was many closely spaced surface cracks with no 

through cracking. This objective was achieved, but there is nothing to indicate 

whether it was overdesigned. 

The Bureau of Reclamation has found that for usual irrigation requirements, much 

lighter reinforcement or none at all provides adequate strength and seepage control and 

recommends that reinforcement on irrigation canals be used only where required for 

structural reasons. For thin linings, nominal reinforcement may defer complete col- 

lapse by holding cracked segments together. 

42. Mechanical Trimming and Placing. The trimming of banks and actual place- 

ment and finishing of the concrete are important cost items in lining a canal. To 

avoid waste of concrete, the banks must be fine-graded. Laborsaving means of accom- 

plishing this and of placing the concrete, which can greatly reduce cost, have been 

developed gradually and improved over more than a quarter century. <A distinct 

impetus was given to this development on the previously mentioned Colorado River 

Aqueduct, where mechanical trimming of the canal and placement of concrete were 

adopted. The procedure was as follows: 

1. The canal was excavated slightly undersize, by dragline. 

2. Fine grading, following the dragline, was done by a trimmer consisting of a series 

of small dredger-type buckets traveling on a trapezoidal frame set to trim to exact 

neat Jines. The trimmer was supported on carefully aligned steel rails on the two 

banks. 

3. Reinforcing steel was placed and tied by hand. 

4. Concrete was hauled to the site in trucks or transit mixers and delivered to a 

placer consisting of a slip form exactly fitting the finished canal surface, supported on 

the same rails as the trimmer, and drawn forward by winches. Concrete fed into 

vibratile hoppers at the leading edge emerged as a perfectly formed lining. From a 

light following scaffold workmen hand-troweled the surface and applied a curing com- 

pound. This was an eminently successful operation, but too costly for general irri- 

gation work. 

The Bureau of Reclamation has improved these machines over the ensuing 30 

years and has lightened and tailored them to irrigation-canal needs. By experimen- 

tation it has been found that the guide rails often can be eliminated, the equipment 

being supported from the subgrade. 

43. Relaxed Tolerances. Canal surfaces must be maintained smooth and regular, 

without abrupt changes, and large-scale sinuosity should be avoided, but experience 

has shown that there is no need to hold sections and surfaces precisely to prescribed 

dimensions. Good judgment and experience will dictate how far relaxation may go. 

44. Joints and Grooves in Concrete and Mortar Lining. <A concrete or mortar 

canal lining is subject to swelling and shrinkage under varying temperature and mois- 

ture conditions. In concrete lining of normal thickness swelling is unimportant. For 

uncracked thin concrete or mortar, swelling can cause buckling. Buckling is generally 

not aserious problem, and expansion joints usually can be omitted except at junctions 

with rigid structures. Short of very heavy and costly reinforcement (see Art. 41), 
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concrete lining cannot be designed to overcome cracking. Partial control can be 

secured by contraction joints at proper intervals, with or without light reinforcement. 

The use of reinforcement steel for this purpose, except in special cases, such as for 

high-velocity channels, has been practically abandoned. For continuously placed 

lining a weakened-plane-type joint, or “sidewalk” groove, formed in the concrete to a 

depth of about one-third of the Jining thickness is effective in controlling the spacing 

and consequently the width of cracks. For a canal perimeter of more than 30 ft, 

longitudinal as well as transverse joints are advisable. Recommended spacing of 

transverse grooves in unreinforced concrete varies from 10 to 15 ft, depending on the 

size of canal and the thickness of lining. Figure 9 and the accompanying table show 

ig pack 

enede jm 

t, b, ¢, Approximate groove spacing, 
: : center to center 

inches | inches inches (feet-inches) 

2 |“ato%| Ygto % 10-0 

2%> | Vato ¥g| to % 10-0 

3 |¥gto%o| 1 tov 12-0 to 15-O 

3% | %eto Vo| 1%gtoiM%q 12-0 to 15-0 

4 | %eto Yp| Natol%g 12-0 to 15-0 

Dimensions b and c show allowable tolerance 

Fic. 9. Recommended groove dimensions for unreinforced-concrete canal linings and 
accompanying table. (Reproduced from Table 6, p. 35, “Linings for Irrigation Canals,’ U.S. 

Department of Interior, Bureau of Reclamation.) 

recommended spacing and groove dimensions. A more detailed discussion of the 

spacing of grooves and methods of forming them is contained in the Bureau’s ‘“‘Con- 

crete Manual.’ Similar grooves may be provided in gunite linings. IExpansion 

joints also may be required for gunite linings if placed in cold (less than 50 F) weather. 

One-inch-wide joints at 100-ft centers have been found to be effective. 

For thick concrete linings, particularly in high-velocity channels such as spillway 

chutes, thicker linings and more substantial joints, designed to permit limited slippage 

without leakage, may be required. Typical examples are shown in Fig. 10. Figure 

11 indicates a type of grooving that may be used around precast slab lining. 

THIN PORTLAND-CEMENT-MORTAR LININGS 

45. Span of Experience. The use of relatively thin cement-mortar canal lining 

as a means of reducing cost has a long history. However, until recently little effort 

was made to collect and publish information on effectiveness, durability, and cost. 

Recently compiled data show excellent performance. 

46. Service History, Hand-placed Thin Linings. Some linings of thin Portland- 

cement mortar in mild climates are known to have been in service for more than 60 

years. More than 20 miles of 34-in.-thick unreinforced mortar linings placed between 

1880 and 1890 in southern California are still in service. A total of 37 miles of 114- 

inch-thick, hand-troweled, unreinforced, mortar lining placed in canals of the Okanogan 

Project, Washington, between 1912 and 1917, is still in good, serviceable condition, 
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somewhat cracked and in need of some maintenance, but only about 14 mile in a 

severe-frost area needs to be replaced. 

47. Pneumatically Applied Mortars. Hand plastering has largely given way to 

pneumatic placement of cement-mortar linings, usually referred to as gunite or shot- 

crete. 

Pneumatic placement has many advantages. The equipment is light, inexpensive, 

and mobile, making gunite attractive for remote locations and for scattered small jobs. 

However, the rate of placing is slow, the cement content is high, and aggregates require 

careful selection and processing, for which reasons gunite is not always so cheap as slip- 

form concrete on large jobs. Gunite 114 in. thick may be expected to cost about as 

much as 2.0 in. of unreinforced slip-form concrete. 
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Fre. 10. Typical canal-lining joints. 

48. Thickness and Reinforcement of Pneumatic Lining. (Gunite linings placed 

by the Bureau of Reclamation are usually 114 in. or more in thickness, sometimes 

reinforced with wire mesh, where structural safety is involved, using 4- by 4-in. or 

6- by 6-in. mesh of No. 9 or 10 gage wire. Under adverse conditions such lining may 

crack, heave, and break, but particularly if reinforced, complete failures are rare and 

prompt repairs are possible, ensuring a satisfactory low-cost long-life lining. 
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Fic. 11. Suggested precast slab details. 

49. Repair of Portland-cement Concrete and Mortar Linings. Shrinkage cracks 

in Portland-cement concrete or mortar may be filled with brushed-in cement grout or 

with a stiff mastic. Damaged areas may be removed and replaced with concrete, 

gunite, or hot-mixed asphaltic concrete. An extensively deteriorated lining may be 

repaired by a full-area overlay, | to 2 in. thick, of hot-mixed asphalt. A similar layer 

of gunite could be used. 

ASPHALTIC LININGS 

50. Objectives. The successful and economical use of asphaltic concretes for 

the pavement of roads, driveways, and other areas has drawn attention to its possible 

use for canal hnings. Sporadic use, particularly for lining small reservoirs, dates back 

to the early 1900s. Systematic evaluation of its use for canal lining was begun by the 

Bureau of Reclamation in the 1940s. As an exposed-surface lining it generally has 

not been found superior, if equal, to Portland-cement concrete and mortar linings; 

hence its value largely depends on relative costs. 

51. Hot-mixed Asphalt Concrete. Hot-mixed asphalt used for canal linings is 

similar in general appearance to that used for road surfacing, but its performance 

requirements are different. To assure its value for seepage control, its density should 

be high. This calls for careful selection and proportioning of materials and thorough 

compaction. Harly installation of hot-mixed lining was placed and finished by hand, 

but shp-form machines, adapted from those developed for Portland-cement concrete, 

are being found to yield superior results at a low cost. 

To 1963, the Bureau of Reclamation had in service 330,000 sq yd of hot-mixed 

linings In various areas, particularly on the Contra Costa Canal in California and the 

Snipe Mountain Canal in Washington. This was followed by an 88,000-sq-yd instal- 

lation on the Pasco Pump Lateral, Washington, which was laid with the first slip-form 

machine to be specifically designed for asphaltic concrete. 

52. Subgrade Problems. Asphalt-concrete linings, having less structural strength, 

are somewhat more sensitive to subgrade weakness than comparable thicknesses of 
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Portland-cement concrete or mortar but being more flexible are less subject to rupture 

from yielding soils. 

53. Weed Problems. Asphaltic concrete, even of fair thickness, is subject to 

penetration by weeds, roots, willows, and other plant growths. Where conditions are 

favorable to such growths, it is advisable that the soil be chemically sterilized in 

advance of construction. Various sterilants and their effectiveness are being studied 

by the Bureau of Reclamation. Some have been found to be only temporarily effec- 

tive; others give promise of longer life. All are under continuing study. A prospec- 

tive user of asphaltic lining should consult a dealer in agricultural chemicals for latest 

data on soil sterilants. 

54. Reinforcement. Steel reinforcement in asphaltic-concrete canal lining has 

been tested but so far has been found to be of little or no value. 

65. Thickness and Mixture. Recommended thicknesses for asphaltic-concrete 

linings are indicated in Table 5, Art. 40. Adequate thickness is, of course, intimately 

related to the composition of the lining and the care with which it is placed. Of two 

experimental reaches laid by the Bureau in 1963, one, with thicknesses of 1.0 to 2.0 in., 

used a fine pit-run sand, hot-mixed and hand-placed. The mix lacked stability and 

performed poorly. An alternative reach, hand-placed, hot-mixed with well-graded 

aggregate, laid in 1-, 2-, and 3-in. thicknesses, gave excellent performance, except for 

some willow penetration and slight buckling of the 1.0-in. lining. 

In 1944, 11,000 sq yd of 2.0-in. asphalt-concrete lining, using a coarse (but graded) 

aggregate and a heavy asphalt, produced a rough open surface. A squeegeed seal coat 

was temporarily successful, but deterioration continued, and in 1957 a need for rehabil- 

itation became apparent. 

EXPOSED MEMBRANE LINING 

56. General Features. A sheet of plastic, even a very thin one, is essentially 

watertight, as long as it remains perfect. However, experience to date, as subse- 

quently explained, indicated that the element of perfection disappears when such mem- 

branes are spread over the extensive areas involved in canal linings. However, these 

products are relatively new and are rapidly being improved. If used, careful con- 

sideration should be given to ability to meet the rigors of the installation. Exposed 

membranes should not be used on structures which are not structurally safe without 

lining. 

57. Exposed Asphaltic Membranes. ‘Thin sprayed-in-place, hot or cold, exposed 

asphaltic cements have been tried experimentally but with limited success, as they 

are very subject to injury. Tests are continuing. 

Considerable experimentation is being done with prefabricated asphaltic mem- 

branes, following the pattern of the well-established use of asphaltic felts for roofs. 

The membranes, received in rolls or sheets, are laid with lapped joints shingle fashion, 

or with butt joints closed with cemented-on strips. The felt filler may be composed of 

organic, asbestos, or glass fibers, and may be from 146 to 14 in. thick. Experience to 

date with such exposed sheets has been only partially successful. 

58. Exposed Plastics and Synthetic Rubber. Membrane films of plastics and 

synthetic rubber suitable for canal linings have been and still are under test. Many of 

the plastics tested and installed experimentally as exposed membrane linings have 

shown low resistance to puncture, and some types disintegrate upon exposure. 

Thicker plastics and synthetic rubber, with greater resistance, are more expensive. 

Butyl-rubber sheets 30 and 60 mils thick have been installed and, although costly, are 

proving serviceable as canal and pond liners. Membrane linings should not be laid on 

rocky surfaces or on gravelly soils containing sharp particles that might promote punc- 

turing. Vandalism has been a problem in some areas. 
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BURIED MEMBRANE LININGS 

59. Advantages and Disadvantages. The vulnerability of exposed membrane 

lining to damage can be partially mitigated by a cover of earth or of earth and gravel. 

Such protection adds greatly to the security of the lining against mechanical damage 

and vandalism. However, it is not enough simply to spread a thin layer of earth on 

the lining surface. The cover must be of substantial thickness. The lined section 

may be conventionally trapezoidal, or the bottom may be rounded, as suggested in 

Fig. 12. It has been found that the side slopes should be flatter than for unlined 

canals, because of the plane of weakness introduced by the membrane surface, and 

usually should not be steeper than 2:1. 

Center tangent optional 

if \ (lower) 

Membrane 
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single layer 
cover 

sets 
= Earth 

double layer 

Fic. 12. Round-bottom buried membrane. 

A minimum thickness of about one-twelfth the water depth plus 10 in. is indicated 

for a cover of clayey or gravelly surfaced soil, or other equally erosion-resistant mate- 

rial. Otherwise it may need to be thicker. The erosion resistance could be improved 

by compaction, but compaction would need to be done with great care, to avoid rup- 

ture of the membrane. A canal with a buried lining is subject to the same difficulties 

from aquatic growths, the same limitation of velocity and flow resistance, and the 

same (if not greater) maintenance difficulties as on unlined canals. 

OTHER TYPES OF LINING AND SEALANTS 

60. Possible Types. In addition to concrete, asphalt, plastic, and rubber types 

of linings, there are numerous other types that deserve mention. Among these are 

masonry, compacted earth, loose earth, soil cement, and waterborne sealants. 

61. Masonry Linings. Stone and brick masonry were the earliest hard-surfaced 

types of lining. They were laid by hand, with dry or mortared joints. With dry 

joints they are of little value for seepage control but may serve other purposes. With 

carefully mortared joints such paving can be made reasonably watertight. Surfaces 

can be left rough, or smoothed with mortar to reduce flow resistance. These linings 

are substantial and permanent, but not particularly cheap, and in many parts of the 

world have been rendered obsolete by the rising cost of manual labor. Dumped-in- 

place rock, or riprap, is still in general use in special locations for erosion control. 

62. Earth Linings. A properly selected, well-graded, and thoroughly compacted 

earth material can rival a lean concrete in impermeability and has an advantage in 

flexibility. One disadvantage is that a canal lined with earth is still an ‘‘earth canal,”’ 

subject to low erosion resistance, high flow resistance, and aquatic growths. Never- 

theless, in some situations there is a net advantage to earth linings. The most abun- 

dant source of coordinated information on earth lining is the Bureau of Reclamation’s 

report of ‘Linings for Irrigation Canals,’’ from which the following information on 

thick-compacted, thin-compacted, loosely placed earth linings, and soils with admix- 

tures, is abstracted. 
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Compacted earth linings designated as “‘thick”’ are usually 3 ft horizontally on the 

sides and 12 to 24 in. vertically on the bottom. The normal-to-surface thickness of 

so-called ‘“‘thin” lining usually runs from 6 to 8 in. 

63. Thick-compacted Earth Linings. Where suitable materials for the construc- 

tion of a thick-compacted earth lining are readily available, this is likely to be the 

lowest-cost permanent lining for large canals. A thick-compacted earth lining, 

because of its weight and plastic characteristics, can withstand considerable hydro- 

static pressure; in many instances it can be used in high-groundwater areas without 

drains and is useful for constructing partially lined sections or reaches, where required 

to cut off permeable areas. Careful inspection and construction control are required. 

The soil must be homogeneous when placed, of proper thickness, and compacted at 

proper moisture content to a prescribed density. 

Except for thin surface layers frost action has not destroyed the compacted density 

in severely cold climates. Field tests are now being made to determine the effects of 

frost. Frost-susceptible soils should be avoided in cold climates. Even in mild cli- 

mates weathering can in time cause some loss of density, but to date this has not been 

found serious. Just as in an unlined canal, attention must be given to maximum 

velocities, erosion possibilities, high flow resistance, aquatic growth, and cleaning. 

64. Thin-compacted Earth Linings. Thin-compacted earth lnings have some 

of the characteristics of the thicker linings of the type discussed above. They are 

susceptible to severe frost action and scour. The thickness in this classification varies 

from 6 to 12 in. 

65. Loosely Placed Earth Blankets. Loosely placed earth blankets, unless the 

soil used is highly impermeable and stable, have limited use. The blanket must be 

protected from scouring and eroding action of the flowing water and the elements by 

use of stable gravel or gravelly materials. Its usefulness is generally limited to 

emergency or temporary situations. 

66. Soils with Admixtures. Where it is necessary to use substandard embank- 

ment materials, impermeability and stability may be improved by adding bentonite or 

other materials such as Portland cement and asphalt emulsions to the soils, but the 

cost is usually high and may be prohibitive. Very few linings of this type have been 

placed. 

67. Soil-cement Lining. A mixture of Portland cement and naturally sandy soil, 

if available at the site, usually called ‘soil cement,’ has been used for canal linings in 

mild climates with good results. Such mixtures have been widely used for other pur- 

poses, including road subgrades and earth-dam facing. Thickness required for canal 

lining has not been standardized, and cost records are scarce. 

68. Soil Sealants and Stabilizers. Many water-borne, mixed-in-place, spray- 

applied, and subgrade-injected sealants have been considered as a means of waterproof- 

ing or sealing soils to reduce their permeability as well as provide stability, and some 

have been tried, with limited benefits. Manufacturers are studying such materials as 

resins, petroleum-based emulsions, plastics, and other related compounds. The 

future development of a suitable product is a possibility, but nothing fully satisfactory 

is now available. 

69. Other Means of Seepage Control. [mulsified or hot liquid asphalts and 

Portland-cement grouts have been injected under pressure into crevices and joints in 

rock, shattered shale, gravel, sand, and other water-permeable materials. Cutoffs of 

Portland-cement concrete, asphalt, and plastic sheets may be installed in trenches. 

These measures are used primarily to correct individual problems. Unreinforced, 

cast-in-place conerete pipe 24 to 48 in. in diameter, for heads up to 165 ft, costs little 

more than conerete lining for a canal of equal capacity and has numerous incidental 

advantages. Chemical grouting is also useful but to date is relatively expensive. 
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SEEPAGE FROM CANALS 

70. Need for Information. A canal may require lining for any of many reasons, 

including those listed in Art. 36. The reduction of seepage is usually a prime 

item, calling for advanced knowledge of seepage losses, before and after lining. The 

value of water at point of loss is needed, also relative construction costs. The deter- 

mination of seepage losses may be approached statistically, theoretically, or by direct 

measurement. 

71. Unlined Canals. Seepage loss from an unlined canal depends on the canal’s 

dimension, the gradation of the materials of which its perimeter is composed, ground- 

water conditions, and other geological factors. 

72. Historical Unlined-canals Data. A very simple and reasonably reliable pro- 

cedure for unlined canals is based on historical statistics. An example is shown 

in Table 6, which was compiled and published by Etcheverry and Harding in 1933. 

The values shown were carefully compiled from many field measurements and are 

still usable. However, these simple visual graduations should be used as a guide 

in preliminary investigations. They do not meet the growing need for accurate 

estimates. 

TaBLeE 6. SrarisTicaL Losses ror Canauts Not AFFECTED BY THE RISE OF 

GROUNDWATER 
Cu ft/sq ft 

Character of Material in 24 hr 

Tmpervious clay loam 2. oc ners ugareeraet sae tea oer tae nea Oe eee emia re aiancte eee a cken rarer ene 0.25-0.35 

Medium clay loam underlain with hardpan at depth of not over 2 to 3 ft below bed..... 0.35-0.50 

Ordinarvaclay loam isiltisoil- von lava-asbiloamanme teen en eee es tee eee er aero 0.50-0.75 

Gravelly clay loam or sandy clay loam, cemented gravel, sand, and clay................ 0.75-1.00 

oo OE Boal Ci 15? Wega Mm aS th ew Pate et ya ean ere eee Ect Reon enone Pore tenes S07 Oh Ae re 1.00-1.50 

Doose eaney MOU: sc erence te ererarc Gere Ae tes Ace mona Ree emote eatea pe tere et coco 1.50-1.75 

Gravelly sandy Boiss es cure eae tec eee tne senate eu tered een, GRRE A eee aE ered Pra 2.00-2.50 

Porouargravelly Soils i..cnl.2 0 cis a Go ae ona ees eae el oO Cape Stearn aces ces gaa eee eee ree 2.50-3.00 

Very? gravelly: sOllgi rie eraccts nye: cra ta exer cree stores eae se mores Ne RT ome eee rm eee es 3.00-6.00 

73. Theoretical Approach. Frequent attempts have been made to reduce the 

element of judgment by the development of a theoretical approach to seepage prob- 

lems. A recent promising attempt is a paper by Herman Bouwer, Proc. ASCE, 

J. Hydraulic Div., May, 1965. It starts with a thorough environmental field study, 

covering soil classification and gradation, groundwater levels, and general geology. 

Electrically analogous conditions established at selected stations are subjected to 

voltage drops. The flow of current is measured and translated mathematically into 

water flow. 

Assuming adequate analogies at a sufficient number of points, the results should be 

dependable. However, as with other indirect approaches, care must be taken to see 

that sampling Is representative. 

74. Tracers and Electric Logs. As a part of its canal-lining program the Bureau 

of Reclamation, with the aid of the University of California, is making a thorough 

study of the determination of seepage by means of dyes and other tracers, combined 

with electrical logging. It is hoped that these devices will be particularly helpful in 

identifying areas of high losses. 

75. Direct Measurement of Seepage. As a more direct approach, seepage losses 

may be measured in the field. The Bureau of Reclamation, working with other 

agencies, has developed at least three types of tests: ponding, inflow-outflow, and 

seepage meters. 

76. Ponding Method, Existing Canals. For an existing canal, lined or unlined, 
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selected reaches may be isolated by dikes into basins from which the rate of loss can be 

measured. The canal must be out of service for areasonably long period. If the tests 

are performed off season, care must be taken to see that percolation conditions are 

reasonably normal, particularly as to groundwater and frost. 

This procedure can be applied to the full length of a canal or to several test reaches, 

thus avoiding the spotty results possible with other procedures. The ponds may be 

held at full or partial canal depth. 

77. Ponding Method, Proposed Canals. For a proposed canal the ponding 

method can be used by excavating well-selected ponds along the right of way, making 

sure that the ponds penetrate all porous layers and that the test period and the ponded 

area are adequate to simulate normal operating conditions. Seepage rates from pro- 

posed lined canals may be estimated by lining the ponds, being careful to assure that 

the lining is neither more nor less perfect than it will be in the prototype. 

78. Inflow-Outflow Method. As an alternative, a careful record may be kept 

for a reasonable length of time of all flows into and out of a selected reach of canal. 

This method is perhaps less accurate than the ponding method but has compensating 

factors. The canal need not be taken out of service. 

TABLE 7. SEEPAGE FROM LINED CANALS* 

No. | Thickness, . Avg Avg Cs, 

AON tests in. ENS) depth, ft | cu ft/day 

Unreinforced concrete: 

1 1 Seon VA) echae miresyen: Wf 7 0.07 

2 BO Pi gecntetee cae MI | Rrkuee 0.53 

Concrete blocks: 

3 LS he Spee ckr\ anh Me ae eae Je 20: 0.20 

Gunite mortar: 

4 2 LES en | arenes 14.0 0.30 

Exposed prefabricated membrane: 

5 1 le 0.01-0.53 0.82 0.12 

6 3 4 0.05-0.48 0.75 0.20 

Buried hot applied asphalt: 

7 1 Sie I veees ee : 2.10 0.16 

Buried prefabricated organic fiber: 

8 5 16 0.03-0.39 0.69 0.16 

9 4 14-376 0.09-0.54 0.91 OFso 

Buried prefabricated asphalt asbestos fiber: 

10 13 330 0.02-0.13 0.86 0.07 

Buried prefabricated asphalt glass fiber: 

iti 22 M46 0.01-1.57 ORiid, 0.23 

12 19 Lié Fig. 8 0.82 0.14 

Thick compacted earth: 

13 1 DO 208 cael | pte come 3.76 0.08 

14 1 BeO=a Oe, Ove da ie 17.2 0.07 

15 2 OES MO ye ull Ws ean ntawn jc, hake) 0.10 

16 1 U0 2.79 0.05 

Loose earth: 

17 4 12 0.54-1.47 0.68 0.83 

Soil cement: 

18 0 3 0.03-0.20 2.20 0.09 

Sedimentation: 

19 7 0.54-1.06 1.89 0.76 

*Condensed and rearranged from Table 4, ‘Linings for Irrigation Canals,’’ U.S. Bureau of 

Reclamation. 

i Os cubie feet per square foot per day. 
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79. Seepage Meter. A third approach is the seepage meter, a device which when 

inserted in a borehole measures the rate of flow past it, yielding data from which seep- 

age may be computed. The results reported seem to conform with reasonable accu- 

racy to ponding tests. The meter has a decided cost advantage and can be used at 

frequent points to determine variation of leakage along the line. It may thus reveal 

that a leaky canal can be sufficiently controlled by lining or sealing a few selected 

reaches. If points of installation are carefully chosen and if an analogous source of 

seepage water to be measured can be supplied, a seepage meter can be used for a new 

canal. 

80. Leakage from Lined Canals. In lined canals seepage can be determined by 

the means described for unlined canals, or the permeability of lining materials may be 

tested in the laboratory. Because of variation in installation and maintenance fac- 

tors, laboratory tests are less dependable than field tests. 

81. Statistical Leakage Data, Lined Canals. In connection with its canal-lning 

studies, the Bureau of Reclamation has performed hundreds of seepage tests on exist- 

ing and proposed canals, lined and unlined. Selected data from these tests are tab- 

ulated in Table 7. 

ECONOMICS OF CANAL LINING 

82. General Consideration. Predominating factors in determining the need for 

lining in a specific canal are likely to be economic, although other values may play a 

part. An exposition, by example, of all the various influences, including those listed 

in Art. 36, would be cumbersome. Some of the influences, such as waterlogging of 

land and influence on cleaning, depend on local conditions, capable of being evaluated 

for specific cases but difficult to state hypothetically. A simplified case will be 

examined. 

83. Illustrative Example. Assume that choice is to be made, on the basis of cost 

alone, between a lined and an unlined section for a proposed canal, under the following 

conditions: 

1. Flow Q = 1,000 cfs, constant throughout the year, irrigation service, canal-side 

value of water $10 per acre-foot. 

2. Soil, gravelly to sandy loam, seepage factor C, = 2.50 cu ft/day, Manning’s 

= OL0225% 

3. Lining, 3.0 in. unreinforced concrete (arbitrary choice), Cs =0.10 cu ft/day, 

Manning’s n = 0.014. 

4. Topography, gently sloping, slope optional up to 0.0009, economic cutting 

acceptable. 

5. Allowable velocity, unlined 2.50 fps; lined limited by slope only. 

6. Assumed construction costs,! excavation, including replacement in fills, $0.60 

per cubic yard. Concrete, $2.25 per square yard, trimming $0.60 per square yard. 

Value of head involves the cost of bringing the water to its initial heights, by what- 

ever means. If by pumping, the total capitalized cost includes original cost of facil- 

ities, the annual cost of power, maintenance operation, and other cost factors. The 

annual costs must be ‘‘capitalized”’ for combination with plant costs. Actual exam- 

ples are complicated; however, for the purpose of this exercise an arbitrary value of 

$60 per cfs per ft of lift has been chosen. This value is slightly escalated from past 

experience and is perhaps on the low side when compared with present values. 

84. Canal Properties. The dimensions and other canal properties are computed 

1 These assumed costs are for illustrative purpose only. They should not be accepted as a basis for 
cost estimates. 
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Original ground 

lL. 25.0 el Excavation, 9.74 cy., plf 

Q=1,000 cfs, n=0.0225, s= 0.000117, p=61.0 ft 

Tie, 133 

in accordance with Arts. 17 to 29. The computations are not shown. The results are 

shown graphically in Figs. 13 and 14. 

12.0) Concrete pu Acc 

Q=1,000 cfs, n= 0.014, s=0.0009, p=34.0 

Peon? 39.0 

Excavation, 3.63 c.y. plf 

Fie. 14 

85. Cost Computations. With the cost data from Art. 83 and the quantities from 

Figs. 13 and 14, comparative costs may be computed. The results are as follows: 

1. Construction Costs 

Item Unlined Lined 

x cavatloner cay: meine eee ere ener 9.74 SOS 

CostratcRONGOM. eis creme acne $5.85 $2.18 

Liningvand trimming isaqeyidias.y.se eee lll mera A388 

CostilinineratyS2 ee ommtenwete-leoeu coat. 0| meee $9.74 

Cory onrvem oye Mia SO COL, spas a mmowe dl!  acoue $2.60 

Total construction cost............. $5.85 $14.52 

2. Capitalized Value of Water 

Unlined, C, = 2.50 cu ft/day 

Loss, cu ft/day/sq ft wetted area = C, = 2.50 

Loss, cu ft/day/ft of canal = pC; = 61 X 2.5 = 152.5 

Loss, acre-ft/year/ft = 1.28 

Annual value, at $10 = $12.80 

Capitalized at 4 percent = 12.80 X 25 = $320 

Lined, C, = 0.10 cu ft/day, following an identical procedure 

Capitalized value = $7.13 per foot of canal 
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3. Capitalized value of head, for 1.0 ft of head, for full flow, equals 60 X 1,000 = 

$60,000, and head per foot equals hydraulic slope (Figs. 13 and 14). 

Value, unlined = 0.000117 X 60,000 = $7.02 

Value, lined = 0.0009 X 60,000 = $54 

4. Summary of Costs 

Item Unlined Lined 

Constructionscost: rere $ 5.85 $14.52 

Capitalize, water.......3..-- 320.00 es 

Capitalize headie 15 ctieecnar 7.02 54.00 

Comparative costs........... $332.87 $75.65 

86. Comments. Note that the construction cost for the lined canal, even with 

its reduced size, is 2.5 times that for the unlined canal and that its head-loss value is 7.7 

times higher. However, even for moderate-value irrigation water, the water costs are 

$320 for unlined to $7.13 for lined, raising the total capitalized cost of the unlined 

canal to 4.50 times that for the lined canal, a very decisive difference. 

A less permeable original soil would reduce the disadvantage of an unlined canal, 

but its permeability would have to be less than C, = 0.50 to give equality. Such soils 

are possible (see Table 6, Art. 72). 

For present high values of domestic, industrial, and irrigation water, an unlined 

conduit is usually out of the picture. 

ECONOMIC CONDUIT SIZES 

87. Basic Principles.! If the slope is abundant and of little value, water conduits 

are made steep and small to save cost. However, elevating the water to provide slope 

is frequently expensive, or head already in existence may have value for the production 

of power or for other purposes. In such cases, economic design requires a balancing of 

conduit cost against the cost or value of head. 

A simple case is illustrated in Fig. 15, where a stated discharge is to be elevated from 

Fic. 15. Mlustrating economic analysis. 

a natural stream at A by adam B and conveyed through a tunnel CD to a fixed level in 

reservoir #. A graphical solution is illustrated in Fig. 16, where curve AB represents 

the cost of the tunnel, CD the cost of the dam, and EF the cost of both combined. 

The best slope is that corresponding to point G, the low point on the combined cost 

1 For a more detailed discussion of economic slopes see Julian Hinds, Economic Water Conduit Size, 

Eng. News-Record, Jan. 28, 1937; Economic Sizes of Pressure Conduits, Eng. News-Record, Mar. 25, 
1937. 
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SS 

S 

Cost per foot S 

0 001-02 .003 
0 Jarne! Slope —>~ Slope 

Fic. 16. Illustrating economic analysis. Fic. 17. Illustrating economic analysis. 

curve. ‘This is an easy solution for a single conduit but is inadequate for more com- 

plicated problems. 

In Fig. 15 the water is elevated by adam. The same principle of analysis can be 

applied if it is elevated by pumping or other means, a cost-of-lift curve being sub- 

stituted for the cost-of-dam curve (Fig. 16). The cost of lift must include the cost of 

equipment plus the capztalized cost of perpetual operation. If the elevation at the 

inlet is predetermined, the outlet elevation being subject to variation, the slope is 

determined by the value of head at the outlet, as for the production of power, or for 

furnishing a gravity supply to domestic or irrigation consumers. The value of fall for 

the production of power is equal to the capitalized net return from power sales less the 

cost of the power installation. For convenience, the term value of a foot of head is used 

to designate either the cost of its production at the inlet or its value at the outlet. 

88. Cost-slope Tangent Method. [Evidently the slopes for the two cost curves at 

H and J (Fig. 16) must be numerically equal, but opposite in direction, as otherwise 

the tangent, at G, would not be horizontal. Usually the region of uncertainty in 

height of dam is limited, and the curve CD is approximately straight within that 

region; hence, the economic slope may be located as follows: Take a trial height of dam 

corresponding to some arbitrarily chosen tunnel slope, as at H, and draw the tangent 

HP to the cost curve CD. Draw tangent WN with slope equal to slope of HP but 

reversed. If point of tangency J is on same vertical as H, then J marks the economic 

slope; otherwise, assume a new height of dam and repeat. Satisfactory adjustment is 

not difficult to make, as points of tangency are more or less indefinite. 

Cost of Darra—~ 

0 Height of Lift —> 

Ita. 18. Illustrating economic analysis. Fre. 19. Illustrating economic analysis. 



7-32 CANALS AND CONDUITS 

The significance of the slope-tangent method is shown by Fig. 19. Curve AB 

represents the cost-slope relationship for a foot of conduit for a specified flow. Slopes 

are measured on the horizontal OM and costs on the vertical ON. A trial slope OC 

gives a cost per foot of conduit equal to CA. If CD is drawn so that tan 6’ is equal 

to the value of a foot of head, the distance OD will represent the cost (or value) of the 

fall in a foot of conduit on slope C. If AF is drawn parallel to CD, OE represents the 

combined cost. The lowest position of the point # occurs when A reaches A’; hence 

the economic slopeis OF. In case of an irregular cost curve, as GH, the economic slope 

is marked by the lowest possible contact with the slope line, as at K. 

89. Application to Composite Conduits. The procedure for a conduit composed of 

many types is illustrated in Figs. 17 and 18. In Fig. 17, a cost-slope curve is plotted 

for each conduit type. If conditions vary, two or more curves may be required for a 

single type. These curves are on a linear-foot basis. The cost-of-lift curve is plotted 

separately, as in Fig. 18, and may represent the cost of a dam, capitalized cost of 

pumping, or the value of head at an outfall, as conditions require. A trial lift is 

assumed as h; (Fig. 18), and the corresponding tangent HD is drawn, having an 

inclination 6 to the horizontal. A line AB is then drawn on Fig. 17, tan 6’ being made 

numerically equal to tan @, each measured in the terms of its own diagram. Tangents 

parallel to AB are drawn, the economic slopes for the various conduits being marked at 

C, D, HE, and Ff. These slopes are applied to the corresponding known conduit lengths, 

starting from some point of known elevation to give a computed height of lift to replace 

the assumed height hi. If the slope of the line DH for the new height is essentially 

different from that for hi, the solution should be repeated. 

90. Application to High-head Pipes. In pipelines under high head, the pressure 

introduces an additional variable. A simplified example of a high-head steel pipe is 

illustrated in Fig. 20. Such pipes are limited by available plate thicknesses and 

usually by standard diameters. Cost-slope curves, based on constant plate thick- 

nesses, take the form of curves 1, 2, 38, and 4. The ability of the pipes represented by 

any one of these curves to withstand head is variable. Another set of curves 5, 6, 7, 8, 

and 9 may be drawn, representing the cost of pipe designed for constant head, without 

regard to standard plate thickness or pipe diameter. 

Diameters, as well as slopes, are shown in Fig. 20 for convenience. The primary 

plotting, however, must be in slope coordinates, which must be rectangular. 

Cost in dollars per linear foot 

(a 

0.00060 0.00080 0.00120 0.00160 0.00220 0.00240 0.00260 

Hydraulic slope 

Fie. 20. Llustrating economic analysis. 
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For low pressures, the economic slope tangent parallel to AB is applied to the 

lowest permissible plate-thickness curve, the economic slope being marked as at C. 

For higher pressures, the tangent is applied to the constant-head lines as at D, E, F, G, 

and H. If these points fall on odd plate thicknesses or diameters, the nearest standard 

section of sufficient strength may be used. 

Instead of plotting the constant-head lines, the permissible heads may be noted at 

the intersection of commercial plate thickness and standard diameters. The best 

practical size for any required head is the one of sufficient strength showing the lowest 

position of the sloping index line. 

The best diameter decreases as the head increases. This is a well-known character- 

istic of deep inverted siphons. If the pipe is to be supported on a bridge, the cost of 

the bridge, or at least such part of the cost as is dependent on pipe size, must be 

included in the cost curve. 

91. Controlling Elevations. Frequently, the controlling elevation is at neither the 

outlet nor the inlet but at some intermediate point, as at F (Fig. 21). Iconomic slopes 

upstream and downstream from the control are separately determined from the value 

of head at the inlet and outlet, respectively. 

Fic. 21. Illustrating economic analysis. 

On the assumption that these slopes have been correctly determined for a tenta- 

tively chosen trial position of the control, it is then necessary to determine whether this 

choice is correct or whether the whole line should be raised or lowered from its trial 

position. The cost of the lift at the inlet can be reduced by lowering the entire line. 

The drop at J will be correspondingly reduced, a loss being thus introduced depending 

on value of head at the outlet. If the cost of head at the inlet exceeds the value of fall 

at the outlet, lowering the line will effect a net saving in these two items. However, 

any appreciable lowering will increase the length and cost of the tunnel HF, and the 

result may be an increase in the total. Raising the line will have an opposite effect. 

If the trial control is incorrectly chosen, the line must be raised or lowered until some 

definite change in topographic conditions is encountered. For the conditions illus- 

trated, the tunnel would be shortened only slightly by raising the line but would be 

greatly increased if the line were lowered. This.indicates the pocket at / as a possible 

control. 

The control need not be at the end of a tunnel but may be any point marking a 

sharp division in construction conditions or costs. For a canal system, it may be a 

saddle, the boundary of a swampy region, a parcel of expensive right of way, or any 

of a number of similar obstacles. Raising or lowering the line may increase the cost of 

features other than the critical feature. Change of ground conditions, due to raising 

or lowering the line, may change costs throughout. All such factors must be taken 

into account. This seldom can be done mathematically because of irregularity of 

physical factors. The procedure is to select a trial control, determine economic 

slopes, and prepare an estimate to be compared with similar estimates for slightly 

higher and lower elevations and for other apparent controls. 
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Sometimes both inlet and outlet elevations are predetermined. If both the height 

of dam and water-surface elevation at # (Fig. 16) are fixed, the tunnel should utilize all 

the available slope. The same is true of a long composite line, except that there exists 

the problem of distributing the slope between the various conduit types. To do this, 

plot cost-slope curves for all types, as in Fig. 17, then assume a trial value for tan 6’ and 

locate points C, D, E, F, etc., which mark a coordinated set of economic slopes. Apply 

these slopes to the known conduit lengths, and compute the required fall. If the 

required fall differs from the available fall, assume a new value for tan 6’ and repeat 

the analysis, continuing until satisfactory agreement is secured. An intermediate 

control between fixed inlet and outlet levels may divide the line into two parts, for 

which the slopes are determined separately. 

The principles herein outlined are of great assistance in the proportioning of long 

waterways, but they should not be applied with too great mathematical precision. 

Cost curves never can be precise. Also, the location of the point of tangency, as at G 

(Fig. 16) or C, D, E, or F (Fig. 17), is indefinite, and an appreciable variation from the 

exact value has little effect on the overall economy. 



SECTION 8 

RIVER DIVERSION 

By Artruur P. Geuss 

GENERAL 

1. Site Limitations. Construction of a dam in a river channel requires that the 

site be unwatered. The scheme used for the diversion and cutting off the flow often 

will rank in importance with other project features and may be a major cost item. 

Hach site will have some limitations. A stream channel may be narrow and deep, 
wide and shallow, or some combination of these. Depths of alluvium vary widely 

and these variations must be known. Topography and types of materials are impor- 

tant factors in the selection of ascheme. For example, deep weathering of abutments 

may preclude the use of tunnels. If tunnels are used, they must have an adequate 

cover of rock. 

2. Type of Dam. Many concrete dams require diversion tunnels of minimum 

length and capacity with seasonal high flows passed through or over portions of the 

structures. Some rock-fill dams have been designed so that seasonal flood flows 

overtop the partially completed fill. With proper design the partially completed fill 

san stand a certain degree of overtopping without severe damage or failure. The 

overtopping flow can be maximized by ensuring uniform depth of flow and by the 

use of cabled mats or fencing anchored to the downstream face and top of the fill. 

This latter operation may require flattening of the downstream face. In addition, 

consideration must be given to the differential height of fill and river stage downstream 

of the fill dam. This type of operation may be feasible during the first season but 

may entail too much risk of major damage or complete loss of the completed fill if 

used during the second or subsequent high-flow seasons. 

3. Staging. The length of time required for construction, diversion flow capacity, 

maximum expected stream flow, and layout of structures is a factor that will govern 

the number of stages or phases of the diversion operations during construction. In 

some cases only three phases are involved, such as (1) construction of diversion channel, 

conduit, or tunnel; (2) construction of cofferdams and diversion of stream; and (3) 

closure of diversion facilities and removal of cofferdams. 

Construction on large rivers usually has been accomplished by the in-channel 

method whereby the cofferdam is extended into the stream to permit construction of a 

portion of the concrete structures. This cofferdam is then removed to permit flow 

through the partially completed structure. The remaining portion of the channel is 

then cofferdammed to allow construction in the river to continue to completion. The 

seasonal-flow pattern will, in some cases, permit construction of this first cofferdam as 

two enclosed areas with one area protected against the highest flood flow expected 

and the other area designed for overtopping of the cofferdam during the flood period. 

This would cause some interruption of construction operations. However, this would 

be reduced to the time required for the flood period, pumping out, and clean-up. 

8-1 
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DISCHARGE CAPACITIES 

4, Limiting Factors. Expected river-flow pattern, length of construction period, 

limitations of the site, and type of diversion schemes are the principal factors which 

will influence the selection of diversion capacity. Requirements for passage of 

upstream fish migrants may limit velocities through diversion facilities and require 

intermediate resting areas. Maintenance of minimum downstream releases for 

power, navigation, water supply, recreation, or fish may be required after the diversion 

facilities are closed. 

Capacity and the risk of overtopping must be evaluated. Frequently the entire 

diversion scheme can become so much a part of the design of the permanent works 

that the contractor will have little choice except to increase the height of the coffer- 

dam or capacity of the tunnel or channel so as to meet both diversion and ultimate 

requirements. 

TUNNELS 

5. Permanent Use of Diversion Facilities. Diversion tunnels or conduits are 

sometimes designed so that they are utilized as part of the permanent facilities. The 

conversion to penstocks of the diversion tunnels for Mangla Dam, as described else- 

where, furnishes an example of such use. 

Use of a diversion tunnel as a permanent spillway (see Sec. 20) is often controlled 

by the slope and the resulting limitations on discharge capacity. Preferably the 

inclined shaft connecting the spillway and the diversion tunnel should have a slope 

which is not flatter than 45 deg so as to permit excavation by stoping. The head 

drop from the spillway crest to the tunnel invert will generate velocities that require 

sufficient slope in the tunnel so that a hydraulic jump will not occur. 

Diversion tunnels are frequently adapted to permanent use to supply water to 

hydraulic turbines or release valves. The grade line of the tunnel for diversion pur- 

poses will, in some instances, be found to be higher than that desired if a short con- 

nection to the turbines is contemplated. Diversion tunnels have also been adapted 

to permanent use as a tail tunnel to receive the discharge from the hydraulic turbines 

in an underground power plant. 

6. Diversion-tunnel Hydraulics. Practice varies widely in selecting the design 

flood. The risk which the contractor and owner are prepared to take is the principal 

factor in determining diversion capacity. A situation where overtopping during 

construction would have disastrous results calls for greater conservation than one in 

which only nominal damage would result. Accordingly, a high concrete dam which 

could accommodate a substantial amount of overtopping without failure would 

require relatively less diversion capacity than would an embankment dam of equiva- 

lent height. Several examples will illustrate: 

The Dworshak Dam, now under construction (1968) on the North Fork of the 

Clearwater River in Idaho, will be a concrete gravity-type dam having a height of 

approximately 700 ft. The design of the diversion facilities had three basic require- 

ments:!* (1) to pass a river flow of 68,000 efs, which is a flood with a 25-year recurrence 

level; (2) to accommodate the annual log drive which occurs during the high-water 

period each spring; and (3) to pass upstream migratory fish during construction. 

The characteristics of the valley walls indicated that diversion should be accom- 

plished by the construction of a single tunnel through the left abutment. The general 

plan is shown by Fig. 1, a section through the tunnel by Fig. 2, and a profile by Fig. 3. 

It was assumed that logs with a maximum length of 40 ft would be passed between 

10,000 and 44,000 cfs with approximately 6 ft of minimum clearance between the 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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Fic. 3. Diversion-tunnel water-surface profiles. 

water surface and the roof along the center line of the tunnel. The smooth concrete 

lining is expected to reduce any erosion resulting from high-velocity flow or abrasion 

from passing logs. Mean velocities as high as 52 fps are anticipated for the conditions 

of design flow. In computing the head loss due to friction in the tunnel a value for 

Manning’s n of 0.011 was used for concrete. The pool elevation was computed for 

the design discharge of 68,000 cfs with an n value of 0.013. It is recognized that a 

period of service may increase the value of n. Generally, energy-dissipation works 

should be designed for the discharge conditions arising from a low friction coefficient 

resulting from the most favorable conditions, whereas discharge capacity should be 

designed for the most unfavorable conditions that will exist after the tunnel has been 

in service for a time and perhaps roughened by the passage of logs or gravel. 

Prototype experience in passing large floods through both concrete-lined and 

unlined diversion tunnels has revealed that average discharge velocities ranging from 

50 to 75 fps have resulted in little or no damage to the contact surfaces. A few exam- 

ples of prototype performance will illustrate. 

Of especial interest is the performance of the diversion tunnels of the 770-ft-high 

embankment dam now (1968) nearing completion on the Feather River in California.? 

The left abutment of this dam will contain an underground power plant which will 

have a total capacity of 644 mw. Two concrete-lined, 35-ft-diameter diversion 

tunnels will parallel this underground structure and following diversion will be con- 

verted to tailraces for the power plant. Each of these tunnels is approximately 

4,500 ft long. Figure 4 shows a plan of the tunnels. The reservoir surface will 

normally vary between elevation 730 and 790. The reservoir has a total capacity 

of 3,484,000 acre-ft. 

When all power-plant units are operating at the maximum total discharge of 

16,500 cfs, the velocity in each tunnel will be 11 fps. During diversion, however, 

velocities in excess of 75 fps were encountered. As a basis for design, the rugosity 

value e« (epsilon) of concrete was selected as 0.0004 and the Darcy-Weisbach f of 

0.0083. 
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500 

400 
Standard project flood 

(once in 400- year frequency) 

300 

Inflow- outflow, 1,000 cfs 200 

100 

O 12 24° 36 48° 60) 72 84° 96 108 320 132 144 156 168° 180" 192 9204 

Time in hours 

Fic. 5. Oroville Dam and reservoir—estimated and actual flood. 

Initial entrance losses were assumed to be 0.20(V2/2g). Measurements from 

model tests, however, revealed that these losses would be 0.10(V?2/2g) for tunnel 1 

and 0.05(V2/2g) for tunnel 2. In the model tests the entrance loss in tunnel 1 rose 

to 0.13(V2/2g) when vortices formed between 30,000 and 60,000 cfs in the tunnel. 

The entrance to tunnel | is provided with a rectangular to circular bellmouth 95 ft 

long. A central dividing pier is designed to accommodate a pair of steel bulkhead 

gates for closure. The entrance to tunnel 2 is a circular bellmouth placed 20 ft 

higher than that of tunnel 1. 

During December, 1964, the partly completed dam was subjected to a flood 

greater than any known flow on the Feather River for a period in excess of 100 years. 

At that time, the upstream section of the embankment, essentially a 415-ft-high 

diversion dam, and the two diversion tunnels were in operation. At the peak of the 

flood the two diversion tunnels were discharging a combined flow of 145,000 cfs at an 

average velocity of about 75 fps. Figure 5 shows a comparison of the computed 

inflow and outflow of the standard project flood with those of the December, 1964, 

flood. Figure 6 shows a comparison of rating curves for reservoir elevations and 

discharge as developed from preliminary estimates, hydraulic-model studies, and 

prototype operations. It will be noted that the reservoir level required to discharge 

the 1964 flood was substantially lower than the levels indicated by either the design 

calculations or the model tests. The amount of overall damage to the tunnel was 

found to be extremely light, with probably 90 percent or more of the tunnel’s surface 

texture substantially intact. 

During operations the emerging water remained in a cylindrical jet for some 

distance past the end of the side walls. Extreme turbulence existed at least 500 ft 

downstream from the tunnels. 

The 15-m- or 50-ft-diameter concrete-lined diversion tunnel of the Shihmen 

Reservoir project, located in the northern end of Taiwan, discharged 3,800 ems 

(134,000 cfs) at a velocity of about 72 fps during typhoon Pamela on Sept. 12, 1961. 
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600 

550 
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450 
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to tunnel discharge ~ 

400 so 

Rating curves 

Preliminary estimate 
Developed from model 350 (A 

3. Operation of prototype 

O a. Preliminary revised rating 
curve from U.S.G.S. entitled 
Feather River at Oroville 

4 b. Rating curve developed from 
D.W.R. stream-flow measurements 

© c Fish-barrier model 

Elevation of water surface in reservoir in feet 300 

250 

200 l l =i l 
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Discharge in cubic feet per second 

Fic. 6. Oroville Dam and reservoir; diversion-tunnel discharge rating curves. 

The concrete lining of the tunnel was not damaged. A section through the tunnel is 

shown by Fig. 7 and a photograph of the discharge conditions during the Pamela 

flood by Fig. 8. The tunnel was designed to pass the maximum recorded flood having 

an estimated peak discharge of about 5,170 cms, or 183,000 cfs. Routing this flood 

through the tunnel resulted in a maximum pool level of 181 m. The top of the 

upstream cofferdam was elevation 190m. Overtopping this cofferdam would require 

a flood of about 5,500 ems, or 194,000 cfs, which had a return period falling between 

50 and 60 years according to recorded peak flows. 

The Shihmen project consists of a 420-ft-high cobble-gravel embankment dam, a 

gated chute spillway, two individually controlled 15-ft-diameter tunnel penstocks, 

irrigation and river outlets, and a powerhouse with two 50,000-kva units. 

The satisfactory results obtained during the prototype operations of concrete- 

lined diversion tunnels discharging at high velocities appear to be related to the 

acceptance in several proposed projects of design velocities ranging from 75 to 100 fps. 

Design criteria based on high-velocity discharge, however, must also be related to the 

relative smoothness of the tunnel lining. With workmanship of poor quality result- 

ing in offsets at the lining joints and rough tunnel surfaces, such high velocities could 

result in the destruction of the tunnel lining. 
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Fic. 8. Shihmen Reservoir project—typhoon Pamela, discharge conditions. (Courtesy of 

Tippetts- Abbett-McCarthy-Stratton, Consultung Engineers, New York.) 

Quality of workmanship was an important factor in designing the diversion tun- 

nels for the 400-ft-high Mangla dam, an embankment-type structure completed in 

1967 on the Jhelum River, West Pakistan, by the West Pakistan Water and Power 

Development Authority.*4 

A study of recorded discharges of the River Jhelum disclosed that flood peaks in 

excess of | million cfs could occur during the months of July and August. It was 

determined that a flood of 1,240,000 cfs, having a return period of approximately 

73 years, could be passed by five 30-ft-diameter diversion tunnels, each about 1,900 ft 

ong, located in the left abutment, with a closure dam level of 1,080 (approximately 

1,100 

1,050 

1,000 

4-tunnel diversion 

Elevation 950 

900 

O 50 100 150 200 250 300 

Discharge, 1,000 cfs 

Fie. 9. Mangla Dam—estimated rating curves. 
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65 ft above the stream bed) before the cofferdam would be overtopped. Estimated 

rating curves are shown by Fig. 9. 

To meet power-production requirements, tunnels 1 and 2 were lined with steel 

during the diversion period, thus reducing their diameters from 30 to 26 ft. For 

design purposes discharge rating curves had been calculated on the basis of both 

high and low loss coefficients to indicate the possible range. According to the com- 

putations, an occurrence of the design flood would result in a discharge of approxi- 

mately 300,000 cfs, through five tunnels, before the embankment would be overtopped. 

The tail-water level at this discharge was approximately 900. Tunnels | and Z were 

steel-lined. After being in service for a short period, tunnel | was closed and the 

remainder of the construction was completed with four tunnels in service. 

During diversion a rating curve was derived from observation of pressures in con- 

crete-lined tunnel 3 through flows in the river which ranged from 100,000 to 130,000 

cfs. These observations indicated an overall discharge coefficient for the four tunnels 

in operation, with the minimum loss coefficients taken for design. The results of these 

measurements were consistent with a friction coeflicient f of 0.006 in the Darcy- 

Weisbach formula (see Sec. 2). Reynolds number was approximately 1.2 X 108. 

Because it was impossible to isolate the steel-lined tunnel 2 from the remaining con- 

crete-lined tunnels 3, 4, and 5, the foregoing observations must be considered as 

approximations. 

The dual use of the Mangla tunnels for both irrigation and power introduced 

several hydraulic problems which would not be dealt with ordinarily in designing 

tunnels for diversion alone. To meet the power requirement the slope of the tunnels 

was such that high-energy hydraulic jumps would form under low- and intermediate- 

flow conditions. To control the resulting undesirable effects and to keep the tunnels 

under positive pressure under all flow conditions, an inflatable dam was constructed 

in the tailrace. During river closure this dam was deflated to give the lowest pos- 

sible tail-water level, thereby easing the actual closure operation. 

Surprisingly high velocities have been passed without damage by unlined tunnels 

in rock. For example, the 25-ft-diameter horseshoe, 530-ft-long diversion tunnel for 

the Mayfield Dam, a 200-ft-high concrete dam constructed on the Cowlitz River in 

the state of Washington, passed during the flood of Apr. 7, 1962, a flood of 30,000 cfs. 

The average area of the tunnel, including overbreak, was about 600sqft. Theaverage 

velocity was approximately 50 fps. The rock through which the tunnel was driven 

was a sound basalt. No damage was observed. 

7. Diversion-tunnel Plugs. In many cases temporary tunnel closure is effected 

by lowering gates or stop logs at the upstream portal. This operation is followed by 

pouring concrete plugs some distance down. Two types of plugs are illustrated by 

Fig. 10a and 6. Figure 10a shows longitudinal and transverse sections of the plug 

in the diversion tunnel for the 600-ft-high Mossyrock Dam on the Cowlitz River. 

Figure 10b shows a longitudinal section of the diversion tunnel built at Angat (Philip- 

pines) through which gate-controlled irrigation releases can be made. Where con- 

crete lining is provided, it is customary to serrate a section of the lining, as shown by 

Fig. 10c, to provide increased shearing resistance against water pressure. 

COFFERDAMS 

8. Design. A cofferdam must be designed as a temporary dam. The type used 

is governed by the materials available and by foundation and placement problems. 

In the past many cofferdams have been constructed in the form of timber cribs. 

Earth or rock fill or filled sheetpile cells are at present used most frequently. Timber 

cribs are usually floated into place and then filled with rock or cobbles. Watertight- 

ness 1s achieved by the use of wood plank and canvas. Alluvium overlying the top of 
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pat arch dam 

kK -Diversion channel 

STAGE 3 

Fic. 11. River diversion at Kariba Gorge Dam. 
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a rock foundation should be removed prior to placement of the cribs, which are con- 

structed with a bottom that approximately fits the rock surface. Fill or blanketing 

material is then placed at the upstream heel to reduce leakage through this contact. 

Steel sheetpiling is most commonly used to construct circular cells which are con- 

nected to one another to form a barrier. Filling material is usually gravel or sand 

which has sufficient shear strength and can be readily removed. When filled, the 

pressure of the fill material will develop tension in the interlocks sufficient to provide 

watertightness. Proportions of the cells are determined by strength of the interlocks 

and shear resistance of the fill material. A straight single row of sheetpiling will 

serve as a cofferdam, if adequately braced. Seepage through the interlocks can be 

minimized by the application of mastic in the interlocks prior to driving. A cellular 

cofferdam, placed in a hard foundation that will not permit driving, must be sealed 

on the bottom to prevent piping of fill material. Frequently a layer of tremie concrete 

is placed prior to placement of the fill material. Measures also must be taken to 

ensure that the cofferdam is adequately tied to the abutments. 

Seepage through or under the cofferdam and through the abutments will, of course, 

dictate the rate and extent of pumping required during construction. Crib and cellu- 

lar cofferdams are usually protected against overtopping by placement of large stone 

or rock on top of the fill, since finer materials will be removed by the overtopping flow. 

The top portion of the fill material can be designed as a layered filter, which will 

minimize the loss. Occasionally, cellular cofferdams are capped with concrete for 

this purpose. 

Large rock on the top and downstream slope of a fill cofferdam will resist erosion 

to some extent. This loss can be minimized by placing a heavy netting on these 

surfaces. The netting is held in place by anchors in the fill. Damage will be greater 

if the overtopping flow is concentrated rather than spread over the longest possible 

length of the cofferdam. 

Debris should be controlled to minimize the damage of plugging of diversion tun- 

nels or conduits. The upstream watershed may produce considerable quantities of 

debris during high-flow periods, particularly if clearing of the reservoir is in progress. 

Floating drift and debris can be controlled to some extent by long booms extending 
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(as completed ) 

aX First-stage =: 
=-cofferdam - 
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Fic. 13. Wanapum Dam project (Washington)—river diversion. 

across the river channel. If placed in a reach of the river where velocities are lower, a 

log beam can be very effective. A log beam will not control debris that is moved 

along the river bottom. 

DIVERSION SCHEMES 

9. Illustrative Examples. Because each project requires individual treatment, it 

is difficult to illustrate the basic principles of river-diversion planning and design 

with descriptions of actual schemes. Outlines of several may be of interest, however, 

as an indication of the wide variety of designs which must be developed in response to 

the conditions which were encountered at specific sites. 

Figure 11 shows river diversion at Kariba (Rhodesia). During stage 1, the 

Zambezi River was not diverted from its natural channel while work proceeded on 

both banks of the river. On the left bank a diversion channel was excavated and a 

thin arch cofferdam built to protect the construction of several blocks of the dam on 

the bank. On the right bank, a diversion tunnel was excavated and a block of the 

dam concreted. During stage 2, the river was diverted through the sluice openings 

and the diversion tunnel. A circular concrete-arch cofferdam was built to permit 

placement of concrete in the river bed. During stage 3, the diversion tunnel was 
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Wanapum Dam project (Washington)—river diversion. 

closed while river diversion continued through the sluice openings. Placement of 

concrete then proceeded on all blocks of the dam. 

Closure of the river at Fort Randall (South Dakota) (Fig. 12) was made by 

hydraulic placement of a combination sill-weir section of dredged chalk fill up to 

about 1 ft above water level. The diversion dam thus created was then built up to 

about 20 ft above upstream water level by end-dump trucks. The entire flow of the 

river was then diverted through the power tunnels previously excavated and con- 

ereted on the left bank of the river. The sill-weir section was built up at a uniform 

rate along the entire length of about 1,000 ft. This method avoided the classic 

choking of the stream with the attendant scouring action. All material was 

pumped into place by a 30-in. dredge; sizes of chalk rocks were up to 18 in. with about 

30 percent larger than 6 in. River flow at time of closure was about 30,000 cfs. 

At the Wanapum project (Washington) (Fig. 13), during stage 1, the Columbia 

River was not diverted from its natural channel. A fill cofferdam was built on the 

right bank to protect the area on which the major elements of the project are built 

(right-bank embankment and fish-passing facilities, spillway, intake skeletons, power 

plant, and part of the left-bank embankment). 

During stage 2, the river was diverted through the completed facilities on the right 

bank and the natural channel was dammed by a fill embankment (see Fig. 14). 

Large rocks were dumped into the flow to complete closure of the river (left fore- 

ground). The first-stage cofferdam is shown removed by dragline (left center). Part 

of the river flow is being passed through six skeleton intakes provided for future exten- 

sion of the powerhouse (center). 
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SECTION 9 

CONCRETE DAMS, BASIC PRINCIPLES OF DESIGN 

By Catvin V. Davis 

STRUCTURAL CHARACTERISTICS 

1. Gravity and Buttress Dams. Certain basic principles of design which are 

common to the concrete types are discussed in this section. In some cases, with 

successive modifications, one structural type may be evolved into another. To 

illustrate, starting with the typical gravity type (Fig. 1), the evolutionary process 

has followed three paths: The first has led to the buttress type with its many vari- 

ations. The second has led to the arch-gravity and to the various arch types. The 

third has led to the recently developed flexible gravity dam. 

The stability of the gravity-type dam depends principally upon the weight of the 

concrete. The usual steep batter on the upstream face does provide a relatively small 

stabilizing vertical water load as shown by Fig. 1. Transverse joints frequently are 

not grouted. In such cases each block is able to adjust to its own load, and the small 

openings between blocks provide some opportunity for drainage and for the reduction 

of uphft pressures. 

If each block is free to act independently there is no reason why the openings should 

not be made larger and thus provide even more positive relief from uplift. The 370- 

ft-high Albinga Dam, constructed in 1959 for the city of Zurich, Switzerland, offers a 

Marx. water surtace py — — 
= —— 

Toulwater surface 

Iie. 1. Typical gravity dam. 
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Fic. 2. Albinga Dam vertical and horizontal cross section. (From ‘‘Behavior of Large 
Swiss Dams,’’ p. 116, Swiss National Committee on Large Dams, 1964.) 

good illustration of a feature which has been incorporated in several dams in Switzer- 

land. Figure 2 shows typical sections. The blocks are spaced 66 ft on centers. The 

openings between the blocks are approximately 16 ft wide. In 65 drainage borcholes 

drilled in the foundation between the hollow spaces of the joints and from the galleries 

the uplift pressure has been measured monthly. Most of the measuring points show 

little or no uplift pressure. 

The Albinga design illustrates the first step in the evolutionary process which leads 

to the development of the buttress type. Should the openings between the blocks be 

made substantially wider there would result a cored-gravity or massive-buttress-type 

dam, as shown by Fig. 3 and further described in See. 12. In this case some com- 

pensation would be provided for the loss of weight of the conerete by sloping the 

upstream face. 

Fic. 3. Typical cored-gravity type. Fie. 4. Typical cored-gravity type. 
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The water-bearing upstream face may take several forms. In one, the massive 

buttresses are flared to form contiguous heads which are provided at midspan with 

adequate contraction joints and water stops. Three variations are shown by Figs. 3 

to 5, inclusive. 

Another provides a deck which spans the buttresses. For example, Fig. 6 shows 

the deck and haunch construction which is typical of the Ambursen type (see Sec. 13) 

and Fig. 7 shows the multiple-arch type (see Sec. 15). 

---Water pressure 

¢ Buttress 
¢ Buttress 

Fie. 5. Typical round-head buttress type. 

----Walfer pressure 
{ 

¢ Buttress 

8 Haunch 
& : 

S 
g 
W 

Buttress 

Fra. 6. Typical Ambursen massive-buttress type. 
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By continuing this evolutionary process, buttresses may be made progressively 

thinner with compensating stabilizing vertical water loads provided by flattening the 

upstream buttress slopes. There are economic limitations. For example, buttresses 

having slopes flatter than 7 horizontal to 10 vertical may develop tensional stresses in 

planes of second principal stress, which are nearly parallel to the upstream face just 

below the bearing surface. As the buttresses become progressively thinner, steel and 

form costs increase. Buttress spacings have ranged from 18 ft center to center for 

Ambursen dams to 250 ft center to center for multiple-arch dams. For the 200- to 

600-ft-height range it has been found to be more economical to provide buttress 

spacings from 50 to 60 ft center to center for the cored-gravity or massive-buttress 

head types. For multiple-arch dams falling within this height range, comparative 

studies have demonstrated that wide spans, ranging from 200 to 300 ft, are the most 

economical. 

2. Gravity and Buttress Dams, Relative Economy. LJeference to Fig. 8 will 

demonstrate the principles discussed previously, as applied to dams ranging up to 

250 ft in height. The comparison is based on the concept that both the gravity dam 

and the buttress dam may be envisioned as consisting of contiguous elementary 

Fre. 7. Typical multiple-arch type. 

inclined columns, each of which transmits an increment of the water load from the 

upstream face through the dam to the foundations. The force polygon for the column 

A, B, C, D, E (Fig. 8a) illustrates how the horizontal water pressure against the face 

of a gravity dam must be counterbalanced by a relatively large concrete weight in 

order to direct the load line close to the axis of the column. 

In contrast, the direction of the inclined water load supported by column Al, B1, 

C1, D1, £1 (Fig. 8b) of the buttress dam falls very close to the axis of the column, 

with the result that the concrete serves efficiently to transmit, through the dam to the 

foundations, its increment of load in compression, and the incremental vertical weight 

of the water load replaces a large part of the weight of the concrete. 

The effects on the volume of concrete are shown by Fig. 8c. In regard to the 

Ambursen type, it will be noted that there is little difference in concrete quantities 

between design A, having a buttress spacing of 40 ft center to center, and design B, 

having a buttress spacing of 18 ft center to center. Design C, a round-head type 

(see Fig. 5) with a buttress spacing of 50 ft center to center, contains more concrete 

per lineal foot of dam than either of the two Ambursen designs (designs A and B) but 

will require little or no reinforcing steel. The radial surfaces of the round heads 

minimize bending moments and resulting tensional stresses. There would be little 

difference in the cost of designs A, B, and C, but each would cost less than the typical 

gravity dam, design D. The conclusions that may be drawn from these and other 

studies made within the 250-ft-height range are (1) the massive-buttress designs, 

with thick buttresses and wide buttress spacings, will be more economical to build 

than the thin-buttress designs with close buttress spacings; and (2) the cost of the 
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Fic. 8. Comparison of loading action and quantity of materials in gravity and buttress 

dams. 

buttress designs, both thin and massive, will be less than that of an equivalent gravity 

dam. 
The structural and economic merits of the massive-buttress principle have received 

wide recognition in Europe and the British Isles. For example, the Nant-y-Moch 

Dam of the Afon Rheidol River in Wales illustrates the application of this principle 

to the design of a dam having a maximum height of 172 ft and an overall crest length 

or 1,150 it. 

1 The Rheidol Scheme, Water Power, December, 1963, p. 491. 
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Figure 9 shows the upstream elevation and Fig. 10 a section at maximum height. 

The dam consists of 10 buttresses, spaced 65 ft center to center, which vary in thick- 

ness from 23 ft at the crest to 26 ft at maximum height. Except for the very steep 

batter on the upstream face, the outlines shown by Fig. 10 approximate those of a 

gravity dam. The buttress heads have elliptical downstream faces. 

Comparative studies for gravity- and massive-buttress-type dams having heights 

ranging from 250 to 600 ft reveal that the massive-buttress types will have concrete 

volumes which fall somewhere between 65 to 75 percent of the volume of an equivalent 

gravity dam. To illustrate, Fig. 11 shows the outlines of a cored-gravity-type struc- 

ture having a maximum height of nearly 600 ft and a base width of 570 ft. The 

buttress heads are placed on a flat arc and are spaced 65 ft 6 in. center to center at the 

SS 

Fic. 9. Nant-y-Moch Dam. (The Rheidol Scheme, Water Power, December, 1963, p. 491.) 

crest. Buttress thicknesses vary from 20 ft at the top to 48 ft at the foundation. The 

maximum principal stress of 700 psi occurs at the downstream face at the foundation. 

The massive multiple-arch structure shown by Fig. 12 is of the same height but has 

buttresses spaced 200 ft center to center. These vary in thickness from 40 ft at the 

top to 104 ft at the foundation. The maximum principal stress occurs near the 

foundation at the downstream face and is also about 700 psi. Both structures 

approximately meet the same design criteria. Admittedly both are conservatively 

designed, and the use of thinner sections would have been permissible under different 

site conditions. 

Figure 13 shows quantity curves which compare the concrete quantities per lineal 

foot of dam for the structures shown by Figs. 11 and 12 with those of the Grand Coulee 

Dam (Sec. 11) which may be characterized as a conventional, conservative gravity- 

type dam which meets approximately the same design criteria. 

In recent years there has been a tendency to increase the maximum allowable 

principal stresses to as high as 1,500 psi in arch and multiple-arch-type dams. If 

advantage were taken of this higher allowable stress the volume of concrete in the 

multiple-arch dam would be less than half of that in the gravity dam. 
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3. Gravity, Curved-gravity, and Arched Dams. Curving the axis of a gravity- 

type dam introduces a three-dimensional effect on the distribution of loads: some part 

of the loading is transferred to the horizontal arch elements, with the result that the 

loads on the vertical cantilever elements are lessened. The effects of introducing 

increasing degrees of curvature in the axis of a gravity dam may be illustrated by the 

results of a comparative study shown by Fig. 14 for design A, a conventional gravity 

15-17 semi-axis of 
horizontal ellipse 

= 
~ | 

ah | 

5/22 concrete ez NN ern oe 

ab 42' 

Fic. 10. Section of typical buttress at Nant-y-Moch showing concreting details. (The 
FRheidol Scheme, Water Power, December, 1963, p. 495.) 

dam; design B, a curved- or arched-gravity dam; and design C, an arch dam supple- 

mented by thrust blocks. Ordinarily, this site would be considered more suitable 

for a gravity or curved-gravity dam than for an arch. The gravity dam (design A) 

has a maximum height of 600 ft and an overall crest length of approximately 2,400 ft. 

The transfer of water loads from vertical cantilever elements to horizontal arch 

elements permits the batter of the downstream face of the arched-gravity dam to be 

reduced from 7.5 horizontally to 10 vertically for design A, to 5 horizontally to 10 
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vertically for design B. The total volume of concrete was correspondingly reduced 

from 4.2 million cu yd in design A to 3.7 million cu yd in design b. The corresponding 

reduction in cost was only about 5 percent. Within present limits of estimating 

accuracy, designs A and B could be considered equal in cost. 

In design C the radu of curvature have been shortened and the central angles 

856 - Axis of dam 

550 

520 

490 + 

460+ 

Elevation 

174.0 2 

Elevation 
Downstream 

elevation 

18.0 80 Plan-base-El.370.0 

Fig. 11. Cored-gravity dam. Note: dimensions in meters. 

increased. Supplementary thrust blocks flanked by gravity sections were required at 

the abutments. The total concrete required for design C was 2.7 million cu yd or 

about 64 percent of the concrete required for a straight gravity dam. Because of 

more complicated formwork there was little saving in cost when compared with that 

of the gravity dam. In this particular study the characteristics of the profile were 

dominating factors in cost determination. These characteristics required the intro- 
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duction of compensating structural elements, which largely offset the savings inherent 

in the arch and arch-gravity types. 

With topography more favorable for the arch type than that shown by Fig. 14 

much greater savings, as compared with a conventional gravity dam, can be achieved. 

In relatively narrow U- or V-shaped canyons the arch may be shaped to transfer the 

greater part of the water loads to the horizontal arch elements and thus achieve 

lae—Axis of dam 

Section through bulkhead a pes "Section AA 
ScaleO 50 4100 ft 
ee 

ScaleO 15 30 meters 

Section B-B 

Fic. 12. Massive multiple-arch dam. 

maximum economy by utilizing the concrete in direct compression. In such cases 

the volume of concrete in the arch dam may be as low as 25 percent of the volume of an 

equivalent gravity dam. 

If the shape of the profile were a perfect U with a length-height ratio less than 2, 

maximum economy could be obtained by using a triangular section of dam having 

both a constant radius and a constant central angle of about 133 deg. 

A Y-shaped axis profile presents more difficult problems. Either a constant 

radius or a constant angle in V-shaped canyons can result in arches which are unnec- 

essarily thick at some levels. It has been demonstrated that the horizontal loads at 
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these levels are transferred to the abutments by interior arches which are defined by 

exterior zones of tension. 

In recent years more efficient designs have been obtained by shaping the arch so 

that these zones of tension are eliminated. This procedure results in a double- 

curvature arch as shown by design C, Fig. 14. More detailed descriptions of large, 

double-curvature arch dams will be found in Sec. 14. 

x 25'-0"' roadway, E1.1546.0 

§ Max.H.W. E1.1540.0 

Min. H.W. El. 1397.0 
ee El; 1,400 
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Section A-A 

Fie. 14b. Arched-gravity dam. 

It has also been demonstrated that arch dams may be constructed economically 

at sites having relatively high ratios of crest lengths to maximum heights. <A single 

example will demonstrate; Fig. 15 shows a section and profile of the 420-ft-high Kariba 

Gorge Dam constructed recently on the Zambezi River in Rhodesia. The developed 

length is about 2,000 ft. It will be noted that the dam is thicker near the central 

portion than it is near the base. The increased flexibility near the foundation trans- 

fers a substantial part of the water load from the lower arch rings to the higher and 

thicker sections above. As the arch attempts to deflect near the foundations the 

central section comes into action and takes the additional load.! Kariba is a double- 

1 Coynn, Hon. M. Anpre, “Arch Dams: Their Philosophy,’’ ASCE Paper 959, April, 1956. Patron, 
T.A.L., New Kariba Dam: Ready to Harness the Zambesi, “ng. News Record, Nov. 20, 1958, p. 30. 
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curvature arch. At the base the dam is 80 ft thick. The principles of design applied 

to Kariba were developed by the late Andre Coyne, consulting engineer of Paris, 

France. 

The site topography may be adaptable to other recent innovations in design. 

Consider, for example, the Roselend Development, a 500-ft-high dam, constructed 

in the Isere River Basin in the southeastern part of France. At this site a gorge in 
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Fie. 14c. Double-curvature arch dam. 

the river is not deep enough to accommodate the full height of the dam.2 The struc- 

tural type selected is a composite one: a truncated arch having a 200-m span in the 

gorge section is flanked on both abutments by a hammerhead, massive-buttress type 

of dam. This scheme also was the concept of the late Andre Coyne. Figure 16 

shows the completed structure. Advantage is taken of the savings inherent in both 

the arch and the buttress types. The principal features (Figs. 17 and 18) show how 

the truncated central arch supports the flanking buttress-type structure. Figure 18 

1 The Roselend Development, Water Power, January, 1961, p. 5. 

2 French Dam Combines Arch and Buttresses, Ung. News Record, Jan. 18, 1962. 
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shows the buttress-type dam which extends across the valley on each side of the gorge. 

These buttresses are 9 m thick and are spaced 20 m center to center. It will be noted 

that the outlines of the buttress dam are approximately those of an equivalent gravity 

dam. It will also be noted that each buttress contains two inclined contraction Joints. 

The merits of these joints will be discussed elsewhere in this section. 

4. Flexible Gravity Dams. The preceding discussions demonstrate that masonry 

and concrete dams can no longer be classified in distinct and separate categories; in 

some cases composite structures, which bring together the advantages of several types, 
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Fig. 15. Kariba Dam. 

have been developed. An excellent example of such an advance is the flexible, 

concrete-block type of gravity dam which was originated and patented by Dr. Claudio 

Marcello of Milan, Italy. Reference to Fig. 19, a section and details of the Pozzillo 

Dam in Italy, shows that this type combines the massiveness of a gravity dam, tl 

stability of a buttress dam, and the flexibility of a rockfill dam.} 

[ssentially, this structure consists of 13-ft cubic concrete blocks which are poured 

in place with an intermediate lift joint. In cross section the columns of blocks are 

built up in contact to form triangular-profile buttresses normal to the facings. In 

effect, the dam consists of a series of 13-ft-wide buttresses the thickness of the blocks, 

which are separated by 6-1n.-wide gravel-filled gaps. The gravel acts as a lubricant, 

the 

1Marcevtito, Dr. Craupio, Concrete Block Dams for Highly Compressible Foundations, Water 
Power, June and July, 1961. 
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which permits each buttress to adjust to differential foundation settlements. The 

vertical block joints are staggered, as shown by Fig. 19, and the horizontal joints are 

sloped to increase resistance to horizontal shear and sliding. 

Flexibility is provided in three dimensions: the 13-ft-thick buttresses provide both 

transverse and vertical flexibility and the 5-in. gravel-filled joints provide both longi- 

tudinal and vertical flexibility. A dam constructed in this manner also has many of 

the characteristics of a rockfill dam and is suitable for a foundation in which unequal 

settlements are likely to occur. At sites where the elastic properties of the foundation 

Soe 

Fig. 16. Roselend Dam. (Courtesy of Coyne and Bellier, Paris, France.) 

vary widely it would be advisable to place, as a first step, a highly reinforced foun- 

dation slab which would be designed to obtain a more uniform distribution of the 

foundation pressures. 

Figure 20 shows the details of a plate steel membrane which provides a watertight 

upstream face. This membrane could also be constructed as a reinforced-concrete 

deck slab spanning the 13-ft-thick concrete-block buttresses. 

BASIC ASSUMPTIONS 

5. Standards. Houk and Keener! list 25 basic assumptions which are generally 

standard for all concrete types: 

1. The rock that constitutes the foundation and abutments at the site is strong 

1 Houx anp Kepner, Masonry Dams; A Symposium, Basic Design Assumptions, Proc. ASCE, 
May, 1940, p. 813. 
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Ita. 20. Details of steel membrane on the upstream face of Pozzillo Dam. 

enough to carry the forces imposed by the dam with stresses well below the elastic 

limit at all places along the contact planes. 

2. The bearing power of the geologic structure along the foundation and abut- 

ments 1s great enough to carry the total loads imposed by the dam without rock move- 

ments of detrimental magnitude. 
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3. The rock formations are homogeneous and uniformly elastic in all directions, 

so that their deformations may be predicted satisfactorily by calculations based on the 

theory of elasticity, by laboratory measurements on models constructed of elastic 

materials, or by combinations of both methods. 

4. The flow of the foundation rock under the sustained loads that result from the 

construction of the dam and the filling of the reservoir may be adequately allowed for 

by using a somewhat lower modulus of elasticity than would otherwise be adopted 

for use in the technical analyses. 

5. The base of the dam is thoroughly keyed into the rock formations along the 

foundation and abutments. 
6. Construction operations are conducted so as to secure satisfactory bond 

between the concrete and rock materials at all areas of contact along the foundation 

and abutments. 

7. The concrete in the dam is homogeneous in all parts of the structure. 

8. The concrete is uniformly elastic in all parts of the structure, so that deforma- 

tions due to applied loads may be calculated by formulas derived on the basis of the 

theory of elasticity or may be estimated from laboratory measurements on models 

constructed of elastic materials. 

9. Effects of flow of concrete may be adequately allowed for by using a somewhat 

lower modulus of elasticity under sustained loads than would otherwise be adopted 

for use in the technical analyses. 

10. Construction joints are properly grouted under adequate pressures, or open 

slots are properly filled with concrete, so that the dam may be considered to act as a 

monolith. 

11. Sufficient drains are installed in the dam to reduce such uplift pressures as 

may develop along areas of contact between the concrete and rock materials. 

12. Effects of increases in horizontal pressures caused by silt contents of flood- 

waters usually may be ignored in designing high-storage dams but may require con- 

sideration in designing relatively low diversion structures. 

13. Uplift forces adequate for analyzing conditions at the base of the dam are 

adequate for analyzing conditions at horizontal concrete cross sections above the base. 

14. Internal stresses caused by natural shrinkage and by artificial cooling oper- 

ations may be adequately controlled by proper spacing of contraction joints. 

15. Internal stresses caused by increases in concrete temperature after grouting 

are beneficial. 

16. Maximum pressures used in contraction-joint grouting operations should be 

limited to such values as may be shown to be safe by appropriate stress analyses. 

17. No section of the United States may be assumed to be entirely free from the 

occurrence of earthquake shocks. 

18. Assumptions of maximum earthquake accelerations equal to one-tenth of 

gravity are adequate for the design of important masonry dams without including 

additional allowances for resonance effects. 

19. Vertical as well as horizontal accelerations should be considered, especially in 

designing gravity dams. 

20. During the occurrence of temporary abnormal loads, such as those produced by 

earthquake shocks, some increases in stress magnitudes and some encroachments on 

usual factors of safety are permissible. 

21. Effects of foundation and abutment deformations should be included in the 
technical analyses. 

22. In monolithic straight gravity dams, some proportions of the loads may be 

carried by twist action and beam action at locations along the sloping abutments, 

as well as by the more usually considered gravity action. 
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23. Detrimental effects of twist and beam action in straight gravity dams, such 

as cracking caused by the development of tension stresses, may be prevented by suit- 

able construction procedure. 

24. In monolithic curved gravity and arch dams, some proportions of the loads 

may be carried by tangential shear and twist effects, as well as by the more usually 

considered arch and cantilever actions. 

25. The distribution of loads in masonry dams may be determined by bringing the 

calculated deflections of the different systems of load transference into agreement at 

all conjugate points in the structure. 

These assumptions do not apply uniformly in all cases. For example, assumption 

3, Stating that “rock formations are homogeneous and uniformly elastic in all direc- 

tions,’’ apples to very few sites. With modern design methods, such as the “‘finite- 

element’? method, as described elsewhere in this section, it is possible to evaluate the 

effects on stress distribution of a foundation having varying elastic characteristics. 

DESIGN CRITERIA, GENERAL 

6. Introduction. There are three principal criteria: (1) loading, (2) design 

method, and (8) allowable stresses. These are closely related. The manner in which 

the structure is loaded often determines designing methods. The limitations of these 

methods must be understood in evaluating allowable stresses and safety factors. To 

illustrate, applying the cylinder formula (see Sec. 14) alone to determine the prelim- 

inary thickness of an arch ring might reveal a maximum compressive stress of 500 psi. 

An experienced designer would know that rib shortening, temperature, and other 

stresses could easily double this stress. The results of preliminary analyses, therefore, 

must be evaluated in the light of experience and the allowable stresses adjusted 

accordingly. 

Of primary importance is the manner in which loads are transmitted from the 

upstream face through the dam to the foundation. The assumptions which are made 

in this respect affect every other step in design. 

7. Nomenclature. The following symbols are used in this and other sections: 

H = total height of dam from base to crest 

h = height of section considered to water surface, depth of water 

h, = depth of silt above foundation 

b = base or thickness of dam from the face to the back measured horizontally 

e = eccentricity, distance from point of application of resultant to center of base 

y: = distance from center of base to downstream face 

y2 = distance from center of base to upstream face 

w = density of water, 62.5 lb/cu ft 

Ws = submerged weight of silt 

? = resultant, foundation reaction, or equilibrant 

F = total force; see Fig. 1 for subscripts 

U = total uplift force 

DH = algebraic summation of all active horizontal forces 

DV = algebraic summation of all active vertical forces 

YM = algebraic summation of all moments 

oz = vertical normal stress 

o, = first principal stress 

o, = second principal stress 

= horizontal and vertical shearing stress 

0 = angle made by downstream face with vertical 
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a = angle made by upstream face with vertical 

¢ = angle of internal friction 

a = ratio of acceleration due to earthquake forces to the acceleration of gravity 

f = sliding factor 

f’ = coefficient of maximum static friction between two surfaces 

q = unit shear resistance of foundation material 

@ = shear-friction factor of safety 

CRITERIA—LOADING 

8. Weight of Concrete. The relative weights of structures for concrete and 

buttress dams and their effects on loading have been demonstrated by Fig. 8. By the 

use of modern construction methods, a concrete weight of 155 lb/cu ft is frequently 

attained. In preliminary designs, it is conservative to assume that the weight will be 

150 lb/cu ft. Foundation pressures with an empty reservoir are proportional to the 

density of the material. Vertical weight likewise influences the magnitude and direc- 

tion of stress when the reservoir is full. Consequently, tests should be made to deter- 

mine in advance of design the weight and strength of the concrete or masonry that 

could economically be made available for construction at the site of the particular dam 

under consideration. 

The application of the concrete loads to the various buttress types is not well under- 

stood. By way of example it is demonstrated in Sec. 13 that the weight of the concrete 

deck of an Ambursen dam may be partially transferred to the foundation, with the 

result that the stabilizing concrete load is decreased and the horizontal overturning 

load is increased. The same effect could result from a small downward movement in 

the arch barrel of a multiple-arch-type dam. Furthermore, the extent to which the 

horizontal section of the arch barrel acts integrally with the buttresses is not known. 

It is advisable to make assumptions which will result in a safe structure under all pos- 

sible conditions of concrete-load application. 

9. Water Pressure. The unit pressure of water increases in proportion to its 

depth. The horizontal force due to water pressure can thus be represented by a tri- 

angular load whose resultant is at two-thirds of the distance from the water surface to 

the base of the section under consideration. The formula for this water pressure is 

Fy, = Yowh? 

The vertical water load F’; is of course proportional to the horizontal pressure if the 

slope of the upstream face is constant. When the slope of the upstream face is not a 

constant, the total vertical load on any section is represented by the area of water 

vertically above that section, and the resultant of the vertical load is through the 

centroid of that area. 

10. Silt Pressure. In most reservoirs, finely divided silt or clay is deposited in 

substantially horizontal layers against the upstream face of the dam. These deposits 

are produced by flows of muddy water along the bottom of the reservoir and are to be 

distinguished from the deltas of silt and sand that form in the upper end of reservoirs. 

The total pressure /’, that may develop from this cause and the location of the result- 

ant are quite indeterminate. 

When such fine clayey material is first deposited, the percentage of solid matter by 

weight is relatively small. Under the load of subsequent deposits, the excess water is 

progressively displaced. At the point of complete saturation, the weight of the clayey 

material in any unit volume is substantially equal to the weight of the water. If it is 

assumed that at this point of saturation the mixture is completely fluid, the resulting 

pressure is equivalent to that of a liquid having a unit weight of 90 Ib/cu ft. In 
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order for the weight of a unit volume of such deposits to be greater than about 90 

Ib/cu ft, water must be expelled by reduction of the void ratio under the weight of 

overlying deposits. It will then act as a true fluid only under abnormal conditions. 

At considerable distances below the surface of a silt deposit, the unit pressure against 

the dam may become less than the pressure of water at the same depth. 

More precise calculations can be made by determining the horizontal component of 

the silt load from the Rankine formula, neglecting cohesion: 

ie = wee G — sin ) 

2 2 1+sin ¢ 

11. Ice Pressure. In the colder sections of the world, ice pressure /’,; must like- 

wise be considered. The amount of this pressure naturally varies greatly, depending 

upon the thickness of the ice that will form on the reservoir and upon other factors, 

including the slope of the banks of the reservoir and the shape of the upstream face of 

the dam itself. The magnitude of ice pressure has been variously estimated from zero 

to 50 kips/lin ft of contact with the vertical face of a dam. 

Ice of substantial thickness forms slowly even during extreme low temperatures. 

Consequently, the greatest ice pressure will develop from the expansion of an ice sheet 

as a result of a temperature rise after a cold wave. Recent studies indicate that prob- 

able maximum ice thrusts for continental United States range from 5 to 20 kips/lin ft.! 

12. Uplift. Regardless of the measures taken to prevent percolation, some water 

under pressure will find its way between the dam and the foundation, along pour joints 

in the dam or in horizontally bedded joints under the foundation. Whenever this 

occurs part of the weight of the dam is supported by the water and the foundation 

reaction is correspondingly reduced. The total uplift force U to be allowed for in any 

design is largely a matter of judgment based upon the character of the foundation, the 

steps taken to eliminate percolation, the probable efficiency of the foundation drains, 

and the method of construction to be used. Prototype performance offers our most 

reliable guide. 

There are two constituent elements of uplift pressure: the area factor and the 

intensity factor. The area factor, or the percentage of the foundation area over which 

uplift is exerted, has been assumed by various designers to fall somewhere between 

6624 and 100 percent. Many designers are now turning to the more conservative 

assumption that uplift pressures actually are exerted over 100 percent of the area. 

The discussions relating to Figs. 21 to 25, inclusive, are concerned largely with the 

uplift forces under gravity dams. Many excellent papers and books have been 

written on this subject. By way of example, the late L. F. Harza offered a mathe- 

matical demonstration? which leads to the conclusion that uplift pressures are 

effective over 100 percent of the area of the base. 

Dr. Leliavsky, in a comprehensive treatise,’ concludes that uplift pressures act over 

somewhat less than 100 percent of the base but exceed greatly the 6623 percent area 

factor which had been assumed for many earlier designs. 

The largest builders of dams in the United States, the U.S. Corps of Engineers, the 

U.S. Bureau of Reclamation, and the Tennessee Valley Authority, use similar assump- 

tions, as illustrated by Fig. 21. These are (1) astraight-line drop from reservoir level 

at the heel of the dam to a fraction of the difference in head between reservoir and tail 

water along the line of the drains and (2) from there another straight-line drop to tail 

1 Rosg, Evwin, Thrust Exerted by Expanding Ice, Trans. ASCE, 112, 871, 1947. U.S. Burrau 
or RecLAMATION, Design of Small Dams, p. 235. 

2 Harza, L. F., The Significance of Pore Pressures in Hydraulic Structures, Trans. ASCE, 114, 198. 

3 Leuiavaky, “ Uplift in Gravity Dams,’’ Constable & Co., Ltd., London. 
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Fic. 28. Fontana Dam, uplift-pressure diagram, block 19. 

water at the downstream toe.! This pressure is assumed to be effective over 100 per- 

cent of the area of the base. 

The value of that fraction now (1968) used by the Tennessee Valley Authority is 14 

and that used by the Bureau of Reclamation is 14. These reductions from the earlier, 

more conservative assumptions have resulted from observations on existing dams. 

Four will be discussed: Hiwassee Dam (Fig. 22) and Fontana Dam (Fig. 23) built by 

TVA, and Shasta Dam (Fig. 24) and Hoover Dam (Fig. 25) built by the Bureau of 

Reclamation. Grout curtains and drainage wells were features of all four. 

There is no agreement among designers on the relative merits of grout curtains and 

drainage wells; the principal reliance appears to be placed on drainage wells. From 

1 CaSAGRANDE, ARTHUR, First Rankine Lecture, delivered Jan. 25, 1961, at the Institution of Civil 

Engineers, London, England. 
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field observations it has been concluded that the pressure gradient decreases in a 

straight line from reservoir pressure at the heel to some fraction of this pressure at the 

foundation drains. Figures 22, 23, and 24, showing, respectively, the uplift pressure 

gradients for Hiwassee, Fontana, and Shasta, show that the actual pressures at the 

drains fall well below the present design assumptions and also that the present design 

assumptions are much less conservative than the original design assumptions. 

As a general philosophy of design it is suggested that the safety of such large 

structures should not depend on the proper functioning of grout curtains and drains. 

Calculations which give credit to properly functioning drains may reveal what may be 

expected under normal operating conditions. It must be remembered that large dams 

may be in existence for hundreds of years. No one can predict proper maintenance 

over such a long period. Drains have been known to clog. Dams should still have a 

large margin of safety against failure if they do. The original design assumptions for 

Hiwassee, Fontana, Hoover, and Shasta provide this reserve. 

The need for conservation is demonstrated by a study of the case history of 

Hoover Dam.! Figure 25 compares the uplift gradients measured during 1938 with 

those made during 1947 after remedial measures had been undertaken to provide 

more drain holes and further foundation grouting. 

The field measurements of uplift at Hoover Dam again illustrate the wisdom of 

designing the structure to be safe with uplift pressures greatly in excess of those based 

upon the effectiveness of drains. 

Uplift under buttress dams does not present such a serious problem. In the case of 

massive-buttress-type dams it would be conservative to assume that uplift pressure 

varied from 100 percent of the difference between headwater and tail-water pressure to 

tail-water pressure at the downstream site of the deck or water-bearing structure. 

Because the pressure gradient is so steep it is of primary importance to provide an 

adequate grout curtain at the upstream heel and a system of drainage wells penetrating 

into the foundation between buttresses. 

Barrages and buttress dams constructed on poor or soft foundations must have 

foundation structures which furnish adequate water travel to flatten the gradient 

sufficiently to prevent failure by underseepage or piping. 

The same uplift criteria which apply to gravity dams may also be applied to arch- 

and gravity-arch-type dams. In designing both arch- and gravity-arch types consid- 

eration must also be given to the short path of water travel between the upstream and 

downstream faces in relation to the foundation characteristics. 

13. Seismic Forces. No part of the world is entirely free from earthquakes; hence 

adequate allowance should be made for seismic forces. The magnitude of such forces 

depends upon both the amplitude and the frequency of the indirect waves. Seismic 

forces act in all directions. Horizontal forces are produced by the inertia of the dam 

and the momentarily increased pressure of the water as the foundation shifts laterally. 

Any upward acceleration opposes the acceleration of gravity, and the effective weight 

of the dam upon which its stability depends is thereby momentarily reduced. 

In order to determine the seismic forces it is necessary to know the acceleration or 

the earthquake intensity. A joint committee of the American Society of Civil 

Engineers and Structural Engineers Association of California has suggested that 

the maximum value of the horizontal intensity expressed as a coefficient of g shall be 

0.10.2 

The U.S. Bureau of Reclamation has consistently used a horizontal intensity 

a = 0.10 along with a vertical intensity of equal or smaller magnitude.’ 

1 Keener, Kenneru B., Uplift Pressures in Concrete Dams, Trans. ASCH, 116, 1218, 1951. 

2 Lateral Forces of Harthquake and Wind, Proc. ASCH, 77, 1951. 

1 Zanapr, C. N., ‘‘Hydrodynamic Pressures on Dams Due to Horizontal Earthquake Effects,” 

U.S. Bureau of Reclamation Engineering Monograph 11. 
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Fic. 26. Pressure coefficients for constant sloping faces. 

In 1953, Zanger presented formulas for computing the hydrodynamic pressures 

exerted on vertical and sloping faces by horizontal earthquake. The effect of inertia 

on the concrete should be applied at the center of gravity of the mass. For dams with 

vertical or sloping faces the increase in water pressure P, in pounds per square foot at 

any elevation, with earthquake intensity \, is given by the following equation: 

PA GNwh 

where C is a dimensionless coefficient giving the distribution and magnitude of pres- 

sures. The maximum value of C for a given constant slope is shown by Fig. 26, and 

Distance below surface Total depth of reservoir 

Pressure coefficient C 

me y c= 4em[2(2-2)4/F(2-4)| 

where: Cp is maximum C value from fig 26 

Fic. 27. Coefficients for pressure distribution for constant sloping faces. 
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the values of C for various degrees of slope and relations of depth y to total head h are 

shown by Fig. 27. Zanger’s equation is also shown by Fig. 27. 

It may be shown analytically that the total horizontal force F; (see Fig. 1) above 

any elevation or distance below the reservoir surface and the total overturning moment 

M, above that elevation are! 

F, = 0.726P.y and M,. = 0.299P.y? 

The Zanger formulas may be applied, with reasonable accuracy, to dams of all 

heights. It is recognized, however, that they may give results which are less accurate 

for high dams than for low dams. 

CRITERIA—METHODS OF ANALYSIS 

14. Trapezoidal Law. Stresses normal to horizontal planes, designated oz, 

are usually assumed to have straight-line or trapezoidal distribution. The formulas 

expressing the trapezoidal law and its application to different structural forms will be 

found in Sees. 11 to 15, inclusive. The assumption of straight-line distribution simpli- 

fies greatly the analysis of shearing and principal stresses. As illustrated by the exam- 

ples in Sec. 13, the differences of total normal pressures on two horizontal planes will 

yield the total shear on the vertical sectional area between these planes, and differences 

of shearing-stress intensities between two horizontal planes will yield the total hori- 

zontal load between these planes. From these differences may be found horizontal 

normal stresses. With shearing, vertical normal, and horizontal normal stresses 

known, it is possible to determine the magnitude and direction of the first and second 

principal stresses and of maximum shearing stresses. Numerical examples illustrating 

this procedure will be found in Sees. 12 and 13. 

Stress measurements on structural models and on existing dams reveal that the 

distribution of vertical normal! pressures is not rectilinear but curvilinear. Figure 28 

a and } shows the results of stress measurements on an aluminum model of the high- 

buttress design shown by Fig. 11. These measured stresses are compared with those 

computed by the trapezoidal law. It is important to note that the measurements on 

the model reveal tension at the upstream face near the foundation line. At this point, 

the trapezoidal-law computations indicated compression. Figure 29 shows the trajec- 

tories of the first and second principal stresses as derived from the model tests. 

Prototype measurements which have been taken over a period of years show an even 

greater variation from straight-line distribution. Figure 30, for example, shows a 

comparison of measured and calculated foundation pressures for Hiwassee Dam under 

both low and high reservoir levels.? 

Figure 31 shows the foundation pressures under the Shasta Dam as measured on 

Jan. 1, 1954. The reservoir was nearly full. The actual distribution of pressures 

follows closely the load line of the concrete. The measured maximum pressure was 

600 psi at a point close to the center of the base. The sharp reduction in pressures 

near the downstream face to about 125 psi indicates that about the downstream third 

of the concrete is taking a relatively minor part of the load. 

It will also be noted that maximum shearing stresses occur near the downstream 

face in an area of minimum vertical pressure. The average factor of safety Q against 

shear-friction failure (Sec. 11) for the dam as a whole is not representative of shear- 

friction safety in this area. 

A somewhat different pattern of stress distribution was observed during the field 

testing program for the Grand Coulee Dam. Figure 32 shows the normal and shearing 

1U.S. Bureau or RecuamatTion, ‘‘Design of Small Dams," Figs. 164, 165, pp. 237, 2388. 

2 Pparcn, C. E., Design of Hiwassee Dam, Basic Considerations, Civil Eng., June, 1940, p. 340. 
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stresses as measured under full-reservoir conditions on July 1, 1952. There is a char- 

acteristic rise in pressure under the upstream third of the base over that shown by the 

trapezoidal diagram. From the upstream maximum calculated at this point the pres- 

sure declines to about the quarter point of the base, as measured from the downstream 

toe. From this point it again rises to a maximum at the downstream toe. Unlike 

Shasta, the shear-friction factor of safety would rise to a maximum in the downstream 

third of the base. 
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15. Finite-element Method. The structural behavior of high gravity dams, as 

determined by field measurements, leads to the conclusion that the classic trapezoidal 

law produces stress patterns which do not even remotely resemble those obtained from 

field measurements. Recent research has given the designer new tools of analysis 

which hold the promise of yielding more realistic results. 

The finite-element method, as described under Sec. 10 by Dr. Zienkiewicz, is now 

recognized as an important advance. By this method the structure and its founda- 

tions may be divided into elementary, contiguous triangles, and the elastic properties 

of each may be analyzed and linear simultaneous equations formulated for each nodal 

point. The solution of these equations is made possible only by the use of the digital 

computer. The results obtained from a preliminary analysis of the foundation pres- 
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sures under a 700-ft-high gravity dam are shown by Fig. 33 and have some of the 

characteristics of the previously described prototype measurements. It will be noted 

that the upstream half of the base takes a greater percentage of the load than that 

indicated by the trapezoidal distribution. It will also be noted that the maximum 

stresses do not occur at the downstream toe and that there may be tension instead of 

compression at the upstream heel. It will also be noted that the results of the struc- 

tural-model tests shown by Fig. 28 indicated some tension at the upstream heel. The 
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finite-element method makes it possible to analyze the stresses in dams on foundation 

material having elastic characteristics which are different from those of the concrete. 

It is doubtful if any analytical method will be devised which will do more than 

approximate the stresses measured in prototype structures. Measured stresses are 

affected by such factors as the rate of placing concrete, the spacing and arrangement of 

construction and contraction joints, the temperature of the reservoir, and the lift of the 

concrete pours. 

Contraction joints affect materially the stress distribution. Vertical longitudinal 

joints which are keyed and grouted do not always give the assurance that the structure 
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will act asa monolith. The structural behavior of the 500-ft-high Fontana Dam,! for 

example, indicated that the four vertical columns had a degree of structural indepen- 

dence even though the joints were keyed and grouted and the concrete cooled 

before grouting. 

The stress patterns measured at Fontana indicated that the dam showed some 

evidence that it acted partially as four contiguous columns. 

The structural behavior of the 564-ft-high Hungry Horse Dam,? constructed on the 

OSD OZIS ys —— SMO re 

E1.1,000 

Distance from upstream face- feet 

100 200 300 400 

Vertical (ox) psi 

Shear 
(txy) psi 

Kia. 31. Shasta Dam. Stresses measured Jan. 1, 1954. (William T. Lockman, The 

Structural Behavior of Shasta Dam, U.S. Bur. Reclamation, Tech. Mem. 656, Fig. 6.) 

south fork of the Flathead River in Montana, is also of interest in respect to the effect 

of a vertical contraction on the distribution of stresses. 

The Hungry Horse dam is an arch-gravity-type structure having the general pro- 

portions shown by Fig. 34. The crest of the dam is 2,100 ft long and the base thick- 

ness is 330 ft on the plane of the centers at the foundation. It will be noted that there 

is only one longitudinal contraction joint. The concrete was cooled during construc- 

1‘“Measurements of the Structural Behavior at ontana Dam,’’ Tennessee Valley Authority Tech- 
nical Monograph 69. 

2 RicHARDSON, Jog T., ‘The Structural Behavior of Hungry Horse Dam,” U.S. Bureau of Reclama- 

tion Engineering Monograph 24. 
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SASS ARNOLD | 

Fie. 32. Grand Coulee Dam. Measurements, July 1, 1952. (William T. Lockman, 

Structural Behavior of Grand Coulee Dam, U.S. Bureau of Reclamation 18 Year Report, 

Tech. Mem. 652, March, 1955.) 

130 psit 

As computed by 

trapezoidal law 

As computed by 
finite element method 

Fic. 33. Gravity dam. Normal stresses at foundation line g,. Load condition: dead, 
live, horizontal, and vertical earthquake loads. 
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Fic. 34. Hungry Horse Dam. 

tion and the longitudinal joint was grouted. Regardless of these precautions the field 
measurements revealed that the two sections of the dam, separated by the joint, acted 
to some extent as contiguous rings. At some points there was a marked discontinuity 

of stress patterns at the plane of the joint. Actually, this discontinuity of stress 

patterns could be a favorable factor. It can be demonstrated that a series of contig- 

uous arches separated by low-friction joints will have a more favorable stress distri- 
bution than that in a massive arch. 
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Some designers have preferred inclined contraction joints which parallel approxi- 

mately trajectories of first principal stress under full-load conditions. Inclined con- 

traction joints were used in connection with the flanking abutment sections of the 

Roselend Dam, the Coolidge Dam, the Big Dalton Dam, and other large structures of 

the buttress type. 

16. The Trial-load Method. The problems dealt with previously were mostly 

two-dimensional. Dams with keyed and grouted transverse joints, both gravity and 

arch, can be subjected to both vertical cantilever action and beam or arch action, 

depending upon the type of structure. Basically the process of analysis in this case, 

known as the trial-load method, consists of equating vertical and horizontal deflections 

at anumber of points in the structure. This method, which was first developed nearly 

40 years ago, has gone through successive refinements, the latest being its adaptation 

to computer operations. The trial-load method, as applied to arch dams, is described 

fully in Sec. 14. In this section also the results obtained by trial-load method as 

applied to Karadj Dam in Iran are compared with the stresses as obtained from experi- 

ments with a structural model and prototype measurements obtained during a field 

testing program. 

CRITERIA—STRESSES 

17. Allowable Unit Stresses. Allowable unit stresses have increased with height. 

We know, for example, that a gravity dam some 500 ft high would have a maximum 

dead-load pressure near the heel of approximately 500 psi and that a dam 1,000 ft high 

would have a dead-load pressure of about double that intensity. The water load 

tends to shift the maximum vertical pressure to some point downstream from the 

center of the base. At this point the maximum first principal stress is of primary 

interest. 

Maximum compressive stresses falling between 1,000 and 1,500 psi under dead 

load, water load, and earthquake conditions are now being accepted by some designers. 

A word of caution should be introduced in connection with the design of high arch 

dams. Stresses double those computed can result from even a moderate break in the 

profile, according to the results obtained from testing structural models. Changes in 

the moduli of the foundation rock can result in the transfer of loads with resulting 

increases in stresses. Any factor which shifts the load line in the arch may also 

increase stresses. 

With field strengths between 4,000 and 6,000 psi being attained by modern con- 

struction methods, higher unit stresses are permissible if consideration is given to the 

contingencies which may increase these stresses. 

Shearing stresses are being increased proportionally. Maximum shearing stresses 

falling between 250 and 350 psi or even higher intensities are safe provided these are 

not in the presence of tension. A common error in the design of buttress dams is to 

neglect second principal stresses which may be in tension if the slope of the upstream 

face is relatively flat. In such cases the combination of shearing and tensioned stresses 

must be treated much the same as diagonal shear in the design of beams and girders. 

The compressive and shearing strengths of the foundation materials are of equal 

importance. The shear-friction factor of safety (see Sec. 11) combines frictional and 

shearing resistance to downstream movement. As pointed out previously, an overall 

average value for this factor may be meaningless if there are high shearing stresses in 

the presence of low compressive stresses at the foundation level. 

Comprehensive programs of testing foundation strengths and elastic properties are 

commonly undertaken as a first step in the design of high concrete dams. 



SECTION 10 

THE FINITE-ELEMENT METHOD 

By O. C. ZiENKIEWICZ 

1. Introduction. The rapid development of large digital computers is changing 

drastically the approach to problems of structural engineering. This impact is partic- 

ularly strong in the area of dam design where the complex two- and three-dimensional 

stress distributions have up to this time had to be crudely approximated. Now, with 

a suitable formulation of the problem, it is possible to perform a two- or three-dimen- 

sional analysis of a dam on a large computer within a matter of minutes, stating only 

the fundamental assumptions about the behavior of material. As the preparation of 

the necessary data is usually no more time-demanding than for the crude analysis 

processes, the cost of this more accurate approach is at least comparable—an important 

factor from the view of the practicing engineer. 

The full analysis of the form mentioned is often based on precisely the same prem1- 

ses as model tests which the engineer often uses to check out his preliminary calculations. 

In such cases the cost saving becomes important as the model test can be eliminated. 

Indeed, in computation, it becomes possible with no additional difficulty to deal with 

such aspects as pore-water effects and temperature. These factors are either impos- 

sible or very costly to model. 

Many of the computer approaches (though by no means all) are based on the 

assumption of elastic behavior, which, however, need not imply isotropy and homo- 

geneity as in classical elasticity. Indeed in this section this assumption only will be 

invoked. An immediate reaction of some engineers is that this assumption, being 

only an approximation to the real behavior of concrete, may be no more valid than 

their traditional ones (such as, for instance, a specification of a linear-stress variation 

ina buttressdam). Such an attitude can easily be shown to be inconsistent, as indeed 

the assumption of elasticity is usually invoked in addition to the further simplifica- 

tions. Understanding of the true nature of the assumptions, of their range of applica- 

bility, and of the problems in which more elaborate assumptions have to be introduced 

is the only way progress can be achieved. 

Various computer methods are today available for stress analysis. Finite-differ- 

ence procedures or various integral methods are often used. Most promise and 

versatility lie, however, in the so-called ‘finite-element’? method, and this section 

will describe its use. 
2. Finite-element Analysis. The origins of the finite-element analysis of a con- 

tinuous two- or three-dimensional structure stem from the classical approaches of 

structural analysis. The infinite degree of freedom of the continuous medium is made 

finite by: 

1. Dividing the whole region into a series of subregions or elements assumed to be 

interconnected at a finite number of nodal points 

2. Specifying certain simple displacement patterns dependent on the displacements 

of the nodes and the relationships between nodal forces to obtain nodal displacements 

3. Assembling the “elements”’ together by imposing equilibrium condition at all the 

10-1 
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nodes in a straightforward ‘structural’? manner and, by solution of the resulting 

simultaneous equations, finding the nodal displacements 

4. Finally, computing all the stresses by step 2 from the now known nodal 

displacements 

This “structural” concept, first introduced by Turner, Clough, et al.,1\* is easily 

visualized and instinctively appealing. Much further work has served to extend the 

f} = {4 

x Degrees of nodal freedom 

Fira. 1. Some finite elements for plane, bending, and three-dimensional problems. 

full mathematical implications of the process, and indeed it is now well established that 

the method is a particular case of the general Ritz procedure. For details of the form- 

ulation many original papers can be consulted or reference made to a full textbook on the 

matter.? In the space of this section it is impracticable to give more than the briefest 

details. These will be relegated to the Appendix, where the essentials are summarized. 

Much variety can be expected in the shape of elements and the number of inter- 

connecting nodes. These can range from the simplest triangle interconnected at the 

corners for two-dimensional problems, through plate elements with rotational degrees 

of freedom, to complex three-dimensional elements with many nodes (Fig. 1). In 

some cases elements with curved sides have been used with success. 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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Whatever the shape, number of nodes, or elastic properties of the element we can 

always write for each node the displacement as {6;}, a “listing’’ of the nodal degrees of 
freedom, and for the whole element 

(Oe (1) 

listing all the nodal displacements. The calculation of stage 2 will result in the listing 

of the forces associated with each node in the appropriate direction of displacement 

in the form 

In this [k]* is the “‘stiffness’’ matrix of the element while {Ff }7r° and {F},° are forces 

contributed to the nodes by thermal changes and distributed weight or pore pressure. 

Calculation of these factors is the basic step of the method, and the general principles 

are given in the Appendix. A large number of different elements have been computed 

and programs written for their derivation. All, however, will be in the basic form 

given above. 

The assembly of the overall ‘“equilibrium”’ equation consists simply of adding up 

all the (internal) forces {Ff} acting at each node and equating these to the external 

nodal forces which may be imposed on the structure {R}. This results in a system of 

equations which can be written in matrix form as 

Ry fe Ve Pa 

te ewe ac oe na amie oe (3) 

liga e ie 1M 

Now all the nodes are considered, and it is easy to show that the various components 

of the matrices are given by simple addition of all element contributions. Thus 

See a Drs? 

Fo, = =F 73° (4) 

liken = 20a 

The equations for the complete solution are thus known, and though their number 

may in a typical problem reach several hundred or even two or three thousand in 

special cases, no difficulties in solution are presented if large computers are available. 

(At this stage all the prescribed displacements or support conditions obviously have to 

be inserted.) 

Once all the displacements for each element are found, stresses are easily obtained 

by equations quoted in the Appendix. 

The derivation of full computer programs is a process demanding a considerable 

amount of experience. Nevertheless once these are written (and many are now avyail- 

able) a very simple set of data (such as the coordinates of nodal points, their numbers, 

elastic properties of each element together with applied forces) can be assembled by an 

engineer not necessarily familiar with the details of the process. Some experience is 

nevertheless required in the original idealization of the mesh, as obviously the process 
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involves a mathematical approximation. Previous experience and the use of progres- 

sively smaller meshes will indicate for practical purposes the amount of approximation 

involved. 

8. Loads and Criteria of Analysis. Assuming that suitable finite-element com- 

puter programs are available some general matters of the assumptions regarding load- 

ing conditions, initial stress, etc., have to be considered before an analysis is carried out. 

In addition, after the results become available some criteria concerning their inter- 

pretation will be needed. 

As most of the factors are common to all dam problems, it is convenient to discuss 

them jointly. 

Foundations. The foundations of the dam are an integral part of the structure, and 

their deformability can be included in the analysis without difficulty. As the stresses 

caused by the dam within the foundations ‘“‘dissipate’”’ rapidly it is possible to use 

elements of a very large size there, grading into the smaller dam subdivision where the 

stresses are more important and their variation greater. 

Initial stresses due to weight and various kinds of tectonic action exist within the 

foundation rock prior to the construction of the dam. It is a general rule (which can 

only be violated in exceptional cases) that these stresses are estimated (or computed) 

before the interconnection with the dam. This means that no gravity loads within 

the foundation should be applied to the analysis of the dam-foundation complex. 

The same comment applies to the loads caused by pore-water pressure. Only the 

difference between the pore-pressure state after and before the construction can be 

applied as loading to the whole assembly of dam and foundation. 

The initial gravity, tectonic, and pore-water-pressure stresses are obviously simply 

superposed on the additional effects of dam stresses. 

In the analysis it is important to know at least the approximate elasticity constants 

of the rock material. With the finite-element process no difficulty arises in dealing 

with nonhomogeneity or anisotropy, as will be shown in later examples. However, 

the knowledge of rock properties is usually limited and only approximate values can 

be put into the analysis. It is extremely fortunate that the stresses in most dams are 

relatively insensitive to the exact values of foundation constants—and often the true 

solution can be “‘bracketed’’ by extreme assumptions of their values. This generally 

involves very little additional computation labor. 

Water Loading. All water forces on a concrete (or rock) structure are applied 

effectively as volume—body force action. Thus if p is the pore pressure, the forces per 

unit volume of material in the z, y, and z directions are’ 

5 eee i aoe es and Z = — SP (5) 

respectively. 

The “‘fiction”’ of surface-water-pressure load can be still approximately true if, say, 

internal drainage or configuration such as occurs in buttress dams prevents the buildup 

of any pore pressure close to the water-supporting face. If, there, the variation of 

pressure from the full head on the outside to zero at a line of elements close to the face 

is assumed, the effect will be almost identical to a surface pressure. Thus all computer 

programs written specifically for dam analysis should possess the faculty of dealing 
with pore pressures. 

For example, in the simple two-dimensional element in Fig. 1 (see also Appendix) 

it is convenient to assume pressure to vary linearly between the nodal values, i.e., 

p(t,y) = Nips + Nop; + Nap 

in which N;,, etc., are as defined in the Appendix. 
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Differentiating, we have simply 

vie bipi + biPi + BmDm 

2A 

Y er Cipi =F CjPj oF CmPm 

2A 

By the last equation of the Appendix it will be seen that as these forces are constant 

they simply result in allocating to each node one-third of the total force which would 

be acting on the element of Fig. 2, with external distribution of pressures shown. 

It is important to repeat here the point 

already mentioned in the previous article. Pm 

Within the foundation only the effect of 

the difference between the initial and final 

states of pressure distribution will produce 

forces which can influence the dam stresses. 

Typically pressures in foundations of a 

valley in which a river is present can be 

such as those represented in Fig. 3a, while 

the state of pressure after the dam con- 

struction approximates the pattern given in 

Fig. 3b. The approximate forces acting on — 
. . 5 x 

the dam-foundation complex are given in 

Fig. 3 by the direction of the arrows. Fic. 2. Pore-pressure body forces on a 

It is quite clear that in no circumstances *W-dimensional element. 
will the foundation be subject to anything 

approaching a downward surface water load, a fact often ignored and by no means 

obvious. 

Gravity Loading. It has already been mentioned that in the complete analysis the 

gravity of the foundation should be excluded (and effectively reintroduced by super- 

position of the initial stress system which is in equilibrium with it). 

(a) Pressures in foundation (b) Pressures in foundation 
before dam construction after dam construction 
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lic. 3. The action of foundation pore pressure. 
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In the dam itself it is often accurate enough to consider the gravity as if it were 

applied externally to the completed, weightless structure. This assumption is 

manifestly not true, and for special cases the step-by-step construction process can 

be followed in the finite-element analysis, just as is often done in model analysis.‘ 

This process is obviously more expensive in computer time, and the approximation of 

applying gravity to the whole structure gives results which do not differ by a large 

amount from those of the more exact process. 

Creep of concrete will usually make the true gravity stresses lie between the two 

alternative assumptions. 

For simple elements like the plane triangle of Fig. 1, the application of expressions 

(D) of the Appendix gives the intuitive result, 1.e., that the weight of each element is 

transmitted equally to each node. 

Inertia Loads. If the dam is subject to a known prescribed acceleration in any 

direction this can be treated in a similar manner to gravity loads. The only special 

remark which should now be made is that this acceleration may well have to be apphed 

to some portion of the foundation to approximate the earthquake effects. 

In a complete study of earthquake shocks the true dynamic behavior of the 

structure must be considered. In the finite-element process it is relatively simple to 

include the inertia forces, which will result in an additional force in Eq. (2). 

(Fim? = —[M]{8}° (6) 

where the ‘‘dots”’ indicate differentiation with respect to time? and [J/] a suitable mass 

matrix. 

With the aid of such a formulation one can study natural frequencies of the 

structure and predict its response to earthquakes.*.® 

Thermal ‘Loads.’ Temperature effects on stresses are treated easily in the general 

formulation as simply one of the load systems. 

The two types of temperature distribution which arise (1) from exlernal causes such 

as seasonal cycles and (2) from heat of hydration present somewhat different problems. 

In the first case a reasonably elastic behavior of the concrete can be assumed 

without serious error. 

The second acts on the concrete during its early life when creep effects are most 

serious. While again the solution of such creep problems is possible by the finite- 

element method, it is subject to certain uncertainties and indeed is quite costly.7:8 

By the time the dam construction is completed it will usually introduce a system of 

initial stresses. These constitute probably the largest unknown in stress analysis of 

dams, though the magnitude of such stresses is limited and can be reduced by proper 

construction processes. 

Prestressing and Other Loads. It is quite common in modern dam design to intro- 

duce cables prestressing the structure. The cable loads must obviously be treated as 

concentrated forces acting at a suitable node of the element subdivision. Local effects 

can be studied simultaneously with the general stress distribution by using a fine sub- 

division in the region of such load concentrations. 

Similar problems of concentrated loads arise in gate support loads, ete. 

General Comments and Design Criteria. From the remarks already made, it is 

clear that for maximum efficiency computer programs for finite-element analysis of 

dams should have certain special characteristics. 

1. A system of initial stress specified externally must form part of the input. 

2. Different elastic properties should be capable of being specified for each element. 

53. Gravity, water-pore pressure, and temperature loads should be automatically 

calculated for all nodes from specified values of density, pressure, and temperature. 

4. Additional concentrated loads should form a special input. 
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It is usually no more expensive to obtain separate solutions for each load and 

obtain totals by automatic addition. The separate effects can thus be studied 

individually or in sum. 

The input will generally require an intelligent element subdivision and a specifica- 

tion of coordinates of a large number of nodal points. The latter part is undoubtedly 

tedious and provides a possible source for introduction of mistakes. Much effort has 

recently been given to at least a partial automation of this process. In a typical 

procedure the mesh is automatically generated by interpolation from the specification 

of boundary-point coordinates only. 

All programs should be capable of computing the principal stress system acting at 

various points of the structure. It is these stresses which will finally decide whether a 

suitable safety is ensured, and decisions on modification of the design will be taken on 

that basis. 

One of the basic criteria usually introduced is that no tensile stress should be present 

in the final structure. Certainly this must apply in the rock, which is usually 

fissured, and probably it is desirable to extend this to the concrete mass, where cracking 

could have occurred by thermal or shrinkage action. 

In elastic stress analysis it is almost impossible to design a dam structure with no 

tension in any part. The criterion must therefore be modified. A reasonable 

approach is to consider the criterion as applicable after a limited amount of cracking 

has occurred. 

A dam structure in which tensile stresses cannot be eliminated by limited cracking 

must be considered unsafe. 

Introduction of cracks into finite-element analysis presents little difficulty by a 

“trial-and-error’’ process. Recently automatic methods of introducing such cracking 

have been attempted with success.? 

While the elastic stress analysis gives a good picture of working stresses and makes 

it possible to estimate the least factor of safety against failure, the true failure load can 

only be obtained by the introduction of plastic nonlinearities into the analysis. This 

is a complicated process, and while much work has been done in the direction,? at the 

moment this matter must be considered as being in the research, rather than appliea- 

tion, stage. 

4. Some Applications of Static Finite-element Analysis. Buttress and Gravity 

Dams. In both these types of dam a two-dimensional state of stress can generally be 

assumed without much error. (An appreciable error may occur where the cross section 

changes rapidly—but this will be localized and only in special cases will it be necessary 

to go to a full three-dimensional analysis.) 

The first example!” is that of a massive-head buttress dam. Figure 4 shows the 

dam section, its foundation in which various inhomogeneities exist, and the division 

into triangular elements. Around the perimeter of the foundation zero displacements 

are prescribed. 

Figure 5 shows the vertical stresses due to gravity and water loading and indicates 

how far the “conventional” linear assumptions ean err. 

In Fig. 6A the plot of the principal stresses is shown and indicates the tensile region 

developed. In Fig. 64 the introduction of a crack eliminates the tension from the dam. 

(The tensions remaining in the foundation are here less than the “‘initial’”’ stress in 

the rock, which in fact eliminates them.) Figure 7 shows some thermal stresses in 

the same dam. 

In the second example of Fig. 8 a thin Ambursen dam is analyzed. The buttresses 

are here linked in pairs for lateral stability. As the foundation conditions were vari- 

able, different assumptions regarding it were made. In Fig. Sa, for instance, the whole 

foundation is taken as having a modulus of elasticity equal to 0.25 of that of the mod- 

ulus of conerete. In Fig. 8b a stepwise variation of modulus between an upstream 
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value of 0.25Ec and a downstream value of 0.025Hc was assumed. The results indicate 

the relative insensitivity of stresses near the base of the dam to such radical conditions. 

As a result of such analysis the design of the dam was modified and a considerable 

saving of concrete made. 
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Dam—Wales). 

In this problem the cross walls are simply approximated by a two-dimensional 

stiffening. Clearly the stress distribution in their vicinity is not accurate. For the 

solution here quadrilateral elements are used, derived by linking pairs of simple tri- 

angles. The technique results in a better stress averaging and reduces considerably 

the input data for computation. 

Examples of Figs. 9 and 10 show two gravity dams. In the first the point of 

interest is the study of localized cable stresses simultaneously with that of the overall 
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distribution. In the second an unusual hollow dam construction is indicated. Here 

a model study supplemented the numerical investigation, and the differences between 

the resulting stresses were of the order of errors inherent in the model study. Clearly 

both present problems to which adequate results could not be obtained by conventional 

theory.!! 

Arch Dams as Three-dimensional Problems. While full three-dimensional analysis 

by finite elements is still relatively expensive, it is at the present stage of development 

clearly more economical than such processes as full trial-load analysis. 

The complex three-dimensional element shown in Fig. 1 and possessing 60 degrees 

of freedom has proved to be efficient for this purpose.!?43 By the use of such an 
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Fic. 5. Distribution of vertical stresses due to gravity and water pressure for buttress 
dam of Fig. 4. 

elaborate finite element quite complex states of stress can be represented and a consid- 

erable accuracy gained over simpler elements for the same total number of nodes 

involved. This permits the total number of simultaneous equations involved in a 

given accuracy of representation to be reduced to reasonable proportions. (With 500 

to 1,000 total unknowns very accurate solutions can be obtained.) 

As the element nodes can be placed in any position and as the sides can be curved 

(to a parabolic shape), quite large elements may be used and yet fit the geometry of the 

problem well. By making two sides of each element parallel to each other the process 

of determining nodal coordinates becomes simplified, and it is possible to work from 

parallel sections arranged in either horizontal or vertical planes. The geometric 

definition of the dam can be arbitrary, and openings or spillway cutouts present no 

difficulties. 

The element division can be extended into the foundation, and appropriate moduli 

can be used whether the situation is homogeneous or not. This avoids the need for 

the introduction of the approximate Voigt assumptions there. 
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For relatively simple cylindrical shapes the full trial-load analysis and three-dimen- 

sional finite-element solutions give comparable answers. In doubly curved dams of 

the modern type the trial-load assumptions are somewhat dubious, and recent compar- 

isons!* show that in fact considerable differences exist between its results and those of 

full three-dimensional treatment. It is therefore to be anticipated that such solutions 

will displace ‘‘trial-load”’ approaches and indeed the elastic types of models to which 

they are a more economic and versatile alternative. 

Compression (—) 

No Temperature Change In Foundotion 

Fic. 7. Thermal stresses due to a temperature drop in the web area of the buttress of 
Fig. 4. 

Figure 11 shows an isometric view of a typical doubly curved dam* and its division 

into elements. A nonhomogeneous foundation condition is included here by way of 

illustration. 

Figures 12 and 13 show some of the results of an analysis. Here the effect of valley 

elasticity is shown on the deflection and stresses of the center-line section. 

Thin Arch Dams—Shell-type Solution. When an arch dam is thin it is possible to 

introduce into its analysis the basic assumptions of the shell theory and thus treat the 

problem as ‘“‘two-dimensional.’’ This reduces the total number of unknowns needed 

for a finite-element solution and makes this approach obviously cheaper. 

The essential assumption of shell theory introduced here will be the one!® involving 

the normals to the middle surface remaining straight and normal to it during deforma- 

tion. This, in engineering terms, presumes a linear distribution of stresses through any 

section. 

Two difficulties arise. The first is that all “shear deformation’ is thus sup- 

pressed—a factor which is not serious for thin sections, however. Thesecond difficulty 

concerns the introduction of foundation deformation. Here it is necessary to reintro- 

duce the Voigt assumptions in common with trial load. 

Various approaches to shell solutions are being studied. In the simplest of these 

the surface of the shell is divided into flat elements of rectangular or triangular shape. 
” The stiffness of such an element is considered in terms of (1) ‘‘in-plane’’ (plane stress) 

* A shape currently studied by the Arch Dams Committee of the Institution of Civil Engineers.'5 
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Fic. 8. A thin-section buttress dam (Muda Dam—Malaya). f = H# rock/E concrete. 

(a) f = 0.25 throughout foundation. (6) f = 0.25 to 0.025 varying as shown. 
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Fic. 11. A three-dimensional analysis of a doubly curved arch dam and its nonhomogeneous 

foundation. [Elastic moduli: concrete, 2.00 X 10° kg/em2; rock A, 0.25 & 10° kg/em?2; 

rock B, 1.00 * 105 kg/em2; Poisson’s ratio 0.15 for all materials. 

120 a 2 

100+ 

E,=2%10° kg/cm® as 

water load only nes 

80 4 =a) 

Foundation modulus 
same as concret 

2 
© 60 | | | 
@ 

2 Rigid foundation 
(fine mesh) 

40 7 = 

Mixed foundation moduli | 

20 E¢=VsE, Bottom 
E+=YoE, Top 

O {0 20 30 40 50 60 70 80 90 

Downstream deflections on & (values on mid plane), m/m 

Tia. 12. Downstream deflections on the midplane of the arch dam of Vig. 11 for various 

foundation deformabilities. Note that pore-pressure action in the foundation eauses an 

overall movement of the whole structure. 
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Fria. 13. Vertical (cantilever) stresses for the center section of the dam of Fig. 11 (for two 
extreme foundation conditions). 

Fic. 14. Representation of curved surfaces by flat plate elements. 
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action and (2) “bending”’ action based on standard plate theory. Figure 14 shows 

such divisions of curved shell surfaces into flat “elements” and the degrees of freedom 

which have to be considered at nodal points. Again for details of various stiffness 

matrices involved the reader is referred to the text of the subject? or original papers.!718 

For doubly curved dams the use of triangular elements is obviously necessary to be 

able to represent the surface (even approximately) while for singly curved shapes 

Fie. 15. First mode of vibration of the buttress dam of Fig. 8. Frequency found is 16.7 

cps. 

rectangular elements suffice. The results of such shell analysis are remarkably close 

to those obtained three-dimensionally.!° 

Some Special Problems for Which Finite-element Methods Are Applicable. 

Vibration Frequencies. It has already been mentioned that for a study of earth- 

quake response a knowledge of free vibration frequencies is essential. Such a typical 

study is shown for the example of the dam illustrated in Fig. 8. With a thin dam of 

this kind it is clear that the lowest frequencies of vibration will occur because of plate- 

type motion in direction transverse to the valley.6 A typical buttress was therefore 

VZOS 

(a) (b) 

Fria. 16. First and second modes of vibration of buttress dam of Fig. 8 on removal of cross 
walls. Frequencies found are 4.3 and 7.8 eps. 

divided into triangular plate (bending) elements, and it was assumed that the cross 

walls provided an immovable lateral support. Figure 15 shows the contours of the 

first mode and the value of the lowest frequency. In Fig. 16 the effect of the removal 

of the cross walls is shown. ‘The dangerous lowering of the fundamental frequencies 

is to be noted. 

Other vibration problems have been studied—for instance, in a similar manner 

arch-dam and gravity-dam frequencies can be obtained.?°?! 

For all the basic theory details the reader should consult Ref. 2. 

Buckling Stability of Bultresses. With thin buttress sections various rules are used 
‘ to limit the stresses in relation to the “unsupported column” length in order to ensure 
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Fie. 17. Seepage flow below a dam through a highly anisotropic and contorted foundation 
rock. 
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safety against buckling. By a suitable formulation of the finite-element analysis? it is 

possible to determine the factor by which an increase of all the “‘in-plane’’ stresses 

would cause buckling failure. This factor can thus be considered as a safety factor 

against buckling, and it would be reasonable if in future specifications a given number 

were attached to it. 

Such an analysis carried out for the thin, low dam in Fig. 8 shows a surprisingly 

high safety factor. This was 160 for situations without and 460 with cross walls. 

Nonstructural Applications of the Finite-element Method. As the finite-element 

process is in essence a variational method of approximate solution of boundary-value 

problems, its applications range well beyond the few structural examples quoted here. 

Two nonstructural problems which are of interest in dam design are (1) the 

development of pore pressures in a porous mass of concrete or rock and (2) the distri- 

bution of temperatures. 

To both, the finite-element process can be simply applied, and indeed the same 

element division can be used so that the first solution provides data for the stress- 

distribution analysis. Details will again be found in Ref. 2 or in Refs. 22 and 23. 

Figure 17 shows a seepage solution for an imaginary and extremely complex rock 

configuration involving inhomogeneity and anisotropy. It may well be said that no 

other methods could have tackled problems of such complexity with such ease. 

Concluding Remarks and a Glance at the Future. From this survey and the 

examples shown it is evident that many of the difficult problems of stress analysis 

posed to the dam designer can now be rapidly solved. The computer times (and 

therefore costs) are small. Preparation of data, though demanding meticulous care, 

can be handled by relatively unskilled personnel once the programs are prepared. 

This rapidity of solution allows the engineer to concentrate his attention on design. 

Introduction of design changes (such as modification of thicknesses of a buttress or 

arch dam) or investigation of unknown parameters (such as effects of different rock 

properties) is easy and can often be accomplished by replacement of only a few data 

cards and an additional computer run. The picture is therefore much different from 

the situation where computations for a changed design demanded weeks or even 

months of additional work and if models were involved proved very costly. It is 

hoped that improved designs will now be possible. 

While the above introduction of changes has already proved advantageous, much 

development work is at present in process in many organizations for an automatic 

optimization process. Perhaps the time is not too far off when a design of say an arch 

dam with minimum volume (subject to constraints such as shape of valley or rock 

properties) can be produced automatically. 

APPENDIX 

Brier DETAILS OF THE FINITE-ELEMENT DISPLACEMENT FORMULATION 

We shall illustrate the process by considering the triangle element in plane strain 

(Fig. 1). The displacements within the triangle can be defined in terms of the 

displacements at the nodes by a linear relationship. Writing, for instance, 

uw = ai + aot + asy 

one can solve for all the constants in terms of prescribed values of wv at the three nodes 

i,j, n. Performing such a solution we have for displacement at any point 

u | ; , ‘ 5] ate if} = 1 = = [IN IN;,INnl 43;> = INI 3} (A) 
v QA a 
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N,; and N,, are given by changing suffixes in order 7-j-m. The assumed displacement 

pattern preserves continuity between elements and includes all constant strain states— 

two necessary conditions for convergence.’ 

The strains in the element are now given as 

ou 
Ox 

€x 

fe} = +e} = = = [B]{o} (B) 

en Ca 
Oy Ox 

in which by appropriate differentiation we have from (A) 

1 b;,0 

[BSB BiB.) and [B;] = 3A Ofc; ete. 

O05 

The stress-strain relations can be written as 

Or 

io} = (oye =[D]({e} — {e0}) (C) 
Tey 

where [D] is the elasticity matrix which, for example, in plane strain of an isotropic 

material is 

lL » 0 
val 0 
0 0 (1 — »)/2 

E 

1— pv [Pl 

with usual elastic constants, while {e)} represents thermal strain 

aT’ 

feo} = (aT 
0 

in which @ is the expansion coefficient. 

If the nodal “‘forces”’ are in equilibrium then the work done externally on an element 

during a virtual displacement is equal to the internal work. Taking a virtual displace- 

ment of the nodes or {6*}* we thus have 

[os ERS = fle" "(oj a (vol) — fap" )* {asd (vol) 

if {qg} are the body forces per unit volume corresponding with the w and v directions. 

By substitution of (B) and (C) we have finally the relation of form (2) in which 

[k]¢ = J{B]*[D][Bld (vol) 
[F]r° = —J[B]"[D] {eo}d (vol) (D) 
[Fly = —(JN]" {gq} (vol) 
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Noting that for plane stress only the matrix [N] contains the z and y coordinates, 

that d (vol) = dx dy for a unit thickness, and that its integral is simply the triangle 

area, the above become 

[k]* = [B]?[ D][B] 4 
[F]r° = —[B]*[D] {eo} a 

x 

Fle = 2 

iw {q} = xt and is constant through the element. It is not necessary to evaluate 

any of the above products explicitly for a computer program (although this can in fact 

be simply done). 

While the above derivations were made for a particular case of plane stress, the 

relationships (A) to (D) are quite general for any finite-element problem or type of 

element. The process is dependent only on the suitable choice of the shape function 

[N]—and beyond this point all steps of the calculation are pretty well automatic. For 

some more complex shapes of elements the integration in the volume becomes very 

difficult, and it may on occasion be necessary to use numerical-integration methods. 

This, for instance, is the case of the general three-dimensional element of Fig. 1. 
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SECTION 11 

GRAVITY DAMS 

By Carvin V. Davis 

STRUCTURAL FEATURES 

1. Profile Characteristics. Any dam that does not depend upon arch or beam 

action to resist the forces imposed upon it may be termed a gravity dam. The term, 

however, is customarily restricted to solid masonry or concrete dams which are straight 

or only slightly curved in plan. 

The basic philosophies of design are set forth in Sec. 9. There are several distin- 

guishing characteristics, however, which should be emphasized. A gravity dam 

should be constructed on a sound, hard-rock foundation. Soft or yielding foundations 

require some other structural type. Assuming an adequate foundation, the slope of 

the downstream face will usually fall somewhere between 7 and 8 horizontally to 10 

vertically. 

The highest gravity dam in the United States, Dworshak, now (1968) being con- 

structed on the North Fork of the Clearwater River in Idaho, will have a maximum 

height of 693 ft. A section through the completed dam would show a vertical up- 

stream face, a downstream face with a slope of 8 horizontally to 10 vertically, and a 30- 

ft-wide public roadway at the crest. 

The profile of the 940-ft-high Grand Dixence? Dam furnishes another example of 

modern design. Figure 1 shows that the slope of the downstream face is 6.8 hori- 

zontally to 10 vertically for a height of about 75 m below the maximum reservoir level. 

Below, the slope changes to 8.1 horizontally to 10 vertically. 

It will be noted that the upstream face is vertical down to elevation 2,200; below 

that elevation the face slopes 3 horizontally to 100 vertically in a downstream direction. 

Grand Dixence was built in stages. The first-stage profile, shown by the heavy 

line, was topped in 1956; the second and final stage was topped in 1961. Construction 

extended over a period of 8 years. 

The profiles of the Shasta, Grand Coulee, Detroit, and Fontana dams, shown by 

Figs. 2 to 5, inclusive, are representative of modern American practice. The 

curved, theoretical profiles of the gravity-type dams of a generation or so ago have 

been replaced by the clean, straight lines shown by these illustrations. 

2. Concrete. Reduction in cement has been a primary objective in the construc- 

tion of modern gravity dams. Not only does cement produce the heat that causes the 

cracking, but it is also the most expensive ingredient of the concrete. The introduc- 

tion of air entrainment has saved up to 47 lb of cement/cu yd and resulted in conerete 

with superior weathering resistance. 

Improvement in aggregate gradings and the substitution of pozzolans for cement 

have resulted in further savings. The loss of strength has been negligible and the heat 

yield is reduced greatly. 

1 USCOLD Newsletter, September, 1965. 
2 Grand Dixence, Water Power, April, 1963, p. 145. 

ial 
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heavier line. (From Grand Dixence, Water Power, April, 1963.) 
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Fic. 2. Shasta Dam, Sacramento River, California. 
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3. Transverse Joints. Transverse contraction joints are usually spaced between 

50 and 60 ft. Details vary widely. There are two schools of thought concerning the 

use of keys. One urges the complete elimination of all keys on the ground that they 

have no structural value; the other favors keys on the principle that the structure as a 

whole should be as nearly monolithic as possible and that keys assist materially in this 

direction. Examples of both types are plentiful. Some U.S. government agencies 

favor keying and grouting throughout the entire height. Others prefer ungrouted 

joints having plane surfaces. 

In the Hiwassee Dam, keys were placed in the lower third of the area of vertical 

joints as shown by Fig. 6. The parts of the joints that were keyed were grouted 

according to usual practice; the plane surfaces above the keys were open and 

ungrouted. The transverse joints in the Fontana Dam were keyed and grouted in the 

OS 

[Sy 

Re Meare = oa 

Gh) ee as i ee oe 

Provision for 
future unit 

heen 

Fic. 3. Grand Coulee Dam, Columbia River, Washington. 

lower 25 percent of the height. The upper 75 percent had plane surfaces and were not 

grouted. In contrast, the transverse joints of the Grand Dixence Dam (Fig. 1) were 

keyed and grouted throughout. 

4. Longitudinal Joints. Vertical, longitudinal contraction joints must necessarily 

be keyed in order to transmit vertical shearing stresses across the section. To mini- 

mize shearing stresses along these keys, alternate surfaces are placed approximately in 

the planes of principal stress trajectories under full reservoir conditions. Figures 7, 

8, and 9 show the typical details of a longitudinal joint for the Fontana Dam. 

There appears to be no standard practice governing the size and spacing of keys in 

contraction joints. Extreme variation is revealed by an examination of existing 

designs, indicating that the judgment of the designer is the principal factor in deter- 

mining the size and spacing of keys. 

The present trend is toward either increasing the spacing of longitudinal joints or 

eliminating these joints entirely. To illustrate, the spacing in the Shasta and Grand 

Coulee dams is 50 ft. The Hungry Horse Dam in Montana has a single joint (see Sec. 

9). The spacings of the three joints in the Fontana Dam (Fig. 5) measured from the 
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upstream heel are as follows: 103 ft, 103 ft, and 83 ft. No longitudinal joints were 

used in the Detroit Dam (Fig. 4). 

5. Drainage. Drainage is provided primarily to relieve uplift pressure. Details 

vary widely. The transverse joints of the Grand Dixence Dam are spaced 53 ft apart.? 

These joints are drained by a series of vertical shafts, the first shaft being 23 ft from 

E5790 
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El.1571.40 / 

El.1544.73 
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Grout curtain 
about 100 cect al ee 

| \ 

Fic. 4. Detroit Dam—typical nonoverflow section; scale: 1 in. = 50 ft. 

the upstream face. A series of drainage galleries, spaced approximately 130 ft apart, 

was placed along the foundation line. The bedrock was left bare. In the body of the 

dam numerous inspection galleries provided additional relief. Finally, the drainage 

was completed under the dam by a horizontal gallery located about 950 ft below the 

storage level. The observed uplift pressures varied from 100 to 40 percent of the 

hydrostatic head upstream from the grout curtain and from 30 to 10 percent down- 

stream of the curtain in a distance of approximately 200 ft from the upstream face. 

1“ Behaviour of Large Swiss Dams,”’ p. 132, Swiss National Committee on Large Dams, 1964. 
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Downstream from this point there were no measurable pressures. The grout curtain 

penetrates the foundation 650 ft below the deepest part of the lake. 

The 500-ft-high Guri Dam, now (1968) being constructed on the Caroni River by 

the Corporacion Venezolana de Guayana, Electrificacion del Caroni, offers an example 

of a high gravity dam which like Grand Dixence is being constructed in stages. 

Unlike Grand Dixence, however, the transverse joints are not keyed and grouted and 

are continuous plane surfaces. Figure 10 shows a section through the final intake 
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Fig. 5. Fontana Dam and powerhouse, Little Tennessee River, North Carolina. (Civil 

Eng., July, 1943, p. 306.) 

structure with dotted lines indicating the first and second stages. Figure 11 shows an 

enlarged section through the transverse joints and details of the water stops and drains. 

Table 1 shows the foundation characteristics, depths of grout curtains, depths of drain- 

age wells, and the spacing of these wells for a selected list of dams which have been con- 

structed by the Bureau of Reclamation, the Tennessee Valley Authority, and the 

Corps of Engineers. 

It should be emphasized again, as it was in See. 9, that grout curtains and drainage 

wells serve to reduce uplift and, in general, increase the watertightness of the structure 

and the foundations. Because of the long life of these structures, the proper mainte- 

nance of drains cannot be assumed. The safety of the structure should not depend 

upon the proper functioning of these features. 
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Fontana Dam—typical keys, area of high shear. 

i 

Fig. 

Showing first pour upstream 

Details similar in long. Jt. C-D, except height of grout area 
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SECTION C-C 

Showing first pour upstream 

Fontana Dam—typical keys, areas of low shear. 

Ringers. 
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SECTION Q-Q SECTION O-O 
Typical - blocks 14-23 

Fie. 9. Fontana Dam—typical arrangement of drains, seals, and water stop. 

6. Water Stops. Metal water stops are used frequently as adjuncts of construc- 

tion joints in order to deter the passage of water through these Joints. In the United 

States, it was formerly standard practice to use 20-o0z soft annealed copper for them. 

Monel metal is considered more durable, however, and for this reason it was selected 

for the water stops in Hoover Dam. Stainless-steel strips, 20 gage, were used for the 

Hiwassee Dam. 

The ultimate effectiveness of any metal water stop is open to question. It is 

possible that in time the copper strips may become brittle and erack. 

A yielding type of rubber or plastic seal has been used for a number of dams. 

Rubber should be used only in locations which are always wet and dark. Such seals 



Normal El. 266.0 

H.W. E1!.263.0 

Normal ; 
H.W. El.240.0 

Normal 
H.W. EI. 215.0 

Sound rock 

L+ Grout curtain 

i Drain 

TYPICAL SECTION 

Fie. 10. Guri Dam, Caroni River, Venezuela. 

+ + + + 

Inspection shaft, 
Face 1,00 ¢ 
of dam 

Hoof _/2,50 
Contraction ‘pint? 

_ Auxiliary seal Ep ! 

——— : 
Contraction joint: 

Fill with hot asphalt 

3/4" copper tube for steam 

Detail of auxiliary seal 

Fie. 11. Guri Dam, Caroni River, Venezuela. Transverse joints, details of water stops 
and drains. 
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TABLE 1* 

NA TOCO ETAT Compressive Depth of Depth of Spacing of 

strength, psi grout curtain, ft drainage, ft drains, ft 

Bureau of Reclamation (USBR) Dams 

American Falls....... Not available 20 20 5 

RlOovienuen means 15,000 480 30-50 20 

Rriantescets ees High 100 50 20 

Grand Coulee........ High 300 50 20 

Gibsonveus cae Not available 40 40 4-7 

Marshall Ford....... Not available 125 40 20 

Ory bees pune es 400 270 110 10-20 

Seminoeeeen cee eis sat Not available 100 100 5-10 

Tennessee Valley Authority (TVA) Dams 

WINGO LOK ae area sia auenctes High 30 

HONtaD an vas aie seterene High 150 50 10 

BOuglasenree ciieeace oe High 200 40 8 

Cherokees). sic siesceeis Low 100 40 8 

I WASSCGi ccs 4h cose Variable 80 40 8 

Corps of Engineers (USED) Dams 

Clarkin eric) eikatiede eri tieaet 80 30 12 

Allatoona.. cis ceca > 1, 900-44 ,000 75 20 5 

Bugeslslands nm... 6,721-19,118 50 40 10 

Philpottumcawecnenie ss 3,210-— 7,018 100 To be determined 

Ry garta andesite 200— 5,000 160 100 DAD 

Bluestonée ss... cu. > 1,095-— 8,810 150 100 10 

Conemaugh. ........ 1,095-— 8,810 To be determined 

WiOll CTe@k ..csauucn os 2,840-13, 100 as 65 10 

CentersHallyre we 6, 180-13 , 860 100 80 10 

Dale: Hollow..<.....- 3,110- 9,640 100 50 10 

Stewarts Ferry....... 6,132— 7,050 

INIATTNOWS mite yeste cern sero 913-34 , 900 100 40 10 

INontonlon jmecicheat 2, 100-30 , 200 150 53 8 

Ba SHOsIss. awe 25,000 avg 200 60 8 and 9 

Hort, Gibsons. aac. <:6 813-13 , 200 75 40 10 

Fall River.. ; 70— 5,000 30 20 10 

Harlan County...... 1,227- 1,400 85 50-75 5 and 10 

WonGhasianea rece a: 1,067— 9,717 56 84 15 

Caddoa. wana sano 2,510— 6,150 52 35 10 

WED CY ee crers eterna 4,000 150 60 7 

Chief Joseph......... 12 , 288-34, 960 To be determined | To be determined 7 

TWEGIN ATV? pxetetert vedetse 3, 900-44 , 600 Varies from 50 10 

60 to 100 

Bonneville siuac. .esat 370— 1,250 55 50 60 

DD OUTOLG fei cieeeien ecu 6 ,000—48 , 000 150 To be determined | To be determined 

Wieridisne cay cern 4,050— 7,250 150 100 10 

Cottage Grove....... 1,100— 4,700 50 50 20 

DDOTOU A ceasing te None available 75 40 10 

POISON end eee ce tron eys Not available 50 40 10 

Pine: BURG accciaiecena's 2 9 , 350-31 , 500 150 To be determined 10 

* From Proc. ASCE, Separate 133, 78, June, 1952. Uplift in Masonry Dams, Final Report of the 

Subcommittee on Uplift in Masonry Dams of the Committee on Masonry Dams, 1951. 
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are usually about 3¢ in. thick by 9 in. long with a !4-in.-radius bulb at each end and a 

cored 34-in.-radius bulb at the intersection of the joint. 

7. Crack Control. Properly designed contraction joints constitute only one pro- 

vision for the control of cracks; other steps are as follows:! 

1. The construction of shallow vertical lifts preferably not more than 5 ft high in 

large dams 

2. The use of a low cement content 

3. Refrigeration of mixing water 

4. Allowance of sufficient time between the construction of vertical lifts to permit a 

large loss of heat from the surface 

5. Cooling the concrete by circulating water through pipes embedded in the con- 

crete 

The construction of shallow lifts has been open to question. In the construction of 

the 200-ft-high Stewartville Dam, near Ontario, the highest lift that was practical to 

form—in the neighborhood of 50 ft—was poured. Rate of placing was the governing 

factor rather than height of lft.? 

The cooling systems used in the construction of Grand Coulee, Shasta, and other 

high gravity dams built by the Bureau of Reclamation are made up of embedded coils, 

placed in parallel and served by supply and return headers. The coils consist of 1 in. 

outside diameter, thin-walled metal tubing about 800 ft long, coupled with expansion- 

type couplings. 

The vertical spacing of the pipes is usually 5 ft, the tubing being placed on the top 

of each lift after the concrete has hardened. Horizontally the spacing varies between 

2 and 6 ft, depending upon the extent of cooling required. 

The velocity of flow through the embedded coils is not less than 2 fps, or about 

4 gpm in the I-in. tubing. Water may be either pumped through the coils or circu- 

lated by a gravity system. When river water is used, the warmed water, after passing 

through the coils, is wasted. When refrigerated water is used, the warmed water is 

returned to the refrigerating plant and used repeatedly. The cooling pipes in Fontana 

Dam are shown by Fig. 12. 

The temperature of the concrete is determined by resistance thermometers either 

embedded in the concrete or inserted in pipes embedded in the concrete. 

Basic to the design of any crack-control system is the formula for stress in any 

point in a dam due to temperature change? 

f = CER +t — t,) 

where f = stress in concrete, psi, resulting from thermal expansion 

C = coefficient of thermal expansion of concrete, usually about 0.000005 in. 

E, = modulus of elasticity of concrete, usually between 4 and 5 million psi for 

28-day concrete 

R = restraint factor 

t» = placing temperature of the mix 

i, = temperature rise of concrete after placing due to heat of hydration of 

cement 

ty = final stable temperature of concrete 

In the design of high-gravity dams, it is desirable to keep f below 200 psi. 

1Sreeve, Byram W., Masonry Dams, A Symposium, Construction Joints, Proc. ASCE, May, 
1940, pp. 908-941. 

? Ontario Hydro Pushes Work on Power Dam at Stewartville, ng. News-Record, Sept. 2, 1948, p. 65. 
§ Design of Fontana Dam for Stresses Caused by Temperature Change, Report 17-19, TVA. 



STRUCTURAL FEATURES 11-13 

In the time required to produce temperature stress, plastic flow and other factors 

may produce an effective value of #, varying between 2 and 3 million psi. 

The restraint factor F is 100 percent at the foundation. This decreases very 

rapidly above the foundation. In designing the Fontana Dam, the following rela- 

tions were used: for a length of block L, R reduces to 50 percent for a height of 0.15L 

and to zero at a height of 0.5L above the foundation. f will increase appreciably 

above any level where concreting stops for more than 10 days or 2 weeks. 

t, is dependent mostly on the temperatures of the water, cement, and aggregates 

entering the mixing plant. With no special control except winter heating, it will 

approximate air temperatures with variations from 40 F in winter to 80 F in summer. 

t, depends upon the heat-generating characteristics of the cement. It will be 

about 36 F for a mix using 0.8 bbl of Type B cement per cubie yard and placed in 

al Lok ial 

Fre. 12. Fontana Dam—vertical longitudinal joints, showing metal returns of cooling 
system. (Tennessee Valley Authority.) 

5-ft lifts at 3-day intervals. Lower values may be obtained by other combinations 

of lifts and time intervals. 

ty is affected by climatical conditions, such as annual average air temperature, 

reservoir water temperature, foundation temperature, and exposure of the dam to 

the sun. At Fontana, ¢; ranges from 45 F near the upstream face to 65 F near the 

downstream face. These temperatures are also approximated in Norris as shown 

(Fig. 13). 
The problem of temperature control can be summarized as follows: 

1. Lower the placing temperature ¢, by cooling the mix, and reduce the tempera- 

ture rise ¢, through a proper arrangement of the pouring schedule and by circulating 

cooling water through the concrete immediately after a lift is poured. 

2. Reduce the volume of conerete where high restraint oceurs combined with a 

careful arrangement of pouring schedule and foreed cooling. This method was 

adopted at Fontana. 
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8. Factors of Safety. Before the proper cross section of a gravity dam can be 

determined, certain minimum factors of safety consistent with the assumptions set 

forth in Sec. 9 must be adopted. 

Overturning. The factor of safety against overturning is usually defined as the 

ratio of the righting moments to the overturning moments about the toe of the dam. 

When so defined, all forces, excepting the direct foundation reaction, are deemed 

active. Ordinarily the factor of safety against overturning is between 2 and 3. 

Sliding. Clear distinction must be made between sliding factor and the factor of 

safety against sliding. The former is more accurately defined as the coefficient of 

friction required to prevent sliding of the dam upon its base under particular loading 

conditions. A third term, coefficient of static friction, is a limiting factor and is equal 

to the maximum horizontal force that can be apphed to a body of unit weight without 

EI. 1061 

4O O 40 &0 
Oh = as 

Max. WS Scale in feet Max. WS 

Min.WS Min.WS 

Mean annual temperatures -1939 Annual temperature variation —1939 

Fig. 13. Final temperatures, Norris Dam, concrete, blocks 30 and 36. (Measurements of 
the Structural Behavior of Norris Dam, Technical Monograph No. 53, Tennessee Valley 
Authority.) 

causing sliding on a horizontal plane. If the plane upon which the unit weight rests 

is inchned gradually, the tangent of the angle between the horizontal and the maxi- 

mum slope at which sliding does not occur is equal to this coefficient of static friction. 

The coefficient of static friction is variously reported from 0.65 to 0.75 for the materials 

ordinarily encountered in the construction of a gravity dam. 

The sliding factor of a gravity dam, when the base is horizontal, is equal to the 

tangent of the angle between the perpendicular to the base and the direct foundation 

reaction under a given loading condition. When the sliding factor is greater than the 

coefhicient of static friction, the dam is unsafe. The ultimate resistance of the dam to 

sliding varies, depending upon the loading condition, and is equal to the product of 

the net normal direct foundation reaction multiplied by the coefficient of static 
friction. 

The factor of safety against sliding is properly defined as the ratio of the coefficient 

of static friction f’ to the tangent of the angle between a perpendicular to the base 

and the direct foundation reaction. 
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The resistance of a gravity dam to sliding is primarily dependent upon the devel- 

opment of sufficient shearing strength. The factor of safety due to combined shearing 

and sliding resistance may be expressed by the formula 

g = (@V =U) xsit+ ex) 
lal 

in which Q = shear-friction factor of safety 

2V = algebraic summation of all active vertical forces 

U = total uplift force 

/’ = coefficient of maximum static friction between two surfaces 

6 = length of base of dam measured horizontally 

q = unit shear resistance of foundation material 

2H = algebraic summation of all active horizontal forces 

In practice, this resistance is attained in part by stepping the foundation and by 

measures taken to ensure bond between concrete and rock and successive pours of 

concrete. In a true masonry dam, adequate shearing strength results from the inter- 

locking of the blocks of masonry; in a concrete dam, however, the resistance to shear 

on any approximately horizontal construction joint above the foundation depends 

entirely upon the bond developed between successive pours. The specifications for 

construction of a gravity dam thus are as much a matter of design as the analysis of 

stresses. 

Shear. Regardless of the fact that the ability of a gravity dam to withstand the 

forces acting upon it depends largely upon the strength of the material in shear, little 

is known about the actual strength of concrete in shear. 

The strength of concrete in compression is generally measured by the loads required 

to break test cylinders in a compression machine. Ordinary concrete suitable for 

placing in a gravity dam should test at least between 3,000 and 5,000 psi at the end of 

28 days; much stronger concrete is customary. It is generally assumed that the unit 

shearing strength of concrete is about one-fifth of the breaking stress of standard cylin- 

ders. This would indicate shearing strength of 600 to 1,000 psi for concrete of the 

character used in the construction of gravity dams. 

The distribution of shear along a horizontal plane of a gravity dam is from about 

zero at the heel to a maximum near the toe, so that the intensity of shear at the toe is 

roughly twice the average. Furthermore, bond may not be developed uniformly 

between successive concrete pours. The average shear on any construction joint 

should thus be limited to about one-twentieth of the compressive strength of the 

concrete as determined by standard crushing tests. 

9. Structural Analysis. In final designs for high gravity dams, consideration 

should be given to combined beam and cantilever action, the effect of rock movements, 

and the effects of twist and beam action along sloping abutments in addition to the 

conventional stability and stress analyses. Only the more conventional analysis for a 

vertical section having a width of 1 ft is considered in this section. 

Ordinarily the following steps are taken: 

1. Compute the righting and overturning moments on selected horizontal planes, 

taking into consideration all the forces which may act on the section. 

2. Compute the vertical normal stresses ¢, on each selected plane of analysis by 

the formulas 

=V Ge 
co, Max (at downstream face) = — 1+ — 

F ZV 6e 
o, min (at upstream face) = 1 —<- 
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in which o, = vertical normal pressure 

e = eccentricity (distance from point of application of resultant load to cen- 

ter of base) 

Vertical normal stresses may be assumed to have straight-line variation between 

the toe and the heel. Usually these stresses are computed on the assumption that no 

uplift pressure is acting on the base. 

3. Compute the principal and shearing stresses at the downstream face. The first 

principal stress o; = o,/cos? 6 in which @ = the angle between the downstream face 

and the vertical. The horizontal shearing stress at the toe is7, =o, tan 0. 

4. Estimate the probable distribution of uplift pressure on the foundation, and 

determine its effects upon the stability of the section. 

5. Considering the effects of uplift on the sliding factor, compute the shear-friction 

factor of safety and the factor of safety against overturning. 

In important structures, it may be desirable to determine the intensities and 

directions of the principal and maximum shearing stresses at various points throughout 

the section. The usual procedure in analyzing these stresses is to divide the section 

into elementary prisms and consider each prism to be held in equilibrium by the 

stresses acting upon it. By starting with vertical normal stresses acting on the upper 

and lower surfaces of each elementary prism, it is possible to determine by successive 

integration the vertical and horizontal shearing-stress intensities, the horizontal nor- 

mal stresses, and the first and second principal stresses. 

Case 1 and Case 2 illustrate the principles of stability computation applied to the 

section through Norris Dam shown by Fig. 14. These computations apply only to a 

horizontal plane at El. 800. Forces due to earthquakes are not included. The results 

of the analysis for other planes are also shown by Fig. 14. For a complete structural 

analysis of the Norris Project see Technical Report 1, The Norris Project, Tennessee 

Valley Authority, Government Printing Office, 1940. 

Casgz 1. ResERvorn Empry 

Dimensions Volume of concrete, cu ft Moment arm, ft Righting moment 

4g X 75 X 15 = 563 193.09 109 ,000 

260 X 20 = 5,200 178.09 926 ,000 

240.13 X 168.09 X 14 = 20,182 112.06 2,262,000 

25,945 127.05 3,297,000 

150 lb/eu ft 150 lb/cu ft 

Weight of concrete = 3,892,000 lb 127.05 494,437,000 ft-lb 
, 

Eccentricity e = 127.05’ — oe = 25.50’ 

Average vertical normal stress = pose iE = 133 psi 
203.09’ X 144 

: 6 eae j x 6525.50! 
Maximum vertical normal stress at upstream face oz max = 133 psi (1+ 303.097 

= 233 psi, upstream face 

Minimum vertical normal stress at downstream face oz min = 133 psi (1 = ear aaa 

= 33 psi downstream face 

Casp 2. ReEsERvoIR Fuuu 
Water surface El. 1,052, tail water El. 847, no uplift on base 

Force, lb Moment arm, ft Righting moment, 

ft-lb 
Weight of concrete = 3,892,000 127.05 494 437,000 

Vertical water load: 

Upstream face 

Ieee om 162. 55— 166 , 000 195.59 32,456,000 

75 X 15 X 16 X 62.5 = 35,000 198.09 6,964,000 

Downstream face 

47 X 32.9 KX 16 X 62.5 = 48,000 10.97 530,000 

=V = 4,141,000 129.05 534,387,000 
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Horizontal water pressure: 

Upstream face 

Vy X 2522 X 62.5 = 1,985,000 84.00 166 , 698, 000 
Downstream face 

is = UO Se (PHS = 69,000 15.67 1,082,000 
SH = 1,916,000 86.44 165,616,000 

me 1,916,000 
Sliding fact = eee 77 iding factor f 4.141.000 0.463 368,771,000 

Point of application of resultant, distance from downstream face = ee = = S9/05itb 
Fi 4 ) 

203.09’ 
ae 89.05’ 12.50’ 

4,141,000 lb _ ; 

Gaen= 0508 3144 PO 
BC 127507 ‘ 

Ozmax = 142 (: + 303.097 = 194 psi at downstream face 

me Gea 502\ 2 : 
Ozmin = 142 (1 303.097 aoa) = 89 psi at upstream face 

First principal stress o1 parallel to downstream face 

= or(1 + tan? 0) = ox/cos? 6 

= 194 psi (1 + 0.49) = 289 psi 

Maximum horizontal shearing stress = rx = (or — uplift pressure) tan 0 

= (194 psi — 20 psi = 174 psi) X 0.7 = 122 psi 

Effect of uplift pressure on sliding factor 

(Assume uplift varies from full static head at upstream face to tail water at downstream face applied 

to two-thirds of area of face) * 

Uplift U = 4 X 62.5 lb/cu ft X 203.09 sq ft/ft X a = 1,265,000 lb 

2V with uplift = 2,876,000 lb 

Pate 1,916,000 |b 
Sliding factor f See ea 000 

2,876,000 lb 

Shear friction factor of safety, considering effect of uplift 

_ (2,876,045 X 0.657) + (203.09 sq ft/ft X 400t psi X 144 psi) 

7 1,916,000 Ib 

Figure 15 shows the results of the stability analysis of a typical section of Fontana 

Dam. The designer has been cautioned in Sec. 9 and elsewhere that the results of 

stability analyses, made by conventional methods, may not be indicative of the actual 

stresses in the dam. For a detailed comparison of the results of field measurements of 

the stresses in Fontana Dam with those obtained from theoretical analysis, reference 

should be made to ‘‘Measurements of the Structural Behavior at Fontana Dam,” 

Technical Monograph 69, Tennessee Valley Authority, 1953. The findings in this 

report indicated that: 

1. There are indications that shear displacements took place along at least two of 

the joints under certain loading conditions. 

2. The pattern of stresses indicates that at least one column separated by the longi- 

tudinal joint may function largely independently of the others. 

There may be at work a temperature thrust near the downstream face. The 

stress distribution at the base of the structure supports the correctness of this assump- 

tion. 

4, A maximum compressive stress of about 1,800 psi is indicated. 

* The author recommends that this factor be increased to 1 in future designs, 
+ Coefficient of internal friction. 
t Unit shear resistance of foundation rock. 
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STRUCTURAL FEATURES 

STRESSES LB/SQ. IN. | SHEAR 

GF max. | % min.| AVG | SAFETY 

TOE | HEEL |SHEAR| FACTOR 

Apex El. 1722.0 aN 

El. 17270 

175) Ss 600) Sas 2708 | 2 
sn ilige OMe ulloyes0| ete eS es Pel eiggeios 

1265 srl? W0he 8] AVL we : 
1255 ea er a a 
1475 | 1,870} 3,020} 181 43 COM ma 

jy {1380 | 3,610] 5,790} 253 57 SH 7.26 
(Sa 6 
74 

NOTES. 
Weight of concrete = 153 lbs per cubic foot 
Weight of water = 62.5 lbs per cubic foot 
Case |: Dead load only. Reservoir empty 
Case Il: HW El. 1720, TW El. 1306. 
Analyses made for 1.0’ length of dam. 

259.92" 
Max TW 

El. 1306.0 370.32 Hy 

11-19 

\ Max HW 

El. 1720.0 

02 
| 1 

Base line 

327.82 kK 42.5 

5 | 
| EE EE ET SE ed 

lel, W255) 0) Fdn drain 

335.42) _ 4 

379.92! 

Fontana Dam 

Fig. 15. Final stability analysis—typical section. (Reproduced from p. 
Fontana Project Technical Report 12, Tennessee Valley Authority, 1949.) 

63, Fig. 18, The 





SECTION 12 

HOLLOW GRAVITY DAMS 

By Ciaupio MARCELLO 

INTRODUCTION 

1. Evolution. The conventional gravity-type dam, as described in Secs. 9 and 11, 

depends for its stability primarily upon the weight of the concrete contained within its 

approximately triangular profile. The section is proportioned to provide an adequate 

factor of safety (usually about 2) against the overturning forces of water pressure, 

uplift, silt loads, ice loads, and seismic forces. It also provides sufficient shear-friction 

resistance at the plane of contact with the foundation to provide a satisfactory factor 

of safety against sliding or shearing failure. 

Depending upon the criterion selected, the volume of concrete required to counter- 

balance the effects of uplift would fall somewhere between one-quarter and one-third 

of the total volume of the section. This suggests the removal of that part of the 

concrete which by its very presence creates a substantial part of the uplift within a 

gravity dam. The partial elimination of uplift pressures by the creation of internal 

cavities within a gravity dam is therefore the first important factor in the development 

of the hollow gravity dam. 

A second factor is the manner in which water, concrete, and other loads are trans- 

mitted through the structure to the foundation. This subject is treated compre- 

hensively in Secs. 9, 11, 18, and 14. It will suffice here to point out that, depending 

upon assumed allowable stresses, somewhere between two-thirds and three-quarters of 

the volume of a gravity dam is required as a counterweight to overcome overturning 

and shear-friction forces and that only between one-quarter and one-third of the 

concrete is required to transmit the loads, at acceptable stresses, through the structure 

to the foundations. 
It has been demonstrated elsewhere that the replacement of the resisting moment 

of this counterweight concrete with that of the weight of water on an inclined upstream 

face resulted in increased safety factors and improved stress patterns. 

Applications of these principles produce a variety of structural types ranging from 

massive concrete buttress-type dams to thin-sectioned Ambursen and multiple-arch- 

type dams. Savings in concrete volume, however, do not necessarily result in 
corresponding savings in construction costs. Decreases in concrete volumes may 

result in high unit costs of placement and in increases in form and reinforcement costs. 

During the past 30 years European engineers have developed a hollow gravity type 

which eliminates redundant concrete, provides massive unreinforced-concrete sections, 

and has adequate lateral bracing for the buttresses. Form costs are approximately 

comparable with those of the gravity dam. Uplift pressures are largely eliminated, 

stress patterns are improved, and as compared with gravity dams of equal height, 

safety factors are increased. Construction costs compare favorably with those of the 

thin-buttress types. 

The hollow gravity type, as described in the following paragraphs, carries the 

evolutionary process (which resulted in the massive or gravity-buttress type, Sec. 9) 

12-1 
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Fie. 1. (Continwed.) 

one step further. Further benefits were obtained by providing cavities within the 

massive buttress monoliths. Figure | shows a typical structure of this type. 

2. Structural Features. Figure 1 shows a hollow gravity-type dam having 

features typical of those which have been designed and constructed principally by 

Italian engineers. Figure 2 shows the detailed dimensions of a horizontal section at 

El. 1,707.5 which is analyzed as a typical example elsewhere in this section. The 

upstream and downstream face slopes are each 4.5 horizontal to 10.0 vertical. The 

base width of 73.65 m is 0.90 of the height at the point of intersection of the upstream 

and downstream faces. This compares with base widths varying between 0.75 and 

0.80 of the heights as commonly used for gravity dams. 

The 7.0-m-wide internal cavity creates two buttresses, each having a maximum 

thickness of 4.65 m. To increase lateral stability, these buttresses are joined by 

flared sections at both the upstream and downstream faces. 

The stabilizing effect of the vertical water load, introduced by providing a sloping 

upstream face, more than compensates for the loss of weight which results from coring 

the monoliths. Figures 3 and 4 showing, respectively, the Ancipa Dam and the 

Bissina Dam (Table 1), both in Italy, demonstrate the structural features and two 
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Fic. 3. Ancipa Dam. 

of A 9 Z 7 r on . af) if ca ¢ 

+ HY “A, ! he Se. RR 

Fia. 4. Bissina Dam. 
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TasBLe 1. Hottow Gravity Dams with HoLttow ELEMENTS* 

Crest Cn 
F Max Volume of | elevation, 

Name and period Stream 2 length, m 1 
f ieee eae height, Nowe dam, meters 

ees m ; 103 cu m above 
elements 

sea level 

Tm Italy: 

Lago di Tronat (1939-1942).... | Bitto di Gerola 58.40 182.00 84.10 1,808.00 

(Adda) 6t 

Lago dell’Inferno} (1941-1944)..| inferno (Adda) 41.20 151.00 39.00 2,088 .00 

7§ 
Bau Muggeris (1948-1949)..... Flumendosa 63.00 235.00 Icey 5 fe} 802.00 

7 

Poglia (1949-1950).............] Poglia (Oglio) 50.00 NE, 110) 34.60 632.40 

4 

Ancipa (1949-1952)............] Troina (Simeto) 111,50 253.00 318.00 952.00 

9 

Sabbione (1949-1953). ........ Rio del Sabbione 63.60 279 .00 135.00 2,461.60 

(Ticino) 11 

Pantano d’Avio (1949-1956)....} Coleasca (Oglio) 65.00 400.00 200.00 2,379.00 

15 

Ponte Vittorio (1954-1955)..... Strona (Ticino) 38.50 125.00 24.20 710.00 

4 

Boazzo (1954-1956)............] Chiese (Oglio) 57.10 439.91 79.00 1,226.50 

5 

Bissina (1955-1957)............] Chiese (Oglio) 87.00 563.40 440.00 1,790.00 

22 

Venerocolo (1956-1958)........ Outflow from 31.40 362.68 42.00 2,539.40 

lake (Oglio) 8 

Calamaiu (1958-1961)......... Liscia 69.00 278.50 135.00 180.00 

Greece: 9 

Pidiman(95l=lOb4) es seas Ladhon 56.00 106.00 34.00 422.40 

3 
Brazil: 

Cachoeira do Franca (1953- Rio Juquia 48.00 206.75 69.00 642 .00 

1958) 6 

Cachoeira da Fumaga.......... Rio Juquia 54.60 163.65 90.00 533.00 

6 

* Designed by the author. 

{ Triangular profile with subvertical upstream face. 

t Width of the head of each element 24.00 m. 

§ Width of the head of each element variable. 

types of architectural treatment. Table 1 presents a list of existing dams of this 

general type and pertinent data on their principal features. 

DESIGN PROCEDURES 

3. Stability. Many of the criteria which appear in Sec. 9 may also be applied to 

the hollow gravity-type dam. In general the factor of safety against overturning 
should not be less than 2.0. 

The resistance to shearing and sliding may be expressed by the formula 

a gO) aerate = 1 Q si () 
shear-friction factor of safety 

coefficient of maximum static friction between the concrete and founda- 

tion surfaces 

ll in which Q 

wh Il 
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ZV = algebraic summation of all active vertical forces 

U = total uplift force 

A = area of foundation in contact with structure 

70 = unit shear resistance of foundation material 

LH = algebraic summation of all active horizontal forces 

These forces and their moment arms are shown by Fig. 1. 

In applying this formula to the hollow gravity-type dam, it must be kept in mind 

that Q represents the average factor of safety for the area of contact between the dam 

and the foundation. Should contraction joints be required in the buttresses, the 

relationship between vertical loading and shear at the foundation line may vary 

throughout the base. In this case the shear-friction factor of safety should be 

analyzed separately for each column bounded by the joints. 

4. Stresses. The analytical methods described in Secs. 9, 10, and 13 also may be 

applied to the hollow gravity-type dam. Of fundamental importance is the pattern of 

distribution of vertical normal stresses on horizontal planes, heretofore designated 

asoz. It is usually assumed that o; will have linear distribution on a horizontal plane 
and that it may be computed from the well-known law of the trapezoid 

NY We 
aaa Fa a6) ie (2) 

in which 2V = algebraic sum of all active vertical forces 

A = sectional area of base 

M = moment = (2V )e 

e = eccentricity (distance from point of application of resultant force on 

base to center of gravity of the section) 

Y = distance from center of gravity to most remote fiber 

J = moment of inertia of horizontal section 

As shown by See. 9, the determination of stress patterns in structural models and 

in prototype field measurements indicates only shght curvilinear distribution in dams 

having heights falling between 60 and 80m. The trapezoidal law, therefore, can be 

applied, without substantial error, to dams in the medium-height range. In cases 

involving significant differences between the elastic properties of the concrete and 

foundation materials, more exact methods of analysis, such as the finite-element 

method, as described in Sec. 10, may be required. 

The horizontal and vertical shearing-stress intensities 7,,, the horizontal normal- 

stress intensities o,, and the first and second principal stresses o; and a2, respectively, 

may be determined from the distribution pattern of vertical normal stresses o,. In 

general, the principles of analysis and the design procedures would be similar to those 

applied to the Rodriguez Dam in Sec. 13. 

The shearing and the horizontal normal stresses may be determined from arith- 

metic integration. Referring to Fig. 5, the vertical and horizontal shearing-stress 

intensities at point A, the center of an elementary slice having a thickness Ah, may be 

determined by calculating the total vertical normal loads NV between points a and b 

and V + AN between points c and d. Therefore, 

V=N+W —-(N + AN) (3) 

in which V = total shear across section ac 

W 

Therefore, 

weight of concrete, elementary section a, b, c, d 

a 

incremental area AA 
(4) Try 
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Because horizontal and vertical shearing-stress intensities are equal, horizontal 

shearing stresses may also be arithmetically integrated on two horizontal planes 

separated by the vertical increment of height Ah. Designating the total horizontal 

shear between a and b as V; and the total horizontal shear between c and d as V2, the 

horizontal normal-stress intensity at point A would be 

Vi = Vo 

incremental area AA Uh (5) 

In computing the values of o,, the average values of r,, would be determined on 

horizontal plane A lying midway between planes ab and cd. The same process would 

then be repeated on horizontal plane B located Ah below plane A. Having deter- 

R 
NE 

SH 
ae 

SS ae 

Center of gravity ao 
of horizontal 

sectional area 

he ae, 
A Pee gs on 
LALALZZAZL 

' Point of application 
Center of gravity of resultant R 

a uf st ¥2 | 

Section A-A 

Fig. 5. Determination of shearing stresses. 

mined the values of oz, ¢,, and 7z, at a sufficient number of points, it is then possible to 

compute the first and second principal-stress intensities o; and o2, which may be 

determined from the following equations: 

oy = EE LS oz — oy) + Sry! 6) 

Cm tot a : V (oz — oy)? + Arzy? (7) 

Principal-stress intensities and their directions and shearing-stress intensities may 

also be analyzed graphically by the construction of Mohr’s circles, as described in 

Sec. 13. Because the process of arithmetic integration involves small differences of 

very large numbers, it becomes a matter of some importance to select a value of Ah 

which will be practical for computation. For dams of medium height, say 60 to 80 m, 

it has been found that reasonably accurate results may be obtained by selecting a value 
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Additional stabilizing water load= 
wbh,t, where h=max head and 
w=unit weight of water 

¢ Bay 

Section A-A 

Fic. 6. Section AA water load. 

of Ah which falls somewhere between 1.0 and 4.0 m. In the results of a numerical 

example presented elsewhere the value of Ah is 1.0 m. 

Because of the massiveness of the structure it may be assumed that the entire 

horizontal area, as typified by section AA in Fig. 5, will act integrally in resisting over- 

turning and shearing forces. This assumption introduces an additional stabilizing 

water load as shown by Fig. 6. This additional load will equal wbhit, in which hy 

equals the mean head of a water column having a thickness ¢. The overturning 

moment, on plane AA, from water pressure would result from head hy. 

Fie. 7. Assumed uplift. 
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In this respect the cored gravity-type dam has a distinct advantage over the 

slab-and-buttress types and the multiple-arch type. Unless the deck, or upstream 

water-bearing member, acts integrally with the remainder of the structure, part of the 

weight of the deck may be transferred to the foundation. When this occurs the 

stabilizing loads on the dam are decreased and an additional overturning force, 

represented by a horizontal component of the deck load, may be introduced. In 

contrast, the extent to which the arches of a multiple-arch dam act integrally with the 

buttresses is not known. 

These design procedures are of a generalized nature and may, in fact, be applied to 

both buttress- and gravity-type dams. The process of balancing the forces on 

elementary sections and computing the stresses on the incremental areas of these 

sections will give results which are just as accurate as the basic assumptions. This 

more comprehensive design procedure is applied in the final design stage in cases where 

TaBLE 2. VALUES OF COEFFICIENT n 

Dead weight + water load + ice thrust — uplift 

‘ Ox be Con — PF iy 

ASE t/sq m t/sq m t/sq m t/sq m ik 

0 214.960 0 214.960 96.732 3.339 

1 206.071 0.482 205.589 94.505 3.328 

2D 197.149 0.966 196.183 92.242 3.328 

2’ 197.149 0.966 196.183 96 .036 3.196 

3 189.654 Ey? 188.282 98.826 3.042 

4 182.160 1.778 180.382 104.326 2.821 

5 LS. 715 3.104 154.611 103 .043 2.656 

6 133.270 4.429 128.841 100.811 2.510 

w 108.825 {50 HS) 103.070 97.631 2.381 

8 84.091 7.096 76.995 93.449 2.264 

9 mies 1.473 69.662 48.935 4.204 

10 70.179 7.850 62.329 26.735 7.476 

11 69.102 11.881 IS EPPA 25.476 7.684 

alte 69.102 11.881 yey Pal 18.590 10.531 

12 63.290 33.616 29.674 16.212 NO Alre 

is} 57.290 56.059 1.231 13.802 10.939 

14 51.290 78.500 —271.20 12.244 10.473 

it is important to determine principal and shearing stresses at critical points in the 

structure. Shearing stresses may be of especial importance if vertical construction or 

contraction joints are used in the buttresses. 

In the preparation of preliminary designs, it will suffice ordinarily to compute 

vertical normal pressures and the principal and shearing stresses by the more approxi- 

mate methods described in Secs. 12, 13, and 15. 

STRUCTURAL ANALYSIS 

5. Assumptions. The forces acting on a hollow gravity-type dam are normally: 

1. The weight of the concrete we assumed in this example as 2.5 metric tons (¢) per 

cubic meter for the case of empty reservoir and earthquake effects and the reduced 

figure 2.3¢ per cubic meter for full reservoir. 
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2. The unit weight of water w assumed to be 1.0¢ per cubic meter. 
3. Ice thrust, estimated to be 2.5¢ per meter of length of the dam crest per each 

10 cm of thickness of the ice field, with thrust applied at the middle point of that 
thickness. 

4. Uplift pressure, as shown by Fig. 7, assumed as decreasing linearly from a value 
equal to that resulting from full head at the upstream face, to one-tenth of this 
pressure at the intersection of the upstream expansion with the buttress, and thence 

12 ea 

Fic. 8. Values of coefficients n at El. 1,707.50. 

linearly to zero at the downstream face. It is assumed that these pressures will be 

applied to an area equal to 100 percent of the base. 

5. Pore pressures are assumed to have the same values and the same distribution 

as those assumed for uplift pressures. 

6. Harthquake effects are assumed: 

a. For vertical shocks, alternately to equal a 20 percent increase and decrease 

of mass. 

b. For horizontal shocks, equal to horizontal forces amounting to 10 percent of 

the mass of the individual parts affected. 
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TaBLeE 3. VALUES OF STRESSES 

Dead weight + water load + ice thrust + pore pressure 

ING A Ox, Oy, T, Ol, Oil, 

Sodas t/sq m t/sq m t/sq m t/sq m t/sq m 

0 216.565 43.854 97.454 260.419 0 

il 206.128 47.261 94.997 250.526 2.864 

2 195.653 44.054 92.491 239 .437 0.270 

2h 195.653 53.911 96.383 244.416 5.148 

3 186 .852 62.821 99.065 241.712 7.961 

4 178.054 78.020 104.511 243.900 12.174 

5 149.351 91.419 102.325 226.731 14.039 

6 120.650 103.994 99.009 211.681 12.963 

7 91.947 115.789 94.564 199.180 8.556 

8 62.907 127 .267 88.916 189.647 05527, 

9 54.740 84.976 47 .686 119.883 19.833 

10 46.572 66.251 27.194 85.331 27.492 

11 45.307 67.805 26.494 85.339 27.4183 

ah We 45.307 57.728 20,276 72.723 30'.312 

82 38.483 59.457 20.093 71.635 26.305 

13 31.440 60.153 19.951 70.376 21.217 

14 24.394 60.466 20.354 69.626 15.235 

TABLE 4. VALUES OF STRESSES 

Full reservoir + horizontal earthquake (upstream-downstream) 

IX r Ov, g0, ‘By dl, Oily 

Dace t/sq m t/sq m t/sq m t/sq m t/sq m 

0 253.910 51.417 114.259 305.327 

i 239.619 54.025 111.415 291.821 1.823 

2 225.276 49.138 108.555 276.994 —2.580 

2’ 225.276 60.108 113.500 283 .057 2.327 

3 213.225 69.053 117.149 278.690 3.588 

4 201.178 84.868 124.442 280.383 5.663 

5 161.877 97.438 122,155 255 .990 3.325 

6 122.579 109.180 118.669 234.738 —2.979 

vt 83.277 120.087 113.983 QA Vad ceo! Fer i Wf 

8 43.514 130.581 108.020 203.510 — 29.415 

9 32.331 86.198 63.323 128.077 —9.548 

10 21.148 65.841 41.585 90.703 —3.714 

11 19.415 66.767 40.876 90.329 —4.147 

ial’ 19.415 56.829 34.054 76.976 =O 732 

12 10.073 57.524 34.235 75.451 —7.854 

13 0.427 57.605 34.508 73.828 —15.796 

14 —9.219 58.370 35.480 VOL OLo — 24.424 
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120 — E = = I = = i ath 

(a) Tangential stresses 

169 —!_+____+___ —— - ~——1 —— 
(b) Horizontal stresses 

Fic. 9. Variation of shearing stresses. 

c. For determining the effect of the inertia of the water against the face of the 

dam, the Westergaard equations should be applied. The diagram of load 

equivalent to the increased horizontal dynamic pressure is elliptical with 

vertical half axis equal to h = 78.50 m (maximum head) and horizontal half 

axis po = 0.6h. 

These assumptions have been found acceptable for the design of hollow gravity 

dams in Italy and other European countries. They may not be entirely consistent 

with American practice as set forth in Secs. 9 to 15, inclusive. 

The section analyzed is that at El. 1,707.5, as shown in Fig. 1. 

6. Overturning. Figure 1 shows the dimensions of the structure, the principal 

forces which act upon it, and the moment arms of these forces. Expressed in approxi- 
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(a) Tangential stresses 

(b) Horizontal stresses 

Fia. 10. Second condition of load. 

mate terms the maximum stabilizing moment is 2.55 million metric tons and the 

maximum overturning moment is 1.22 million metric tons. The factor of safety 

against overturning is therefore 2.55/1.22 = 2.09. 

In the ease of horizontal shock (earthquake) the factor of safety against over- 

turning becomes 2.55/(1.22 + 0.24 = 1.46) = 1.75. 

7. Shear Friction. The vertical normal force would be, in metric tons (t), 

Vertical water load.......... 15 ,250¢ 

@Moiereten.. orate ee 41 ,540¢ 

56, 790¢t 

Wiplittine scene cere tee —5,020¢ 

NOtale eee nec ere eee DOG 

The horizontal normal pressure would be 

IKoekor yet & gure edna anole oS 165¢ 

Horizontal water load......... 33 ,890t 

34 ,055t 

The sliding factor, ordinarily designated as f, would therefore be 

34,055¢ 
= GG 
51,770¢t 
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WS Wek es 7 6 5 4 3 2 1 0 

t/m 

8 ee ees eee | —— = 

(a) Tangential stresses 

fh — 7 —_—_—- 7— — a - <r 1 pS 

— 

(b) Horizontal stresses 

Fic. 11. Third condition of load. 

Frictional resistance is only one component of the factor of safety against down- 

stream movement as expressed in Eq. (1). Assuming that the unit shear resistance 

of the rock-to-concrete bond is ry) = 150¢ per square meter and that a shding factor f 

of 0.80 would not result in downstream movement, the overall factor of safety against 

shear-friction failure would be, according to Eq. (1), 

{0.8[((2V — U) = 51,770t] = 41,3002} 
Obs = + [150¢ per sqm X (A = 441 sq m) = 66,0004] = 107,300¢ 

DH = (water + ice) = 34,055¢ 

PA ae 

In the case of a vertical earthquake shock, only a slight change in the value of Q 

would result. In the case of a horizontal earthquake shock, the horizontal pressure 

would be increased by 7,750t, thus increasing the sliding factor f to 0.81 and decreasing 

the overall safety Q to 2.57. Both indicate that the structure would be safe from 

shear-friction failure under seismic-load conditions. 

As has been mentioned previously, the overall factor of safety against failure by 
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shear friction is not necessarily indicative of the safety of component parts of the 

structure, especially of columns separated by construction joints. 

The shear-friction factors of safety at the points of reference shown by Fig. 2 may 

be determined by the formula 

iy TO Ar 0.8(c2 = H) (8) 

T 

in which the following symbols apply to a specified point of reference: 

n = shear-friction factor of safety 

+) = ultimate shearing stress for rock-to-concrete bond 

oz = vertical normal-unit-stress intensity 

uplift pressure, unit intensity 

7+ = actual unit-shearing-stress intensity 

Table 2 demonstrates the variation of n which occurs throughout the horizontal 

section at El. 1,707.50 as shown by Figs. 1 and 2. This variation is also shown by 

Fig. 8. 

= ll 

(a) Tangential stresses 

-4 i aa] cee 

t/m 

0 

4 t ia + +— 

8 

(b) Horizontal stresses 

Fie. 12. Fourth condition of load. 
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8. Stresses. By following the design procedures, as described previously, itis 
possible to compute the vertical normal, horizontal normal, shearing, and first and 
second principal stresses for each of the reference points shown by Fig. 1. The results 
of typical analyses are summarized in Tables 3 and 4. Figures 9 to 13 show variation 
of shearing stresses 7,, and horizontal stresses ¢, for five loading conditions. Figure 14 
shows the first and second principal stresses a; and o» for three loading conditions. 

It will be noted from Fig. 14 that, in all cases, the maximum principal stress 
occurs at the intersection of the upstream flare with the buttress. This stress approxl- 
mates the total water pressure per linear meter at that point divided by the area 
of the buttress. For example, with a head of 78.5 m the water pressure would 
be 78.5¢ per square meter and the total pressure per linear meter would be 
78.5 X 1lm = 863.5t. Dividing this by the area of a 1.0-m-wide strip of buttress, 
or 4.65 sq m, gives a value for o; of 186¢ per square meter, which corresponds very 
closely to the value shown by Fig. 14 for the full reservoir plus dead weight of concrete 
plus ice pressure plus pore pressure. 

9. Principal-stress Trajectories. From an analysis of principal-stress directions 
by the construction of Mohr’s circles, the manner in which concrete and water loads 
are transmitted to the foundation may be clearly demonstrated. Figure 15 shows the 
directions of principal stresses resulting from the weight of the concrete only and 
Fig. 16 those which result from a combination of concrete and water loading. 

WS Ale ire aie 8 7 6 S 4 3 2 1 0 

12 eyed) 4 

(a) Tangential stresses 

(b) Horizontal stresses 

Fig. 13. Fifth condition of load. 
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280 | +— es oe 

FULL RESERVOIR (DEADWEIGHT + WATER PRESSURE 
+/CE PRESSURE + PORE PRESSURE ) 

een Rare tee ae FULL RESERVOIR + VERTICAL EARTHQUAKE ACTION 

FULL RESERVOIR + HORIZONTAL EARTHQUAKE ACTION 

Fic. 14. Principal stresses, three combinations of loading. 
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LEE ETTTAANA\ 
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Of 2a S04) <5) Chie 82 9 NONK gem 
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Fic. 15. Principal stresses and directions relative to weight (empty reservoir). 

Regardless of the analytical approach, whether by the finite-element method, 

model testing, or the balancing of the forces on elementary sections as described here, 

the directions of principal-stress trajectories lead to the same concept: A concrete dam 

of either the buttress or gravity type may be envisioned as a series of contiguous, 

inclined elementary columns, each of which transmits a part of the water and concrete 

loads from the upstream face through the dam to the foundations. 
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OOM 207345 oe GF a7 See ORiKg cm 
| pe pe et 

Fic. 16. Principal stresses and directions relative to weight and water load (full reservoir). 

One of the principal merits of the design illustrated in this section is that these 

elementary loads are coincident with the column axes and that concrete is therefore 

used principally to convey loads in axial compression. The end results are: 

1. Increased factors of safety 

2. Savings in construction cost 

3. A structure of striking architectural beauty 



SECTION 13 

AMBURSEN DAMS 

By Envear H. BurrouGus 

PRINCIPAL FEATURES 

1. Characteristics of Type. The basic flat-slab and buttress type, as shown by 

Fig. 1, has borne the name of its inventor since 1903. ‘These articulated, reinforced- 

concrete buttress dams are provided with expansion joints between the decks and the 

buttresses. The deck consists of reinforced-conecrete water-bearing slabs, separated 

by buttress tongues and supported by reinforced-concrete haunches which are con- 

structed monolithically with the buttresses. Nearly four hundred dams of this type 

have been constructed. The Rodriguez Dam (Fig. 1) on the Tijuana River, Lower 

California, with a maximum height of 267 ft, is the highest of record. 

The designing methods described in this section are applicable to all types of but- 

tress dams if appropriate treatment is given to the deck or water-bearing member. 

For example, in the design of either hammerhead or multiple-arch-type dams, the 

decks and buttresses are assumed to act integrally as described in See. 9. In the 

design of an Ambursen dam, the deck acts independently of the buttress. 

FORCES ON AMBURSEN DAMS 

Consideration must be given to the following forces: 

1. Headwater pressure 

Weight of structure 

3. Tail-water pressure 

4. Silt 

5. Ice thrust 

Temperature expansion and contraction 

Warthquake accelerations 

2. Headwater Pressure. The Ambursen dam, in common with other buttress 

types, utilizes the water load upon its inclined deck as a stabilizing force. Reference 

to Fig. 2 showing the principal forces will make this property clear. The resultant 

water load V,, acting normal to the deck, may be resolved into a vertical component 

V», exerting a righting moment V,a,, and a horizontal component H,, exerting an 

overturning moment H,a@.. In addition to the moment effect of the various loads, 

there is a tendency to slide and shear across the foundation material. Resistance to 

horizontal movement is commonly expressed by the shear-friction factor of safety (see 

Sec. 9). 

The headwater uplift pressure on an Ambursen dam is usually of insignificant pro- 

portions, varying in an arbitrary manner from the maximum pressure at the upstream 

face of the water-bearing member to either zero or tail-water pressure at the down- 

stream face. 

3. Weight of Structure. It is most convenient to treat the weight of the structure 

as divided into two parts: (1) the buttress load and (2) the deck load. The buttress 

13-1 
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load is transmitted down through masonry directly to the foundation material and is 

handled in computations in a manner similar to usual masonry loads. The manner 

in which the deck load is transmitted to the foundation depends entirely upon the way 

in which the slab is placed on the upstream end of the buttress. If the deck is con- 

structed monolithic with, or properly keyed into, the buttress, the masonry weight is 

transmitted in its entirety down through the buttress to the foundation, in a manner 

similar to the buttress load. With reference to Fig. 2, it will be seen that the righting 

moment of the buttress is equal to Wa; and that of the deck is V pay. 

fintensity and 
| resultant 

Oy = Vertical normal pressure 
on plane A-A 

Tig. 2. Forces acting on buttress dams. 

When the deck is completely articulated and merely rests against the upstream 

face of the buttress or upon the haunches, the weight of the deck is broken down into 

two components, one normal to the upstream edge of the buttress and the other par- 

allel to the face. The normal component is transmitted down through the buttress 

masonry to the foundation, and the parallel component travels down through the deck 

slab directly to the foundation. Again with reference to Fig. 2, it will be noted that 

the righting moment of the buttress is equal to Wa;. However, in this case the right- 

ing moment of the deck is equal to V’pay. The overturning moment exerted by a 

completely articulated deck is equal to H pas. 

4. Tail-water Pressure. The force on the deck and the buttress due to tail water 

reduces the effective headwater pressure and, consequently, is beneficial in this respect. 

However, the loss of effective weight due to partial submergence of the structure fre- 

quently offsets whatever advantage is gained by the presence of tail water. It is 

usually advisable to analyze the structure for both maximum and minimum tail-water 

conditions. 
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5. Silt. An additional load due to silting of the reservoir will be placed on the 

deck near the bottom of the dam. The height to which the silt load may extend up 

the deck of the dam will depend on the quantity of suspended matter carried by the 

stream, the velocity of the water through the reservoir, and the size and shape of the 

reservoir. For streams bearing heavy silt loads, it is usual to assume that the depth 

of silt will build up from one-quarter to one-half the full height of the dam. Conven- 

tional methods of computing earth pressures with proper allowances for the effect of 

saturation should be applied in making the analysis (see Sec. 9). 

6. Ice Thrust. The effects of ice thrust are illustrated in Fig. 3. The harmful 

overturning moment on the sloping upstream face of an Ambursen dam is minimized 

because there is insufficient frictional resistance or adhesion between the deck and the 

ice to overcome the component of ice thrust parallel to the deck. The result is a 

breaking up of the ice sheet adjacent to the deck. 

7. Temperature Expansion and Contraction. Temperature changes both during 

and after construction are of major importance. To eliminate the effects of serious 

temperature stresses during construction, the buttress and deck concrete is poured and 

G2 ee, 
AE oC, Lae 
ae e e 

Original position of ice” 

Fic. 3. Action of ice on deck slab. 

cured in relatively small sections or blocks. Temperature stresses developing after 

construction are either carried by horizontal steel or relieved by contraction and expan- 

sion joints. 

8. Earthquake Accelerations. The articulated flat-slab buttress-type dam offers 

an inherent resistance to earthquake forces. Two examples of the selection of this 

type of structure specifically for construction in earthquake zones are the Stony Gorge 

Dam built by the U.S. Reclamation Bureau and the Rodriguez Dam built by the 

National Irrigation Commission of Mexico. Each structure was built across a geolog- 

ical fault, the Rodriguez Dam being designed with alternate pairs of buttresses tied 

together by reinforced-concrete diaphragms so as to form a tower construction, heavy 

unanchored beams or struts being installed in the intermediate bays (see Sec. 9).! 

A well-designed Ambursen dam has such a large factor of safety against overturning 

that the additional overturning force resulting from seismic loads will be negligible. 

This does not apply, however, to the lateral stability of the buttresses. If the earth- 

quake hazard is severe, special lateral bracing in the form of either beams or dia- 

phragms should be provided. 

THEORY OF BUTTRESS DESIGN 

The fundamental principles of design and analysis are applicable to all types of 

buttress dams. When judiciously applied, these principles can be extended to include, 

in addition to the usual solid-wall buttress, the hollow-buttress and the diaphragm- 

buttress types. 

Design involves two steps: (1) the selection of a trial design, (2) the analysis of this 

1J. AWWA, 25 (3), 355, 1933. 
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design to determine whether it satisfies stress and stability requirements. In selecting 

the proportions of the trial design, the buttress outline and thicknesses may be com- 

puted directly by using simplifying assumptions or determined from the results of 

previous experience with a similar structure. 

9. Trial Design Using Simplifying Assumptions. Preliminary investigations are 

based on the simplifying assumption that a buttress consists of a system of columns 

(see Fig. 4), each carrying the incident water load by column action to the founda- 

tion. These columns are proportioned to develop a uniform compressive stress and 

curved to avoid any serious eccentricity on any normal or horizontal plane when 

the water and concrete loads are resolved. It is possible to determine, graphically, 

Downstream 
face of buttress 

\ assumed asa 
\_ straight line for 
\ practical reasons 
Ne 

Qh 

\ Theoretical 
\ outline 

the approximate outline and thicknesses of a buttress by progressively designing a 

series of column sections, starting at the foundation and continuing to the crest, 

such that the load carried by the individual columns produces no shear between 

adjacent columns. This method of design is based on the assumptions (1) that the 

buttress columns are free to act independently of each other, and (2) that by placing 

all columns concentric with their respective loadings, the second principal stress will 

be zero for maximum load conditions. If the buttress is constructed as a monolith, 

the columns become merely hypothetical and cannot act independently. It is 

obvious that in this case deformations and, consequently, stress will be transmitted 

between adjacent (hypothetical) columns. However, for small dams the monolithic 

buttress offers the additional inherent stability of a larger and continuous member. 

Analysis indicates that in a monolithic buttress proportioned in strict accordance 

with the direct-design method the first principal stress will not remain uniform, nor 

1 Trans. ASCE, 98, 418, 1933. 
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will the second principal stress be zero throughout the buttress. If the buttress is 

jointed so as to preserve the columnar structure (as shown in Fig. 5), the action and 

the stresses will more nearly approximate the theoretical. The decision as to whether 

the buttress should be jointed or monolithic rests with the designer. The jointed 

buttress has the advantages of (1) minimizing stresses due to setting and temperature, 

(2) climinating the necessity of placing a substantial amount of horizontal or inclined 

E11025.13 

eae Buttress 
spacing 
40'c/e 

VA} keys 6 high at 
E1921 _.- all horizontal 
--~ construction 
E1909 joints 

Fic. 5. Possum Kingdom Dam (renamed Morris Sheppard Dam). Bulkhead buttress 
and sections; keys in contraction joints (inclined joints). 

stecl in the main body of the buttress, (3) facilitating construction, and (4) approach- 

ing the theoretical action. 

It is important to note that any variation from the buttress shape and thicknesses 

determined by the above-described trial-design method, such as the addition of 

haunches or corbels at the upstream edge of the buttress or the addition of pilasters at 

the downstream edge, will, in proportion to the relative size of the addition, alter the 

principal stress values from those used as a design requirement. In view of its many 

uncertainties, the direct-design results should be carefully checked by a thorough 

stress analysis except, perhaps, in the case of a low, simple buttress. 
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With reference to Fig. 4, which shows a simple buttress of approximately tri- 

angular shape, the incident water load is divided into six sections of approximately 

equal length along the water-bearing face. By starting at the foundation, the upper 

boundary of column 1 is determined so that the trajectory, described by resolving 

the water load P, and the masonry weight, passes through the center of gravity of 

either horizontal or normal sections through column 1. This procedure is repeated 

for columns 2, 3, 4, 5, and 6 in succession. The lower boundary for each column 

is the upper edge of the preceding column. A practical guide to the most desirable 

horizontal column width is the limitation of the horizontal length of pour that can 

safely be made without inviting shrinkage cracks. The limiting length is about 35 

or 40 ft, proper curing of the green concrete being assumed. Thicknesses are deter- 

mined so as to give uniform major compressive stress throughout the buttress. 

The maximum allowable stress is governed by the slenderness ratio as in the design 

of common columns. It is, usually, more economical to use struts or diaphragms to 

keep the unsupported length at the greatest allowable value (//d = 15) with which 

the maximum compressive stress may be used. 

10. Stability and Stress Investigations. After the trial design has been selected, 

subsequent detailed investigations will involve computations for the following: 

1. Stability against overturning and sliding (movement downstream) 

2. Normal foundation pressures and normal pressures on selected horizontal planes 

through the buttress at various elevations 

3. Shearing, horizontal normal and principal stresses 

Stability against overturning and sliding are determined in the conventional 

manner by summing all moments, vertical forces, and horizontal forces at the base of 

the dam. 

For ordinary computations, it is sufficiently accurate to assume that normal 

stresses on horizontal planes have straight-line distribution, as shown for the plane 

AA (Fig. 2). This assumption is more nearly accurate when the median line of the 

buttress 1s normal, or nearly so, to the plane of analysis. When the angle formed by 

the median line and the plane of analysis approaches 45 deg, the distribution of the 

vertical normal stress varies noticeably from a straight line. The recently developed 

“finite-element”? method, as deseribed in Sec. 10, will yield curvilinear distribution of 

stresses. Normal foundation pressures or normal stresses having linear distribution 

on horizontal planes are obtained from the well-known law of the trapezoid. 

Sat a2 MY (1) 

lc aie aaa 
where o, = intensity of normal stress on horizontal plane 

N = total vertical load on section 

A = sectional area of base 

M =moment = Ne 

e = eccentricity (distance from point of application to center of gravity of 

section) 

Y = distance from center of gravity to most remote fiber 

J = moment of inertia of horizontal section 

Location of resultants, sliding factors, and vertical normal pressures for Rodriguez 

Dam and for Possum Kingdom Dam are shown in Figs. 6 and 7, respectively. 

11. Shearing, Horizontal, Normal, and Principal Stresses. Briefly stated, the 

method of computing the principal stresses in a buttress consists of dividing the 

buttress by horizontal and vertical planes into a number of clementary prisms which 
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are then considered to be in vertical and horizontal equilibrium. Equations are 

written expressing the unknown stress functions in terms of the stresses which may 

be determined directly from Eq. (1). 

If vertical normal stresses, horizontal normal stresses, and vertical shearing 

stresses are thus evaluated, both the principal stresses and their directions may be 

determined either analytically, by the principal-stress equations, or graphically, by 

Mohr’s circle. In the following, this procedure is developed more fully. Assume, 

Axis of dam 

ELIS 

6 £130 
g EN-259 Stee LY (aK 

Sass 9,0} 0523\\.\ EL45 
Sts Hill * 173.0 #o" 

Note: H and N given in 1000 /bs..____ 4/7 ti A Ne EL60 
5 Vis ~  lesur y| V6 278 
Sep lied eased) ELIS 
SiA il FMW A £252.00 

hy Mt MULL E190 
~ ( 4 enb.24 i 

ye és H=110 Vira: F-05716 E/ 195 

ray LITT} | j 2508/0" 
ie i F nA ! W\\ £4. /20 

. LG tT L/etoh. 
ee 5 Alc. =LG03SU'! F=0, W\\ EZ d35. 

Sie ANT 'E/.29/.0 #0" 
; 806 NG | ex zs 
= fs i\ — 

RS A fh EL 
SrZ io 
SY Ly Hh " S0L.0#/0" 

: ‘s | EL18O . £7 er 
= [2 ° 
— ) ELI9S. 
©: ‘a K ce 320.80" 

é aaner UU i HO _feL210 
Scales: force: = 500 Assumptions: * aoe Pall Y= 0010" 

Dorm f= 2020 1 Deck assumed to be held in place so that full 
vertical load 1s transmitted to buttress 

ECCENTRICITY : : 
RESULTANT FORCES 2. Weights of diaphragms and bears included in loads but 
LINE OF PRESSURE sectional area of diaphragms not included in stress calculations 
FRICTION FACTORS 3. Sectional area of haunch and tongue included 

VERTICAL NORMAL STRESSES ox in stress calculations 

Rodriguez Dam. Buttress elevation wan ey Jel, IMs aio COs Fie. 6: 

for example, that it is desired to determine the intensities and directions of the prin- 

cipal stresses at point /’, plane BB (Fig. 2). For convenience, an enlarged section of 

Fig. 2 is shown by Fig. 8. Horizontal planes CC and DD (Fig. 8) are plotted equal 

distances above and below plane BB, and the values of oz (max) and oy (min) are 

computed for each plane by Eq. (1). The distance between these planes must be 

relatively small if sufficient accuracy is to be maintained. 

Next construct a vertical plane intersecting the three horizontal planes at ee 

and G. The elementary prism ECBF may then be visualized as separated from the 

buttress as shown in Fig. 9 and to be held in equilibrium by the forces acting on it. 
E 

These forces are the total vertical normal pressure on the plane EC, >» byorAx; the 

¢ 
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Scales ce 1”= 300% Assumptions: : 

“Dam 1"=20'0" /. Deck assumed fo be held 1, place so that fu// 
vertical load /s transmitted to buttress 

ECCENTRICITY 2. Sectional area haunch and tongue included 
RESULTANT FORCES in stress calculations 

LINE OF PRESSURE 
FRICTION FACTORS 
VERTICAL NORMAL STRESSES OX 

Fic. 7. Possum Kingdom Dam. Buttress elevation with e, H, N, f, ete. 

SAMPLE COMPUTATIONS—HOoRIZONTAL SHBAR STRESS 

pd = 217.87 yt = 1.500 

p'd = 2,312 m = 0.4 

k = 0.7464 lo = 184.67’ 

k’ = 0.00182 z= 9.6’ 

S.=a+z — cz? 

a= mpd = 0.4 X 217.87 = 87.1 

b= p'd—mk-y 

= 2.3512 — 0.4 X 0.7464 — 1.500 = 0.513 

k’ 1 
Oe = = OX WMS? = 0.00091 

S = 87.1 X 0.513 & 9.6 — 0.00091 & 9.62 = 91.9% 

S 
os ; = 9.19*/sq ft or 63.8 psi 
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weight of the masonry in the prism J,,,; and the total vertical normal pressure on the 
ee 

plane IB, > boozAX. 

B 

The total shear V across the plane HF may now be determined by writing the 

equation for vertical equilibrium for the prism ECBF:; 

iB} F 

Vow = , Reni ea n= > ee (2) 
(@ b 

The average intensity of shear v,; on the section HF is equal to V gr divided by the 5 h Mf 

sectional area between # and fF. By a similar procedure, the average shearing stress 

Groin line 
tan 

Buttress 
thickness 

* Downstream edge 
of buttress 

Fic. 8. Partial side elevation of buttress. Planes for principal stress analysis. 

= 

Itc. 9. Unit block removed from Iig. 8. 

v. between F and G@ may be determined. The shearing stress at the point F on the 

plane BB is equal to 

Te renee (3) 

The next step is to separate the prism acde from the buttress and consider it in 

horizontal equilibrium under the shearing forces acting upon it. As horizontal and 

vertical shearing stress intensities are equal, the total shear acting on the planes ac 
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and de may be determined by the procedure outlined above. The differences between 

these total shearing forees will be a horizontal force NV, over the area ad and normal 

to the plane HF. These forces are expressed in the following equation: 

a d 

Ny = >, dsteyAX — » barry AX (4) 
Cc é 

| Compression 

Orrection 
Cf Op 

| Ongin 

Of Oy ------- 

oy 
PAS el De aed >\o.= 

2 

Tension 

Ongin 

(b) Second principal stress in tension. (c) Second principal stress zero. 

Fria. 10. Analysis of principal stresses by Mohr’s circle. 

The average intensity of horizontal normal pressure a, equals VV, divided by the 

sectional area between a and d. 

It is now possible to determine the principal stresses and the state of stress at the 

point J” from the following principal stress equations: 

pare Gy 1 . = . 
Co 2 5 uf 5 V (or — Gay)? + 47,7 (5) 

lie q 1 - - 9 9 
C= cola? Sas V (ox = WH)? ai Cups (6) 

2 

tan 2a = ——%¥ (7) 
Ga ox 

Both the first and second principal stresses and their directions may be easily 

determined graphieally by means of Mohr’s circle as illustrated by Fig. 10. The 
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construction of Mohr’s circle is self-explanatory, and the derivation may be readily 

determined by inspection. Figure 10a,b,c, shows three cases: (1) the analysis of a 

point at the groin line with the second principal stress in compression, (2) the analysis 

of a point at the groin line with the second principal stress in tension, and (3) the 

analysis of a point at the downstream face of the dam where the second principal 

stress is zero. The fact that incorrect proportioning of the buttress may readily 

cause a2 to be a dangerously high tensional stress emphasizes the importance of com- 

puting the normal stresses on all planes through the point of analysis. 

(a) Both principal stresses in 
compression. 

© 75%G0° 45° 
90 / bo 

15° 

(b) First principal stress in 
compression and second principal 

stress zero. 

(c) First principal stress in 
compression and second principal 
stress in tension. 

Fria. 11. Distribution of stresses around a point. 

In Fig. 11 are shown three general cases of normal stress variation around a point: 

(a) for both principal stresses in compression, (b) for the first principal stress in com- 

pression and the second principal stress equal to zero, and (c) for the first principal 

stress in compression and the second principal stress in tension. After the intensities 

and directions of both the first and second principal stresses are computed, this 

variation may be determined at any point by the following equation: 

o = 0,008? dé + o2 sin? (8) 

in which o is the normal stress on any plane acting at an angle of ¢ with the direction 

of 0}. 

If in a particular design, for purposes of economy, to secure a low sliding factor 

or to satisfy other design considerations, it is decided to allow tension in the second 
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principal stress, inclined steel in an amount sufficient to take the entire tensional stress 

in the buttress should be provided. 

Although the basic theory of buttress analysis is readily understandable, its 

application to a specific case offers several problems, the major of which is to determine 

the degree of accuracy required in the stress computations. The accuracy of the 

method described here depends on obtaining small differences of very large num- 

bers. Computations should be carried forward on either a computer or calculating 

machine. 

Two factors affecting the accuracy of stress-analysis computations are the shape 

of the buttress and the method of applying the theory of analysis. Stress computa- 

tions are relatively simple for a triangular-shaped buttress of constant thickness and 

become increasingly difficult as the shape is comphcated by changes in thickness, the 

addition of haunches or corbels, and the addition of flanges or pilasters at the down- 

stream end. Further difficulty is experienced in the analysis of buttresses carrying 

spillway gate piers or having other special treatment. Unfortunately, it is usually 

the more complicated shapes that require the most accurate and exhaustive stress 

analysis. 

The methods of applying the theory of principal stress analysis vary for the most 

part in the selection of the size of block or the distance between the planes in question 

(dimension EF, Fig. 8). In the general derivation of the theory, the planes are con- 

sidered as being relatively close and it is on this close spacing that the claim to accuracy 

of the method is based. The use of a spacing of 1 ft between planes (total height of 

two blocks equals 2 ft) gives accurate results and is entirely satisfactory for use on a 

simple buttress shape. However, for extremely complicated shapes the computations 

may have to be carried with as many as 20 significant figures to ensure accuracy of the 

small differences used in the final substitutions. The method using small blocks is 

fully analytical, summing, in every case, the full distance from the downstream edge of 

the buttress to the point in question. It is necessary only to substitute constants 

derived from the vertical normal stress computations on each of the three planes in the 

equations to evaluate the vertical and horizontal shears (rz,) and the horizontal normal 

stress (¢,). This method has the advantage of being particularly applicable to 

analyzing isolated points and sections of the buttress. This advantage becomes a 

disadvantage when a complete buttress analysis is required because every portion of 

the buttress must be treated as an isolated area. 

In order to avoid greatly extended computations, block heights greater than 2 ft 

are commonly used, the selection being influenced by the height of the dam. When 

using the greater height, it is frequently more convenient to subdivide the entire 

buttress into blocks of approximately square elevation and carry the necessary 

summations as numerical rather than analytical operations. The horizontal summa- 

tions are extended as with the smaller blocks by successive steps from the downstream 

end toward the upstream end of the buttress. The use of larger blocks in combination 

with numerical summation relies on linear interpolation for accuracy, and in many 

cases the variation of stresses from the assumed linear distribution is sufficient to 

introduce appreciable error in the final principal stress determination. Because of 

the size of the blocks, the summation cannot be carried up under the haunch (point 

A, Fig. 8) where the stress conditions tend to be most critical. 

A typical example will illustrate the application of the principal stress analysis 

using larger blocks to a practical design. The problem, illustrated by Figs. 6 and 

12, is to determine the principal stresses at point D in the buttress of a 210-ft-high 

Ambursen dam having buttresses spaced 22 ft center to center. As indicated by 

Fig. 6, the buttress is constructed in 15-ft vertical lifts, or pours. The vertical 

normal pressures, as determined from stability computations, are also shown by 
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Fig. 6. These stresses may be computed readily by an application of Eq. (1) and 

involve no unusual difficulties. 

To determine the principal stresses, the first step is to separate from the buttress 

the prisms A BC Dand C D FE F as shown in Fig. 12. Each prism is then assumed 

to be held in equilibrium by the normal and shearing stresses and by the weight of the 

masonry within the boundaries of the prism. Figure 12 illustrates the successive 

steps in computing the principal stresses. 

If the directions of principal stresses are determined at a large number of points, 

it will be observed that the trajectories of principal stresses follow definite mathe- 

matical relations as illustrated by Fig. 13. These trajectories indicate that the water 

Sample calculation - Horizontal shear stress 

8 ax =5 139924 Ib. 
Ox= 2911/6. per sq.in. 

ELIBS. 32 0x = 1753008 Ib 

a Wot concrete ABCD =829657 lb. 

WE conc. Total shear across 8D 
D ficone. | = 7753008 -5,969 851=| 783,427 1b, 

D EL 65 Sectional area BD=/7/00sq.in. 

Cc Av.tx between BD = LBS#1 =104.29 
S2ox--4 ox=80/ /b. persq.in. "1b. per sq.in. 

& 32 ox =7 753008 Ib. 
<a “ 

D Ox =30//6. per sq.iN. 
= C Ox--- ar 

D ELIES = Sh ox=/0805,763 |b. 
C Wot concrete DFEC= 1069925 /b. 

Wt , Total shear across DF 
ree =/0805, 163-8822 933=/, 982,630 lb, DFEC = }\ 

ELS9S ; : 
F F.. -Sectional area DF = 20700 sq. In. 

Av. Tx between DF= ee OS 
Fr E 4 /b.persq.in. 

2p Ox —- Ox = 320.8 /b. per q. IN. 

Shearing stress intensity at D 

es =/00,04 /b. per sq./i7. 

Ira. 12. Rodriguez Dam. Unit block with sample calculation. Horizontal shear stress. 

load normal to the deck is transmitted through the buttress to the foundation by 

means of a series of elementary curved, inclined columns substantiating, in general, 

the theory presented under Trial Design Using Simplifying Assumptions. Each of 

these elementary columns is in equilibrium under the influence of the water load, the 

second principal stresses on each side, and the weight of masonry in the column. 

These trajectories of the principal stresses have an important bearing on buttress- 

dam design as they represent planes on which construction or contraction joints may 

safely be placed so that under maximum loading the monolithic action of the buttress 

as a whole will not be destroyed. The reason for this monolithic action is that the 

shearing stresses along the planes of principal stress are zero, and there is no tendency 

for relative motion between the columns along the joints when the reservoir is full. 

However, under partial reservoir loading, the trajectories will vary from the pattern 
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for full reservoir loading and the continuance of monolithic action depends on the 

transmittal of light shearing stresses across the joints. For this reason, keys (as 

shown in Fig. 5) are placed in the joints An additional benefit derived from the 

use of keys along the joints is the stiffening effect that the shorter columns have on 

the adjacent longer columns. 

The inclined-column concept is illustrated further by Figs. 14a and b, which show 

graphically the relationship between the forces acting on a column visualized as 

separated from the buttress (illustrated by Fig. 4) along a trajectory of principal 

TRAJECTORIES OF PRINCIPAL STRESSES 

7 a 
INTENSITIES OF 0,- PLANE B-B 

> 
reg 

INTENSITIES OF Txy-PLANE B-B 

I'ic. 13. Trajectories of principal stresses. 

stress. It will be noted that the column is held in equilibrium by the weight of the 

masonry, the water load on the upstream face, and the second principal stresses. A 

graphical analysis of this type offers a convenient method of checking the stability of 

sections of buttress separated by joints. 

The disadvantage of using small blocks lies in the handling of the extremely large 

values of the vertical normal pressures necessary to evaluate correctly the small stress 

differentials across a I-ft height. The advantage with small blocks is the ease with 

which any point, including the area directly under the haunch, may be analyzed. The 

use of larger blocks facilitates the basic computations of the vertical normal stresses 

but then introduces undesirable errors by extending the use of linear interpolation to 

include not only the vertical normal stresses but also the horizontal normal and the 
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n\ stresses from 
analysis of 
entire dam as 
monolith 

90 

Vertica/normal 120 
Second ,“* sea foe oeO aed 
rincipal ~~... wie! a,\ graphical solution- 

Sheen aa B1 a Ash Column analyzed 138. 
mW Independently of 

68 upstream section 50. 

rerun) 
0 500000 1,000,000 LB. 

Scale 

Fic. 14a. Rodriguez Dam. Graphic analysis of inclined column including effect of 
second principal stresses. 

ae |Axis ofdam ry 

Vertical normal 
stresses from  |\ 
analysis ofentire 
dam as monolith 

[eared Ee 
0 500,000 1,000000 LB. 
Scale 

Fic. 14b. Rodriguez Dam. Graphic analysis of inclined column assuming no second 
principal stresses. 
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vertical and horizontal shearing stresses. This method becomes inaccurate to the 

point of being unreliable in the area just under the upstream haunch. A combination 

of the desirable features of both methods by using blocks of medium height (6- to 15-ft 

blocks have been found satisfactory) and then evaluating the vertical normal stress 

by interpolation offers a more rapid and accurate analysis particularly applicable to 

triangular-shaped buttresses. The general equations of internal equilibrium [Hqs. 
(2) and (4)] are written in the differential form. 

doy , dre _ /C 
dx a dy : ©) 

do, dry vio 

dy - dx ae (10) 

tm: +7, =0 (11) 

In order to include the influence of the variable buttress thickness /, the values of the 

normal and shearing stresses are expressed as a value per unit length (equal to the 

stress in an imaginary buttress of uniform thickness, / = 1). 

Pa = lox (12) 

Py = loy (13) 

Sp = tre $y = tt, (14) 

Wmt = Wm (15) 

Then Eqs. (9), (10), and (11) become 

pi ase 
dx dy Ee) he) 

dpx ds y _ me 
a as => Wme = 0 (ez) 

S24 Sy = 0 (18) 

After evaluating pz, py, Sz, and sy, and thereby oz, cy, and rz,, the principal unit 

stresses o, and oy are easily determined by Mohr’s circle or by Eqs. (5), (6), and (7). 

As a further refinement, Eqs. (16), (17), and (18), by expanding and grouping terms, 

are reduced to expressions of constants and variables. The variables are evaluated 

for the entire buttress elevation and the results plotted in curve form. It is then 

possible to determine rapidly the principal stresses at any point by selecting the proper 

values from the curves and substituting in the basic equations. 

Figure 7 shows an Ambursen bulkhead buttress 178 ft high used for the Possum 

Kingdom Dam on the Brazos River, Texas. The vertical normal stresses [as com- 

puted by Eq. (1)], eccentricities, and sliding factors are given in Fig. 7 for six planes 

or lift lines. Values of pa, the intensity of the vertical normal (trapezoidal) stress 

at the downstream end of any horizontal section; of &, the rate of change of the vertical 

normal stress; and of the first and second differentials of both pa and k are determined 

from the stress diagrams shown in Fig. 7. The shear s and the horizontal normal 

stress p, are evaluated by Hqs. (19) and (20) in which m expresses the slope of the 

downstream edge of the buttress, w,,. the masonry weight as previously explained, 

and z the distance from the downstream edge of the buttress to the point being 

analyzed. 

, lh age 
= m(pa) + (pa’ — Mk — Wm)e — 5 k’2? (19) a” | 

Dy = Mpa) + m2pq — mk — Wie + = pa’ — 2mk’ —wyi)2? — = kz" (20) 





SECTION 14 

ARCH DAMS 

By Ivan E. Houxk anp Roman P. WENGLER 

An arch dam is a curved dam that carries a major part of its water load horizontally 

to the abutments by arch action, the part so carried being primarily dependent on 

the amount of curvature. Massive masonry dams, slightly curved, are usually con- 

sidered as gravity dams, although some parts of the loads may be carried by arch 

action. Many early arch dams were built of rubble, ashlar, or cyclopean masonry. 

However, practically all arch dams constructed during recent years have been built 

of concrete. 

Arch principles have been used in bridges and buildings since about 2000 B.c. 

Apparently, Pontalto Dam, built in Austria in 1611 a.p., was the first arch dam 

recorded in engineering history.! The 64-ft Bear Valley Dam, built in the San Ber- 

nardino Mountains of southern California in 1883, was the first arch dam constructed 

in America. It was followed by the 95-ft Sweetwater Dam, in 1888, and the 88-ft 

Upper Otay Dam, in 1900, both built near San Diego, Calif. Lake Cheesman Dam, 

a 236-ft curved gravity dam constructed near Denver, Colo., in 1904, was the first 

high dam for which a careful attempt was made to analyze arch action. Since 1904, 

many arch dams have been built in the United States and abroad. 

ARCH-DAM TYPES 

Arch dams are usually classified on the basis of thickness, symmetry with respect 

to the crown section, or characteristics of extrados and intrados curves. For instance, 

they may be referred to as constant-thickness, variable-thickness, symmetrical-arch, 

nonsymmetrical-arch, single-arch, compound-arch, constant-radius, single-curvature, 

double-curvature, or variable-radius types, or by other more or less self-explanatory 

designations. Typical examples of actual designs are given later. 

1. Constant-radius Dams. A constant-radius arch dam generally has a vertical 

upstream face. However, an unusually high structure, such as Hoover Dam, may 

have extrados curves of gradually increasing radii in the lower part of the canyon, 

to provide a vertical batter near the base of the higher cross sections. Intrados curves 

may be concentric or nonconcentric with reference to extrados curves. They usually 

have decreasing radii as the depth below the crest increases, to provide the increased 

thickness needed for the higher reservoir pressures. Constant-radius arch types are 

particularly adapted to U-shaped canyons, where relatively large proportions of the 

water load at the lower elevations are carried by cantilever action. 

2. Variable-radius Dams. A variable-radius arch dam, also known as a constant- 

angle arch dam, usually has extrados and intrados curves of gradually decreasing 

radii as the depth below the crest increases.?_ This is to keep the central angle as large 

and as nearly constant as possible, so as to secure maximum arch efficiency at all 

elevations. Variable-radius arch dams are often also doubly curved, that is, curved 

1 Noprzut, Frep A., Pontalto and Madruzza Arch Dams, Western Construction News, Apr. 10, 1932, 

pp. 451-452. 
2 JonGENSEN, Lars R., The Constant-angle Arch Dam, Trans. ASCH, 78, 685-733, 1915. 
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in both the horizontal and vertical planes. The resulting overhangs are generally 

upstream near the foundation contact and downstream in the upper central part of 

the dam. The dead-load bending stresses in the cantilevers thereby tend to counter- 

act the water-load bending stresses. The variable-radius type of arch dam is fre- 

quently adapted to narrow V-shaped canyons. 

GENERAL THEORY OF ARCH DAMS 

The general theory of arch dams now used in design constitutes a comparatively 

recent development in engineering science. The mathematical principles, laws of 

mechanics, and theories of elasticity involved in an arch-dam analysis have been 

known for many years. Summarized arch-dam formulas are given later. This 

section is confined to the general theory of arch-dam action. 

3. Arch Action Only. Many arch dams have been designed on the theory that all 

horizontal water loads are carried horizontally to the abutments by arch action and 

that only the dead-load weights, plus the vertical water loads in the case of a sloping 

upstream face, are carried vertically to the foundations by cantilever action. In 

some of the earlier designs, arch thicknesses were determined by the unreliable thin- 

cylinder formula t = RP/S, where ¢ is the thickness of the arch, R the radius of the 

upstream face, P the water load, and S the allowable concrete stress. In other cases, 

thicknesses were determined by analyses of elastic arches, formulas being used such 

as those developed by the late Wiliam Cain.! 

Designs that ignore centilever action can seldom be considered wholly satisfactory. 

The vertical cantilevers that make up the dam are restrained at the foundation. They 

must bend until their deflected positions coincide with the deflected positions of the 

arch elements. Since the cantilever bending can be produced only by the transfer 

of water load through the cantilever elements to the foundation, the theory that the 

entire water load is earried horizontally to the abutments by arch action is obviously 
incorrect. 

4. Cantilever and Arch Action. The most commonly accepted method of analyz- 

ing arch dams assumes that the horizontal water load is divided between the arches 

and cantilevers so that the calculated arch and cantilever deflections are equal at all 

conjugate points in all parts of the structure. During the development of this method 

and for many years thereafter, the load distribution required to satisfy this criterion 

was determined by trial. Consequently, the method was called the trial-load method. 

At the present time, the load distribution is often obtained directly through the use of 

flexibility matrices and computers. However, the analysis is still generally called the 

trial-load method. After the load distribution between arches and cantilevers is 

found, whether by trial or directly, the stresses of the arches and cantilevers are sub- 

sequently calculated and are considered to be the true stresses in the dam. 

The first analyses are usually made on the theory that any element can move in a 

radial direction without being restrained by adjacent elements and without being 

subjected to tangential or twisting deformations. Since this theory is inaccurate, 

the discrepancies must be corrected by subsequent trial-load adjustments which make 

adequate allowances for tangential shear and twist effects. 

The cantilever elements are assumed to be fixed at the foundation and the arch 

elements fixed at the abutments. However, the rock formations may be moved by 

loads transferred through the dam and by direct reservoir pressures. Although foun- 

dation and abutment materials are probably never uniformly elastic, owing to the 

presence of cracks, fissures, faults, and bedding planes, their movements may be 

roughly calculated by elastic formulas and included in the analyses of arch and canti- 

‘Cary, WiuxtAm, The Circular Arch under Normal Loads, Trans. ASCE, 85, 233-283, 1922. 
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lever deflections. Since the dam is curved, the cantilever elements are vertical 

slices, bounded by vertical radial planes. Arch elements are horizontal slices, with 

constant vertical thicknesses from abutment to abutment. 

5. Basic Assumptions. The basic assumptions usually made in designing arch 

dams may be briefly listed as follows:! 

1. The foundation and abutment rock is homogeneous, isotropic, and uniformly 

elastic. 

2. The concrete is homogeneous, isotropic, and uniformly elastic. 

3. The stresses are well within the elastic limit, and Hooke’s law applies. 

4. Stresses vary as a straight line between the upstream and downstream faces of 

the dam in both arch and cantilever elements. 

5. Plane surfaces in the unloaded structure remain plane after the load is applied. 

6. Temperature changes in the arches vary with the horizontal thickness but are 

constant throughout each element. 

7. Temperature strains and stresses are proportional to temperature changes. 

8. Effects of flow of concrete and rock materials may be neglected. 

9. Tension stresses are relieved by cracking, so that all loads are carried by com- 

pressive and shearing stresses in the uncracked portions of the dam. 

10. Radial construction joints are grouted or open slots filled, so that the dam acts 

as a monolith. 

11. Vertical shrinkage is completed before the joints are grouted or the slots filled, 

so that no loads are transferred laterally by vertical arching. 

LOADS ON ARCH DAMS 

Loads on arch dams are essentially the same as loads on gravity dams, except that 

temperature changes, which usually are not important considerations in straight dams, 

-ause Important deflections and stresses in curved dams. The principal dead load is 

the concrete weight. The principal live load is the reservoir water pressure. Addi- 

tional loads may be imposed by tail-water pressure, uplift pressure, upward water 

pressure under overhanging sections, deposition of silt on sloping faces, presence of 

silt in flood flows, and formation of ice surfaces. Earthquake accelerations cause 

momentary changes in water pressure and an additional live load due to the inertia 

of the concrete. 

The general subject of forces on dams is treated in Secs. 11 and 12. Discussions 

presented here are confined to additional considerations required in designing arch 

dams. 

6. Uplift Pressure. Uplift pressure seldom has an important bearing on the 

safety of anarch dam. If no cracking occurs, it can be neglected. If cracking occurs, 

uplift pressure in the cracks causes increases in downstream deflections, changes in 

load distribution, and increases in maximum compressive stresses in both arch and 

cantilever elements. Uplift in horizontal cantilever cracks usually has a greater 

effect on stress conditions than uplift pressure in vertical arch cracks.? 

7. Ice Pressure. Ice pressure causes a continuous concentrated load along the 

arch element at the elevation of the ice. This load is carried partly by arch action and 

partly by cantilever action. The actual distribution can be determined by a trial-load 

analysis. The transference of ice loads to the foundation and abutments can be 

facilitated by placing vertical reinforcing at the faces of the dam. Concentration of 

1 Houk, Ivan E., and Kennetu B. Keener, Masonry Dams—Basic Design Assumptions, Trans. 

ASCE, 106, 1115-1130, 1941. 
2 Houk, Ivan E., Uplift Pressure in Gravity Dams, Western Construction News, July 25, 1930, 

pp. 344-349. 
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reinforcing at the downstream face, along the elevation of the ice, increases the pro- 

portion of ice load carried by arch action. 

8. Temperature Loads. Temperature changes cause internal forces that move 

the dam upstream during the summer and downstream during the winter, the former 

condition working against the reservoir load and the latter with it. Consequently 

the winter condition is usually the more important in the stress analysis. 

Since zero temperature stresses occur at the time of closing the arches, the closures 

should be made after the setting heat has been developed and dissipated. Most high 

arch dams are now cooled artificially with refrigerated-pipe cooling. This generally 

allows the designer to make closure by grouting the contraction joints at the opportune 

time. Unless the concrete is artificially cooled,! it may be necessary to include some 

of the setting-heat effects in analyzing temperature stresses.” 

25 T 

nN oO 

or 

So 

on 4 

Temperature drop, degrees F. 

S 

S) 20 40 60 80 100 120 40 160 180 
Arch thickness, feet 

Fia. 1. Maximum drop in average concrete temperature, below mean annual. 

If closure can be deferred until the setting heat has been fully developed and com- 

pletely dissipated, the designer may assume that the temperature changes to be con- 

sidered in the arch analyses will be the reductions from mean annual to minimum 

concrete temperatures expected during full reservoir load. Figure 1 shows the maxi- 

mum drop in average concrete temperature, below mean annual, which may occur in 

arches of different thickness. This curve is based on actual observations. It was 

drawn so as to be well above the average of all actual measurements. 

STRESS DISTRIBUTION IN ARCH DAMS 

The distribution of stress in an arch dam varies with the horizontal curvature, 

shape of vertical cross sections, general dimensions of the structure, and uniformity of 

canyon profile. Pronounced humps in the rock surface cause stress concentrations 

in adjoining concrete, sometimes resulting in the formation of diagonal cracks. Maxi- 

mum cantilever stresses often occur at such humps, even though the elevations are 

appreciably higher than the base of the maximum cross section. 

9. Cantilever Stresses. Maximum cantilever stresses in arch dams, built at sites 

free from pronounced irregularities, usually occur at the base of the highest cantilever. 

During full reservoir load, maximum compressive stresses usually occur at the down- 

stream edge of the base, but may occur at the upstream edge in comparatively high 

1 SreeLe, Byram W., Cooling Boulder Dam Concrete, Eng. News-Record, 133, 451-455, 1934. 

*Houk, Ivan E., Setting Heat and Concrete Temperature, Western Construction News, Aug. 10, 
1931, pp. 411-415. 
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and thick dams provided with an upstream batter. Tension often occurs at the 

upstream edge of the base in relatively thin arch dams and at the downstream face in 

the upper central portion of the dam. 

10. Arch Stresses. Arch stresses in the central and upper portions of arch dams 

are commonly higher than in the lower portions. Maximum arch stresses usually 

occur at the crown and abutment sections. At the crown section, relatively high 

compressive stresses usually occur at the upstream face of the dam and relatively low 

compressive or tension stresses at the downstream face. At the abutment sections, 

stress conditions are usually reversed in accordance with the change in moment sign 

which generally takes place near the quarter points. Stress conditions at the abut- 

ments may be somewhat different in the top arches of long thin dams, owing to the 

upstream deflections that sometimes occur near such locations. Shearing stresses at 

the crown section are zero in symmetrical arches symmetrically loaded. 

11. Principal Stresses. Major principal stresses along the contact between con- 

crete and rock usually act in planes approximately horizontal at the top of the dam, 

practically vertical at the base of the maximum cross section, and at gradually 

varying inclinations along the intervening parts of the profile. The principal stresses 

for water load only are shown in Fig. 2 for Mossyrock Dam. Mossyrock Dam is 

a 606-ft-high variable-radius dam located on the Cowlitz River in Washington. 

These stresses were obtained by trial-load analysis including tangential and twist 

adjustments. 

12. Stress Examples. Figure 3 shows the stress distribution in Seminoe Dam, 

central Wyoming, under full reservoir load combined with horizontal earthquake 

accelerations, construction joints grouted at concrete temperatures 5 deg below mean 

annual being assumed. Seminoe Dam is a 261-ft constant-radius arch dam, located on 

the Kendrick Irrigation Project. 

Figure 4 shows the stress distribution in Stewart Mountain Dam, central Arizona, 

determined by a trial-load analysis for maximum flood conditions, the arch elements 

being assumed closed at mean annual concrete temperatures. Stewart Mountain 

Dam is a 212-ft variable-radius arch dam, located on the Salt River Valley Irrigation 

Project. This dam was designed for a maximum stress of 650 psi, the full water load 

being assumed to be carried by the arch elements. 

Figure 5 shows the dead load, water load, and temperature stress distribution for 

Mossyrock Dam. The dam was designed for a maximum concrete stress of 1,200 

psi. 

DESIGN OF ARCH DAMS 

The design of an arch dam is a cut-and-try problem. Preliminary plans must be 

prepared, stresses analyzed, and costs compiled. The best design will have the stresses 

as uniformly distributed as possible, tension stresses as low as possible, maximum 

compressive and shear stresses kept within allowable limits, and the total cost of the 

structure held to a minimum. ‘The following sections briefly discuss technical prob- 

lems involved in determining the best design.! Details of structural features and 

construction methods are not considered. 

13. Allowable Stresses. Stresses in arch dams analyzed by trial-load methods, 

on the assumption of a straight-line distribution of stress, should not exceed one-fourth 

of the mass concrete strength at 1 year as determined on 18- by 36-in. cylinders or 

from correlation with 6- by 12-in. cylinders. Increases up to 33 percent may be per- 

missible, momentarily, during intense earthquake shocks. However, decreases of 25 

to 35 percent should be made if the dam is analyzed by approximate methods, such as 

1 Houk, Ivan E., Technical Design of High Masonry Dams, Engineer, Aug. 4, 1933, pp. 105-106; 

Aug. 11, 1933, pp. 128-130. 
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DESIGN OF ARCH DAMS 14-11 

placing the full water load on the arch elements or bringing the arch and cantilever 

deflections into agreement at the crown section only. 

Ordinarily, vertical tension at the upstream face may be as high as 100 psi without 

analyzing secondary cantilevers, when the corresponding compression at the down- 

stream face does not exceed 500 psi. Horizontal tension at the upstream face may be 

as much as one-third the corresponding compression at the downstream face without 

analyzing secondary arches, when the sum of the tension and compression does not 

exceed 600 psi. 

14. Maximum Stresses. Table 1 gives maximum arch, cantilever, and principal 

stresses in some arch dams recently designed or analyzed by trial-load methods. 

Effects of tangential shear and twist action were included in all cases except Gibson 

Dam. Effects of rock deformations were considered in all cases. 

15. Constants Needed in Analyses. Table 2 gives general values of constants 

needed in analyzing arch dams. These values may be used in preliminary studies 

where more accurate information is not available. They should be replaced by data 

based on field and laboratory measurements before adopting final designs. Tabulated 

values of modulus of elasticity are for sustained load conditions. Great accuracy in 

determining elastic properties of canyon rock is not necessary since effects of foun- 

dation and abutment movements are of asecondary nature. The modulus of elasticity 

for direct stress may be assumed to be the same for tension and compression, for both 

rock and concrete materials. The modulus for shear can be computed by the formula 

E, = E/2(1 + »), where p is Poisson’s ratio, # the modulus for direct stress, and FE, 

the modulus for shear. 

TABLE 2. Constants NEEDED IN ANALYZING ARCH Dams 

Constant Material Values Units 

Wielehersavuraeds weceyicecr. mice ace sry ave etenee wrenyeiers Concrete 150 lb per cu ft 

Wrerolrtaasa tUraued wncnnrdesginre grees eras cae Gmsien Silt 110-120 Ib per cu ft 

IWreiolvinsaturaved seiaancrtemecurt cscs ta eectc tare nmemameaneres Sand 110-120 Ib per cu ft 

Temperature coefficient... 60... c8sce.e0 +++. 20-4) Concrete 0.0000040-60 | ft per ft per deg F 

POISSOTL SUA LIC seminomas re rtionmiech aim caeaene rs eote as aces clara are ae Concrete 0.15-0.22 

POISSON Bera tLON esis eee crete nee. Hse atecons wi ocean ewe rcs, Seen Rock 0.10-0.30 

AVE OCU USTOise lAStLCTU Vrs e dune ase ce) ocean secuneie need, toien sae Concrete 2-3.0 million | psi 

Mio cultisnotmelasintcltyicrnent vr. eter tere e G ysueia tarncrerarea cae Limestone 1-2 million psi 

MWirodulttssotgelastlelu vans eric scant nsec cesn earns etiet as Granite 2-4 million psi 

Modulustotielasticity-iac mieten icnises cherie et Sandstone} 1-1.5 million | psi 

16. Preliminary Plans. In preparing preliminary plans for an arch dam, the 

engineer should study designs adopted for similar sites, where dimensions and curva- 

ture were accurately determined by trial-load analyses. Published descriptions of 

constructed dams and data are helpful in preliminary investigations. In order to 

avoid high-tension stresses at the reservoir face and to secure maximum arch efficiency, 

central angles should be as large as possible. Theoretical considerations, based on the 

thin-cylinder formula, show that a central angle of 183°34’ is most advantageous from 

the viewpoint of economy.! However, practical considerations, together with 

topographical conditions, usually prevent the adoption of such angles for the lower 

arch elements. 

The extrados and intrados curves should be located so that the ends of the arches 

converge in a downstream direction. Otherwise radial buttresses at the abutments 

1 JORGENSEN, op. cit., p. 689. 
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may be needed to carry the loads transferred horizontally by radial shear. Such 

buttresses are often necessary where arch elements abut against gravity tangents. 

Radial arch ends are most desirable; but smaller amounts of convergence usually 

suffice where radial construction requires excessive excavation, as in large thick dams. 

Top widths of arch dams are usually made constant from abutment to abutment. 

Arch thicknesses at lower elevations may be constant or may increase toward the 

abutments, depending on stress conditions. Abutment thickening should be warped 

between adjacent arch elements, so as to avoid undesirable appearances at the down- 

stream face. 

The ratio of length to thickness at the top of the dam should not exceed about 60. 

Usually the ratio will be smaller, owing to the desirability of stiffening the upper part 

of the structure or the necessity for providing a roadway along the top. Consider- 

ations of slenderness ratio are not important at the lower arches. The additional 

thicknesses needed from the stress viewpoint, together with the reduced widths of 

the canyon, will reduce the ratio to satisfactory values. Furthermore, the restraining 

effect of the cantilevers on the bending of the arch elements increases as the depth 

below the top increases. 

17. Foundations and Abutments. Depths of required excavation must be esti- 

mated in determining dimensions for preliminary analyses. Sometimes humps in rock 

profiles, which may cause stress concentrations, can be removed in preparing rock 

surfaces. Sometimes deep holes, or relatively narrow gorges, can be plugged with 

concrete and treated as parts of the foundation instead of parts of the dam. Exca- 

vated surfaces should be gradually warped between adjacent elevations, pronounced 

stepping along abutment planes being avoided. Adequate grouting and draining 

should always be specified. Geological conditions at the dam site should be approved 

by competent foundation experts before proceeding with detailed designs. 

ANALYSES OF PRELIMINARY PLANS 

Analyses of preliminary plans for arch dams are usually made for full reservoir 

load plus maximum temperature drop. Analyses for other loads, which seldom 

require major changes in dimensions, can be made after general designs are tentatively 

adopted. Analyses of preliminary plans may be made by the following methods: 

1. Assigning full horizontal loads to arch elements. 

2. Dividing horizontal loads between arch and cantilever elements on the basis of a 

radial adjustment of deflections at the crown section. 

3. Dividing horizontal loads between arch and cantilever elements on the basis of 

radial adjustments at several vertical sections. 

The method to be used in a particular case depends on the shape of the canyon 

and the type, height, and importance of the structure. If the rock profile contains 

pronounced irregularities, or the shape of the canyon is not symmetrical, the analyses 

should be made by the trial-load method, listed as 3, regardless of the size of the dam. 

If the canyon is V-shaped, with comparatively uniform sides, and the dam of nominal 

size and importance, the second method may suffice. If the canyon is relatively 

regular and narrow, and the dam of low height, so that a symmetrical thin arch 

structure with large central angles can be adopted, the first method may be sufficient. 

However, with high-speed computers the time required to use method 2 is negligible, 

and the costs have been reduced sufficiently so that the first method is seldom used. 

18. Full Load on Arches. Formulas for analyzing circular arches of constant 

thickness, under uniform radial loads, have been developed by various engineers. The 

studies made by William Cain were especially noteworthy.! Slightly modified forms 

1 Carn, loc. cit. 
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of Cain’s equations for thrust and moment at the crown and abutment sections, due 

to uniform water loads, are as follows: 

9 

Thrust at crown, Hy = pr - 7 29 sin @ cr 6D 

Moment at crown, My = —(pr — Ho)r (1 — a 2) (2) 

Thrust at abutments, H, = pr — (pr — Ho) cos (3) 

Moment at abutments, M, = r(pr — Ho) (24 cos ) (4) 

In the preceding formulas, 7 is the radius to the center line of the arch, p the normal 

radial pressure at the center line, ¢ the horizontal arch thickness, and ¢ the angle 

between the crown and abutment radii. The center-line pressure p is the extrados 

~~! Center of 
curvature 

Fia. 6. Constant-thickness circular arch, fixed at abutments. 

pressure times the ratio of the upstream radius to the center-line radius (see Fig. 6). 

If shear is neglected, values of D are given by the equation 

We sin 29 : i 

D= (1+) e(o+™ 5) — 2sinty oe 
In order to simplify the formulas for crown thrust, D has been used in Eqs. (1) and (8), 

in lieu of the lengthy right-hand part of Eq. (5), which appears in the original formulas. 

When shear is included, D is replaced by D,, the value of which is given by 

t? sin 29 is } t sin 29 : 
D, = (1 ae i) e(¢ ae 9 ) Ses OG Dito eats A010) 122 e( = ne) (6) 

Thrusts and moments having been calculated, intrados and extrados stresses may 

be found by the usual formula 

S=—i— (7) 
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More complicated formulas, referred to the neutral axis, with water pressures 

referred to the extrados, were later developed by Cain.! Frederick Hall Fowler, 

using Cain’s formulas as a basis, worked out diagrams from which intrados and 

extrados stresses at the crown and abutment sections may be easily obtained for 

different values of central angle and ratio of thickness to radius.? Philip Cravitz 

later prepared similar diagrams which included effects of abutment deformations.* 

For temperature loads, Cain’s equations, shear being neglected, are as follows: 

_ 2esin ¢ EtcT 

Hy D ie (8) 

WWD, = idee (1 - = *) (9) 

H, = Hy cos ¢ (10) 

M, = Hor vers ¢ — Mo (11) 

In the preceding formulas, Fis the modulus of elasticity, c the coefficient of thermal 

expansion, and 7’ the change in concrete temperature. Other quantities are the same 

as before. In the preceding equations, the moment of inertia J has been replaced by 

the quantity (8/12 which applies to rectangular sections. Formulas for temperature 

thrusts and moments, including shear, are given in the subsequent section on arch 

analyses. 

19. Radial Adjustment at Crown. In analyzing an arch dam by dividing hori- 

zontal loads between arch and cantilever elements on the basis of a radial deflection 

adjustment at the crown section, formulas for cantilever and arch deflections are 

needed. Since such methods assume the partial water loads on the arch elements to be 

constant from abutment to abutment, Cain’s arch equations may be used. His crown 

deflection equations for constant thickness, circular arches, shghtly modified, are as 

follows: 

Water-load deflection, A= ae (12) 

Temperature deflection, A =crTC (13) 

In these equations, P is the normal radial pressure at the extrados, FR, the radius 

of the extrados, and C a coefficient depending on 7, t, and ¢, previously defined. If 

shear is neglected, C is given by the formula 

C= (eg — sin ¢)(1 — cos ¢) 
( sin ©) 1 — cos 29 
e+ aT Yomgt Me Bad Petey > = EAC t? 

When shear is included, C is replaced by C., the value of which is given by the 

formula 

(14) 

ie ‘ v é 
(1 — cos ¢) [Qa oF i) © — sin ¢) +5 (¢ + sin e) | 

2 sin 2 1 — cos 29 ie sin 29 

(2 Sita) (eae) = Ge te ae) 
Figure 7 shows values of C; for different values of » and the ratio ¢/r.! 

‘Cary, WixuiAM, Discussion of Stresses in Thick Arches of Dams by B. F. Jakobsen, Trans. ASCE, 
90, 522-547, 1927. 

* Fowuer, F. H., A Graphic Method for Determining the Stresses in Circular Arches under Normal 
Loads by the Cain Formulas, Trans. ASCE, 92, 1512-1560, 1928. 

3’ Cravitz, Purirp, Analyses of Thick Arch Dams, including Abutment Yield, Trans. ASCE, 101 
501-523, 1936. 

‘Hou, Ivan E., Arch Deflections and Temperature Stresses in Curved Dams, No. II, Engineer, 
Apr. 9, 1937, pp. 414, 415. 

C, = (15) 

> 
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Cantilever forces, moments, deflections, and stresses may be calculated by methods 

described in the subsequent section on cantilever analyses. If the dam is rela- 

tively thin, cantilevers may be considered as vertical slices with parallel sides 1 ft 

apart. However, they generally should be considered as vertical slices with radial 

sides 1 ft apart at the upstream face or at a circular vertical plane passing through 

the upstream edge of the top, herein referred to as the axis of the dam. Analyses of 

cracked cantilevers seldom are necessary in preliminary studies. 

2.0 : — 
Hr=0 

8 ffp 70.021. 
92 

LA 0) aad 

F x Q 
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L | xi a a 
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< == 2 a ee | ple AX OY ia 
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One-half central angle ) 
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ae Water load deflection EF 

; Cy= see I2r a) (¢- sind)+ gr (+sind)] (See Trans | 
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(+ imp T)(o+83 i: | ge)+ Ee 2 Vol LXXXV.p.270) 
Neca Ae ec ere, Us Nee CAA AO 

20 30 40 50 60 10 80 =. 90 
One-half central angle ,degrees, ¢ 

Fig. 7. Values of @,, Eq. (15). 

In determining the water-load distribution, temperature deflections must be added 

to water-load deflections in the case of the arch elements, but not in the case of the 

cantilever elements. The load distribution having been determined, arch stresses 

may be obtained from the Fowler or Cravitz diagrams. Arch stresses due to tem- 

perature changes may be calculated by formula (7), after thrusts and moments have 

been computed by Eqs. (8) to (11). 

20. Radial Adjustment at Several Sections. In analyzing an arch dam by adjust- 

ing radial deflections at several vertical sections the division of the water load between 

the different horizontal and vertical elements can be done by trial and error or directly 

by use of simultaneous equations. Arch and cantilever stresses are then computed for 

the final load distribution. The analysis of five or six arch elements and an equal 

number of cantilever elements usually is suflicient in preliminary studies. 
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Cantilever elements may be analyzed by methods given later. Arch elements must 

be analyzed by more complicated methods than those given aboye, for the loads are not 

constant along the extrados curves. In preliminary trial-load calculations, arch 

elements may be analyzed by the voussoir summation process! or by theoretical for- 

mulas given in the subsequent section on arch analyses. In relatively thick dams, 

arch analyses should include radial shear effects. Effects of tangential shear, twist, 

rock deformations, and other secondary influences usually may be omitted in pre- 

liminary trial-load computations. 

ANALYSES OF ADOPTED PLANS 

General plans of arch dams, adopted on the basis of preliminary investigations, 

should be reanalyzed by detailed trial-load methods, including all important secondary 

effects. Necessary alterations in dimensions or curvature can then be made before 

beginning construction. Final analyses should consider all possible load conditions, 

including earthquake shocks, ice forces, silt pressures, maximum flood stages, and 

maximum temperature increases, as well as normal full reservoir loads plus maximum 

temperature reductions. However, special load conditions generally may be analyzed 

on the basis of radial adjustments of deflections. One complete analysis, including 

effects of tangential shear and twist action, usually is adequate. Repeated trial-load 

studies have shown that such effects for the same dam under different conditions of 

loading are of the same sign and very similar magnitude, unless the change in applied 

loads is sufficient to change the direction of the deflections, as may sometimes be 

true in the case of using maximum temperature increases instead of maximum tem- 

perature reductions. The consideration of eight or ten arch elements and an equal 

number of cantilever elements usually is sufficient in the final analyses. 

Radial shear buttresses at the ends of the arched section, if needed, are analyzed 

by methods used for gravity dams. NJadial shear forces are added to direct water 

pressures and are assumed to decrease uniformly from maximum values at the edge 

of the buttress, adjoining the arched section, to zero at the opposite edge. 

THE TRIAL-LOAD METHOD 

The development of the trial-load method was begun by the Bureau of Reclamation 

in 1923, about the time a similar method was being investigated in Europe.* The 

Bureau’s first use of the method included effects of thrust, moment, and temperature 

in the arch analyses and thrust, moment, and horizontal radial shear in the cantilever 

elements. ‘The first analyses brought the deflections into adjustment in the radial 

direction only. The next step in the development was the inclusion of radial shear 

effects in the arch calculations. Since that time the method has been gradually 

amplified; so that now effects of rock deformations, tangential shear, twist action, and 

other secondary considerations may be included whenever necessary. The introduc- 

tion of tangential shear and twist effects requires adjustments of deflections in cir- 

cumferential and angular directions as well as in radial directions.4 

21. Rock Movements. Considerations of rock movements and their effects on the 

action of arch dams may be based on approximate formulas.® If the ends of the arch 

elements are vertical, and the bases of the cantilever elements horizontal, rock rota- 

1 Howett, C. H., and A. C. Jaquitu, Analysis of Arch Dams by the Trial Load Method, Trans. 
ASCE, 93, 1191-1316, 1929. 

2 Tbid. 

3 Srucky, ALrreD, Study of Arch Dams, Bull. Tech. Suisse Romande, Lausanne, 1922. 
4 Houk, Ivan E., Trial Load Analyses of Curved Concrete Dams, Engineer, July 5, 1935, pp. 2-5. 
> VoctT, Freprik, Ueber die Berechnung der Fundamentdeformation, Det Norske Videnskaps- 

Akademi, 1925. 
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tions and deflections of elements with parallel sides 1 ft apart may be calculated by 

the following equations: 

Rotation due to moment, a = ae (16) 

Deflection due to thrust, p’ = ae (17) 

Deflection due to shear, y= oe (18) 

Rotation due to twist, Y= tt (19) 

Rotation due to shear, of = et (20) 

Deflection due to moment, i ae (21) 

In the preceding equations, M7 and V are the arch and cantilever moments and 

shears, H the arch thrust, 4/7; the cantilever twisting moment, #, the elastic modulus 

of the rock, ¢ the radial thickness of the element, and Ky, Ko, K3, Ay, and K;, constants 

depending on Poisson’s ratio and the ratio of the average length of the dam 6 to the 

average width a. Table 3 gives values of A constants for a Poisson’s ratio of 0.20 

and different values of b/a. 

Equations (16), (18), (20), and (21) give movements at the ends of the arch and 

cantilever elements. Equation (17) gives horizontal movements caused by arch 

thrusts. Vertical movements at cantilever bases and twist mevements at arch 

abutments are not needed. Hquation (19) gives twist movements at cantilever bases. 

Rotations and deflections given by Eqs. (20) and (21) are of a secondary nature and 

relatively unimportant. 

Tasie 3. VaLures or K Constants IN Kas. (16) To (21), For PoIsson’s 

Ratio = 0.20 

Values of K 

Values of b/a 

Ki Ke K3 Ks Ks 

1.0 gy32 0.62 1.02 4.65 0.345 

lees) 4.6 0.78 123: 4.86 0.413 

2.0 4.84 0.91 1.39 5.18 0.458 

3.0 5.04 1.10 1.60 5.64 0.515 

4.0 (ea ks} PS Were 5.90 0.550 

5.0 bee2 SEX) 1.89 6.08 0.574 

6.0 Siete 1.47 2.00 6.20 0.592 

8.0 Seow 1.63 ay ily 6.37 0.614 

10.0 5.36 sts) ato 6.46 0.630 

15.0 5.41 1.98 2.55 6.59 0.653 

20.0 5.43 2.16 2.72 6.66 0.668 

If pounds, feet, and radians are used as dimensional units, calculated deflections 

and rotations are feet and radians, respectively. Further discussions of rock move- 
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ments in trial-load analyses are given in subsequent sections on cantilever and arch 

analyses. 

CANTILEVER ANALYSES 

In cantilever analyses, the vertical elements are divided into sections by horizontal 

planes at small increments of height, as shown in Fig. 8. Total loads, shears, and 

moments, acting on the horizontal planes, are then summated from the top downward 

to the foundation; and slopes of neutral axis, moment deflections, and shear deflec- 

tions are summated from the foundation upward to the top, rock deformations being 

inserted as initial movements in beginning the upward summations. Radial deflec- 

tions at assumed horizontal planes are then found by adding moment and shear 

deflections. 

Reservoir surface- ylop of dam 

Secnons 
- 4—- gnalyzed 

Base of dary 

Fia. 8. Vertical element of arch dam. 

In the following discussions, cantilevers with parallel sides, radial sides, and 

upstream cracking are treated from the viewpoint of radial loads. Effects of tan- 

gential shear and twist loads on uncracked elements with radial sides are then con- 

sidered separately. 

22. Cantilever with Parallel Sides. For an uncracked cantilever with parallel 

vertical sides, 1 ft apart, increments of concrete weight, vertical water loads on the 

upstream face, where sloped, horizontal water pressure, centers of gravity, shears, 

moments, and moments of inertia are easily calculated by usual methods. Slopes of the 

neutral axis, moment deflections, and shear deflections are then obtained by the follow- 

ing summation formulas: 

Slope of neutral axis, = = a’ +a!’ + > ae (22) 

Moment deflection, A, = ny (0 + at!” > et) an) Ah (23) 

Shear deflection, My = (7 fy + >» oe ah) (24) 

In these equations, M is the resultant bending moment, V the total horizontal 

shear in the radial direction, Ah the increment of height, dy a differential movement 

in the horizontal radial direction, #, the shearing modulus of elasticity, and K a con- 
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stant allowing for nonuniform distribution of shear, usually taken as 1.25. Other 

quantities are the same as in preceding sections. The moment of inertia J has been 

replaced by its equivalent (3/12. 

Vertical stresses at the faces of the dam may be computed by Eq. (7), the vertical 

force W being used instead of the horizontal thrust H. Inclined stresses at the edges 

of the cantilever, acting parallel to the slopes, and unit shearing stresses on horizontal 

and vertical planes at the edges of the cantilever may be calculated by the formulas 

Inclined stress, S; = S sec? a — p tan? a (25) 

Shearing stress, N = +(S — p) tana ( — at upstream face) (26) 

where S = vertical stress 

p = water pressure 

a = angle between the face of the dam and the vertical direction 

If the face of the dam is vertical, the shearing stress at the edge of the cantilever is zero. 

I 

xi te 
trec . < ~~” Downstream 
ne ass Ra face 

Fic. 9. Horizontal section of cantilever with radial sides. 

23. Cantilever with Radial Sides. Properties of an uncracked cantilever with 

radial sides 1 ft apart at the axis of the dam, as shown in Fig. 9, may be calculated by 

the following formulas: 

Area, A= (A) (27) 

Distance to center of gravity, = 5 Sse) (28) 

Moment of inertia, if - (es a) (29) 

Vertical stress at upstream face, Sy = e = ae (30) 

Vertical stress at downstream face, Sg = a + we - to) (31) 

In these equations f, is the upstream radius, Ra the downstream radius, FR, the 

radius to the axis, and W the total vertical load. Other quantities are the same as 

before. 

By using A, /,, and J in their proper places and increasing upstream widths to 

R,/R. before calculating water pressures, loads, moments, shears, slopes of neutral 

axis, and deflections may be determined by summation methods, as in the preceding 

section. Rock movements at the cantilever base should be multiplied by f./r before 

being included in the summations. 

24. Cracked Cantilevers. In analyzing cracked cantilevers as shown in Fig. 10, 

the depth of cracking may be calculated by the formula 

Re, . () ae eee ase 
Pewee Sea. ON 

Ra 2 Ra 
- (32) 

Le N A 
ees Dp) ae 

Ro a e (3) 
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In this equation, Ro is the radius to the upstream limit of the uncracked area, 

and e the distance from the center of gravity of the entire area to the location of the 

resultant. The equation is found by taking moments of the stress solid about the 

center of gravity. Values R, and Ra are known; J, is given by formula (28); and e is 

calculated by usual methods. These terms determine the fraction at the left of the 

equation. 

face iA a l 

pe 
— Downstream 

Bae LAL: Ri/p, face 

Cracked ~~ yy 
portion v3 

Gwe nhiew. 7 
section Gil, uncracked 

portion 

Fic. 10. Section of cracked cantilever. 

Probably the best way to use Eq. (82) is to plot a diagram showing values of the 

function at the right for different values of Ra/R». Calculated values of the fraction 

at the left may then be used to obtain Ra/Ro from the diagram. If Ra/Ro is less than 

Ra/R,, no cracking occurs. If Ra/Ro is greater than Ra/R,, the section is cracked. 

Having determined Ra/Ro, the uncracked thickness t’ may be obtained from the 

formula 

Ra 
hone (33) 
Re 

fe 

Equations for area A’, distance from the point of zero stress to the center of 

gravity /,’, and moment of inertia J’ for the uncracked part of the cross section may 

be obtained by substituting ¢’ for ¢ and fo for R, in Eqs. (27), (28), and (29). The 

moment of the redistributed forces about the new center of gravity and the vertical 

stress at the downstream face may be computed by the following formulas: 

4Ra Ra\ 
Ro Ro 

Moment, AWE? == ; (34) > 2 
Rip eue ae, (3) 

Ro Ro 

Vertical stress, Sa = S + a ie to) (35) 

Deflections may be computed by formulas given in preceding sections, by using 

t’, M’, I’, and other quantities pertaining to the uncracked portions of the cross 

sections. Rock movements should be multiplied by R./r’, before being included in 

the summations, 7’ being the radius to the center line of the uncracked area. 
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25. Tangential Shear Loads. Tangential shear loads, equal and opposite to cor- 

responding loads on the arch elements, are multiplied by r//,, to allow for the reduced 

width at the center line of a cantilever with radial sides, and are then applied along 

the center line. Shear loads are summated from the top downward to the foundation, 

and shear deflections, from the foundation upward to the top, as in the case of radial 

loads. 

Deflections are computed by the summation formula 

Ra, ae A, = —*y cS rgie ee (36) 

No correction factor is needed in the second term, for tangential shear is assumed 

to be uniformly distributed. 

26. Twist Loads. ‘Twist loads in foot-pounds per square foot, equal and opposite 

to corresponding loads on the arch elements, are multiplied by r//?, and applied at the 

center line. The loads act in horizontal planes, as in the case of radial and tangential 

shear loads. Loads are summated from the top down, and resulting angular deflec- 

tions from the foundation up, as before. 

Angular deflections are computed by the summation formula 

eee M, 

All quantities in the formula are the same as previously explained. The moment of 

inertia J is taken about the same axis as in the case of radial loads. Consequently, 

its value is determined by Iq. (29). The foundation rotation 5’ caused by the twisting 

moment M,is computed by liq. (19). 

The equations for cantilever analysis as developed above can be solved manually 

or can be readily programmed for the computer. 

ARCH ANALYSES 

Moments, forces, and movements of arch elements, caused by radial, tangential, 

twist, and temperature loads, may be analyzed by flexure formulas for curved canti- 

lever beams, amplified to allow for rib-shortening and transverse-shear effects. The 

method consists of cutting the loaded arch at the crown, introducing initial moments, 

thrusts, and shears to compensate for crown displacements, developing equations for 

crown movements for both parts of the arch, equating the two sets of formulas, and 

solving for crown forces. Equations for moments, thrusts, and shears may then be 

written in terms of crown forces, and moments, thrusts, and shears due to external 

loads. The moments, thrusts, and shears having been determined, stresses may be 

calculated by usual formulas. 

The basic theory of analyzing the arch is identical whether done manually or by 

computer. However, since there can be a considerable difference in technique, the 

following treatment is divided into two parts: manual method and computer method. 

Abutment movements, determined by Eqs. (16) to (21), may be inserted in the 

general deflection formulas. However, for the sake of simplicity, such movements are 

neglected in the following treatment. Temperature effects are discussed separately 

for the same reason. 

27. Notation. The following notation is used, all quantities being measured in 

horizontal planes: 

ll tie 

Ra 
- 

radius to upstream face 

radius to downstream face 

ll radius to center line 
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¢ = radial arch thickness 

A = area of radial cross section 

I = moment of inertia of radial cross section about axis along arch center line 

s = length along center line 

g = angle from arch point under consideration to any point on arch 

2 =rsin ¢ 

y =r vers ¢ 
¢a = angle from arch point where deflections are desired to abutment 

go = angle from arch point where deflections are desired to beginning of external 

load 

gi = angle from beginning of external load to abutment 

M = moment 

H = thrust 

V = shear 

P = intensity of external load 

E = modulus of elasticity of concrete in tension and compression 

E, = modulus of elasticity of concrete in shear 

uw = Poisson’s ratio 

K = constant to allow for nonuniform distribution of shear 

c = coefficient of thermal expansion of concrete 

T = temperature change, positive when rising 

6 = angular movement of arch center line 

Ar = radial deflection of arch center line 

As = tangential deflection along center line 

The subscript 0 means at the crown, a at the abutment, Z at the left of the crown, 

and # at the right of the crown. In the case of 7, H, and V, subscripts L or R mean 

that the moment, thrust, and shear are due to external loads on the left or right por- 

tions of the arch, respectively. 

If uw equals 0.20, and K 1.25, the ratio K/E, in some of the subsequent equations 

may be replaced by 3/E£. 

28. Signs. The convention of signs, shown in Fig. 11, is as follows: 

Positive moments cause compression at the extrados. 

gsitive forces ana momenfs ip 

rat Ry 
. SS ae OV 

adil ial ne re 

* Uniform tangential and twist loads are continuous along the arch 
and their directions are those for load on left part of arch 

Fic. 11. Direction of positive loads, forces, moments, and movements. 
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Positive thrusts cause compression. 

Positive shears produce positive moments on the section of the arch at the left in 

the case of the left part of the arch and positive moments at the right in the case of the 

right part, except Vo, which acts as shown in Fig. 11. 

Radial loads are positive when acting toward the arch center. Uniform tangential 

loads are positive when acting from left to right, in both parts of thearch. Triangular 

tangential loads are positive when acting from the abutments toward the crown. 

Uniform twist loads are positive when acting clockwise in both parts of the arch. 

Triangular twist loads are positive when acting clockwise in the left part and counter- 

clockwise in the right part. 

Positive moments, thrusts, and shears (M1, H1, V1, or Mr, Hr, Ve) due to external 

loads are in the same direction as the moments, thrusts, and shears of positive radial 

loads. Following this convention, moments, thrusts, and shears of all positive tri- 

angular loads are positive except thrusts of tangential loads, which are negative. 

Since the portion of the uniform tangential or twist load on the right part of the arch 

is applied in the same direction as the load on the left part, the Zr, Hr, and Vx of 

these loads will change sign. 

Positive radial deflections are upstream. 

Positive tangential deflections are toward the right. 

Positive angular movements are counterclockwise. 

MANUAL METHOD 

General formulas are given for a circular arch subjected to symmetrical or non- 

symmetrical loads. Special formulas for constant-thickness circular arches are then 

given for the terms that are functions of the arch properties, called arch constants; 

for the moments, thrusts, and shears due to external loads, called load formulas; and 

for the terms that are functions of both arch and load properties, called load constants. 

The formulas for load constants and for moments, thrusts, and shears due to external 

loads include equations needed in analyzing effects of uniform and triangular loads. 

The loads considered include tangential and twist loads as well as radialloads. Deflec- 

tions for symmetrical or nonsymmetrical nonuniform loads may be obtained by adding 

deflections for different combinations of uniform and triangular loads. 

Consider a differential element of length ds in the left part of an arch cut at the 

crown, as shown in Fig. 12. From mechanics, the equations for the arch movements 

jo al } 2") Mp 
> % = 

Abitment 

w 

Fig. 12. Left part of arch cut at crown. 
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at the crown, due to a moment, thrust, and shear acting on the element, are 

M ds 

AGeY, = eee ae ee ds nS a ds ay 

Gaeta ee eee Eee ds _ — ds ao 

The first term in Eqs. (39) and (40) gives the movement caused by bending; the 

second term, the movement caused by rib shortening; and the third term, the move- 

ment caused by shear. 

By integrating the preceding equations and using s to designate the total length 

along the center line from crown to abutment, the following equations are obtained 

for the left part of the arch: 

s M ds 

a= f, EI (41) 

ary = [SER [aes eames 4 peat es (42) 

eee Se a Me (43) 

Quantities 17, H, and V may be replaced by their equivalents in terms of moment, 

thrust, and shear at the crown (Jo, Ho, and Vo) and moment, thrust, and shear due 

to external loads between the differential element and the crown (M/;, H1, and Vz): 

M = M, + Avy + Vow — Mr (44) 

H = Hy, cos ¢ — Vosing + At (45) 

V = Aysing + Vo cos g — Vr (46) 

If these substitutions are made and the ratio A/E, replaced by 3/E, the following 

formulas are obtained: 

s ds sy ds sazds s My, ds 
= MM — r —_— — — DE ie ve Ne OR ta i EI ce) 

E sx ds S xy ds ‘sin eco vt Goes 
Are = Mo f EI + He( f EI - | +3 [ 7*") 

4 Vy Ce ds | [te pote 

-( [3 i ds + f° anes Bin tends oy +3 [occ (48) 

at sy ds sy? ds oes Seve 

Me foot Ser fp a tS ee) 
oes sazyds _ isin es vd sin wos od 

URE | ele ue) 
s My ds s Hy, cos ¢ ds *s oo sin ¢ ds 

if EI 4 EA abt EA ) Ee) 

If symbols are substituted for the multipliers of Mo, Ho, and Vo and for the terms 

depending on load, the preceding equations may be written 

Aso 

Ao = AiM, + BiH + CiVo =a dD, (50) 

Aro = CiM -|- BH, + CoVo = Dy (51) 

ASo = B\M B3H BoVo + D,; (52) 
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Similar equations for the right part of the arch may be developed in the same 

manner. In this case, the values of M, H, and V are 

M — Mo + Ay = Vox — Mr (53) 

H = H,cos¢+ Vosing + Ar (54) 

V = Hy sin ¢ — Vocos g — Ver (55) 

The resulting equations for the right part of the arch are 

60 = —A,’M, = B,'H, + Ci'Vo as Dy (56) 

Aro = Cy'M -- BH) acd C./Vo == IDyS" (57) 

Aso = Bi’M) + B3'Ho — Bo'Vy — D3’ (58) 

29. Crown Forces The moment, thrust, and shear at the crown, Mo, Hy, and Vo, 

may be obtained by equating the values of 60, Aro, and Aso for the two parts of the arch 

as given by formulas (50), (51), (52), (56), (57), and (58). The equations so derived 

are 

(A, ae A1’)Mo + (By oF By')Ho = (Cy — Ci) Vo = (D, + D,') (59) 

(Cy iat Cy')Mo + (By as Bo’) Ho + (C2 + C2') Vo = (D» a Dy") (60) 

(Bi 4- By )Mo (Bay - B3)) Hy CB — Bs) Vo = (Ds + Dy’) (61) 

If the quantities in parentheses are replaced by a, 6, c, and d, the equations may 

be written 
a,M = byIT a CiVo = dy (62) 

1M + belly + c2Vo = de (63) 
biM ala bsHo af beVo = ds (64) 

By solving Eqs. (62), (63), and (64) simultaneously and introducing an additional 

symbol Kk’, the following equations for Mfo, Ho, and Vo are obtained: 

1 
My = R [di(bsc2 — b2?) — d3(bic2 — cibe) — d2(bsc1 — bib2)] (65) 

1 
Hy = K! [—di(bic2 — beei) + d3(aicz — c12) + d2(bier — arbs)] (66) 

1 
Vo = K’ [—di(bsc1 — bib2) + d3(bic1 — aibe) + d2(aib; — bi?)] (67) 

The value of K’ is given by the equation 

K’ = ai(b3c2 aa b2?) om, bi(bice = Cib2) —= C1(b3¢1 is bibo) (68) 

In the case of a symmetrical arch, the preceding equations reduce to 

1 
M, —) K' (dibs; = d3b1) (69) 

1 
Hy = R’ (—dibi + d3ay) (70) 

— d» 
Vo = 7 (71) 

K’ = ayb3 — bj? (72) 

The functions included in the a, b, c, and d terms of Eqs. (62), (63), and (64) are 

given in Table 4. These are the quantities needed in determining the moment, 

thrust, and shear at the crown. In the case of the bs, c1, and dz terms, the signs of 

the quantities for the right part of the arch are negative, in accordance with the signs 

in Eqs. (59), (60), and (61). Consequently, the algebraic sums of the a, b, ¢, and d 

terms in Table 4 may be substituted directly in Eqs. (62) to (72). Evaluations of the 

integrals in Table 4 are given in subsequent sections. 
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Taste 4. Functions NEEDED IN DETERMINING CROWN FORCES 

Functions Functions 

Term ; tora 
Left part Right part Left part Right part 

a1 fa fa b S$ y2ds 8 y2ds 
o HI 0 El : EI 9 EI 

y ds 

EI 

fous 

0 

3 fr sin? ¢ ds 

0 nA 

fe Mz ds 

0 

f, at ds 

0 

; 8 8 yds 

; 0 0 EL 

i 8 x ds _ [S2ads 

, lo EI 0 BI 

8 xy ds 
be f, EI 

sin ¢ cos ¢ ds 

I EA 

8 cos? ¢ ds 

0 EA 

3 8 sin? ¢ ds 

0 EA 

S Mrds 

0 Et 

_ {% Mrzds 

0 EI 

Ssin ¢ cos ¢ds ap 

0 EBA 

3 hi sin oe cos se ds 

0 

sin ¢ cos ¢ ds 

LA 

Ss i 

0 

be 

or 
{i ds 

jh see ods 

0 

8 Hrsin ¢ ds 

0 EA 

sf. EEG 

0 

> (° Vrcos ¢ds 

2 0 EA 

—s << ds fa ae 

a f° tee" Eo 

s fp : = 

0 

fc aa “eee S Hreos ¢ds 

3 reer 3 8S Vrsin ¢ ds 

ee. lo GA 

30. Deflections. The deflections at any point on an arch may be obtained by 

considering the portion of the arch between the given point and the abutment as a 

curved cantilever beam. The desired movements are the sum of the movements due 

to the moment, thrust, and shear at the point and the movements due to the external 

load between the point and the abutment. Consequently, the movements may be 

calculated by the general formulas given in the preceding section. 

In calculating deflections at a point in the left part of the arch, the moment, thrust, 

and shear at the crown are first determined as previously explained. The moment, 

thrust, and shear at the point are then obtained from Eqs. (44), (45), and (46), by 

using formulas for 1/71, Hz, and Vz given in the subsequent section on load formulas. 

The deflections at the point are then obtained from Eqs. (47), (48), and (49), the radial 

section through the point being considered as a new crown section and the moment, 

thrust, and shear at the point being used as new values of Afo, Ho, andVo. Deflections 

at points in the right part of the arch may be determined by similar methods. 

31. Arch Constants. The quantities Aj, By, Bo, B3, Ci, and C2 in Eqs. (50), (51), 

and (52) and the similar quantities in Eqs. (56), (57), and (58) consist of integrals or 

groups of integrals which are functions of the arch properties. Consequently, they are 

designated arch constants. These constants are really deflections at a point due to a 

unit force or moment at the point. Their meanings may be briefly stated as follows: 

A, = angular movement due to a unit moment 

B, = angular movement due to a unit thrust, or the tangential deflection due to a 

unit moment 



MANUAL METHOD 14-27 

C, = angular movement due to a unit shear, or the radial deflection due to a unit 

moment 

B, = radial deflection due to a unit thrust, or the tangential deflection due to a 

unit shear 

Cy = radial deflection due to a unit shear 

B,; = tangential deflection due to a unit thrust 

If the arch has a constant thickness and the center line is used instead of the neutral 

axis, quantities J, s, ds, and A in Eqs. (47), (48), and (49) may be replaced by ¢3/12, 

ry, rdg, and t. Since # is a constant, the integrals of the arch constants, for either 

side of the arch, may then be evaluated and the constants determined by the following 

equations in which g, is the angle from the point where the deflections are desired to 

the abutment: 

Aj = EB [ea] 
(73) 

1272 9 
By = ae [¢a sin gq] (74) 

12r2 e Ci = ar [vers ¢a] 8) 
Ips sin? wg i Ba = paz | vers oo — | + 5 sin? oa (76) 

12r3 [ og — SIN Ge COS Ga r [ (va — SIN ga COS Ga) , 3(Ga + SIN ga COS Ya) 
ea Te | 2 | Ze ml ! ‘3 : 

(77) 
_ eae 

B; = | e« — 2 sin vs + 5 

r [ (ga + Sin ga COS ga) , 3(Ya — SIN Ga COS Ga) = +z | 2 Me (78) 
“a “ 

(ga + Sin ga cos eo) | 
Et8 ? “a 

Since the quantities contained in the brackets of Eqs. (78) to (78) depend only on 

the arch angle, suitable tables may be prepared for use in calculating arch constants. 

32. Load Formulas. Formulas for moment, thrust, and shear due to external 

loads Mz, Hr, and Vr or Mr, Hr, and Vr must be obtained before the D terms in the 

preceding equations can be evaluated. Such formulas may be written in terms of the 

external load P, the upstream radius /?,, the center-line radius 7, the total central angle 

subtended by the load ¢;, and different functions of the central angle ¢ from the 

beginning of the load to any point on the loaded section of the arch. Equations for the 

uniform and triangular radial, tangential, and twist loads shown on Figs. 13, 14, and 

15 are given in Table 5. Equations for Mr, Hr, and Ver due to similar loads on the 

right side of the arch are the same as the equations for A/z, Hz, and Vz, except as noted 

in the section on signs. 

P is usually expressed in pounds per square foot in the case of radial and tangential 

loads, and in foot-pounds per square foot in the case of twist loads. Since the twist 

loads are couples applied along the arch center line, they do not produce thrusts or 

shears. Consequently no formulas for H; or Vz due to twist appear in the table. 

The load formulas may be used to calculate moment, thrust, and shear due to external 

loads at the right of any point between the beginning of the load and the abutment. 

33. Load Constants. The quantities D,, Do, and D; in Eqs. (50), (51), and (52) 

and the similar quantities in Eqs. (56), (57), and (58) consist of integrals or groups of 

integrals that depend on both arch properties and external loads. ‘These quantities 

are designated load constants. They are really deflections at a point due to the loads 

applied between the point and the abutment. D, is the angular movement, D» the 
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UNIFORM LOAD TRIANGULAR LOAD 

Fie. 18. Uniform and triangular radial loads. 

radial movement, and D; the tangential movement. Their values for the left part 

of a constant-thickness arch, loaded from the abutment to an angular distance gi, 

as shown in Figs. 13, 14, and 15, again using the center line instead of the neutral axis, 

are given by the following formulas: 

dD, = EB a Mir de (79) 

12 1 nat 1 ¢1 : 3 (fen oe sg 
Da Ea if Mir? sin gdg + El i Hrr sin g¢dge + of Ah Vir cos gdg_ (80) 

12 f% 1 91 3 1 ; 
Dp; = al, Mrr? vers ede — Bi db Hrr cos gde + Fi ai Virsin gdg (81) 

Formulas for the right side of the arch are the same as above except that Mz, Hz, 

and Vz are replaced by Mr, Hr, and Ve. 

UNIFORM LOAD TRIANGULAR LOAD 

Fig. 14. Uniform and triangular tangential loads. 
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UNIFORM LOAD TRIANGULAR LOAD 

Fic. 15. Uniform and triangular twist loads. 

By substituting Mz, Hy, and Vz from Table 5 in Eqs. (79), (80), and (81) and inte- 

grating between the limits of 0 and ¢i, equations for D;, Do, and D; at the point where 

the load begins may be obtained. By introducing proper functions of go, the angular 

distance beyond the loaded section, the equations may be amplified to give D terms at 

points on the unloaded portion of the arch. 

Formulas for load constants, for the uniform and triangular loads shown in Figs. 

13, 14, and 15, may be compiled from data given in Tables 6 and 7. Table 6 gives 

data needed for radial and tangential load constants; Table 7 gives data needed for 

twist-load constants. Since some of the lengthy trigonometric functions appear in 

several of the equations, the trigonometric parts of the formulas are given in the first 

columns of the tables, and the places where they appear, together with their multi- 

pliers, are indicated in subsequent columns. 

TasLe 5. Formuias ror Moment, Turust, AND SHEAR Dun To EXTERNAL RapiAt, 
TANGENTIAL, AND Twist Loaps 

Formulas for loads shown in Figs. 13, 14, and 15 

Loads Force 

Uniform loads Triangular loads 

i uT ‘ 
M1 PRur vers ¢ a (¢ — sin ¢) 

bf 

adial load PRy j 
Rama 13). Ee (see Hy PRu vers ¢ a (¢ — sin ¢) 

Vu PR, sin Bis vers ¢ 
oi 

M1 Pr2(@ — sin $) ie ($ — vers °) 
or. 2 

Tangential loads Hr —Pr sin @ Oye: vers @ 
(see Fig. 14) p pi 

Vi Pr vers zo (@ — sin $) 
oO. 

: ij . Pr ob? - 7 
Twist loads (see M Pr ae 

Fig. 15) Z $ oi 2 
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TaBLE 7. FormMULAS FoR Loap CONSTANTS FOR UNIFORM AND TRIANGULAR TWIST 

Loaps 

Twist loads 

Trigonometric part of formula* Uniform Triangular 

Designa- Multi- Designa- Multi- 
tion plier tion plier 

Pr? 

$1? mi EI 
2 Pr3 

D3 1st part a 

Pr? 
D 

gi8 - gift 
3 

° D3 1st part oa 

A : ‘ : Pr3 
sin ¢o0(¢1 sin ¢1 — vers ¢1) + cos do(sin ¢d1 — #1 0s ¢1) D2 ao 

: ; : Pre 
cos do(¢isin ¢1 — vers ¢1) — sin Po(sin di — 1 COs $1) D3 2d part — FT 

2 or. : 
sin do (= sin ¢1 + ¢1 cos ¢1 — sin on) 

2 Pr3 

ov a oiEl 
+ cos ¢o0 (o: sin ¢1 — => cos $1 — vers 1) 

Goh ; 
cos go { —-sin ¢1 + $1 c0s ¢1 — sin 1 : 

2 Pr 
: D3 2d part | — —— 

‘ : pi? gikl 
— sin ¢o { ¢1 sin ¢1 — — cos ¢1 — Vers ¢1 

* Trigonometric functions, times multipliers, give formulas for terms in designation columns. 

In order to simplify the tabulations, the D) and D3; constants are divided into two 

terms. ‘The first term gives the effect of bending, and the second term the effects of 

rib shortening and shear. In order to still further simplify the tabulations, the first 

and second terms are sometimes subdivided into first and second parts. The sub- 

divisions of the first terms have no special significance. In the case of the second-term 

subdivisions, the first part gives the effects of rib shortening, and the second part 

the effects of shear. 

Since the D terms are deflections due to loads between the point considered and the 

abutment, D terms for intermediate points along a triangularly loaded arch cannot be 

obtained by integrating Eqs. (79), (SO), and (S1) up to values of gless than ¢,;. Values 

of D terms for such intermediate points must be caiculated by integrating revised 

forms of the equations in which the M,, Hz, and Vz parts apply to the uniform and 

triangular loads comprising the total external load from the abutment to the point 

considered. 

COMPUTER METHOD 

The arch constants and load constants developed in the previous section are for 

constant-thickness single-center circular arches. The integrations for these constants 

become considerably more complicated for variable-thickness multicenter circular 

arches and were not included here. When using a computer it becomes feasible to use 

a voussoir summation procedure. The voussoirs can be made small enough to be con- 
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sidered constant thickness with uniform load. The use of the voussoir method elimi- 

nates the need for integrating the rather complex formulas for the load and arch 

constants. Variable-thickness multicentered arches can therefore be analyzed almost 

as readily as the constant-thickness arches. The voussoir method does require, how- 

ever, considerable geometrical manipulation in order to define the various voussoirs 

and their loading geometrically. 

During the carly development of the trial-load method, it was found convenient to 

use triangular loads which varied from maximum at the abutment to zero at some 

distance away from the abutment, as shown in Figs. 12 and 13. By varying the sign, 

magnitude, and distance from the abutment it was possible to approximate reasonably 

any varying distributed load. This load scheme made it possible to set up procedures 

and tables which facilitated calculation of the load constants by hand. With com- 

puters, these tables assume a position of lesser importance. Once the equations are 

Fig. 16. Triangular radial loads. Vic. 17. Triangular tangential loads. 

programmed, it becomes easier in some cases to use the computer than the tables. 

The computer programmer is therefore free to choose whatever shape of load he 

pleases. Shapes shown in Figs. 16, 17, and 18 are often used. The points of maxi- 

mum load are located so as to coincide with the intersections of the cantilevers. The 

load then varies linearly to zero at the adjacent cantilever. 

The geometry of a nonsymmetrical multicentered arch is defined in Fig. 19. The 

geometrical properties of the individual voussoirs can be derived to be as follows: 

When ¢ < ¢i, 

: = m i bec eon UD Nr 
tn = R, (Ry Ty 1 0) COS N fi faq (R ry 7 0) Sin N. én | 

INs IN 5 

where 7 1s the voussoir number for which ¢ is being computed. 

: : lia \ 5. Wie 
AK n= (i i Dy sin N, oi 

} eo R 1 

Os (2 3) © 

Similarly, values can be derived for tm, Xm, and Ym for ¢> 4. 

Having determined the required geometrical properties of the voussoirs, one can 
now proceed with the arch analysis. The basic equations (38), (39), and (40) as 
developed for the hand method still apply. However, the integral signs in Eqs. (41), 
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Fig. 18. Triangular twist loads. 

(42), and (43) are replaced by summation signs. Equations (44), (45), and (46) 

remain the same. The integral signs in (47), (48), and (49) are replaced by summa- 

tion signs. The development of Wqs. (50) through (72) remains unchanged. The 

functions needed in determining the crown forces shown in Table 4 remain identical 

except that the integral sign changes to a summation sign. 

The values for the arch constants can now be obtained directly through summa- 

tion. Formulas still need to be derived for obtaining moments, thrust, and shear due 

to external loads. Assume atypical triangular load as shown in Fig. 20. Assume the 

distributed load over any voussoir is a concentrated load P at the center of the 

voussoir. For a load with intensity of unity at cantilever 2, the value of P to the 

Voussoir 

Cantilever 4 

Cantilever 2 

Cantilever 3 

Iria. 19. Geometry of multicentered arch. lia. 20. Voussoir loading. 
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right of cantilever 2 is 
m— N, 

No — N, 

m— No 

ike (1 ane 7) 
where m is the voussoir number for which P is being computed and Nj,9,; are the num- 

ber of voussoirs from the crown to the first, second, and third cantilevers, respectively. 

The formulas for moment, thrust, and shear due to external loads become 

ie Os 

To the left of cantilever 2, 

Radial loads, 
Mz, = =P,(Az) cos ¢ -- 2P,(Ay) sin ¢ 

Hil, = DUP» Sha. Aer 

Vz, — 2P, cos Ag 

Tangential loads, 
Mz = 2P,,(Ay) sim ¢ -- 2P,(Az) cos ¢ 

Hy, = =P, cos Ad 

Vi = =P, sm Ad 

Twist loads, 

Mrz = DPp 

where Az, Ay, and A@ are incremental values for x, y, and ¢, respectively, between P, 

and the point where J/; is being computed. All the load constants [Eqs. (79) through 

(81)] can now be evaluated and the crown reactions determined with Eqs. (47) through 

(49). 
34. Adjustments. Having determined the deflections due to unit loads of the 

various arches and cantilevers, it is now possible to divide the external load by trial and 

error so that the deflections in the radial directions are equal. In the present use of the 

method, adjustments of deflections are first made in radial directions, including effects 

of radial shear and rock deformations in both arch and cantilever elements. If 

considerations of tangential shear and twist effects are necessary, adjustments are next 

made in circumferential directions, then in angular directions. In circumferential 

adjustments, equal and opposite tangential shear loads are introduced, by trial, to 

compensate for differences in tangential movements caused by radial loads, one set of 

loads being applied to the arch elements and the balancing set to the cantilever ele- 

ments. In angular adjustments, equal and opposite twist loads are applied to arch 

and cantilever elements, to compensate for discrepancies in rotation caused by radial 

loads. Radial movements, caused by tangential shear and twist loads, are then con- 

sidered in a radial readjustment and their effects considered in circumferential and 

angular readjustments, until resultant deflections are in agreement in all three 

directions.! 

This procedure of determining the load distribution by trial and error was devel- 

oped prior to the development of the electronic computer. It can also be adapted to a 

computer solution. It is probably more expedient, however, to write a set of equa- 

tions which equate the deflections of the arches and cantilevers and to solve these 

equations for the unknown load distribution. Using the matrix notation, let [A] 

be the deflection matrix of the independent arches and [C] that of the cantilevers. 

The elements of these matrices, given in Tables 8 and 9, are obtained from the unit- 

load coefficient equations derived in the previous paragraphs. Let [P4] be a column 

matrix of the external load apphed to the arches and [Pc] that of the external load 

appled to the cantilevers. Let [J4] be an unknown column matrix representing 

1 WesterGAArD, H. M., Arch Dam Analysis by Trial Loads Simplified, Eng. News-Record, 106, 
141-143, 1931. 
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COMPUTER METHOD 14-43 

internal arch loads and [Jc] representing unknown cantilever loads required to bring 

the arches and cantilevers in agreement. Then 

41 | pA] +41 [74] = [54] +10 [74] 
Because the internal loads have to be self-balancing 

(L4] = [—Ic] 

rl] po) — ten | 9. | = 141 | BA | |e 
It is now possible to solve for the adjusting loads [Jc]. 

35. Arch Stresses. When the arch deflections have been brought into satisfactory 

agreement with the cantilever deflections in all parts of the dam, arch thrusts, moments, 

and shears, caused by the combined radial, tangential, twist, and temperature loads, 

are calculated for the locations where stresses are desired, usually the crown and abut- 

ment sections. Direct stresses at the extrados and intrados curves are then computed 

by Eq. (7). Stresses at different depths in the concrete may be computed on the 

assumption of a straight-line variation between the faces of the dam. 

Average shearing stresses are the shearing forces divided by the areas on which 

they act. Shearing forces at crown sections of symmetrical arches, symmetrically 

loaded, are zero. Horizontal shearing stresses at the upstream and downstream edges 

of arch elements, acting in vertical tangential planes, may be computed by the 

formula 

Then 

N = +(S — p) tan Bp (— at extrados) 

where S = direct stress acting normal to the plane 

p = water pressure at the face of the dam 

6 = angle between the normal to the plane and a line tangent to the edge of 

the arch element 

In circular constant-thickness arches, shearing stresses at the extrados and intrados 

are zero; and maximum shearing stresses in the interior may be estimated at 39 the 

average shearing stress, a parabolic distribution being assumed. If tangential shear 

and twist effects are analyzed, Eq. (90) should include the correction +N; tan a, 

where JV; is the tangential shear stress at the edge of the arch and a the angle between 

the edge of the cantilever and the vertical direction, as in Eq. (26), the plus sign being 

used for the extrados. 

36. Temperature Loads. Formulas for temperature thrusts, moments, and shears 

at the crown and abutment sections of a constant-thickness arch, including effects 

of shear but not effects of abutment deformations, are as follows: 

cTr sin 
Hy = az : : 82 

ar (( AG aii yy ea ECE 2) i r [jee ¢ cos ¢) 82) 

Et |‘? Ms 2 Et 2 
3(~¢ — sin g cos ¢)] _ 12r° - * 

Giz 2 | Et ly sin ¢] 

ee r(y — sin ¢)Ho (83) 

) 

Vor= 0 (84) 

H, = Hy cos © (85) 

Ae OE 5 Si eed (86) 
7) 

Va = Hosin ¢ (87) 



14-44 ARCH DAMS 

Diagrams showing stresses caused by a 1-deg drop in temperature, including effects 

of abutment deformations, have recently been published for arch elements having 

different values of ¢ and t/r.} 

Temperature deflections of the arch elements must be included with other arch- 

load deflections before adjusting with the cantilever deflections. Effects of tempera- 

ture loads may be included in the general formulas for arch movements by adding the 

following terms to Eqs. (39) and (40), respectively: 

d( An) n= ik cT sin ¢ ds 

d(As)) = ib cT cos ¢ ds 

T is the teinperature change, positive when rising, and ¢ the coefficient of thermal 

expansion. 
The preceding additions to Eqs. (39) and (40) result in the following values of 

D, and D; for temperature loads: 

Dy = —cTy. = —cTr vers gi (88) 

D3.= cela, — clr sin ¢ (89) 

INSTRUMENTATION OF ARCH DAMS 

Most high arch dams being built today have an instrumentation program. The 

purpose of these programs is to give continuing assurance of the structural integrity of 

the dam and to furnish data leading to further refinements in design. The Stevenson 

Creek Dam was an early example of measuring stresses in dams. It was a constant- 

radius structure 60 ft high, and built solely for research measurements.? The meas- 

urements obtained were so accurate and comprehensive that research engineers were 

able to analyze satisfactorily the action of the structure. It gave an early verification 

that the trial-load analysis furnished a satisfactory basis for the design of arch dams. 

The placement of instruments in the 600-ft-high Karad} Dam recently designed by 

Harza Engineering Company is shown in Fig. 21. Strain meters are embedded in 

locations of cantilever and arch intersection to simplify subsequent comparison with 

theoretical analysis. Joint meters are used to check on the extent of joint openings 

prior to grouting of the contraction joints. Foundation-deformation meters give an 

indication of stresses created in the foundation by changes in load. 

To obtain principal stresses, strain meters are generally placed in groups of five 

(Fig. 22) at the faces of the dam and groups of nine (Fig. 23) in the interior. The 

interpretation of the strain-meter readings into stresses is a rather lengthy calculation. 

After the actual strains are obtained from all the meters in a group, they must be 

checked for compatibility. That is, the sum of the strains in any three mutually per- 

pendicular directions must be equal. For the five-meter cluster, 

Gi arp @) sp C3 =O ae Ga ap Ge 

For the nine-meter cluster, 

Cae On 38 Os = Oy ap Ge ap Os = Cl ae Ce 4p C7 = Oy ap Ga ae Ge 

As a rule, the strains as obtained from actual measurements do not satisfy this con- 

dition. ‘he error must then be distributed among the meters in the group. For the 

five-meter group this is done by first taking the average of the sums of meters 1,2,3 

1 Houk, Ivan B., Arch Deflections and Temperature Stresses in Curved Dams, No. I, Engineer, 
Apr. 2, 1937, pp. 382-384. 

2“Report on Arch Dam Investigation,’’ Vols. land III, The Engineering Foundation, 1927 and 1933. 
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and 2,4,5: 

_ (er + es + es) + (en +e + és) 

Zz 
avg 

The difference between the first group (1,2,3) and the average is then divided by 3, 

giving the individual correction for each of the three meters in this group. As é2 has 

now been corrected, the second group (2,4,5) is summed again. The difference 

between this sum and the average is divided by 2, thus giving the correction for meters 

Face of dam 

TS~€ instruments 

"Strainmeters ~ 
~ 

Electrical 

cable pieGu 

2(S 152) 

4 leg spider a 
ELEVATION 

Fic. 22. Group of five strain meters. 

4and5. Asacheck the corrected values are summed and compared for equality. A 
similar procedure can be developed for the nine-meter groups. 

The next step is to correct for Poisson’s ratio. This is necessary because elastic 
strains are altered by strains in other directions. The corrected values for the five- 
meter groups are 

é: = Ae, + Bleo + es) 
where 

x 1 —y 

(Tp) =" 20) 
v 

~ @ +0) — 20) 

A 

B 
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€2’ = Aer + Ble + es) 

é; = Ae; 4 Bei + 2) 

e, = Ae, + Bleo + es) 
és = Aes + Bez + @4) 

The Poisson’s-ratio corrections for a nine-meter group are similar. 

In some cases a correction 1s required for concrete growth. The growth correction 

is obtained from a dummy no-stress strainmeter embedded near the cluster. 

[a— € instruments 
(placed radially at each elevation) 

2(S 362) 

9 leg spider ) 

ELEVATION 

Fic. 23. Group of nine strain meters. 

Having completed the correction of the strains, the stress can now be computed. 

This is a rather lengthy calculation because of the creep characteristics of concrete. 

Concrete, subjected to a constant stress, continues to deform with time. The prop- 

erties of concrete undergo significant changes with time for some months immediately 

following placement. The Bureau of Reclamation has developed a mathematical 

method! to compute stress from strain. 

1 Jones, Kerru, Calculation of Stress from Strain in Concrete, U.S. Bureau of Reclamation Tech. 

Mem. 653. 
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The concrete deformation for any one age at time of loading may be closely repre- 

sented by the equation 

= ti(K) In +1) 

total strain due to unit stress at a period of time ¢ after loading where e 

1 

Ee 

f(K) = creep function 

The change in deformation Ae, due to a change in stress Ar, is 

instantaneous modulus of elasticity at time of loading 

Ae = Ar EE + f(K) In (¢ + 1) | (90) 

Ae 

 1/e =f ®) in Ge Oe 
or Ar 

The values 1/H’ and f(K) are determined from laboratory tests. It is then possible to 

determine Ar for each Ae. The summation of these values can be made to represent a 

FMAMJJASONDJFMAMJJASONDJFMAMJJASONDJUFMAMY 
Feb9 i959 Jan‘ 1960 Jan 4961 Jan.4 1962 

Fic. 24. Stress measurements—Karadj Dam. 

stress curve that corresponds to a measured strain curve. Equation (90) can be 
expanded to 

n 

_ ) | gr +A) In + 1) | ar (92) 
i= 

The strain e for all previous loads can be computed from Eq. (92) at any time ¢. 
The new load Ar can then be computed from Eq. (91) assuming Ae to be equal to the 
difference between measured strain and that computed by Eq. (92) for all previous 

loads. This is a very lengthy computation because the term In (t + 1) changes for 

each incremental load for each time period. The U.S. Bureau of Reclamation 
developed an equation in which the term In (¢ + 1) for each load was replaced by 
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Reservoir schedule Concreting schedule 

E |.1760 (6-62) E 1.1764 (6-61) 

E 1.1710 (6-61) 
aoe) ___ E1694 (6-60) 

Res.empty (6-60) _£!.1608 (6-59) 

mM Summary 
June 1959 June 1960 June I96] June 1959 

to to to to 

June 1960 June |96] June 1962 June 1962 

00 
Meter™ 3 13 23 33 43 &) (SIR CS) SI S825:55.45 

UVES D/S U/S D/S U/S D/S US D/S 

° 

© 
° degrees F fo) 

Temperature 

change , 

Stress Curves 

Measured stress 

------ Measured stress minus temperature stress due to internal restraint 

Se TMC One nICGiasiitess 

Temperature Change Curves 

Actual Measured temperature change 
Sr Equivalent straight line temperature change 

Fic. 26. Measured stress and theoretical stress—Karadj Dam. 

In avg (¢ + 1) for all loads. Equation (91) can then be rewritten as 

hoe eer: | is a mon vaya (ak > fi(K) Are | 
1=1 i=1 

in which #, is the sustained modulus for the interval of time for which Ar, is being 

computed, 
1 

1/E’ + f(K) In @ $1) EB, = 

This equation can be readily programmed for solution with an electronic computer. 
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The stress history from day of embedment as determined by the above method for 

five vertical meters embedded in the base of Karadj Dam is shown in Fig. 24.1. To 

evaluate these stresses, one needs to know the construction and reservoir-filling 

schedules. This is shown in Fig. 25. A comparison of measured stress with theoreti- 

cal stresses for various time periods is shown in Fig. 26. 

MODEL INVESTIGATIONS 

Structural model tests are used extensively in arch-dam design. Certain designers 

prefer to carry out their design primarily with the aid of analytical tools using models 

only for verification of the analysis of the final shape. On the other hand, model 

testing techniques have been refined and simplified to the point where some designers 

now prefer to carry out the design primarily by models, using analytical tools only 

occasionally for checking purposes. Occasionally problems arise which are difficult if 

Fic. 28. Model for hydrostatic load, Mossyrock Dam. 

not impossible to analyze with existing mathematical tools. In these cases models are 

extremely valuable. 

Mossyrock Dam, recently designed by Harza Engineering Company, was model- 

tested in the LNEC Laboratory in Lisbon. The results of test for water load are 

shown in Fig. 27. These can be compared directly with the analytical values shown 

in Fig.2. The model generally shows somewhat higher stresses along the abutments. 

This was attributed to stress concentrations which can be expected where the inter- 

section of the arch with the massive abutments forms a physical discontinuity. The 

modulus of elasticity of the concrete was assumed to be 3 X 108 psi, whereas the rock 

abutment was generally assumed to have a modulus of 1.5 X 108 psi and a small zone 

of 2.5 X 108 in the upper left abutment. As the foundation and arch were formed 
from the same plaster material, the variation in modulus of elasticity in the rock was 

obtained by drilling holes in the foundation according to a pattern determined experi- 

mentally that would reflect the difference. A picture of the model is shown in Fig. 28. 

Figure 29 shows an ultimate-load test of the model after failure. As can be seen, 

1 VeuTrop, J. A., R. P. Wenawer, and §. Aznrt, ‘Structural Behavior of Karadj) Dam,”’ 8th Congress 
on Large Dams, Edinburgh, 1964. 
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failure occurred in the upper central portion of the model. Failure was caused by 

crushing of the model material. 

Model tests are often used to investigate arch dams for earthquake. Either 

shaking tables or electromagnetic vibrators are used.!. With the aid of models, one can 

determine the natural frequency of the prototype. The models can be subjected to 

specified accelerations. Considerable work has been done recently in analyzing 

available accelerograms of strong motion earthquakes. The various spectra such as 

Fic. 29. Ultimate-load test, Mossyrock Dam. 

velocity, acceleration, and power are obtained from these studies. Assuming an 

earthquake to be a random vibration, the strains can be measured in a model when 

subjected to the power spectrum of any historical earthquake. 

EXAMPLES OF ARCH DAMS 

The following examples illustrate practical design of arch dams that have been 

built and are operating satisfactorily. Hoover Dam represents an unusually high 

and massive arched-gravity type of constant-radius dam, whereas Karadj and 

Mossyrock are both high, variable-radius, double-curvature dams. 

37. Hoover Dam. Hoover Dam, built by the Bureau of Reclamation, was com- 

pleted on Colorado River near Las Vegas, Nev., in 1936. Figure 30 shows a general 

plan of the structure, a vertical cross section along the line of centers, and a tabulation 

of arch data at 100-ft intervals of elevation. The dam was designed on the basis of 

trial-load analyses. It is curved on a radius of 500 ft to the upstream edge of the crest, 

has extrados curves of gradually increasing radii as the depth below the crest increases, 

and is provided with long-radius fillets at the abutment ends of the intrados curves in 

the regions of pronounced arch stress. Short-radius fillets connect the dam with the 

abutment and foundation rock along the entire profile at the upstream face. Several 

articles describing its design and construction have been published.? 

1 Borass, J. F., J. Pereiva, A. Ravara, and J. PeprRo, “Seismic Studies on Concrete Dam Models,” 

Symposium on Concrete Dam Models, Lisbon, 1964. 

2 Houk, Ivan E., Technical Design Studies for Hoover Dam, Western Construction News, Apr. 10, 

1932, pp. 187-193. Also see Hng. News-Record, 104, Feb. 6, 1930; 109, Dec. 15, 1932; 111, Dec. 21, 

1933; 116. 
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Line of arch centers 

Scale O 10 20 

El 60S 
El. 1,768 oh 

Re t Rj 

14-55 

40 60 meters 

E1.1,768 205,8 7,8 198.0 
El. 1,760 [7] 201,9 9,0 192.9 

EI. 1,740 jf 183,8 11,9 171,9 

EI. 1,720 //| 159,8 14,8 145.0 

EI, 1,700 139,4 17,6. 121,8 

EI. 1,680 123,0 20,5 102,5 

El. 1,660 10,2 23,4 86,8 

EI. 1,640 1006 26,3 74,3 arch centers 

El. 1,620 94,0 29,1 649 

EI.1,600 90,0 32,0 580 | L | 
A-A 0,7 10,0 20,7 26,5 32,0 28,0 84 

5,2 15,2 

Fig. 31. Karadj Dam. 
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38. Karadj Dam. [Karadj Dam, built by the Plan Organization of the govern- 

ment of Iran, was completed in 1962. It is located on the Karadj River approximately 

25 miles northwest of Teheran. The dam is a multipurpose development that will 

serve the joint interest of water supply, irrigation, and power. Figure 31 shows a 

general plan of the dam and a cross section of the crown cantilever. A more complete 

description of the project features and its history, as well as significant data, has been 

published. 

39. Mossyrock Dam. Mossyrock Dam was built by the city of Tacoma. The 

project was completed in 1968. It is located on the Cowlitz River approximately 

60 miles southwest of Tacoma, Wash. Figure 5 shows a general plan of the dam, a 

developed elevation, and vertical cross sections. The dam is 605 ft high with thrust 

blocks 140 and 125 ft high on the left and right side, respectively. An overflow spill- 

way is provided with four 80- by 30-ft radial Tainter gates. 

1 Harza, R. D., and R. Epprooke, Design of Karadj Hydroelectric Project, Proc. ASCH, J. Power 
Div., 86, (P04), Proc. Paper 2579. WVeurrop, J. A., and R. P. Wencuer, Design of Karadj Arch Dam, 
Proc. ASCE, J. Power Div., (P01), Proc. Paper 3827. 



SECTION 15 

MULTIPLE-ARCH DAMS 

By Catyvin V. Davis! 

INTRODUCTION 

1. Type Characteristics. The multiple-arch dam has much in common with the 

other buttress types described in Secs. 9, 10, 12, and 13. Its distinguishing feature is 

that the water-supporting members consist of concrete arches which are supported by, 

and constructed integrally with, equally spaced, triangularly shaped buttresses. The 

deck or waterbearing member of the multiple-arch dam also has many of the character- 

istics of the arch dam (Sec. 14). Each type uses concrete efficiently in compression. 

Unlike the gravity type, the multiple-arch and the arch dam use concrete only par- 

tially as a counterweight to stabilize the structure. 

In general, the multiple-arch dam is considered suitable for sound rock. There are, 

however, several notable exceptions. Only two will be mentioned. First, the 

Sherman Island Dam, built on the Hudson River in 1923, is a 75-{t-high multiple-arch 

structure supported by a continuously reinforced slab which transfers water and con- 

crete loads to a sand and boulder foundation.? The buttresses have a uniform thick- 

ness of 3 ft 6 in. and are spaced 19 ft center to center. The length of the base slab in 

an up-and-downstream direction is 108 ft. Cutoffs of interlocking steel piles are 

provided. The maximum foundation pressure is less than 2.50 tons/sq ft. Backfill 

between buttresses was used to increase the resistance to sliding. 

The second example, the 120-ft-high Cave Creek Dam® built in 1922, demonstrates 

notable exceptions to modern design criteria. This dam is supported on a foundation 

of cemented gravel. The buttresses extend through 60 ft of sand and gravel, are 

spaced 44 ft center to center, and vary in thickness from 1 ft at the top to about 

5 ft lin. at a height of 80ft. The lower portion of the buttress resting on the founda- 

tion has a uniform thickness of 10 ft. The length of the buttress at the base (not 

including the arches) is close to 90 ft. The sliding factor, at a height of 80 ft, is 1.07. 

There is no record of trouble having been experienced with this structure. The 

preceding examples should be regarded as exceptions, however, and not all attempts to 

build multiple-arch dams on poor foundations have been successful. 

2. Early History. The Meer Alum Dam, built in Hyderabad, India, about 1802, 

is the earliest recorded example of a dam consisting of a series of arches supported by 

buttresses. This dam is approximately 3,500 ft long. The arches and buttresses are 

constructed of granite masonry in horizontal courses of roughly squared blocks. The 

maximum height is about 45 ft. 

The mean average span, center to center of buttresses, is about 160 ft. The 

thickness of the buttress at the springing line of one of the larger buttresses is 23 ft 

6 in., leaving a clear span of 136 ft 6in. The length of the base of the highest buttress 

1 Grateful acknowledgment is made to Mr. J. Bellier, Coyne and Bellier, Consulting Engineers, Paris, 
France, for discussions and illustrations relating to Grandval Dam, France. 

2 Norrzut, Prep A., Multiple-arch Dams, Part 4, p. 490 in ‘‘ The Design and Construction of Dams,” 

8th ed., by Wegmann, John Wiley & Sons, Inc., New York. 

3 Tbid., p. 485. 
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15-2 MULTIPLE-ARCH DAMS 

is about 45 ft or approximately equal to the maximum height. The thickness of the 

arch at the point of maximum height is approximately 10 ft. 

This earliest known example of multiple-arch construction is of interest because of 

several features which have modern applications. The extent to which the buttresses 

and arches act integrally in transferring water loads from the upstream face through 

the structure to the foundations is unknown in multiple-arch design. A multiple-arch 

dam having these proportions would not be stable unless the arches and the buttresses 

acted integrally in resisting the water loads. The buttresses, acting alone, would 

either overturn or slide. Unwittingly, the designers demonstrated the advantages of 

using relatively wide spans in relation to height. The significance of this development 

will be discussed elsewhere. 

3. Evolution. Following this very early start, a period of about 90 years elapsed 

before J. D. Derry, an Australian engineer, developed a masonry dam which is some- 

what similar to the present-day multiple-arch dam. From this time onward there 

have been three distinct developments in multiple-arch design: 

1. The standard type with buttress spacings falling between 20 and 80 ft center to 

center 

2. The hollow-buttress type 

3. The massive-buttress types, which have been developed largely by French 

engineers, with buttress spacings upward of 200 ft and with heights ranging between 

200 and 700 ft 

These developments cannot be placed in any chronological order as they have over- 

lapped in point of time. 

THE STANDARD TYPE 

4. Buttress Spacing. A study of some of the earlier designs in the United States 

reveals the important principle that substantial economy can be achieved in designing 

dams above medium height (say 150 ft) by using relatively wide buttress spacings. A 

quantitative comparison of three dams (Fig. 4), Lake Hodges (Fig. 1), Florence Lake 

(Fig. 2), and Buchanan (Fig. 3), will illustrate this point.! 

The Lake Hodges Dam (Fig. 1) was built in 1917 on the San Diequito River near 

San Diego, Calif. The maximum height is 136 ft and the overall length about 550 ft. 

The buttresses are spaced 24 ft center to center and vary in thickness from 1 ft 6 in. at 

the crest to 4ft lin. at the bottom. The buttresses are stiffened by a T flange on the 

downstream face and are also braced by struts. The arches are circular in form and 

vary in thickness from 12 in. near the top to 2 ft 7 in. at the bottom. Neither the 

arches nor the buttresses are reinforced. A walkway through the dam invited buttress 

cracks, which extend roughly along trajectories of first principal stress from the 

upstream face of the buttresses to the foundations. 

The Florence Lake Dam (Fig. 2), built by the Southern California Edison Com- 

pany on the south fork of the San Joaquin River, has a maximum height of 160 ft and 

a total length of 3,300 ft. The buttresses are spaced 50 ft center to center and vary in 

thickness from 2 ft 3 in. at the crest to 7 ft 10 in. at a height of 150 ft. The arch 

barrels are semicircular in form and vary in thickness from 1 ft 6 in. at the crest to 

4ft 6in. at adepth of 150ft. Asshown by Fig. 2, the buttresses and downstream face 

are stiffened by pilasters and T flanges. Both the buttresses and the arches are 
reinforced. 

The Buchanan Dam (Fig. 3) (formerly named the Hamilton Dam) was built in 

1936 on the Colorado River near Austin, Tex. The buttresses are spaced 70 ft center 

1 Tbid., p. 476. 
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to center and buttress thicknesses vary from 3 ft 0 in. at the crest to 9 ft 0 in. at the 

foundations with variations occurring on the inclined planes. The arch deck is nearly 

semicircular in shape and varies in thickness from about 2 ft near the crest to 3 ft 4in. 

at the foundation line. The buttresses are stiffened by a T flange on the downstream 

face and by intermediate pilasters. Both buttresses and arches are reinforced. 

al rT] pass Elev. 330 
Roy K 

SiS GS ULAAWG DISA NFA AN AGRA WET. SALW XENALYSSES LS Wir SI 

SIDE ELEVATION OF HIGHEST BUTTRESS 

Scale in feet 

0 10 20 30 40 
| a a ee | 

SECTION A-A SECTION B-B 

TYPICAL HORIZONTAL SECTIONS 

Fic. 1. The Lake Hodges Dam. 

5. Comparison. A comparison of the concrete quantities per lineal foot dam in 

the Lake Hodges, Florence Lake, and Buchanan dams is shown by Fig. 4. There is 

only nominal variation of volume in relation to height for each of the three dams. It 

will be noted, however, that projections of the three curves come together at a height 

of 150 ft. All things being equal, the design having the widest buttress spacing would 

have the lowest unit cost of concrete because of the relative reduction of form surface 

and the increase in the massiveness of the structure. 
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The relative economy of using wide buttress spacings for dams over 200 ft high was 

also demonstrated by the 250-ft-high Coolidge Dam, a multiple-dome-type structure 

which was constructed on the Gila River in Arizona in 1928.! 

The Coolidge Dam is a modified multiple arch. As shown by Fig. 5, the dam 

consists of two massive buttresses which, together with the abutments, support three 

E/1022.00 

E1.1005.00_& 
S&S 
[reg 
is) 

‘Q 
»< 

SS 
El. 973.00 

Construction 
TYPICAL SECTIONS 

re 
yoint Galvanized metal strip-, 

F1.940.17 fe ce eee we 
= = 

° i a ara mam 

Vertical Boe S10! * 

Joints ~ AC ER ER : 

YPICAL SECTION “Wire 
E1912.50 AN THROUGH tie 

SECTION A-A 

Fic. 3. The Buchanan Dam. Buttress elevation and sections. 

Lake Hodges Dam | 

buttresses spaced 
D 190 24 ftctoc 
a 

E orence Lake Dam 
= 400 buttresses spaced 

se 50 ft ctoc 
B= 

2 | 2550 t 5 
/«—+Buchanon Dam, buttresses 

spaced 7O ftc toc 

eee se 
0 20 40 60 80 {00 

Concrete, cu yds per foot length 

Fic. 4. Comparison of quantities (Figs. 1, 2, 3). 

dome-type water-bearing members. The buttresses are spaced 180 ft center to center 

and vary in thickness from 20 ft at the top to 60 ft at a height of 250 ft. The domes 

vary in thickness from 4 ft at the top to 20 ft at a depth of 230 ft. Hach buttress 

contains two inclined contraction joints positioned approximately along trajectories 

1 Features of Design, Coolidge Multiple Dome Dam, Lng. News-Record, Sept. 13, 1928. Wera- 

MANN, ‘The Design and Construction of Dams,” 8th ed., p. 520, John Wiley & Sons, Inc., New York. 
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Fic. 5. Coolidge Dam, general view—multiple-dome type. 

of first principal stress. The late Major C. E. Olberg, then Chief Engineer, U.S. 

Indian Service, demonstrated the following relationships between the multiple-dome 

and other structural types at the Coolidge site. 

Rae Relative cost, Relative volume, 

ee % cuyd, % 

Multiple-dome buttresses 180 ft center to center............ 100 100 

Multiple-arch buttresses 60 ft center to center.............. 102 67 

Arohed-era vit y Gane os s.ciy 0s cnceradevass. Seaota ae eleaes meeteten used neee 120 192 

It will be noted that buttress spacing had practically no effect on relative economy. 

It also could be stated, for estimating purposes, that although the arched-gravity dam 

had nearly twice the volume of concrete contained in the multiple-dome type, the 

relative saving in construction cost was about 20 percent. These relative savings, 

resulting from wide buttress spacings, compare very closely with those determined by 

the illustrative examples set forth in Sec. 9. 

THE HOLLOW-BUTTRESS DAM 

6. Development. The early, observable trend toward the use of wider spans, 

combined with the stiffening and bracing of the buttresses, led designers to attempt to 

minimize the volume of concrete further by developing the double-walled buttress 

with interior diaphragm bracing. The intent was to reduce buttress thicknesses to the 

absolute minimum required to take the maximum compressive stresses and at the same 

time provide adequate lateral stability. In an era of relatively low-cost formwork this 

feature helped to achieve overall economy. Almost concurrently, however, it was 

demonstrated by the designers of Coolidge Dam! and others that equal or greater 

economy could be achieved by the use of wide arch spans and massive structures. 

1 Features of Design, Coolidge Multiple-dome Dam, Eng. News-Record, Sept. 13, 1928. Wua- 
MANN, op. cit., p. 520. 
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The hollow-buttress dam was developed between 1925 and 1940. So far as is 

known, the Lake Pleasant Dam! completed in 1926 on the Agus Fria River was the 

first to be constructed. The maximum height is 250 ft and the overall length is 

7,850 ft. The hollow buttresses, spaced 60 ft center to center, have a uniform distance 

between the outer faces of the walls of 16 ft. The side walls vary in thickness from 

1 ft 6 in. at the crest to 5 ft 5 in. at a height approximately 50 ft above the lowest point 

in the foundations. The buttresses are stiffened by 16-in.-thick cross walls spaced 40 

ft center to center and by intermediate struts between these walls. The arch barrel 

varies from 1 ft 6 in. thick at the crest to 5 ft 6 in. at the foundation line. Both 

arches and buttresses are reinforced. 
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Fic. 6. Section through Big Dalton Dam. 

Three more advanced designs are shown by Figs. 6 to 12, inclusive: (1) The Big 

Dalton Dam (Fig. 6)? is a 180-ft-high structure located about 30 miles east of Los 

Angeles. The structure was completed in 1928 by the Los Angeles Flood Control 

District to protect agricultural lands that had been menaced previously by devastat- 

ing floods. (2) The Bartlett Dam (Figs. 7 to 10, inclusive) is a 287-ft-high structure 

built by the Bureau of Reclamation in 1939 near Phoenix on the Verde River in 

Arizona. (3) The Pensacola Dam (Figs. 11 and 12) is a 145-ft-high structure com- 

pleted in 1940 by the Grand River Authority, on the Grand River near Vinita, 

Okla. The principal structure features and dimensions are shown by the illustrations. 

There are, however, important differences in the details which should be noted. 

7. The Big Dalton Dam. The outer faces of the double-walled buttresses are 

14 ft apart. These walls varied in thickness from 2 ft near the top to 5 ft near the 

base. Vertical stiffener walls 1 ft 6 in. thick spaced 30 ft center to center are provided 

between these walls. A concrete slab 2 ft thick closes the downstream end of the 

1 Nopwrzut, Frep A., Multiple-arch Dams, Part 4, p. 499 in‘ The Design and Construction of Dams,” 

8th ed., by Wegmann, John Wiley & Sons, Inc., New York. 

2 Hing. News-Record, Dec. 26, 1929, p. 994. 
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buttress and provides additional stiffness. The buttresses are spaced 60 ft center to 

center. No additional bracing is required. Both the buttresses and the arches are 

reinforced. 
A distinguishing feature is that two inclined contraction joints, paralleling trajec- 

tories of first principal stress under full load, are provided in each buttress. These 

~-Radlius of axis=/379.7 ' 1.1803.0 
Ft 08 on horizontal plane EL1795.50 

EI1760.455 

ELI709.355 
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Fic. 7. Bartlett Dam, bulkhead buttress and sections (inclined faces in vertical joints). 

weakened planes control buttress cracking. Two-thirds of the buttress thicknesses in 

the planes of the Joints were separated by fillers. Reinforcing steel in the buttress 

faces was not continuous through the joints. Splice bars across the center of the 

joints were approximately one-half the area of the buttress reinforcement. Inclined 

contraction joints also have been used successfully in the Coolidge Dam and in other 

buttress dams built during this period. The merits of inclined contraction joints 

deserve consideration in the design of high buttress dams. There are minimum 

shearing stresses across these joints under full-load conditions and relatively light 
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shearing stresses under partial-load conditions. The inclined columns, separated by 

the joints, are independently stable. For further discussion of joints of this type 

reference should be made to Sec. 13. 

8. Bartlett Dam. Reference to Figs. 7 to 10, inclusive, will show interesting 

differences in details as compared with those of the Big Dalton Dam. The inside 

walls of the buttresses are vertical from top to bottom. To compensate for the 

decrease in arch resulting from buttress thickening and to simplify the arch formwork, 

the axis of the dam follows a curve with a radius of 1,379 ft. Buttress thicknesses vary 

from 3 ft near the crest to 7 ft at the foundation, with variations occurring on inclined 

planes having a slope of 1.64 horizontal to 1.0 vertical. Thus at the foundations, at 

maximum height, the buttresses taper and vary in thickness from 7 ft at the springing 

line of the arch to 4ft 6 in. at the downstream face. Each buttress consists of a double 

wall separated by cross walls spaced 20 ft center to center. 

—+ 

Fic. 8. Bartlett Dam, detail of vertical contraction joints. 

Vertical, sawtooth contraction joints, spaced 41 ft 6 in., are provided in the walls 

as shown by Figs. 7 and 8. Filler pours separated by a maximum width of 1 ft 6 in. 

were provided between the joint faces. The planes of the sawtooth faces were placed 

alternately on approximate planes of first and second principal stress. This design is 

intended to combine the advantages of the inclined contraction joint, as described for 

the Big Dalton Dam, and the easier-to-construct vertical joint. The present trend is 

to control cracking by minimizing the number of joints and by depending to a greater 

extent upon temperature controls of both the aggregate and concrete. 

The arch decks of the Bartlett Dam are formed, as shown by Fig. 9, to have a 

constant intradosal radius of 24 ft. These arches vary in thickness from 2 ft 4 in. at 

the crest to 7 ft O in. at the base. Both arches and buttresses are reinforced. Typical 

arch construction joints are shown by Fig. 9.! 

1 Building Bartlett Dam, World’s Highest Multiple-arch, Western Construction News, November, 

1938, pp. 389-395. Kopprn, E. C., Building Bartlett Dam, Construction Eng., The Reclamation Era, 

November, 1939, pp. 308-314. 



15-10 MULTIPLE-ARCH DAMS 

9. The Pensacola Dam. The Pensacola Dam (Figs. 11 and 12) shows a third 

variation in detail. The designers recognized the economic advantages of wider 

buttress spacings as the hollow-buttress units are spaced 84 ft center to center. The 

maximum height is 145 ft. The constant buttress thickness, out to out, of the double- 

walled buttress is 22 ft at the arch springing lines, as shown by Fig. 12. The buttresses 

Construction 
Joints for gor oN oO 

ae arches 180° 9.” 

Hollow 
buttress 

¢ of buttresses at axis -- ¢ Buttress 

Fic. 9. Bartlett Dam, sections through arch. 
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Fig. 10. Bartlett Dam, detail of arch construction and contraction joints. 

vary in thickness from 2 ft near the crest to about 5 ft near the foundations. These 

variations occur along inclined planes sloping downwardly from the arch groin line on 

a slope of 1.5 horizontal to 7 vertical. The buttress side walls are braced by 1 ft 6 in. 

thick inclined cross walls spaced 28 ft center to center. 

The cross walls are sloped as shown by Fig. 11. This arrangement provides, in 

effect, a series of inclined box columns which approximate in direction the columns 
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created by the inclined joints in the Big Dalton buttresses. It will be noted that the 

Pensacola Dam combines some of the best features of both Big Dalton and Bartlett. 

10. Structural Form as Related to Trends in Construction Cost. The precipitous 

rise in labor costs, following World War II, affected materially the cost of thin-walled 

buttress types. Even back in the 1920s and 1930s, as has been indicated elsewhere by 

Fig. 4, it was demonstrated that substantial savings in cost could result from the use of 

wide buttress spacings and relatively massive concrete sections. After 1940, few 

dams of either the Ambursen or multiple-arch type have been built with relatively 

thin concrete sections and close buttress spacings. 

OLEG 7 

| ¢ Buttress 1 @é4 

Fic. 12. Pensacola Dam, section through arch. 

THE MASSIVE-BUTTRESS TYPE 

11. The Modern Trend. Modern high multiple-arch dams are more massive than 

earlier structures of this type. Wider buttress spacings and thicker concrete sections 

bring together the inherent economy of the buttress dam with that of mass concrete 

construction. 

Progress in multiple-arch design has been intermittent and sporadic. Great 

advances, made in the 1920s and early 1930s by such designers as the late Fred A. 

Noetzli and Major C. E. Olberg, went largely unrecognized for many years. The 

creative designs of the late Andre Coyne, Consulting Engineer, Paris, France, gen- 

erated renewed interest in this type. The Coyne designs not only established firmly 

the economic merits of wide buttress spacing for multiple-arch dams having heights in 

excess of 150 ft but also introduced notable improvements in details. 

To illustrate these more recent advances in design, two projects will be described: 

(1) the Grandval Dam,! 262 ft high, a multiple-arch structure built on the Truyere 

River in the mountains of central France, and (2) the nearly 700-ft-high Manicouagan 

5 Dam? now being built by Hydro-Quebec on the Manicouagan River in the Province 

of Quebec. A brief description of each follows. 

12. The Grandval Dam. ‘This structure contains six inclined arches supported 

on seven buttresses spaced 164 ft apart. Figure 13 shows an elevation looking down- 

1 France's Newest Dam Has Novel Features, Eng. News-Record, Aug. 6, 1959, pp. 48, 49. 

2 Jacopus, W. W., Hydro-Quebec’s Big Beautiful Manicouagan 5 Hides in Bush, Eng. News- 
Record, Oct. 24, 1963, p. 38. The Manicouagen-Aux-Outardes Power Development, Water Power Eng., 
October, 1964, p. 411. 
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stream and Fig. 14 shows an elevation looking upstream. The principal dimensions 

are shown by Fig. 15. 

The arch thicknesses vary from 9 ft 9 in. at the crest to 14 ft 6 in. at the bottom. 

The buttresses, at maximum height, contain four inclined contraction joints which, in 

Fic. 13. Grandval Dam, view looking downstream. 

Fia. 14. Grandval Dam, view looking upstream. 

effect, create five contiguous, inclined columns. The downstream columns take the 

form of a variable-thickness flange or T section which is 18 ft thick at the top and about 

32 ft at the point of maximum height. The remainder of the buttress is uniformly 

18 ft thick. 



15-14 MULTIPLE-ARCH DAMS 

Notable details of the Grandval Dam are the crests of the arches. Instead of being 

horizontal the slope downstream is at the same angle as the slope of the buttresses. 

The openings over the buttresses between adjacent arches are plugged with gravity 

section walls, as shown by Fig. 16, whose weight adds to the overall stability of the 

dam. Worthwhile savings in concrete result from this arrangement. The sloping 

crests impart a slight dome shape to the arches. As built, Grandval Dam required a 

4.5m. 
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Fie. 15. Grandval Dam, sections. 

total of 220,000 cu yd of concrete. This was about 37 percent of that required in an 

equivalent gravity dam. Only nominal reinforcing steel was used in the buttresses 

and arches. 

18. The Manicouagan 5 Dam. This structure now (1968) under construction 

will be the highest multiple-arch dam in the world and the third highest dam of any 

kind in North America. Maximum economy was achieved by providing a large 

central arch supported by two massive buttresses that are oblique to the dam’s axis. 

A general plan is shown by Fig. 17. The central arch has a span of 530 ft between 

buttress axes. The normal arches are defined by a cylinder on both downstream and 

upstream faces. This arch varies in cross-sectional thickness from 15 ft at the crest to 
75 ft at the foundation. ‘The slope of the upstream face of the arch and the down- 



THE MASSIVE-BUTTRESS TYPE 15-15 

stream face of the buttress is 0.6. The main buttresses vary in thickness from 100 ft at 

the top to slightly less than 140 ft at the base. The cross-sectional thicknesses of the 

flanking multiple-arch spans vary from 10 ft at the crest to a maximum of 26 ft at the 
foundation line. 

There is almost no reinforcing steel in the concrete arches. The monoliths have 

reinforcing only on the upstream and downstream faces to prevent hair cracking. 

Fic. 16. Details of gravity crest. 
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Fic. 17. Manicouagan, general plan. (From The Manicouagan-Auxz-Outardes Power 
Development, Part 1, Water Power, October, 1964, p. 413.) 
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Where the arches and buttresses meet there is a mattress section of reinforcing steel 

that evenly distributes the load exerted by the arch between the buttress monoliths. 

The relatively thin main arch and the two arches flanking it will be subject to 

stresses as high as 1,400 psi. The maximum stress in the remaining arches will be 

700 psi. 

Cooling coils cast in the monoliths control curing temperatures in the main arch 

dam and buttresses. Concrete specifications call for 4,500-psi concrete cast in 5-ft 

lifts in the side arches and 6-ft lifts in the main arch. Concrete temperatures are held 

at 55 F at the time of pouring. 
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DESIGN 

14. Stresses. As pointed out in Sec. 9, many design criteria and designing meth- 

ods are common to all the concrete types. Reference should be made to Sec. 9 for 

discussions of the classic design procedures which have been in use for many years and 

to Sec. 10 for the more recently developed finite-element method, which holds the 

promise of producing more realistic patterns of stress. 

Reference should also be made to Sec. 13 for the techniques of stress analysis for 

determining the magnitudes and directions of first and second principal stresses and 

maximum shearing-stress intensities. The examples in Sec. 13 are based on rectilinear 

stress distribution. The method would apply, however, to any type of vertical normal 

stress distribution provided the variations could be expressed in mathematical terms. 

This method can be applied to both gravity and buttress dams. 

The arches forming the upstream deck are subjected mainly to compressive stress 

and not to bending and shear stress. Therefore, these arches are largely in direct 

compression. The stresses in the arch barrels may be analyzed by the method of 

elastic analysis. Reference should be made to Sec. 14 for a comprehensive treatment 

of this method. 
16. Stability. In common with other buttress dams the factor of safety of the 

multiple-arch dam against overturning usually falls somewhere between 3 and 4. 

There is no known record of any well-designed buttress dam having failed by over- 

turning. Upstream buttress slopes as flat as 1:1 have been used to take full advantage 

of the stabilizing effect of the water load. 

A word of caution must here be introduced. Flattening the upstream buttress 

slope beyond approximately 7 horizontally to 10 vertically has a tendency to introduce 

second principal stresses in tension in the buttresses. These tensional stresses attain 

maximum values just below the groin line of the arches. In this plane the first princi- 

pal stresses are approximately parallel to the direction of the water loads. 

As pointed out elsewhere, very little reinforcing steel is required in the buttresses 

and arches. It is good design practice, however, to place fairly heavy bands of 

reinforcing steel in the buttresses directly below the groin lines of the arches. This 

steel will help to distribute the tensional stresses which result from the longitudinal 

expansion of the arch barrels following a rise in temperature. These temperature 

stresses plus the tendency to develop second principal stresses in tension from loading 

may result in buttress cracking in this vicinity of the upstream face. When such 

cracks do form under maximum water loading as they did in the previously discussed 

Lake Hodges Dam, they usually follow roughly along a trajectory of first principal 

stress. In this case the dam can no longer be considered an integral structure but 

must be treated as a series of contiguous, inclined columns. The analysis of such 

columns is presented in Sec. 138. The same general method could be applied to 

multiple-arch dams. 

Should tensional stresses near the upstream face occur when the reservoir is empty 

or only partially full, the resulting cracks may occur on vertical planes. In this case 

the contiguous columins, separated by the cracks, may not be independently stable. 

For these reasons designers in some cases, notably Coolidge, Big Dalton, Grandval, 

and others, have provided inclined contraction joints which, in a sense, have pre- 

cracked the buttresses along planes which will not impair the stability of the structure. 

As previously discussed in Sec. 9, little is known about the effect of the arch on the 

stability. If the arch is assumed to be supported on the buttress by a frictionless 

plane, then a large part of the weight of the concrete in the arch will be transferred to 

the foundation and in addition the arch will exert a horizontal overturning moment on 

the buttress. The mechanics of this action would be identical with that described for 
deck loads in Sec. 13. 



DESIGN 15-17 

If, however, the arch is completely integral with the buttress and is supported by 

appropriate joints and keys capable of transferring the deck loads to the buttresses, 

then the entire load of the arch and the vertical water load above the horizontal plane 

of analysis will act to stabilize the structure. A conservative procedure would be to 

design the structure to have acceptable factors of safety under each of these extreme 

conditions. If this procedure is followed the structure will be safe under all inter- 

mediate conditions. 

Compressive stresses within the buttresses have not been a source of difficulty. 

These are within the control of the designer. Caution must be exercised, however, in 

the design of high buttress dams, when the first principal stresses in compression rise to 

somewhere between 500 and 700 psi. At these higher stresses maximum shearing 

stresses may rise to unacceptable levels. A comprehensive analysis should be made to 

determine the intensities, distribution, and directions of first and second principal 

stresses and maximum shearing stresses throughout the entire structure. The 

methods of analysis are discussed in Sees. 9, 10, and 13. 

Safety against sliding is usually expressed in terms of the shear-friction factor of 

safety, as discussed in Sec. 9. For asound rock design it is usual to provide at a given 

section a ratio of the sum of all horizontal loads to the sum of all vertical loads of 0.75. 

There are notable exceptions to this, however, as pointed out elsewhere. 

The Cave Creek structure illustrates the importance of taking into consideration 

both shearing and frictional resistance to sliding. Ordinarily it is considered satis- 

factory if a multiple-arch dam has an overall shear-friction factor of safety which 

averages about 4. The average shear-friction factor of safety, however, may not be 

indicative of the actual factor of safety if there is a wide variation between the hori- 

zontal shearing stress, the vertical normal stress, and the actual shearing resistance of 

the foundation rock throughout the length of the base at the foundation line. It is 

important to come as close to uniformity as possible in the actual distribution of 

vertical normal pressures and shearing stresses. 

In high multiple-arch dams the actual distribution of both vertical normal and 

horizontal shearing stresses may be curvilinear rather than rectilinear, as usually 

assumed. Furthermore, the elastic properties of the foundation rock may affect 

materially the patterns of stress distribution in the buttresses. For these reasons, the 

more advanced methods of analysis, supplemented by structural-model tests, must be 

used in designing high multiple-arch dam structures. For dams ranging in height up 

to approximately 250 ft the conventional trapezoidal law may be applied to stress 

analysis. Actual stress variation in medium- and low-height dams approximates 

linear distribution. 

Uplift forces are usually not an important factor. Some uplift must be included 

under the surface of contact with the arches and in the upstream portion of the but- 

tresses. The open spaces between the buttresses will prevent uplift from occurring 

within the buttress structures. It is good practice to provide drain holes between the 

buttresses extending at least 50 ft into the foundations. The extent of such drainage, 

of course, will depend upon the characteristics of the foundation material. 

When the foundation structure consists of a continuous slab or monolithic concrete, 

uplift, of course, becomes a very important factor. At least one important failure has 

been attributed to this cause. The 143-ft-high Gleno Dam! built on the Oglu River at 

Darfo, Italy, was supported in a gorge by a concrete monolith which was subjected to 

full uplift pressures. The lighter multiple-arch structure and the vertical water load 

above this monolith did not possess enough weight to prevent a disastrous failure 

by sliding. 

1 Details of the Failure of an Italian Multiple-arch Dam, Eng. News-Record, Jan. 31, 1924, p. 182. 
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PRESTRESSING IN DAMS 

By O. C. ZIENKIEWICZ 

INTRODUCTION 

1. Definition. Prestressing may be defined, in the broadest sense, as a controlled 

imposition of an initial state of stress on an unloaded structure which improves the 

final state of stresses under working-load conditions. Gravity stresses in a dam fall 

within the terms of this definition, and indeed suitable construction techniques may 

considerably improve the conventionally achieved stress distributions,!}* but within 

this section, consideration will be given only to prestressing induced by purely mechan- 

ical devices. 
2. Methods. The mechanical methods of prestressing can be subdivided into 

two distinct categories: In the first, the force is apphed to a tensioned steel cable, and 

Cables 

AE Flat jacks 

Gravity Cable Wedge 

Fie. 1. Some methods of prestressing of dams. 

it is this cable that maintains the prestressing force on the structure. In the second, 

no reliance is placed on steel and the jacking force is applied at some suitable internal 

point, the jack being then replaced by a “‘wedge’’ that maintains the imposed displace- 

ment. Both methods have their definite advantages, their own field of application, 

and, naturally, their opponents and advocates. Figure 1 illustrates some of the 

principles involved. 

The method of prestressing by cables, which was originated by the late Andre 

Coyne in his, now classic, reinforcement and raising of the unsafe Cheurfas Dam in 

1935,2:3 has certainly a very wide field of applicability. The structural action is easily 

visualized, and it is probably true to say that in many practical cases it is the only 

possible solution for providing desirable initial stresses. The prestressing force, main- 

tained by the elastic elongation of high-tensile steel cables, is not influenced appreci- 

ably by the creep of the concrete. On the other hand, the permanence of dam struc- 

* Superior numbers refer to items in the Bibliography at the end of this section. 

16-1 
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tures relying on steel reinforcement has often been questioned, and this may limit the 

range of application of the method until more experience is available. An additional 

drawback is the impracticability of applying very large forces necessary in high dams. 

The “wedge’’ method of prestressing was originated by I. Freyssinet and first 

applied to the raising of the Beni Bahdel Dam in 1940.4 Its application was essen- 

tially made possible by invention of the now famous “flat jacks’? by Mr. Freyssinet. 

These jacks can be inserted in very narrow spaces (a few inches) and may, after 

inflation, be grouted to provide a permanent ‘wedge.’ Owing to the creep of 

concrete, which can reduce the prestress by as much as two-thirds of its initial value, 

several jacking operations are usually required and a suitable allowance must be made 

for future losses. This disadvantage combined with a particular type of buttress 

structure for which the method can be applied has somewhat limited its application in 

spite of the inherent advantage of no corrodible components. ‘Two structures that are 

similar in type to Beni Bahdel have since been constructed, one being the Erranguene 

Dam and the other the Djen-Djen Dam.*® The method can clearly be extended to 

arch dams in which grout under pressure or expansive cements could be used to 

provide the initial prestress. 

In this section attention will be given only to the cable prestressing methods and 

the major part of the discussion will be focused on the design of straight, solid, or 

hollow dams. 

GENERAL DESIGN OF PRESTRESSED DAMS 

3. Design Criteria. A straight dam of solid or hollow section, in which prestressing 

is used, is subject to precisely the same forces as a similar gravity or buttress dam, and 

a reiteration of these here is not necessary. The essential design criteria are again of a 

similar nature and can be summed up as follows: 

1. No tensile stresses in the concrete should be developed near the upstream face of 

the dam. 

2. A certain amount of tensile stress in the concrete is permitted during the empty- 

reservoir stage at the downstream face of the dam. ‘This tensile stress is to be limited 

to a reasonable figure of say one-tenth of the ultimate strength of the concrete. In 

some designs local reinforcement is introduced here to inhibit cracking. 

5. Maximum compressive stresses in the concrete are not to exceed one-quarter of 

the ultimate strength of the concrete. (In computation of these, it is usual that the 

tensile resistance of the concrete is ignored.) 

4. The cables should be securely anchored at a suitable depth to ensure safety 

against possible overturning. 

5. Adequate safety factor against possible sliding or shear failure is to be ensured. 

While the above conditions refer to the behavior of the dam under working-load 

conditions, additional requirements to ensure an adequate factor of safety against 

failure must be complied with. 

4. The Dam Profile and Required Cable Forces. The principles governing the 

design of the profile and the determination of the required cable forces are similar to 

those used in the design of other prestressed-concrete structures as described in 

standard texts on this subject.? 

To proceed with the determination of stresses in a typical profile some knowledge of 

the manner of stress distributions is required. Sufficient evidence from solutions 

based on the theory of elasticity is available to justify the usual assumptions of linear 

vertical stress distribution in the case of stresses caused by water pressures or gravity 

in the usual gravity- or buttress-dam profiles. This is true at least at sections of the 
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dam some distance from the foundation level. When considering the stress distribu- 

tion due to the prestressing force similar reasoning can be applied. For example, the 

exact elasticity solution available for an infinite wedge with a concentrated force at its 

apex is shown in Fig. 2 in which the distribution of vertical stresses is plotted on a 

typical section. This shows very small departures from linearity. Other elastic 

solutions for trapezoidal sections derived by Galerkin and summarized in Ref. 1 

reinforce the validity of extending the usual ‘“‘engineering”’ theory of bending to the 

case of prestressed dams. 

The required cable force for a dam of an arbitrary profile can now be derived so as 

to satisfy the criteria of safety 1 to 8 with due consideration to criterion 5, which is 

usually expressed in terms of a permissible ‘friction coefficient’ known as the “‘sliding 

P 

8 8, ae 
C 

ONG, C AC; t 

or, 

oO 

y -Compression 

General solution 

Fe = Tl =O 

: pees 20-sin26;]cos C +[cos 28-cos 264] sin C gers 
nae! sin? (@+8,) -(8+8,)* 

Kia. 2. Wedge solution. 

factor’ f, such that 

»s Sum of horizontal forces 

sum of vertical forces 

acting on a section under consideration. Values of f similar to those used in gravity- 

dam design are usually adopted. 

The problem of complying with requirements 1, 2, and 3 is illustrated in Fig. 3. 

In the simple profile shown, the forces P, W, U, and H represent, respectively, the 

prestressing force, weight of the dam, uplift foree, and the external water thrust. If 

no prestressing force were present, calculations identical to those used in determining 

stresses in a gravity dam would result in the vertical stresses shown in Fig. 8a and b 

for the reservoir full and empty conditions, respectively. Similarly, the stresses due 

to the prestressing force are calculated and shown in Fig. 3c. Addition of these 

stresses results in the final distributions of vertical stresses shown in Fig. 38d ande. In 

the first of these, the design criteria require that 

a(n a0 (1) 
- 

= Se ee. 
(ve S 1 + 1? 

in which —oc is the permissible compressive conerete stress. The second, 1.e., the 
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reservoir-empty condition, requires that 

~(0,)4 < oc (3) 
OT (eka (4) 

in which of is the permissible tensile stress.* The quantity 1/(1 + n?) occurring in 

(a) Gravity, uplift (b) Gravity only 
and water load 

A B , Um: , 

(c) Prestress only 

A B 

aff, Is. 
FINAL STRESSES 

(d) Reservoir (e) Reservoir 
full empty 

Fre. 3. Stresses on a horizontal section AB of a prestressed dam (compression areas 
shaded). 

the above relations represents the ratio of the vertical stress component to the maxi- 

mum principal stress on the downstream face. 

It will be found generally that for small heights of the dam relation (1) will be the 

determining factor and the cable placed as close to the upstream force as possible will 

require the minimum force. For greater heights, however, condition (4) will place a 

limitation on the maximum cable force which may not be compatible with (1), and in 

such cases the cable has to be placed farther away from the upstream face to satisfy 

* The usual convention of labeling tensile stress as positive necessitates the minus signs. 
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simultaneously both requirements. It is only for fairly high structures that relations 

(2) and (3) will govern the design. 

While in all cases the sliding factor should be checked, it will usually be found that 

this exceeds that obtainable in an equivalent gravity profile and thus is seldom the 

determining factor for design. 

The procedure outlined above is typical when the minimum required prestressing 

force is sought for ensuring the stability of an existing structure or when a dam is 

being raised by a simple addition to its height. If a profile is to be designed a priori to 

give the most economical structure the degree of freedom of the designer is much 

greater and a systematic investigation of alternatives must be undertaken. Such an 

investigation clearly invokes the relative costs of prestressing and mass concrete, and 

the possibility of using more than one line of cables to reduce the downstream tensions 

must be considered. Local conditions and designer’s preference may lead to such a 

variety of profiles adopted as are illustrated in the section dealing with examples. 

Analytical studies of the economy of profiles are presented in Refs. 8, 9, and 10. 

5. Depth of the Cable Anchorage. While the determination of the required cable 

forces discussed in the previous section presents no difliculties and can be dealt with 

rationally on the basis of the conventional beam theory, the question of the depth at 

which the cables are to be anchored in the rock is more complex. 

In all cases, the dam is an essentially post-tensioned structure and there is a definite 

zone in the foundation to which the cable has to be attached while the stressing 

operations are in progress. Evenif the cable issubsequently grouted, the major part of 

the transfer of the force from the cable to the rock occurs in the initial anchorage zone. 

Naturally, the anchor itself has to be so designed that pullout is impossible. This 

localized problem, to be discussed in the next section, does not influence, however, the 

decision regarding the depth at which this anchorage has to be placed. The rationale 

of the so-called “wedge theories”’ advanced from time to time, in which the cable wire 

is to be balanced by a certain weight of the overlying rock, is misleading in its concept 

as clearly it is possible, if not generally useful, to anchor the cable at any point of its 

length without incurring the pullout condition. The decision on the depth of the 

anchorage has, therefore, to be arrived at by other considerations. One obvious 

requirement is that previously stated as design criterion 5, 7.e., the requirement of 

overall stability of the dam and its foundation against overturning. An additional 

condition, which will later be seen to be automatically satisfied in most cases, is that 

the point of anchorage should be at a suflicient distance from the dam base to permit a 

stress distribution compatible with the assumption made by the conventional bending 

theory to be achieved. For example, an anchorage at the foundation level would 

obviously produce a very nonlinear stress distribution at all dam sections adjacent 

COM. 

To answer some of the questions raised above, a more detailed method of stress 

analysis is required. A complete stress analysis based on the clastic two-dimensional 

behavior has recently been carried out by Zienkiewiez and Gerstner.'!'!2 Although it 

is impossible and indeed unnecessary to go over the details of this solution here, some 

of its results are summarized in Figs. 4and 5. In these the full stress distribution on 

various sections of the dam and its foundation is presented for two different depths of 

anchorage under the action of full water pressure. 

The nonlinear distribution of the vertical stresses on the base section in the shallow 

anchorage is now evident as well as the rapid improvement in this distribution occur- 

ring when the anchorage is placed at a depth slightly exceeding the width of the dam 

base. Asin most cases this depth at least is required, it is seen that the validity of the 

conventional assumptions even near the base of the dam can be taken to hold without 

much error. 
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While the distribution of vertical stress components presents an intuitively pres 

dictable picture, the occurrence of certain tensile regions within the foundation ts less 

obvious. In Pips. 6 and 7, a more graphic presentation of the prineipal stresses and 

their trajectories is given, rom these and also the preceding diagrams, it ean be 

observed that tensile stresses tend to develop in all cases immediately below the 

anchorage. ‘This will obviously tend toward opening up of fissures in the roek in the 
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vicinity of the anchor, which, however, by itself, is not a dangerous situation. Once 

this crack has opened up a short distance, a redistribution of the stress will occur 

which, combined with the stresses duc to the weight of the rock, may still lead to a 

stable situation. In addition it should not be overlooked that in practice the cable 

load is transferred along an appreciable length and not at a point, a fact which will tend 

toward reducing the stresses from those of the idealized analysis.* However, the 

occurrence of tensile stresses at the upstream corner of the dam foundation and indeed 

along a large length of the line connecting this to the anchorage point is a more serious 

situation. A local weakness in the rock will initiate cracking which can proceed along 

the whole of this line as sufficient compressions do not exist in either of the cases 

illustrated to counteract the spread of this. In fact, the crack once opened permits an 

sasy ingress of water under pressure, and failure can proceed further unless the result- 

ant forces ullimately produce some compression to be overcome as is the case with 

deeper anchorages. 

Me Unsafe position 

of resultant 

x Center of rotation 

Open crac 

lig. 8. A safety criterion. 

The following conclusions result from the above discussion: either 

1. Suflicient depth should be given to the anchorage to reduce the tensile stresses 

in the rock throughout to small or zero values; or 

2. The design of the dam is made consistent with an ultimate behavior analysis 

which, while permitting a certain amount of cracking to occur, ensures a positive 

factor of safety against failure. 

While the first criterion could be satisfied only by a somewhat elaborate stress 

analysis on the lines indicated in Ref. 11, it is possible to develop a rational design on 

the basis of a study of the possible ultimate behavior.'! An outline of this procedure 

is given in Fig. 8. From point B, the downstream corner of the foundation, draw an 

are AC passing through the anchorage point A. The position of point C will in 

general lie outside the upstream foundation corner D at which the highest tensile 

stresses tend to exist, but nevertheless the line AC will correspond approximately to 

the possible crack position. Assuming this line to correspond to an open fissure, 7.e., 

allowing full hydrostatic pressure to be developed along it, compute the effective uplift 

forces U’, and U; acting along AC and AB, respectively (for calculation of the latter a 

linear decrease of uplift pressure between A and B can be assumed). Computing the 

* That such cracks occur in actual practice is manifested by the additional grout absorption noted 
when grouting is carried out after the prestressing operations. 
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remaining forces acting on the dam and the portion of the foundation BAC, 7.e., the ex- 

ternal water pressure on the upstream force U, and the weights of the dam and the por- 

tion A BC of the foundation W,; and W2, the magnitude and the position of the resultant 

force R acting on the section AB can be determined. Clearly if this falls outside the 

point #8 reliance must be placed on tensile stresses acting along AB, and stability is 

therefore endangered. The only possibility of resisting the overturning forces entirely 

by compressions is if this reaction / falls within the length 415, even so admitting a 

certain amount of cracking along this length if the reaction is close to this point B. 

To ensure a certain factor of safety it is necessary to arrange the anchorage at such 

a depth that the reaction R passes well within the section AB. If the stresses occur- 

ring on the section AB are computed according to some reasonable assumption, such as 

linear distribution, and the maximum value of the principal stress is found to fall 

within permissible limits for the foundation material, an adequate factor will be 

assured. In this calculation, no allowance should be placed on tensile stresses and the 

section AB should be permitted to crack as far as is required. 

The outlined method of analysis is somewhat similar to procedures used in earth- 

dam stability investigations. A criticism may be raised that AC does not represent 

the most obvious line at cracking; however, a consideration of the possible mechanism 

of failure will convince the reader that a crack along the line connecting, for instance, 

A to D would not permit overturning without calling in other resisting forces. The 

somewhat unpredictable nature of foundation rock and its initial state of stresses 

makes the above a reasonable and safe design guide. It is interesting to note that 

some model tests of a prestressed dam on a noncohesive granular foundation and others 

on test dams anchored into rock which were carried out in connection with the design 

of the Catagunya Dam!° have indicated failure patterns somewhat similar to those 

assumed in the above analysis.* 

The procedure outlined above has the merit of an easy extension to hollow or 

buttress sections. In Figs. 9 and 10 a design of an intake structure for the Wanapum 

Dam on the Columbia River is illustrated. The relevant forces, the magnitude of the 

resultant, and the estimated extreme stresses are shown here. 

THE CABLE AND ITS ANCHORAGE 

6. Types of Cable. In the general context of this section the term ‘cable’ has 

been adopted to describe the prestressing member. Inspection of Table 1, in which 

some examples of prestressed dam construction are summarized, will show that in 

some cases the term “bars’’ would be more suitable to describe the elements, which are 

sometimes as thick as 11g in. diameter. It is, however, a generally preferred practice 

to use smaller-diameter strands (5 mm or !4 in.) in appropriately greater numbers. 

The reasons for this are several: 

1. Greater flexibility of the cable, permitting the handling of complete lengths 

without couplings, which are always a potential source of weakness 

2. Greater ultimate strengths available in cold-drawn wires than in larger-diameter 

sections 

3. The decreased possibility of failure if corrosion attack on a single strand should 

occur 

4. Smaller bond-length requirements in the anchorage zone 

* The tests with an entirely noncohesive foundation show that in fact some passive resistance of the 
material increases slightly the failure load from the one which could be predicted by the above analysis. 
In the tests carried out on a larger model (of some 5 ft base width) anchored to solid rock, much larger 

failure loads were obtained, as indeed could be expected, but the general pattern of cracking observed 

followed the predictions made here closely. 
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SECTION B-B 

Symmetrical 

about & 

(except. pier) 

€ Intake : fo) 

5 
Bearing plates, one 
for each of four cabes 

SECTION A-A 

Conduit with 

four cables 

Normal max. H.W. 

ES %0:0 

Top anchorage 

at piers El. 511. 
Vy 

H,=46,750* 
—————— 

Anchorage between 
piers El.460.0 < 

EI. 441.0 
ia 

Fa=52,20e. 

Up=25,032k 
Middle point 
of grout Intake anchorage cables 
anchor El. 386.0 and grout curtain 

Up=t2,175* 
El. 366.0 min | 

Fic. 9. Wanapum intake structure (Columbia River, 1961) and the stability consid- 
erations. 
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Second-stage concrete 
after stressing cables 

Jack rod nut Jacking cylinder 

Ram piston 

Jack rod 

Jack chair 

Movable anchor head 
q a 

Rock anchor y ie 
support frame / 

24'dia corrugated pipe 

Coupling 

5" dia flexible tube 
(cables curved) 

Cover plate 

18"dia. corr pipe 

Four parallel cables 

Grout pour G2 

1%q" |.PS. plastic pipe GI Button head 

18" dia. bearing plate holding plate 

Anchor head 

$ Anchor head 

after stressing Grout pour G1 
(30' long) 

Anchor head 
before stressing 

Bearing plate 

ave 

Anchor head — 

Trumpet 

hy GPP El. 366.00 

Flexible tubing 
Button head 
holding plate 

Cables 90-1'%4' > wires 
4 cables per anchor 
Design load per anchor 2,560,000 Ibs 
Ultimate strength of wire 240,000 psi 

DETAIL OF TOP ANCHOR 

DETAIL OF BOTTOM ANCHOR 

Fre. 10. Wanapum intake structure. Details of the cable and its anchorage. Installa- 

tion procedure: A. Drill hole at foundation level. &. Form hole in concrete. C. Lower 
complete cable unit into hole and support from rock anchor support frame. Make grout 

pour GI and remove plastic pipe GI. D. Concrete 5-in. flexible conduits in formed hole. 

[enclose support frame. #. Stress cables. Place split ring shims. Remove jacks. Make 

grout pour G2. 
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The size of the complete cable is governed by the total prestressing force required per 

unit length of the dam and the maximum spacing between individual cables required to 

approximate the design assumption of a line load. No hard-and-fast rules fixing this 

maximum spacing are available, but clearly this should be considerably less than, say, 
one-fourth the height of the dam, although, subject to a detailed stress analysis, such 

a requirement may be violated. The maximum sizes of cables placed in one duct 

to date appear to be those in the Wanapum intake structure on the Columbia River 

(Fig. 10) and in the Howden Dam. In both cases, the complete cable taking some 

1,200 tons is accommodated in a 16-in. hole. Again the inspection of Table 1 will show 

the range of variation of the cables and of the duct sizes. 

7. The Cable Ducts. In applications of prestressing to the raising of existing 

dams it is clear that drilling provides the only practicable method of constructing the 

cable duct and anchorage. Holes up to 4-in. diameter are usually drilled by percussive 

means to depths up to 200 ft. For larger-diameter or deeper holes, rotary drills of 

various types are preferred. As straightness of the hole is essential, great care has to 

be taken in the process, and if difficult rock strata are encountered it is necessary to use 

rotary drills even for smaller-diameter holes, as was the case in the Steenbras Dam.!4 

It is generally felt that percussion-drilled holes provide a better bond than those 

resulting from rotary drilling, and site pullout tests should be carried out in most 

cases. 

In new construction use has been made of excavated pits for the anchorage of the 

cable (Allt na Lairige!®?°), but this practice has not been followed since. It appears 

that the practice of preforming the holes through the concrete of the dam and sub- 

sequent drilling through the foundation is the most advantageous.!° 

8. The Anchorage. The satisfactory anchorage of the cable in the foundation 

rock is one of the first problems to be overcome by the constructor. In the anchorages 

a transfer of stress from the steel through the surrounding concrete to the rock has to 

be effected. The first stage, that is, that of transference of the stress to concrete, can 

be accomplished by direct bond, and this appears to be the method originally used at 

Cheurfas and practiced most frequently. The provision of suitable mechanical 

anchorage devices is more difficult to accomplish and is adopted only where direct 

access to the anchorage zone is possible. 

In the anchorage by direct bond the commonly adopted procedure is to feed the 

cables into grout previously deposited at the bottom of the anchorage hole. To 

ensure grout of good quality and a low water-cement ratio pregrouting of holes to 

reduce water infiltration and the deposition of grout in a hole previously filled with 

water are considered to be good practices.!415° The eflicieney of such an anchorage 

is determined by a direct test. It was found by experiment that a length of about 2 ft 

is necessary for the anchorage of 5-mm wires in a cable with a 77-ton load anchored in 

a 21¢-in.-diameter hole."4 To provide a margin of safety, lengths of anchorage 

varying from 6 to 40 ft have been used. 
A recently introduced system of anchorage using cold-formed buttons at the ends 

of the wires and anchor plates is shown in Fig. 10. Tests carried out on a trial anchor- 

age with the wires embedded in approximately 38 {t of cement pozzolan grout showed 

no signs of failure with loads close to the ultimate strength of the wires." 

It should be noted here that the bond situation existing in an anchorage is less 

satisfactory than that in the so-called ‘“‘pretensioned”’ system of prestressing. ‘The 

application of the prestressing forces to the wires after these have been encased in the 

surrounding grout tends, by reducing their diameter because of the Poisson effect, to 

destroy the bond. The usual practice of regrouting of the cables after completion of 

the prestressing operations is to be recommended. If some slippage should occur the 

stresses will be transferred to a portion of the cable immediately above the original 
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anchorage, now under more favorable circumstances as a certain expansion of the wire 

due to its decreasing tension will ensure a positive wedging action.* 

The prestressing load transferred now to the surrounding grout must in turn be 

transmitted to the rock foundation. In the earliest examples an enlargement of the 

lower portions of the duct was executed to ensure a mechanical wedge (Fig. 10); it is 

more economical, however, to use holes of a constant diameter and rely entirely on the 

friction and certain wedging action developing on the walls of a simple concrete plug. 

Cable permanently 

10°’ @ hole protected by wrapping 

4 Concrete *’plug’’ 

Cable open 

(630 wires (@ 0.197"") 
80 to 90° galvanized 

to 

Foundation 

——=—| 1°2°’ enlargement 

Bundling at 

eo CAG 

Mean dia. 6”” 

Grout placed via 

central tube 

1,0007 cable 

Fig. 11. Rock anchorage. Detail of cable at Cheurfas Dam (Algeria, 1935). 

Percussion-drilled holes give a very good bond, but even with other methods of drilling 

a roughness seems to develop which apparently is always suflicient to prevent the 

pullout of the whole plug. An approximate method of determining the length of the 

plug is to assume that the shear stress on the walls of this does not exceed a certain safe 

value, usually assumed in the range of 150 to 250 psi. 

As all the anchorages are effectively tested during the prestressing operation and 

are subsequently grouted a very large factor of safety against pullout exists. 

9. Stressing the Cable. The stressing of the cables is generally one of the last 

construction operations to be carried out. The upper cable end is anchored into a 

suitably reinforced head block and stressed by insertion of jacks, which are replaced as 

* The transfer of stress from the wires to the grout cannot be effected abruptly. A certain length 

of the wires is obviously involved in which gradually decreasing stresses will develop. The tests on the 
Wanapum anchorage!3 showed that there, with a 14-in. wire, lengths up to 14 ft may be involved. 
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the elongation proceeds by steel or highly reinforced concrete packing wedges. Suit- 

able reinforcement is required near the area of such an anchorage to prevent a local 

failure. In Fig. 11, detail of a typical stressing head is shown. An alternative 

arrangement, whereby the cables are stressed in pairs, avoids some of the anchorage 

problems. Such a scheme was used in the raising of the Steenbras Dam,!4 and the 

detail is shown in Fig. 12. Some other less orthodox arrangements which have been 

used are shown in Fig. 13. As in all prestressed construction, the possibility of 

relaxation of the initial prestress has to be allowed for. The relaxation is due pri- 

marily to the creep of concrete, which behaves under stress like a viscoelastic material, 

Iria. 12. Prestressing heads and jacks used at Steenbras Dam (South Afriea, 1955). 

and secondly to the creep of the steel itself. Allowance for these effects has been 

theoretically considered. I. Priscu and M. Constantinescu’ computed a 9 percent 

ultimate prestress loss due to the creep of concrete (under the action of its own weight 

and the prestressing force) in a specific example of a dam some 120 ft high. In 

Allt na Lairige dam an allowance of 10 percent for prestress loss was made in the design. 

Similar allowances are usually adopted. 
In most of the specifications applied to prestressed dams, a requirement of retesting 

the initial tension after a certain time lapse after prestressing has been included. It 

appears, however, that in no case was any detectable loss of prestress found with times 

varying from 28 days to 3 months. The tests on Cheurfas Dam show a relaxation of 

some 4.5 percent after a period of 9 years, with 4.0 percent occurring during the first 
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3 years. One could conclude from this rapidly decreasing rate that an allowance of 

10 percent would be on the safe side. 

10. Protection of the Prestressing Steel. ‘The suitable protection of the prestress- 

ing stecl against possible corrosion is clearly the crucial problem on which the feasi- 

bility of prestressing must depend. Inadequate protection at any point of the lower 

part of the cable may cause a failure, and this possibility is considered by some as 

precluding the use of prestressing in structures which must be able to perform their 

function for a considerable time. 

It would doubtless be desirable to develop methods of suitable instrumentation by 

which the state of the cables at any time would be checked. This subject by itself forms 

a profitable field of re 

undertaken. At present investigations into the use of electric-resistivity methods are 

search, and it is hoped that more work in this direction will soon be 
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(from Coyne) (from Bassevitch) 

Fia. 18. Some unorthodox prestressing techniques. 

in progress.!° In the Catagunya Dam, several selected cables have permanent 

electrical connections at each end to insulated copper conductors. It is proposed to 

measure the resistance of these cables, and tests so far conducted show that the 

method may be of practical value, a deterioration or break in the cable being indicated 

by a slight increase of resistance. Obviously, however, further work in this direction 

is imperative. 

The methods of cable protection practiced to date fall into two categories: In the 

first the cable is protected by a nonbonding plastic material such as grease or bitumen 

which, while preventing corrosion, effectively permits prestressing operations to be 

carried out at a later date. The technique was, to the knowledge of the author, 

attempted only on two early dams, Cheurfas and Fergoug.*:!7__ In the first, an elabo- 

rate system of prewrapping of the cable enclosing a layer of a grease-bitumen mixture 

was adopted, while in the latter the cable duct was filled directly with hot bitumen 

some months after prestressing was completed. 

In Allt na Lairige dam the lower portions of all bars were suitably wrapped, 
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enclosing a greasy substance. However (with the exception of two bars), all the 

remaining lengths of the bars were grouted after prestressing, thus preventing any 

possible retensioning. 

The second procedure, which appears to be almost universally adopted, is the 

complete enclosure of the cables by cement grouting. This method, while preventing 

restressing, has the advantage of providing an increased factor of safety against 

anchorage pullout, as mentioned earlier. In addition, the relative ease with which 

such grouting can be effectively performed in vertical holes with straight wires (as 

proved by tests carried out on the Steenbras Dam!*) provides a uniform degree of 

protection and avoids the possibility of dangerous zones such as may develop at the 

junction of the concrete anchorage with the bitumen. 

EXAMPLES OF PRESTRESSED DAMS 

11. Existing Projects. Since the original application of the Cheurfas Dam the 

use of cable prestressing in dams has grown rapidly. The technique has been applied 

with success to the strengthening and raising of numerous old gravity dams and to the 

Raising } 

@7’ to 10’ 
=H Waele Spacing 

90’ max, 

Oyeneinenl W lvlaths i] 

; 212’ & drilled holes 

py 37 wires & Ue 2 5 

(ult. 213,000 psi) 

33’ into rock 

8 

Grouted anchorage 

Fie. 14. Raising of Steenbras Dam (South Africa, 1955). 

construction of several new dams of the straight-wall type. In both uses the result 

proved economical, with substantial savings in prime cost being achieved. Figure 14 

shows the profile of Steenbras Dam? in South Africa which was raised recently, and in 

Figs. 15 and 16 profiles of some structures designed a priori utilizing the prestressing 

force are shown. The first of these is the side wall at Mareges (France) where the 

straight prestressed wall forms an extension of the main arch dam over a relatively 

short distance.!8 This wall, completed in 1934, is one of the earliest examples of the 

application of the method to a new structure. In the same diagram the profile of a 

similar extension constructed more recently in Tunsia is shown.’ It is seen that the 

daring and confidence of the designer have increased considerably. In Fig. 16, two 

medium-height dams designed to rely entirely on the prestressing forces are shown. 

The first is the Allt na Lairige dam in Scotland!®° and the second the Ernestina Dam 

in Brazil.6 The first is considerably higher than the latter and to the author’s knowl- 

edge is the highest new dam presently utilizing the prestressing principle. A dam of 

considerably greater height is under construction in Tasmania.*® This dam, with a 

cross section similar to that of Allt na Lairige, will reach a maximum height of some 

150 ft. Figure 17 shows the profile of the spillway section of that dam. The 

Eernestina Dam is remarkable for the complicated arrangement of prestressing steel, 
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Tic. 16. Examples of prestressed dams. 

which one would expect to be considerably more expensive in placement than the very 

simple scheme adopted in other structures. 

In at least one recent dam constructed in England (Avon Dam) provision has been 

made for a raising anticipated in the future, and suitable cable ducts were incorporated 

into the original structure, which is of a conventional gravity type.2!2 Such a pro- 
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cedure is likely to save considerable expense at a later date and is indeed a wise pro- 

vision if a raising is anticipated. 

In addition to straight dams with the cable action similar to that of a simple 

prestressed concrete cantilever, cable prestressing found an extensive use 1n construc- 

tion of large-span buttress dams of the multiple-arch type. In these, several cables 

are frequently used to “‘tie’”’ the buttress into their foundation rock and also to increase 

compressive stresses in planes normal to the principal stress trajectories. Examples of 

such applications are, to quote but a few, the L’Oued de Mellegue Dam,* St. Michel 

Dam,!8 La Girotte Dam,?* and Mont Larron Dam.*4 Figure 18, which illustrates the 

last of these, shows this type of application clearly. 

SIES5510; 
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Fie. 17. Cross section and detail of the cables used in Catagunya Dam (Tasmania, 1961). 

(From Water Power, December, 1960.) 

The advantageous use of prestressing cables for some parts of the permanent 

structure of a dam such as spillway piers or for temporary diversion walls, etc., is 

almost obvious, and a discussion of these is not included here, although the general 

principles to be elaborated here apply. 

The interesting examples of such applications are presented in the various phases of 

the design of the Wanapum spillway. In addition to the intake structure, illustrated 

diagrammatically in Fig. 9, prestressing is used there for reinforcing of the piers which 

support large radial gates. The layout of the cables, in such a pier, is shown in Fig. 19. 

Complex problems of stress distribution naturally arise in such instances, and elaborate 

computations, together with the use of structural-model analysis, were needed in this 

particular design. 

The use of prestressing cables in arch dams presents novel and interesting possi- 

bilities. It is beyond the scope of this section to discuss in detail the stress distri- 
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Fic. 18. Mont Larron Dam, France, 1958. Use of cable prestressing in multiple-arch dam. 
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bution in such dams and the desired changes of stress which can be brought about by 

prestressing. 

CONCLUDING REMARKS 

Some of the possibilities of application of prestressing in dams have been illustrated, 

but the major problem of the durability of such structures, in common with other 

reinforced-concrete and prestress applications, deserves further study and research. 

It appears that the moderate amount of experience already available permits a 

reasonable degree of optimism, and it can be seen that the technique can already be 

considered as standard for the reinforcement and raising of old dams. Its use in 

temporary structures, spillway retaining walls, and structures of medium importance 

certainly deserves extension. The application to very high dams does not at the 

moment appear possible or indeed economical, because the prestressing force required 

increases, roughly, with the cube of the height while the volume of concrete increases 

with the square of the height. 
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SECTION 17 

BARRAGES AND DAMS ON PERMEABLE FOUNDATIONS 

By Srr Tuomas Foy snp H. SPENCER GREEN 

BARRAGE AND THE RIVER 

1. Introduction. The name ‘“‘barrage’’ has been given to the relatively low head, 

diversion type of dam constructed chiefly in Pakistan, India, Egypt, Iraq, and other 

countries in the Middle East. 

Such structures consist of a number of gated, flood-passing bays of masonry or 

concrete. The function of these structures is to raise the river level sufficiently to 

divert the river flow or a part of it into the main supply canal of an irrigation system. 

Barrages include canal regulators, low-level sluices to maintain proper flow 

approach to the regulator, silt-excluder tunnels to control entrance of silt into the 

canal, and sometimes fish ladders. 

Many barrages have been constructed on rivers flowing over deep beds of per- 

meable sand. Engineering and construction records of such structures on this dificult 

type of foundation date back about 100 years. In this period, a considerable wealth 

of engineering knowledge has been gained, some of it through hard experience in the 

failure or partial failure of structures. Engineers in the Middle East have persistently 

applied themselves to the problems involved by observing, by recording and studying 

data, by testing models, and by developing mathematical analyses and formulas. 

Out of this continued endeavor has come a body of special information, rules, and 
criteria applicable to the design of barrages or dams built on sand. 

In this section, an attempt has been made to bring together the most useful and 

pertinent parts of this body of information and criteria. An excellent reference for 

further detail on this subject is Ref. 1. 

2. Nomenclature. In order to acquaint the reader with the nomenclature usually 

applied to the various parts of a barrage, and which is used in the subsequent text, 

Figs. | and 2 have been included. 

3. Siting. In selection of a barrage site, the location and elevation of the irriga- 

tion canal, or canals, which the barrage will command will play an important part. 

Adjustments in location of the canal to suit the barrage might be made to some extent, 

but the topography will generally limit this. The rivers on which barrages are con- 

structed are generally very unstable, but if it is possible to find a relatively stable site, 

where the floodplain is locally comparatively narrow, within the general area deter- 

mined by the canal location, it is desirable to adopt this for the barrage location. A 

study of old maps of the river may contain clues indicating such sites of relative 

stability. Other factors which will influence location are slope and curvature of the 

river, volume of pondage, interference with existing structures such as bridges, roads, 

railroads, or towns, and valuable farmland. 

4. Orientation. If the river flows in a braided floodplain, the orientation and 

exact lateral location of the barrage must be carefully considered by an engineer or 

engineers of long experience before a final decision is made. The requirements are 

facility of construction and satisfactory operation after completion. 

17-1 
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Fie. 2. Plan of barrage and bunds on a braided river. 

To assist in the decision an aerial photomosaic of the river for several miles 

upstream and downstream, taken at low stage, showing the pattern of river channels 

is invaluable. Old maps of the river reaches under consideration may indicate 

regions, 1f any, of comparative channel stability. 

In general, because the channels are unstable and a major channel which is on the 

right one year may in one flood shift to the left, and because of the general down- 

stream progression of loops and meanders, the requirements are best met by selecting 

a tentative site for the barrage centrally in the floodplain and normal to the overall 

river axis in that reach. 

One of the major considerations is the facility of diversion of river flows during 

construction. In a number of cases where the floodplain is wide enough, the barrage 

is constructed on high ground toward the canal side surrounded by earthen cofferdams, 
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while the river continues to flow in the original deep channel. After completion of 

barrage construction, the river is diverted through leading cuts over the barrage with 

simultaneous closure of the deep channel. 

A large comprehensive model is a useful tool that can be used as a final check and 

confirmation of the orientation selected. The model can be constructed by using data 

from recent topographic maps and aerial photographs, care being taken to reproduce 

in the model important vegetative cover such as forest growth, and differences in the 

nature of the soil such as a local occurrence of clay. 

Practical consideration generally requires the model to be distorted in vertical 

scale. The scales used for the model, both vertical and horizontal, should be the 

largest which the available facilities afford. 

The bed of the model should be sand particles which have hydraulic simulation 

close to that of the material of the river being studied. Direction and velocities of 

currents should be carefully observed, studied, and recorded by time-exposure 

photography of floating confetti. Scour effects in the riverbed near the structure 

can be obtained from the model after a sustained run; owing to the difficulty of 

ensuring the correct hydraulic simulation of the sand particles, these scour measure- 

ments should be regarded as having qualitative rather than absolute quantitative 

value. 

6. Accretion and Retrogression. After a barrage has been constructed, the pond 

formed by it will act as a huge settling basin for the sediments carried by the river. 

The process of settling out of solids is called accretion. Accretion starts shortly 

upstream of the barrage Just beyond the limit of the temporary scouring effects 

induced by the operation of the barrage gates during high river stages and gradually 

works its way upstream, eventually raising the river bottom parallel to the prebarrage 

slope. 

For a number of years after construction of a barrage, because of accretion the 

water discharging from the barrage will be freer of silt and sediment than before con- 

struction. This clearer water, not having its normal load, will pick up silt and sedi- 

ment from the riverbed downstream of the barrage, causing a lowering or retrogression 

of the bed. The amount of retrogression in some existing barrages has been between 

4and 7 ft. This is directly reflected in water surface for the lower levels of flow but 

reduces the water surface only 1.0 to 1.5 ft for the maximum flood flows. 

After accretion upstream has ceased, the prebarrage amount of silt will pass 

through the barrage. The downstream flows, being charged with silt, will no longer 

pick up bed material, but the reverse will occur. Retrogression will gradually change 

to accretion, with the riverbed rising again to its original grade or perhaps even 

higher. This fact of accretion and retrogression is of great significance in design of 

barrages or dams on alluvial streams, and is never to be overlooked. Some reason- 

able estimate must be made of retrogression before the final level of a barrage hearth 

slab has been established. The hearth slab must be low enough so that the hydraulic 

jump stays on it for all stages of flow with the river in a retrogressed condition. 

6. Afflux. Afilux is a term applied to the increase in the maximum flood level 

upstream of a barrage as a result of its construction. It is also the difference in 

elevation between the headwater and tail water at the time of maximum flood. The 

effect of afflux will extend upstream many miles, gradually tapering off to the pre- 

barrage floodwater surface profile. In the rivers of the Punjab, where the sand is 

quite fine, designers have generally limited afflux to between 5 and 4 ft to obtain a 

discharge of 250 to 300 cfs per foot run of barrage width. <A greater amount of 

afflux would result in a narrower barrage with higher discharges per foot run. This 

would necessitate lowering of the hearth slab, the pervious block apron, and the rock 

apron, and consequential increase in the dimensions of the works; the result could be 
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uneconomic and could increase construction difficulties. In riverbeds of coarser- 

grained sand or consolidated or cohesive material, more than 3 or 4 ft of afflux could 

be permitted. 
It must be remembered that the figures quoted, 7.e., 250 to 300 cfs per foot run, 

are average figures over the entire width of barrage. Owing to the inequalities of 

intensity of flow they will be greatly exceeded in certain bays during high floods, and 

this must be taken into consideration in the detailed design. 

Top levels of guide banks will be determined by the afflux, and levels of flood- 

protection bunds will be determined by the backwater curve caused by the afflux. 

Over a number of years, accretion may increase the amount of afflux. The raised 

levels may occur for many miles upstream, but the effect diminishes as the distance 

increases. Additional freeboard on the guide banks and bunds may be constructed 

at the time of original construction. However, since the full effect will not take place 

for many years, the extra freeboard can be obtained when needed by adding a layer 

of compacted fill to the tops of these earth structures. 

BARRAGE-TOPSIDE DESIGN 

7. Barrage Width. Three considerations govern the width of a barrage. They 

are the design flood, the Lacey design width, and the looseness factor. 

The design flood must be established from flood records; methods used are fully 

covered in Sec. 1. In Pakistan and India, barrages were formerly designed to pass 

the maximum flood previously experienced with some margin of safety. In terms of 

modern hydrology the designs in practice were capable of accommodating floods of 

about 40- or 50-year frequency. Larger floods were experienced in the course of time, 

and these breached the main earth bunds, which in effect became fuse plugs. Such 

a principle has been found to be more economical than providing a greater spillway 

capacity in the barrage, and can be permitted because no great amount of stored 

water is lost, as the barrage is primarily a diversion structure. To have the main 

bund breach at a predetermined location, a section of this bund is constructed with 

a slightly lower crest than the rest of the bunds. This section is located at a safe 

distance from the barrage so that there will be little chance of barrage washout when 

the bund breaches. 

The weakness of this practice arises from the fact that the fuse plug cannot become 

operative until shortly before the flood peak so that erosion of the bund is limited. 

This combined with the fact that the channel approach to the fuse plug soon gets silted 

up and overgrown with brushwood reduces the capacity of the escapage so that the 

relief afforded by the fuse plug is only a small percentage of the maximum flood. 

The second consideration governing the barrage width is the combined widths of 

the channels approaching the barrage. These channels flow in erodible material and 

tend to adopt the Lacey regime given by the formula 

Pw = 2.67 V/Q 

where Pw = wetted perimeter, ft 

Q = discharge, cfs 

For these large channels the formula may be modified with reasonable approximation 

to 

W = 2.67 -~/Q 

where W = minimum stable width, ft, or Lacey width 

The width W would be developed by the discharge Q flowing continuously for a length 

of time sufficient to develop regime conditions. The bed and banks of the channel, 

though erodible, have been formed by lesser discharges than the maximum flood, 
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which never flows for long enough to establish regime conditions. While the bed 

adjusts fairly rapidly to the increasing discharge, the banks are often protected by a 

clay cover reinforced by vegetation. Away from the barrage the flood is carried 

partly by the existing channels and partly over the floodplain. The barrage is 

accordingly designed for a width exceeding W, partly to accommodate this floodplain 

discharge and partly to take advantage of the dispersion of the channel flow induced 

by the obstruction caused by the barrage itself. 

This ratio of actual width to regime width is the “looseness factor,’’ the third 

factor affecting barrage width. It has been used in the design of barrages generally 

to increase the minimum width indicated by the Lacey formula. Values used have 

varied from 1.9 to 0.9, the larger factor being applied in the earlier designs. The 

extra-wide barrage was advocated because of the convenience of construction resulting 

from not too low downstream floors and protections. At many of the ‘‘loose’’ bar- 

rages, sand islands developed immediately upstream, no doubt a direct result of too 

much width. The slower velocities permitted settling out of sediment and gradual 

accumulation until islands formed. Islands became anchored and fixed by growth 

of vegetation. They disturbed the flow patterns during floods, both upstream and 

downstream, resulting in undesirable cross currents and concentrations of flow. Very 

deep scour holes have been a consequence, sometimes causing failure or partial failure 

of the barrage. More recent designs have recognized this fault of too much width 

by using smaller looseness factors. 

An additional reason for selecting a low value for the looseness factor is the increas- 

ing utilization of supplies in the upper reaches of a river for storage and diversion. 

These withdrawals reduce the low and medium supplies which shape and form the 

approach channels. The withdrawals have little, if any, effect on the size of the major 

floods. A barrage designed to suit a low looseness factor will have a larger margin of 

safety under the changed conditions. 

8. Crest Level. Four factors determine the crest elevation of a barrage: the 

afflux, the pond level, the discharge per foot run, and the coefficient of discharge. The 

afflux is usually set at 3 or 4ft, and the average discharge per foot run q is determined 

by dividing the design flood by the sum of the clear span distances. The coeflicient 

of discharge varies between 2.5 and 2.8 depending on the degree of submergence. A 

value of 2.6 is usually satisfactory for first trials and can be refined as the design 

advances, using submergence factors given elsewhere in this book. By substituting 

the known values of gq and C in the spillway discharge formula g = Ch**, a value of 

head on crest h is obtained. Pond level is determined by adding the afflux to the 

natural flood stage at the location selected, and crest elevation is determined by sub- 

tracting h from the pond level. The maximum average discharge should be increased 

by some percentage to allow for unequal flow over the barrage. On the main tribu- 

taries of the Indus a figure of 20 percent has been adopted, which experience has 

shown to be inadequate. Unequal flow is a function of the ratio of the peak flood 

discharge to the dominant discharges which shape and form the river channels 

impinging on the barrage, and of the degree of dispersion caused by the barrage. 

it is preferable to allow for concentration on the following basis: 

Average discharge = q (cubic feet per second /foot run) 

Concentrated discharge = q(1 + ab) 

In which a = (Lacey P,, for maximum design flood) + (Lacey P,, for mean of 3 succes- 

sive lowest annual floods) 

b = dispersion factor for which a value of 0.30 is appropriate for this type 

of structure 
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9. Width of Bays. Clear distance between piers is governed by the magnitude of 

the structure, type of structure, bridge requirements, and kind and size of flotsam. 

The larger barrages generally have clear distances of 60 ft and the smaller ones about 

40 ft. If the barrage will have to pass large logs or trees, the larger spans are in order. 

A design with reinforced-concrete floor slabs may be more economical than mass con- 

crete design with spans up to 60 ft, but extensions of the piers downstream to the sill, 

called groins, are required to provide the slab with weight against uplift. 

10. Piers. Pier thickness has varied from 7 to 15 ft in different designs. How- 

ever, 7 ft has been usually adopted and is considered to be adequate even for 60-ft 

spans with balanced vertical lift gates. For Tainter gates thicker piers may be 

necessary. Forces that must be considered in pier design are the thrust coming from 

the Tainter gates or wheeled gates, particularly when an adjacent bay is unwatered 

by stop logs; bridge forces; and earthquake forces. 

11. Glacis. The glacis is the name given to the surface which slopes down from 

the crest to the hearth slab. It is on this surface that the upstream end of the hydrau- 

lic jump should occur. The glacis controls the location of the jump, keeping it in a 

well-defined zone for the full range of discharges. A jump forming on a horizontal 

surface is unstable and may move downstream with slight changes of discharge or 

tail water. If the jump moves off the hearth slab, the structure is in Jeopardy. 

Glacis slopes designed to follow the theoretical trajectory from a 1-ft gate opening 

under a normal pool ending in a 2 horizontal to 1 vertical slope have been frequently 

adopted in recent practice. 

12. Hearth Slab. With a properly designed glacis and hearth slab, the upstream 

end of the hydraulic jump will always occur on the glacis for all discharges. With 

the upstream end of the jump so confined, the downstream end of the hearth slab can 

be established. Length of hearth slab is made equal to length of jump. Although 

the length of jump cannot be precisely determined, experience shows that most of the 

turbulence has ended in a length which is equal to 5(D. — D,). The hearth slab 

provides an erosion-resistant surface for the full length of the jump at all discharges. 

It is of paramount importance that the full length of the jump be contained on the 

hearth slab because, in this length, practically all the energy generated by the falling 

water is transformed into violent turbulence which could dislodge and remove blocks, 

stone, and all smaller particles. 

A high quality of concrete is necessary in the top surface of the hearth slab. It 

should be resistant to the erosive action of the water carrying sand in suspension. In 

order to increase the resistance of the surface to erosion, hard particles are sometimes 

worked into the surface during the concrete-finishing operation. A suitable applica- 

tion of this kind, developed by ‘‘Master Builders,’ is known as ‘‘Master Plate,” in 

which iron particles are worked into the top of the concrete. The utmost care must 

be taken that no cleavage plane develops between the surface concrete and the main 

mass of concrete. 

The top surface of the hearth must be set deep enough so that the upstream end 

of the Jump will always occur on the glacis. This depth is equal to D» ft below the 

surface of the tail water. As shown in Fig. 3, Dz is the subcritical flow depth occurring 

downstream of the standing wave of the jump, and can be computed from the hydrau- 

lic-jJump formula 

Dim De V Vidi UD? 

in which D,; = supercritical flow depth 

V, = supercritical flow velocity 

V, is computed by using the potential head h in the formula V = ~/2gh where h 
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Fig. 3. Hydraulic jump. 

equals the difference between the energy level upstream and the level of the glacis at 

the point where the standing wave forms. Potential head should include the effect 

of unequal flow described in Art. 8. 

To be on the safe side, a small increment can be added to the computed Dy». How- 

ever, this should not be overdone, since depth in excess of that actually required will 

cause unnecessary excavation, concrete, and unwatering costs. An addition of 

10 percent to D» is desirable. Economy requires close determination of the optimum 

level, particularly for very wide barrages. 

For making preliminary studies, the curves in Fig. 4 are very useful in quickly 

obtaining the elevation of the hearth slab. Elevations of hearth for several values of 

discharge and corresponding tail water should be obtained. The lowest elevation 

so obtained would be the correct level. In determining the tail-water level to use 

in these computations, possible retrogression of the downstream riverbed should be 

considered. As has been noted previously, it has been found in past experience on 

alluvial-sand rivers that retrogression over several years can lower tail water 1 to 

1% ft during maximum flood, but 4 to 7 ft during normal or low flow stages 

The thickness of hearth slab and glacis must be sufficient to resist uplift and bend- 

ing moments. Conditions of uplift with gates closed with low tail water and open 

with high tail water must be considered. In the latter condition, a large unbalanced 

load occurs under the trough in the hydraulic jump, requiring the thickest portion of 
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Fia. 4. Curves for setting the level of the hearth slab. 
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the hearth slab. Some reduction in thickness can be made by bridging this large load 

over an upstream-downstream length of slab which is longer than the length of the 

trough. 
13. Baffle Blocks. Baffle blocks of proper design will assist in concentrating the 

center of turbulence of the jump close to the glacis, and so will permit reduction in the 

length of the hearth slab. Size, location, and spacing of blocks can best be determined 

during hydraulic-model studies. It is imperative that baffle blocks be thoroughly 

bonded into the underlying concrete. 

Baffle blocks are very vulnerable to erosion, particularly if much sediment is 

carried by the water. For this reason, the blocks should be constructed of extra- 

strength concrete and should have a high percentage of reinforcing steel to prevent 

occurrence of cracks. If a crack develops in the upstream face of the block, the 

impinging water will cause a pressure buildup and fluctuation of pressure inside the 

concrete, which in time will cause spalling. All corners should be formed with round 

chamfers of about 6 to 9 in. radius, as sharp corners have always been one of the first 

points of erosion attack. 

14. Hearth Sill. A concrete hearth sill at the downstream end of the hearth slab 

is essential to proper design. A well-designed sill will deflect the bottom currents of 

water off the hearth at an upward angle. The angle of this current will cause a 

horizontal vortex or ground roller immediately downstream of the sill. Desirable and 

undesirable patterns for the ground roller are shown in Figs. 5 and 6. 

Tia. 5. Desirable ground-roller pattern Fic. 6. Undesirable ground-roller pat- 
—with end sill. tern—without end sill. 

With the sill shown in Fig. 5 the upstream movement of water along the bottom 

tends to move loose particles toward and against the sill. If no sill were provided, 

bottom currents downstream of the sill would be in a downstream direction, and the 

resultant action seen in Fig. 6 is transport of loose particles downstream and away 

from the sill. With no sill, a longer and deeper scour hole would form downstream 

than would be the case with a sill. This is well illustrated by results of a transverse 

sectional model taken with a 1-ft-high sill (Fig. 7) and a 4-ft-high sill (Fig. 8), both 

subject to the same conditions of flow. 

Loss of material at this critical point will increase the exit-gradient pressures, 

which in turn will increase the tendency for loss of foundation material. Barrages have 

been badly damaged and have failed because material at the end has been removed by 

currents, permitting foundation material under the barrage to escape. Sheetpiling 

under the sill is necessary, as will be discussed in subsequent paragraphs. The final 

shape of sill should be obtained from observing results on a movable bed by several 

shapes and sizes of sills in a series of model runs. 

15. Approach Slab. A concrete slab upstream of the weir section is a necessary 

feature. It will increase the seepage path and so reduce uplift pressures. It will 

provide a smooth erosion-resistant transition in an area where the velocity increases 
considerably. 

The upstream end of the approach slab must be securely joined to the upstream 
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line of sheetpiling or to the vertical concrete cutoff, if that is used. The downstream 

end is joined to the weir section in many designs with a flexible watertight joint. 

With this type of design the approach slab is provided with temperature reinforce- 

ment only. 

Alternatively, if it is desired to make the approach slab monolithic with the weir 

section in order to utilize its potential capacity to provide the structure with addi- 

tional resistance against sliding, it will be necessary to determine the uplift pressures, 

to establish a suitable coefficient of friction between the slab and the foundation sand, 

and to design the reinforcement to suit these conditions. 

In determining the share of resistance to sliding that the approach slab contributes 

to the entire structure, the uplift and a suitable coefficient of friction must be estab- 

lished. Determination of uplift can be obtained by the method of independent 

variables as discussed under uplift. Maximum values of coefficients of friction are 

0.45 for clay and 0.55 for sand and gravel, but values 15 or 20 percent higher than this 

should be used when computing the reinforcing that resists sliding and 15 to 20 

percent lower when computing the sliding resistance contributed by the slab to the 

whole structure. The slab will slope down to the upstream end gradually from the 

3 horizontal to 1 vertical slope of the crest section. The elevation of the upstream 

end should be made low enough, if economically feasible, so that the average maximum 

approach velocity on the upstream blocks and stone apron will not exceed 10 fps, 

which is considered to be the upper limit for water flow on loose-stone aprons. The 

level is also set below the crest level a minimum of 0.2 times the maximum head on the 

crest to achieve a good coefficient of discharge. 

16. Design of Weir Section, Glacis, and Hearth Slab. The weir section, glacis, 

and hearth slab are required to withstand the uplift pressures, and this objective can 

be achieved in two ways: 

1. By making the section at all points of sufficient thickness and weight equal to 

the maximum uplift pressure at the point under consideration. This design is known 

as a gravity section. 
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2. By designing the barrage slab as a reinforced-concrete raft and utilizing the 

weight of the piers and groins to assist the glacis and hearth slabs in resisting uplift. 

This design is known as the Raft design; where adopted, care should be taken to pro- 

vide some positive pressure or weight in excess of the total uplift pressure. 

Where the Raft design is adopted, the reinforcement will be designed in accordance 

with reinforced-conerete practice. Where the gravity design is used, the slab is often 

reinforced to prevent temperature and shrinkage cracks. 

The selection of one type or the other is a matter of judgment, taking into con- 

sideration the comparative cost, facilities for construction, and available materials 

and skills. 
17. Concrete-block Aprons and Scour. Aprons of unreinforced-concrete blocks 

are usually placed immediately upstream of the approach slab and downstream of the 

hearth slab. The blocks are cast in place, usually measuring about 3 by 5 ft in plan 

and 2 ft deep for those upstream, and 38 to 4 ft deep for those downstream. The 

4-ft-deep blocks are preferable as being less likely to shift under swirling scour. 

Downstream blocks are cast with a 3-in. space between each and all adjoining blocks; 

upstream blocks are contiguous. The 3-in. space is to permit relief of uplift pressure. 

Between the upstream blocks, the direction of flow is downward. It is therefore 

better to have the blocks as close as possible to reduce water flow and uplift. 

Immediately downstream of the hearth slab, an inverted filter is provided for a 

length of 1 to 1.5 times the normal scour depth without allowance for concentration 

in order to have an adequate cover for the downstream pile line to safeguard against 

the steepening of the exit gradient in case of scour downstream. The inverted filter 

consists of two or three layers designed for protection of the base soil and is weighted 

by concrete blocks with 3-in. open joints tightly packed with gravel. Downstream of 

these inverted filter blocks, flexible apron blocks laid on a 2-ft layer of rock are pro- 

vided for about one-third the length of the total flexible protection mentioned in 

Art. 18. 

It has been the practice in the Punjab to provide total lengths of block aprons 

equal to 1.5D to 2.0D downstream and about 1.0D upstream, where D is the design 

depth of scour below the top of a slab. Upstream the blocks are placed on a 2-ft 

thickness of loose stone, making a total thickness of 4 ft equal to the stone apron 

which continues farther upstream. 

D = XR minus depth of water above top of slab 

X = 1.25 to 1.75 for upstream aprons, 1.75 to 2.0 for downstream aprons 

(the factor X provides for the additional scour due to concentration and any 

local eddy formation) 

R = 0.9(q?/f)4 = Lacey scour depth, ft below floodwater surface, based on unit 

flow without allowance for concentration 

f = 1.0 for fine sand 

q = average flow, cfs per foot run 

The rules for designing block and stone aprons set out above and in Art. 18 were 

evolved by Dr. A. N. Khosla! and are still very widely followed. Experience has 

shown that the assumed concentration of 20 percent on which these rules are based 

can be inadequate. It is preferable to use the factor (1 + ab) described in Art. 8 

as X for the upstream apron and (1 + ab + 0.25) as X for the downstream apron. 

18. Stone Aprons. In addition to the concrete-block aprons, additional protection 

against scour is provided by means of stone aprons upstream and downstream. 

Where there is the combination of concrete-block and stone aprons, the total quantity 

per foot run required in either upstream or downstream pervious aprons is 10D 

minimum, which includes blocks, filter, and riprap. 
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Stone protective blankets are also placed on the compacted-earth guide-bank 

slopes and toes. Depth of scour is also the criterion used to determine the length of 

these aprons, and the quantity of stone needed per foot run is equal to 7D. This is 

based on providing enough stone to cover a scoured slope of 2:1 with a 3.1-ft depth 

of rock, as shown in Fig. 9. 

(RABE MROR Xs gIN XChy = ya Ne TG eg 

Upstream of weir and concrete blocks................ 1.25-1.75* 

Downstream of weir and concrete blocks............. 1.75-2.25* 
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* These factors include allowance for concentration and are to be used when gq does not include 

concentration allowance. Experience has shown that for the guide-bank aprons the upper limits of 

the suggested factors are preferable. A modified rule for the factors for the barrage upstream and down- 

stream aprons has been suggested in Arts. 8 and 17. 
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19. Steel Sheetpiling. The principal function of sheetpiling under a barrage or 

dam on a permeable-sand or other soft foundation is to confine and hold secure the 

foundation material under the structure during all conditions of river flow and turbu- 

lence. Other functions are the increase of the seepage path to reduce uplift pressure 

and the exit gradient. A well-designed sheetpile system will make a continuous and 

closed circuit around the periphery of the entire structure. The Jines under the 

flanking walls will guard against high subsoil water level on the flanks blowing up the 

hearth slab and will ensure confinement of the foundation if an adjacent bund is 

washed out when the barrage is outflanked by a superflood (Fig. 10). 

The two lines of piling given most consideration during design are under the 

upstream end of the approach slab a and under the downstream end of the hearth slab 

b. These lines are the ones most frequently vulnerable to attack by the river. 
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Fig. 10. Plan of pile lines. 
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Other lines include intermediate piles parallel to the center line of the structure c 

and d, which help to reduce uplift pressures, transverse lines under the toe and heel of 

the flanking structures e and f, and several transverse lines between the two flanks g 

and h. 

The upstream line of piling a has two functions: 

1. To prevent the loss of foundation material in case a scour hole should occur near 

the structure 
2. To increase the seepage path and thus reduce the uplift force under the structure 

The downstream line b also has two functions: 

1. Same as 1 above 
2. To minimize the exit gradient 

Function 1 governs the depth of both lines a and 6. Intermediate lines c and d are 

installed in some designs to act as a second line of defense against loss of the weir, piers, 

gates, and bridge in case of failure of the approach or hearth slab. The intermediate 

lines also effectively increase the seepage path to reduce uplift under the hearth slab. 

Where the barrage is very long, transverse lines g and h are used to divide the 

foundation into sections. This is another precaution against progressive and total 

failure by undermining. Complete enclosure of the flanking-structure foundation 

material is recommended, as shown by pile lines e and f. 

Perimeter piles are driven to a depth to prevent failure by scour. The Lacey 

formula, defined previously for scour depth, has been used as a guide in many barrage 

designs. In this application, g, the maximum discharge per foot run, is increased by 

some concentration factor usually in the order of 20 percent. 

Scour holes are usually the result of concentrated flows that develop because 

gates are opened unevenly, because sand islands create disturbance in laminar flow, or 

because lack of river training or changed conditions result in cross flows upstream, 

producing a higher water level and discharge at one flank than at the other. To have 

the design recognize these possibilities, the concentration factor is applied to the 

discharge before the Lacey formula is solved. The upstream line a can be driven 

deeper than indicated by the formula to be extra safe. However, the downstream 

line b should not be driven any deeper than necessary for proper exit gradient, since 

increased depth would increase uplift under the hearth slab. Depth of downstream 

piles is primarily determined by the exit-gradient considerations. Protection against 

scour is provided by the inverted filter and blocks and by the downstream flexible 

protection. 

If deep scour occurs next to a line of piles, it will cause an unbalanced load on the 

piles. There would be a water load on only one side and submerged earth plus water 

load on the other side. Piles must have suflicient strength to resist this unbalanced 

load. A working stress somewhat under the yield point of the steel can be used to 

determine the section modulus of the piles. 

Steel for sheetpiles is often specified with about 0.2 percent of copper alloyed with 

the steel to increase resistance to corrosion. A minimum thickness of 3¢ in. should be 

specified. All handling holes or any other holes below the bottom of concrete should 

be covered with welded steel patches. Prior to driving, all interlocks should be given a 

good coating of pitch to seal the interlocks against passage of water and foundation 

particles. 

The tops of the sheetpiling should be embedded in the concrete deep enough to 

hold against the reaction from the unbalanced load caused by a scour hole. A well- 

reinforced concrete longitudinal pile cap extending several feet below the bottom of the 

slab is usually provided to support the sheetpiling. 
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20. Foundations. The upper layers of sand in alluvial rivers are quite loose. 

Generally they are too loose to permit construction of a large, important structure 

thereon without some special treatment to increase bearing capacity and reduce 

potential settlement. 

Consolidation of loose foundation material may be required to provide minimum 

bearing capacity. This can be done by compacting with sheeps-foot rollers or vibra- 

tory rollers or by the modern vibroflotation methods if the other methods are not 

sufficient. Use of bearing piles is not considered a sound practice. If settlement of 

the foundation occurs, a space opens between the concrete and foundation sand. This 

space will permit excessive uplift pressures and will greatly reduce resistance to sliding. 

Table 1 gives data on the consolidation of sand foundations and bearing capacity 

by the vibroflotation method. 

BARRAGE—BOTTOM-SIDE DESIGN 

TaBLE 1. TABLE OF VIBROFLOTATION COMPACTION 

Design Min Triangular Effective 

bearing relative pattern of area of one 

capacity, density, compaction compaction, 

psf % point sq ft 

4,000 60 9/0”” 70 

6,000 70 T6u 50 

8,000 85 6'6/’ 35 

Caisson or well foundations may be desirable in soils of low bearing capacity and 

have been used often. 

21. Uplift. Since uplift is one of the principal factors governing the design of 

any dam, a realistic determination of this is basic. The first attempt at a rational 

procedure to determine uplift was developed by Bhgh. It was called the Bligh 

creep theory and was based on linear loss of head along all contact surfaces 

between the structure and foundation. This was used extensively, but after actual 

pressures under several structures designed on this basis were checked it was found to 

bein error. Lane then modified this concept by giving three times more resistance to 

percolation along vertical contact surfaces than to that along horizontal contact sur- 

faces. The result was known as the weighted creep theory and gave more correct 

results. Weaver, of the University of Wisconsin, initiated a mathematical solution 

which was developed and refined to an accurate method by Khosla, Bose, and Mal- 

hotra, of the Punjab Irrigation Research Institute. This is known as the method of 

independent variables. It is applicable for any shape structure having one or more 

lines of cutoffs. This method, along with the electric-analog method, has given results 

which are reasonably confirmed in prototype structures. Either of the last two 

methods is recommended for use in determining uplift under structures built on 

permeable homogeneous foundations without underdrainage. 

If an electric-analog model is available, with personnel experienced in the technique 

of its use, accurate flow nets can be obtained quickly. It is particularly advantageous 

when quite a number of different solutions are being studied for one structure. The 

method of independent variables is recommended as the most practical means of 

obtaining uplift under a structure on sand, as it requires no special equipment or 

technique and an engineer can become familiar with the method quickly. Dr. Khosla 

has developed a set of curves to give pressures for particular elements to be used in the 

solution by the method of independent variables. These curves are given in Fig. 11. 

As an example of use of the curves, the uplift under a typical type of barrage as shown 

in Fig. 12 has been solved. Each foundation element is considered independently 
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Fic. 12. Hypothetical barrage cross section in illustrative uplift problem. 

with appropriate corrections as required by this method. Using Khosla’s notation, 

the symbol ¢ denotes the proportion of head H at any point; ¢ = 100P/H. The 

suffix D apples to the bottom of a pile line; # and C apply to the junction of the pile 

and floor upstream and downstream, respectively; @ is the ratio of the length of floor b 

to the depth of pile d, and }, is the distance of the pile from the upstream end of the 

floor. It is strongly recommended that Dr. Khosla’s book be studied thoroughly by 

anyone applying this method. 

First Pile Line 

6 = 

d= 

bi 

145 ft total length of monolithic slabs 

532 — 507 = 25-ft depth of pile below top of slab 

3 ft 

145 
35 = 5.8 

3 
eS 0.027 

96.5 percent 
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On Chart B, read ¢. = 3.5 percent for bi/b = 1.0 — 00.27 = 0.97 and fora = 5.8. 

Then dz = 100.0 — 3.5 = 96.5 percent. 

op = 74.5 percent 

On Chart CG, since b;/b is less than 0.5, subtract it from 1.0 and read 25.5 percent on 

right scale for a = 5.8; ¢p = 100 — 25.5 = 74.5 percent. 

bc = 63.0 percent 

On Chart B, read 63.0 percent directly for a = 5.8 and bi/b = 0.027 

Corrections to be applied to ¢z and ¢.: 

; 532 — 529 
oe correction for depth = 532 — BOT X (2 — ov) = 2.6 percent 

; 532 — 530 ia 
¢- correction for depth = 539 — 507 X (dp — dc) = 0.88 percent 

Influence of second pile line on ¢¢: 

Dz = 5380 — 517 13 ft 

D, = 530 — 507 = 23 ft 

Correction to ¢ = +19 = x ee 

i TG oni Bale) 
= +19 Vaz X us = +2.9 percent 

b’ = distance between piles 

This correction is added when the influencing pile is downstream and subtracted when 

it is upstream of the pile line in question. Then 

op corrected = 96.5 — 2.6 = 93.9 percent 

¢- corrected = 63.0 + 0.88 + 2.9 = 66.8 percent 

Second Pile Line 

d = 532 — 517 = 15 ft 

by = 38 ft 

145 
Ge rs ae hh 

bye 88 = 
b = 145 ~ 9:76 

én = 72.0 percent 

On Chart B, read ¢, = 28.0 for b1/b = 1.0 — 0.26 = 0.74 and a = 9.7. Then 

gz = 100 — 28 = 72.0 percent. 

op = 64.0 percent 

On Chart C, since b;/b is less than 0.5, subtract from 1.0 and read 36.0 percent on 

right scale for a = 9.7, ¢p = 100 — 36.0 = 64.0 percent. 

dc = 58.0 percent 

On Chart B, read 58.0 percent directly for b1/b = 0.26 and a = 9.7. 
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Corrections to be applied to ¢z and ¢-: 

; 532 — 530 
ér = correction for depth = 539 — B17 (¢z — dp) = —1.1 percent 

: 532 — 530 
¢- = correction for depth = 532 = B17 (dp bc) +0.8 percent 

Influence of first pile line on gz: 

Correction to ¢z = —19 : ye Ps to: 

et 28 134-23. 
19 35 x 145 —3.9 percent 

D. = 530 — 507 = 23 ft 
D, = 530 — 517 = 13 ft 
bo = Bond 

Influence of third pile line on ¢: 

Correction to ¢ = +19 2 x oe 

: 22 134+ 11 = z 9 Correction to ¢ = +19 Ae x 145 +2.1 percent 

Da — 00.0) ose ee tt 

Die 03 0k a oth 
be o0nit 

Correction to ¢- for slope: 

Slope is 1 vertical to 2 horizontal upward; from Chart D, correction is —6.5 per- 
cent (minus for slope upward with flow). Proportional length is 1% 9 correction = 

6.5 X 16 = —1.3 percent. Then 

or corrected = 72.0 isl 3.9 = 67.0 percent 

¢- corrected = 58.0 + 0.8 + 2.1 — 1.38 = 59.6 percent 

Third Pile Line 

d = 522 — 508 = 14 ft 

145 
a= 74 = 104 

bi 88 _ 
i = jap Ot 

gr = 48.5 percent 

On Chart B, read ¢,. = 51.5 for b;/b = 1.0 — 0.61 = 0.389 and a = 10.4; then 

ér = 100 — 51.5 = 48.5 percent. 

o- = 38.0 percent 

On Chart B, read 38 percent directly for b:/b = 0.61 and a = 10.4. 

odo = 43 percent 
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On Chart C, since b;/b is greater than 0.5, read 43 percent directly on right scale. 

Corrections to be applied to ¢z and ¢-: 

i z =e) oe correction for depth 522 — 508 (dr — op) 2.4 percent 

5 522 — 516 
¢- correction for depth 55 —50R8 (op — ¢-) = +2.2 percent 

Influence of second pile line on ¢z is nil since bottom of second pile line is at eleva- 

tion 517 and ¢z relates to elevation 516. 

Influence of fourth pile line on ¢:: 

Correction to ¢, = +19 Vo x oe 
1 

7 8 ,8+8 
= +19 ea + —— ‘whem = 0.8 percent 

Dy = 516 = 508) = 1t 

Deo Ge— 5 OSs—ott 

Die—ROoRAG 

Correction to @p for slope: 

Slope is | vertical to 2 horizontal upward; from Chart D, correction is +6.5 per- 

cent (plus for slope upward against flow). Proportional length is 2549; therefore, 

correction = +6.5 X 4g = +8.25 percent. Then 

¢e corrected = 48.5 — 2 a ie Bway = oa 5 percent 

o- corrected = 38.0 + 2.2 0.8 = 41.0 percent 

Fourth Pile Line 

d = 522 — 508 = 14 ft 
1 ee Le 
ae ie 
b = 145 ft 

oe = 27.5 by Chart A, reading directly 
op = 18.8 by Chart A, reading directly 

Corrections to be applied to ¢z: 

: 522 — 516 
oe correction for depth = eee (¢z — op) = —3.8 percent 

Cone : mee 2S Sees 
oz correction for influence of third pile line C = —19 53 x i 0.8 percent 

ge corrected = 27.5 — 3.8 — 0.8 = 22.9 percent 

Exit gradient (see Art. 22): 

eae 

lee Wer 

ree ee Nee: 
2 

_~1+ V1 + 04544) 
2 

r 

1 Oe 
2 

Gp =.= = = 0.114 
14 5 4/57 
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Nearly all authorities on the subject of uplift have concluded that uplift pressures 

should be applied to 100 percent of the base area of the structure. This holds particu- 

larly true for structures constructed on permeable foundations where there is no 

adhesion between foundation and concrete. 

It has been consistent practice in India and Pakistan to give no reliance to under- 

drainage systems to reduce uplift pressures. The conclusion reached is that under- 

drains might become choked up with fines as time goes by, rendering them inoperative 

and resulting in greater uplift pressures than the designs assumed. Without reliance 

on underdrains, designs are more conservative, resulting in thicker hearth slabs, more 

excavation, and somewhat greater cost. 

American practice has not been so averse to the use of underdrains. Such struc- 

tures as Petenwell and Castle Rock spillways, built in 1949 and 1950, on the Wisconsin 

River, and the Santee Spillway in South Carolina, built in 1940, are on deep fine-to- 

medium-sand foundations and have well-designed underdrains. These are subject 

to heads as great as or greater than similar structures in the Middle Wast. 

If an underdrainage system is used, the uplift determination is simplified. With 

an upstream line of sheetpiling of adequate depth, it may be safely assumed that the 

uplift under the approach slab at the line of piling is about 80 percent of the difference 

between headwater and tail water. It may then be assumed that the uplift diminishes 

uniformly to tail water at the upstream end of the underdrainage system. 

22. Exit Gradient. Loss of material from the riverbed at the end of the structure 

by “‘piping’”’ may occur if the weight of the sand is overcome by the upward flow of 

water through it. Good design requires that pressure gradient in the foundation 

material at the end of the structure, causing this upward flow, be as low as possible 

consistent with other requirements of design. The gradient is an inverse function 

of the depth of the downstream line of sheetpiling and the length of the structure, and 

a direct function of the head. Deep downstream piling will reduce the gradient; 

however, it will also increase uplift and therefore increase concrete and excavation 

quantities. A depth should be used that is just sufficient for reducing the gradient 

to a proper value. [Experiments with sands of various densities have shown that 

flotation can occur with gradients from Gy = 0.44 to 1.44, or with an average value of 

Ge of about 1.0. A factor of safety of between 4.0 and 6.0 may be applied for coarse 

to very fine sand, respectively. Dr. Khosla has derived the following formula for 

determination of the exit gradient at point C for a single row of downstream piling 

as illustrated in the upper right corner of Chart A. 

io 1+ V1 + (b/d)? 
<) 

Gz = — —— with r eae 2 

in which Gp = exit gradient 

H = head between headwater and tail water 

d = depth of downstream sheetpiling below downstream bed level 

b = length of concrete structure from upstream to downstream ends 

23. Pressure Pipes. Since uplift is of such importance in a structure of this kind, 

there should be some way of measuring it after the structure is built. Pressure pipes 

with conventional well points have been used for this purpose; while in many cases 

some of the pipes have clogged, sufficient remain effective to give useful indications, 

and such pipes should always be fitted into new works. Pipes and well points of 

11% in. diameter are adequate for the purpose. All pipes should terminate at a 

convenient location in the piers near the bridge. 

Systematic and regular readings of pressure show the condition of stability of the 

structure. If the measured uplift should be greater than the values used in design, 
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advance warning will have been given so that remedial measures can be taken. Read- 

ings will also have the scientific value of providing more data for use in future designs. 

The critical locations are: 

1. Immediately downstream of the upstream pile under the approach slab 

2. Under the toe of the glacis 

3. At the downstream end of the hearth slab at the top of the pile 

4. At the bottom of the downstream sheetpiles 

At these locations, the pressure pipes are usually provided in all the bays. A few 

bays are, however, provided with a gréater number at all the points used in theoretical 

calculations. 
Each pipe must have a definite designation, which should be maintained through- 

out construction; otherwise their usefulness will be nullified if, after construction, it is 

not known which points correspond to the projecting pipes. The most satisfactory 

device for measuring the height of water in the pipes is known as a Bell sounder, as 

shown in Fig. 13. It is lowered into the pipe by a steel tape. 

When the cup hits the water in the pipe, a distinctive loud 

sound is produced. Readings accurate to 14,6 in. can be 

made with this device. 

24. Sliding Factor. In barrage design, as in any other 

dam design, a basic objective is to maintain a proper ratio of 

the total horizontal forces to the total net downward vertical 

forces. This ratio, known as the sliding factor, must be 

limited so that the frictional resistance of the foundation 

will not be exceeded. Since structures constructed on 

sand have no adhesion with the foundation, the shear-friction 

safety factor criterion is not applicable; only the friction or 

sliding factor can be used. In the case of fine sand, medium 

sand, coarse sand, or gravel foundations, a value of 2H/ZV = 

f = 0.4 is considered safe; and for clay the value should never exceed 0.3. Some 

English authorities recommend a more conservative 0.3 for sand and 0.2 for clay. 

The condition of loading which causes the greatest tendency to slide is the normal 

condition with gates closed in which tail water is low and net uplift is high. In com- 

puting resistance to sliding of the whole structure, no credit is usually given to the 

anchoring effect of sheetpiling. However, reinforcement should be included in the 

approach slab and around the top of the piling, assuming an anchoring effect. 

The discussion on the approach slab covers resistance to sliding of this particular 

part of the barrage. 

Fig. 13. Bell sounder. 

BARRAGE APPURTENANT STRUCTURES 

25. Gates and Hoists. Details of gate design can be found in Sec. 21. The 

varieties of gates normally used on barrages are the Stoney gate and the fixed- 

wheel gate, which are variants of the vertical-lift gate, and the Tainter gate. Each 

variety can be designed for power or hand operation. The vertical-lift gates may or 

may not be counterbalanced. 

Selection of the type to be adopted will depend on the local conditions considered 
under the following heads: 

. Liability of the stream to carry heavy drift or logs 

. Flashiness or otherwise of the floods and the length of time of flood warning 

. Whether the pond must be carefully regulated 

. The need for a constantly maintained operating staff Hm CO nh 
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Tainter gates have the advantage of economy as far as the cost of gates and hoist- 

ing gear is concerned. Their concentration of loading at the pins may require wider 

piers, and this with the consequential increased width of barrage may more than offset 

the economy of the gate. The radial struts are vulnerable to damage by logs. 

The vertical-hft gates without counterbalances require power operation. They 

definitely require wider piers than balanced gates. Their use has advantages for very 

flashy rivers or where there is difficulty in recruiting operational staff, and where this 

staff is costly. 

The vertical-lift counterbalanced gate, hand-operated, is suitable where the river 

is not unduly flashy and where a staff is required permanently for regulation and other 

purposes, and labor is relatively cheap. There are two varieties of this gate, 7.e., the 

fixed-wheel gate and the Stoney roller-train gate. While both types have their uses, 

it is easy to house the roller train in the grooves to protect against debris, trash, and 

logs. They are also easy to maintain and have been widely used in the past, par- 

ticularly in the Punjab. The counterbalanced gates could also be power-operated, in 

which case they would be suitable for flashy rivers. 

To prevent the formation of vortices occurring just off the spillway and hearth 

sill, uniform gate opening across the barrage is the ideal as vortices are likely to form 

when one bay is discharging materially more water than adjacent bays. This ideal 

is not attainable when regulation is necessary to remove shoals upstream of a barrage. 

When unequal flow is necessary, the difference in gate opening from one bay to the next 

should be limited. A differential discharge of 10 percent is generally safe, but this 

should be checked by visual observation. The standing wave must always be kept 

on the glacis. 

26. Flank Walls. The barrage flank walls are primarily retaining walls which 

support the abutting earth bunds. Therefore, retaining-wall principles of design 

should be followed, but with these precautions: 

1. Design should provide for good positive contact between the earth fill and the 

backs of the flank walls to prevent seepage of water along the plane of contact. Backs 

of walls should therefore have a definite batter to create better contact as the fill 

settles. Vertical cutoff walls on the back of the flank wall into the abutting earth 

structure are usually provided along the upstream and downstream sheetpile lines. 

Depths of cutoffs are determined by horizontal flow net at the back of the wall. A 

check is made for safe exit gradient at the downstream end along the back side of 

the wall. 

2. Water levels in the abutting earth should be considered for various loading 

conditions. In the case of fast lowering of tail water, there can be a residual water 

level above tail water. 

3. Scour possibilities along the upstream and downstream ends of the flank walls 

beyond the limits of the monolithic concrete aprons should be carefully investigated. 

This can best be determined by model studies. Adequate depth of steel sheetpiling 

should be provided to protect the structure from possible scour. 

27. Regulators. Barrages are constructed to raise the level of a river sufficiently 

to permit diversion into a supply canal. The control structures at the point of diver- 

sion are referred to as regulators and are located at one or both ends of a barrage. 

Model tests have indicated that a shght inclination upstream gives better approach 

conditions than a normal takeoff. 
Design of the regulators follows the same principles used in design of barrages. 

Regulators are smaller versions of barrages designed to pass several thousand cubie 

feet per second, whereas barrages are designed to pass up to several hundred thousand 

cubic feet per second. Openings and crest elevations must be set to permit passage 
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of the maximum canal flow at various pond levels. Silt exclusion from the canals is a 

very important consideration in connection with regulator design. Quite often silt- 

excluder tunnels are constructed in the barrage bay or bays adjacent to the regulator. 

These tunnels discharge onto the downstream side of the barrage and are designed 

to bypass the heavier silt-laden bottom layers of water which would otherwise go 

through the regulator into the canal. 

28. Guide Banks. For barrages on rivers with erodible beds and banks and very 

variable discharges, guide banks are necessary. The ideal aimed at is to direct the 

main current of the river normally onto the work as centrally as possible, and so to 

center the channel that the embankments upstream and downstream of the barrage 

are kept away from river attack and erosion. They may also be designed to induce 

a favorable curvature for silt exclusion from the canals. 

The upstream guide banks should be at least equal to the width between the abut- 

ments of the barrage. In plan they may be normal to the barrage, may converge to 

form a funnel, or where silt exclusion is an important consideration may be given a 

curve concave to the river axis. At their upstream end they must be given a curve 

which is generally of 1,000 ft radius and is carried round through at least 135 deg to the 

river axis. 

The downstream guide banks should not be less than 500 ft long and curved 

outward in plan. 

The guide banks must be pitched on the side slope adjacent to the river and must 

be provided with an adequate self-launching stone apron in advance of the pitching. 

The apron should be laid at the lowest feasible level without excessive pumping. 

Model tests are generally carried out to determine the optimum layout of the 

guide banks. 

29. Marginal Embankments or Bunds. Barrages normally raise the pond levels 

above the level of the floodplains; flood levels are higher still, with the backwater 

curves extending many miles upstream. It is necessary to provide marginal embank- 

ments, which are sometimes called bunds in India and Pakistan. 

The function of these embankments is to prevent outflanking of the barrage by 

the pond or during floods. Where there has been encroachment on the floodplain, 

the embankments are aligned to limit the flooding of valuable agricultural land or 

village sites. 

The banks are aligned to connect from the abutments with land at elevations above 

the afflux level and backwater curve. They generally cross the floodplain more or 

less at right angles to the river axis in the vicinity of the barrage and are then turned 

parallel to the river axis to protect the valuable land, ete. In this portion of their 

length, which may extend for more than 10 miles, they should be set back far enough 

from the central river axis to avoid embayments, since it is usually not feasible from 

an economic aspect to protect the banks themselves against river scour. Setting back, 

however, in many cases is not practically feasible, so that it is often necessary to 

provide stone or brushwood armored spurs to protect the embankments, more par- 

ticularly in the area immediately upstream of the barrage. Sometimes it is necessary 

to construct these spurs simultaneously with the barrage, but it is often possible to 

defer their construction until river attack develops. In the latter case it is desirable, 

if possible, to envisage the final line to which it is desired to train the river and to make 

financial provision for the spurs. 

The design of the embankments follows the rules and practice for any water- 

containing bank as to geometry, freeboard, wave action, and resistance to seepage 

both through the bank and under it. By reason of their extent, local soil must be used 

and the design fitted to the available soil. A good growth of vegetation on the river- 

side should be encouraged as an antiwave measure. 
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The tops of all banks should be made wide enough and hard enough to provide a 

roadway for light vehicles for inspection and maintenance purposes. 

DAMS ON PERMEABLE FOUNDATIONS 

Many of the principles and criteria given above for barrages are equally applicable 

to dams on permeable foundations. Usually, in the case of a spillway for a dam, the 

afflux will be greater than for a barrage. This results in greater discharge per foot 

run, requiring a deeper and possibly longer hearth apron. Dams generally resist 

greater heads than barrages with attendant greater uplift, overturning, and shding 
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Fra. 14, Examples of spillways constructed in the United States on permeable foundations 
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problems. Examples of dams on soft foundations are well illustrated in the transverse 

sections given in Fig. 14. Spillway capacities are proportioned for design floods more 

on the order of a 1,000-year recurrence rather than for 40- or 50-year recurrence, as 

used for barrages. Ieference 2 has useful information on a concrete dam constructed 

on a deep sand foundation. 
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SECTION 18 

EMBANKMENT DAMS* 

By Joun Lowe III 

INTRODUCTION 

Embankment dams, dikes, and levees have been used in the control of streams and 

rivers for thousands of years, and innumerable instances of their use exist in all parts 

of the world. The entire range of soils from clays to boulders and excavated rock 

has been used in their construction. The term embankment dam includes both 

earth dams and rock-fill dams as well as combinations of the two. [ock-fill dams with 

facings of materials other than earth fill are discussed in Sec. 19. 

The choice of an embankment dam as compared with a concrete dam for a particu- 

lar site depends upon several factors such as foundation conditions, the availability 

of construction materials, and topography. Embankment dams usually prove to be 

the most economical choice on soil foundations and frequently on rock foundations in 

wide valleys. Earth dikes and levees are usually the most economical structures for 

local flood-protection works unless space limitations prevent their use. 

Natural soils vary to a great degree, and detailed field and laboratory investiga- 

tions are necessary at each site to identify the soils at that site and to determine their 

engineering properties. In order to make best use of the soils at a particular site the 

designer of the embankment dam needs to be both imaginative and thorough. By 

using past experience and applying the latest developments in soil mechanics, he can 

make a safe design for an embankment dam for almost any site. 

The purpose of Sec. 18 is to present: 

1. The basic considerations that enter into embankment-dam design 

2. Data and methods of analysis for uses in design 

3. Examples of embankment-dam designs for various foundation conditions and 

for various conditions of availabilities of construction materials 

A list of references is given for more detailed discussion of certain points and for 

alternative methods of analysis. Although the term embankment dam is used 

throughout the text, the discussions apply generally as well to dikes and levees. 

GENERAL DESIGN PROCEDURE 

1. Statement of the Problem. The problem of the design of an embankment 

dam may be expressed as follows: 

Given: 1. Certain reservoir water-level and operating requirements and permissi- 

ble leakage 

* The author wishes to acknowledge the assistance of Kalman Szalay and other engineers of Tippetts- 
Abbett-McCarthy-Stratton in connection with the preparation of this section. Data obtained from 

other sources are acknowledged in the text. 
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2. Certain interrelationships with other features of the project 

3. Certain foundation conditions 

4, Certain available construction materials 

Problem: Design a dam cross section and foundation treatment which will produce 

a safe and sufficiently watertight structure and which will result in a project of mini- 

mum cost. 

The solution to the problem is made by trial. Different dam cross sections and 

foundation treatments are set up and checked for stability and watertightness. 

Several trials are needed for each different type of cross section and foundation treat- 

ment to find the slopes and dimensions which will give the required factors of safety. 

Cost studies can then be made to determine which cross section and foundation treat- 

ment result in the project of minimum cost. The most economic embankment- 

dam project would be compared with alternative schemes utilizing other types of 

dams. The effect of each of the four different sets of conditions listed above on the 

design of the embankment dam and its foundation treatment is discussed in the follow- 

ing paragraphs: (1) reservoir conditions, Art. 4; (2) interrelationships with other 

features, Art. 5; (3) foundation conditions, Arts. 6 to 10; and (4) construction mate- 

rials, Arts. 11 to 13. 

The design is usually carried out in three stages: reconnaissance report stage, 

economic and technical-feasibility report stage, and final-design stage where drawings 

and specifications for construction are prepared. In progressing from stage to stage 

the design becomes more refined. Also each stage indicates the additional field 

investigations and studies to be made in the following stage. Discussion of the effect 

which the different given conditions listed above have upon the choice of dam cross 

section and foundation treatment is given in Arts. 2 through 13. 

2. Site and Laboratory Investigations. The program of field and laboratory 

investigations is normally carried out in three stages and in conjunction with the three 

cycles of design. In the first or reconnaissance stage, investigations are made to 

determine the general location and height of the dam and of the other features of the 

project. Small-scale topographic maps with scales of 500 to 1,000 ft to the inch 

generally have to suffice in this stage. Geological reconnaissance and a limited pro- 

gram of borings and/or test pits are utilized to check general foundation conditions 

and the availability of embankment materials. Samples of foundation and borrow 

soils are classified visually and by simple laboratory tests. Engineering properties 

of the soils such as permeability, shear strength, and compressibility usually can be 

estimated from these classifications with sufficient accuracy for use in preparing a 

rough design. 

In this stage the design does not have to be proved; rather one or possibly two 

sites are chosen which appear to be economically and technically feasible. More 

detailed site investigations are then made for these sites in the second stage. 

In the second or economic and teéchnical-feasibility report stage, the types of 

structures as well as the basic dimensions and locations are established. The report 

should prove the technical feasibility of the project, and the design should be in suffi- 

cient detail so that a reliable cost estimate can be established for the project. This 

report is generally used as a basis for financing of the project. Topographic maps to a 

scale of 100 to 200 ft to the inch are required. Additional geologic studies, borings, 

test pits, and other subsurface investigations are made to establish the character of 

the foundations and to enable drawing of geologic profiles and sections close to all 

structures. Representative foundation and borrow samples are tested to determine 
engineering properties of the soil. 

In the third stage, final design is made and plans and specifications for construction 
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prepared. A topographic map to a larger scale and ground profiles and sections may 

be necessary. Additional borings and test pits are put down at the exact location 

of structures to fill the gaps in information disclosed by thesecond-stage design. Addi- 

tional field tests and special investigations, such as the construction of a test embank- 

ment, may be necessary. Supplementary laboratory tests may be performed to 

expand and confirm the data collected in the second stage. 

A description of methods of subsurface investigation is given in Arts. 43 through 49 

and a description of laboratory investigations in Arts. 50 through 55. 

3. Design Investigations. The following analyses should be made in connection 

with the design of an embankment dam: 

1. Seepage analysis to determine the quantity of seepage through the embankment 

and its foundation and to establish the pattern of flow through the embankment and 

its foundation for use in stability analysis and piping analysis 

2. Stability analysis of the embankment and of the dam and its foundation in 

combination 

3. Settlement of the embankment and its foundation 

4. Analysis of slope protection and freeboard requirements 

4. Hydraulic Considerations. The general location of a dam, its height, the 

hydraulic conditions under which it must be stable, and the maximum leakage loss 

permissible are determined primarily by river planning. The total height of the dam 

is equal to the height of the spillway crest plus the surcharge height of the maximum 

spillway design discharge plus a freeboard height depending on wave action and seiche. 

The water conditions under which the dam must be stable are established from opera- 

tion studies of the reservoir and include maximum and minimum design water levels 

and rates of filling and drawdown of reservoir. The amount of permissible leakage 

through the dam and its foundation depends upon the purpose of the reservoir, and 

whether the leakage represents a loss of water to power or domestic or irrigation water 

supply. The permissible leakage varies from project to project. In flood-control 

projects generally large leakages are permissible. In hydroelectric and water-supply 

projects leakage would be reduced to the point where the costs of design changes and /or 

foundation treatments to reduce water loss exceed the value of the water saved. 

5. Interrelationship of Dam and Other Features. An embankment-dam project 

may include outlet works and powerhouse as well as spillway and diversion works. 

The design of the dam must take into account the interrelationship between the dam 

and all these other features. The location, cross section, and foundation treatment 

chosen for the dam should be the one which results in minimum cost of the total 

project, and this is not necessarily the location, cross section, and foundation treat- 

ment which would produce the dam of minimum cost. 

Overtopping of an embankment dam usually results in washout of the dam; thus 

adequate spillway capacity is essential in an embankment-dam project. The most 

desirable type of spillway for an embankment dam is one located some distance from 

the dam in a saddle in the reservoir rim. If a distant spillway is not feasible, the 

alternative would be a chute or tunnel spillway in one of the abutments of the dam. 

A chute spillway in an abutment usually requires a large sidehill cut. The cut should 

be located far enough into the abutment so that a reasonable section of natural rock or, 

if rock is not present, natural ground is left between the spillway channel cut and the 

end of the dam. The side slopes of the spillway cut should be adequately safe against 

slides which might block the spillway channel. If it is difficult or costly to make a cut 

of sufficient size to accommodate a spillway for the full spillway design flood, considera- 

tion may be given to constructing a spillway designed to accommodate normal floods 

plus an emergency spillway through a saddle in the reservoir rim. At times a low-cost 
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emergency spillway can be built at a remote location and occasional damage accepted 

whereas an operating spillway at the same location would be expensive since it would 

have to be built to avoid damage under frequent operation. When an abutment 

spillway is required, the location of the embankment dam in the valley is frequently 

governed to a large extent by the consideration of locating where the abutment topog- 

raphy is suitable for the spillway. Discharges from abutment chute or tunnel spill- 

ways must be made so as to avoid any erosion of the downstream toe of the dam. 

For low-level outlets from embankment-dam reservoirs, the first choice is tunnels 

through the abutments; the next choice is a conduit constructed on a bench in rock 

cut inthe abutment. As a last resort the conduit would be founded on natural earth 

or earth fill underneath the dam. In all three instances one set of gates should be 

located at or upstream of the core of the dam. In the case of a tunnel in rock this 

would mean a set of gates at or upstream of the grout-curtain extension of the core 

into the abutment. If the operation of the project requires that the outlet be under 

water pressure downstream of the core of the dam the water should be carried in a 

steel penstock inside the conduit. In this way any leakage can be noted and would 

be carried away without causing erosion of the dam or foundation. For similar 

reasons it is desirable that tunnels in the abutments which have to carry water pressure 

downstream of the core of the dam be lined with steel for watertightness or have an 

inner penstock like the conduit mentioned above. 

When outlet works are required in connection with an embankment-dam project, 

the location of the dam in the valley is frequently governed to a large extent by con- 

sideration of topography suitable for tunnels or bench cuts in rock. Where conduits 

are used special measures are required to minimize seepage through the dam along the 

faces of the conduits. Seepage fins are usually used on the conduits and special 

compaction and filters used in the construction of the dam adjacent to the conduit. 

Where the conduit is founded on an earth foundation special articulated design may 

be necessary to permit the conduit to settle and change in length as the foundation 

settles under the load of the earth dam. Outlet works should not discharge at high 

velocity near the toe of the dam. Stilling basins, or Howell-Bunger-type valves, or 

other energy-dissipating devices are usually required. In order to keep the length 

and cost of the outlet tunnel or conduits as low as possible it is desirable to steepen 

the slopes of the dam at least in the vicinity of the outlet works. The use of more 

costly materials in the dam to permit steeper slopes frequently can be justified on the 

basis of savings which the steeper slopes permit in the cost of the conduit. 

When a powerhouse is included at the site of an embankment-dam project con- 

sideration needs to be given to the topography and foundations condition for the power 

features in locating the dam in the valley. Steepening of the slopes of the dam is 

particularly desirable if by shortening the power waterways a surge tank can be 

eliminated. 

The scheme of diversion of the river during construction of the embankment dam 

may affect both the location and the cross section of the dam. Certain locations in 

the valley may be better suited for construction of diversion channels and cofferdams 

than others. Savings in project cost can frequently be made by incorporating the 

diversion cofferdams in the upstream and downstream shells of the embankment dam. 

It is frequently desirable to use the outlet or power tunnels for diversion tunnels. In 

order to pass the construction-period floods it may be necessary that appreciable head 

be developed at the upstream end of these tunnels. In order to do this the dam would 

have to be constructed to some minimum elevation during the first dry season after 

diversion. Frequently only a portion of the dam cross section is built to this elevation, 

as in the case of Binga Dam described in Art. 61. A specially designed cross section 

is generally required to permit this procedure. In cases where the dam must be built 
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to some minimum height during a single dry season, it is often helpful if the foundation 

treatment for the dam or a portion of it can be completed the previous dry season. 

In this case the foundation treatment must be such that it can withstand the wet- 

season flow over it without significant damage. 

In the design of the cross section of an embankment dam, the maximum use of 

materials from required excavations for other features such as spillway, outlet works, 

powerhouse, and diversion channel usually results in a project of minimum cost. 

Generally there will be little difference in cost in materials from required excavations 

and similar materials from borrow. Thus within the limits of embankment require- 

ments, the designer may plan features requiring large excavations without materially 

affecting the cost of the project. Sometimes the width and depth of such excavations 

can be varied and some control thereby obtained over the amounts of different types 

of material obtained. To make use of materials from required excavations at mini- 

mum cost the cross section of the dam should be zoned so that the materials can go 

directly into the dam from the excavations without stockpiling. 

FOUNDATION TYPES AND TREATMENTS 

6. General Considerations. The choice of type of embankment dam and the 

design of the dam are affected to a large extent by the foundation conditions at the 

site. Generally some treatment of the foundation is required to control seepage. 

These treatments may be in the form of cutoffs, impervious upstream blankets, or 

foundation-drainage measures. The cross section of the dam must be such as to 

accommodate or be compatible with the foundation treatment. For example, the 

impervious core of the embankment must connect with an upstream impervious 

blanket if one is used. Further the strength of the foundation will have an important 

effect on the slopes selected for the dam if the strength of the foundation material is 

less than the strength of the embankment material. 

The stratification and properties of the foundation materials frequently are erratic 

and difficult to delineate. This is especially the case because subsurface conditions 

in valleys are generally the result of numerous geologic processes involving sequences 

of erosion and deposition. In contrast the materials in the embankment are placed 

by man, and all materials and their distribution may be a matter of record. The suc- 

cess or failure of a dam frequently depends upon the making of sufficient subsurface 

explorations to disclose all strata or lenses critical for stability or seepage and properly 

designing for them. The following description of foundation types treats with more 

or less homogeneous foundation conditions in order to illustrate various principles of 

foundation treatment. Actual foundation conditions generally are not homogeneous, 

and a combination of treatments may be required. 

7. Rock Foundation. A sound rock foundation is the best possible type of founda- 

tion for an earth- or rock-fill dam from both stability and seepage considerations. 

Sound rock is of much greater shear strength than any earth or rock fill and will 

permit as steep slopes as the shear strength of earth- and rock-fill materials themselves 

will permit. Seepage through the fissures in sound rock is usually negligible and no 

problem of erosion of the rock by seeping water exists. The critical consideration in 

connection with rock foundations is the presence of planes and zones of weakness such 

as faults, joints, shear zones, bedding planes, and solution caverns and passageways. 

Such planes and zones of weakness may be critical with respect to both stability and 
seepage. Ascertaining the presence of planes and zones of weakness and delineating 

their location and characteristics are difficult. In coring rock, for example, cores are 

obtained of the sound rock, but generally no core recovery is made of critical materials 

in joints and zones of weakness. Water-pressure tests can be performed throughout 

the depth of borehole in increments. Although such tests provide some information 
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on the openness of joints and fault zones, they provide no information on the strength 

characteristics of the material filling the joints and fault zones. Exploratory adits 

and trenches give good information on location of planes and zones of weakness and 

also permit in situ tests. Such tests are valuable aids in establishing seepage, strength, 

and compressibility characteristics for design. 

Nominal foundation treatment for a good rock foundation consists of a Portland- 

cement grout curtain connected to the impervious core of the dam. Grout curtains 

are described in Art. 25. Foundation treatment for planes and zones of weakness 

varies greatly depending upon their location and characteristics. Treatments may 

include drainage measures and grouting, as well as excavation and replacements with 

concrete in critical places. 

Most rock foundations consist of moderately to highly fractured rock and weath- 

ered rock; sound rock foundations are the exception rather than the rule. Highly 

fractured and weathered rock foundations grade into earth-type foundations, which 

are discussed below. 
8. Pervious-soil Foundation. Where an embankment dam is founded upon a 

pervious-soil stratum the main requirement of foundation treatment generally is the 

control of underseepage. The preferred foundation treatment for control of under- 

seepage is a cutoff through the pervious stratum to impervious material. Where the 

thickness of pervious material is not too great and where reasonable measures can 

be used to handle groundwater in the pervious stratum, the cutoff is made by excavat- 

ing a trench to the underlying impervious foundation stratum and backfilling it with 

compacted impervious fill. An example of such a cutoff is the foundation treatment 

for Shihmen Dam, a cross section of which is shown in Fig. 62. In this case the per- 

vious stratum was river alluvium consisting of sand, gravel, cobbles, and boulders and 

the underlying impervious foundation stratum, sandstone and mudstone bedrock. 

The cutoff was designed as the extension of the core below general ground level for 

the base of the embankment dam, the side slopes of the core extending down to bed- 

rock. In this design the gradient through the cutoff is consistent with the gradient 

through the core. 

Further, since seepage along the interface between cutoff and bedrock probably 

is easier than directly through the core itself, the length of contact between cutoff 

and bedrock should be no less than the length of seepage path through the core. This 

is the case where the cutoff is an extension of the core. Joints and fissures in the 

bedrock to which the cutoff is connected, particularly joints and fissures parallel to 

the direction of the seepage, should be cleaned and then pressure- and/or slush- 

grouted before placement of the impervious cutoff material. 

Where it is difficult to excavate the cutoff trench to the underlying impervious 

stratum because of groundwater problems in overlying pervious stratum and because 

of the depth of the pervious stratum the slurry-trench method of cutoff may be con- 

sidered. This method is described in Ref. 77. In essence the method consists of 

keeping the cutoff trench filled with bentonite slurry during excavation. Thus steep 

slopes can be used for the excavation. The slurry is then replaced with impervious 

material dumped into the trench to displace the slurry. Because of the poor com- 

paction of the trench filling, slurry-trench cutoffs are generally located upstream of the 

body of the dam and connected to the core of the dam with a compacted impervious 

blanket. The cross section used for Wanapum Dam is shown in Fig. 55. Because 

the contact of the cutoff and the underlying impervious stratum is not exposed the tie 

of the slurry-trench cutoff to the underlying impervious stratum is less certain than 

the tie described above for the compacted fill placed in the open trench. Slurry- 

trench cutoffs are of particular advantage for cofferdams and levees. 

Another type of cutoff which utilizes a slurry trench is the ICOS type of wall. 



FOUNDATION TYPES AND TREATMENTS 18-7 

This method is described in Ref. 18. In this case a narrow trench is excavated in short 

sections using special buckets. The trench is kept filled with bentonite slurry, which 

maintains the vertical sides of the trench. After each section of the wall is excavated 

the slurry is displaced by concrete. The resulting cutoff consists of a concrete wall 

about 1 m wide extending from ground surface to a short distance into the underlying 

impervious stratum. Before the concrete is placed in the trench a grout curtain can 

be constructed in the underlying stratum if it is suitable. The ICOS wall cutoff is 

frequently located upstream of the main body of the dam and in this case it is con- 

nected to the impervious core by means of a compacted impervious blanket. ICOS 

cutoff wall has been used for Sesquile Dam, Colombia, and Manicouagan 5 Dam. 

The concrete wall must maintain its integrity under the lateral and drag loads imposed 

upon it by settlement of the dam and filling of the reservoir and because of earthquake. 

Also there must be no gaps in the continuity of the wall or in its contact with the 

underlying impervious stratum. The gradient across the wall is exceedingly high and 

can readily result in excessive leakage and possibly local internal erosion of the 

pervious stratum if the pervious stratum consists of stratified fine and coarse material. 

The ICOS concrete wall may be of particular advantage for cofferdams and levees 

where heads are generally low and high water is of short duration. 

Grouted cutoffs have been considered for pervious soil foundations, but they offer 

many uncertainties and generally are expensive. The main problem centers around 

obtaining a continuous curtain. Several rows of close-spaced holes have been used; 

still there is no certainty that a continuous curtain has been obtained. Because of the 

high gradient across the curtain appreciable leakage will occur through any gaps; also 

possible local internal erosion might occur in stratified fine and coarse pervious 

material. Portland-cement grout, flocculated-clay grout, and chemical grouts have 

been proposed both alone and in combination. A grouted cutoff was used for the 

Serre Pongon Dam Project described in Ref. 21. 

When a positive cutoff to the underlying impervious stratum is expensive and some 

leakage is permissible or when the depth to the underlying impervious stratum is great 

and a positive cutoff is not feasible, reduction of overall seepage gradients may be 

accomplished by construction of an upstream impervious blanket; drain wells and/or a 

drainage blanket underneath the downstream shell of the dam may be used in addition 

to assist in control of exit gradients. The distance from the upstream edge of the 

blanket to the downstream toe of the dam should be at least fifteen times and pref- 

erably twenty times the head difference between these two points. An example of the 

use of an impervious upstream blanket is the proposed Tarbela Dam, West Pakistan, 

a cross section of which is shown in Fig. 68. Impervious upstream blankets for con- 

trol of underseepage are frequently used in connection with levees. 

9. Impervious Soil over Rock Foundation. Impervious-soil foundations may 

consist of alluvial silts and clays or well-graded glacial tills or residual soils. These 

soils generally present little difficulty from the standpoint of seepage but where silt 

or clay is present require careful investigation in connection with stability and settle- 

ment. Although the quantity of leakage is not a problem, careful control of exit 

gradients by drain wells and other means is required for cohesionless silts and rock 

flours which are susceptible to piping. 

Where the shear strength of the impervious soil is less than the shear strength 

of the compacted embankment-shell material, either the faces of the dam should be 

concave or wide counterweight berms with heights up to half the height of the dam 

should be used. Methods of stability analysis involving composite surfaces of shding 

have been developed for a dam on this type of foundation and are described in Art. 35. 

Settlement analysis of dams on compressible foundations needs to be made to 

determine the camber to be provided at time of construction and also to determine 
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whether differential settlements will be of such magnitude as to be detrimental to the 

behavior of the dam. Generally the most serious differential settlements occur where 

the foundation changes from relatively incompressible rock abutments to valley- 

bottom compressible impervious material. Appreciable differential settlement might 

cause transverse cracking of the dam, which could be dangerous to the safety of the 

structure. 

In rare instances, sand drains and electro-osmosis have been installed in com- 

pressible soils to facilitate the rate of consolidation and thereby the rate of increase 

of shear strength. In this way the dam may be built to full height much more quickly. 

A sand-drain foundation treatment was used for the Selset Dam in Ref. 7 and electro- 

osmosis for West Branch Dam.1®* 

10. Impervious Soil over Pervious-soil Foundation. This type of foundation 

presents the same foundation difficulties as the impervious soil over rock type described 

above. In addition there is the danger of boils or of piping at the downstream toe of 

the dam whenever the thickness of the impervious stratum is insufficient to resist the 

hydrostatic uplift which develops at its base. Frequently the pervious stratum 

connects somewhere to the water upstream of the dam or riverward of the levee. 

Little head is lost in flow through the pervious stratum so that practically the full 

hydrostatic head of the water upstream of the dam develops at the base of the imper- 

vious layer. To relieve this pressure, a relief trench or a series of relief wells may be 

installed at the downstream toe to penetrate into the pervious stratum. In cases 

where the pervious strata dip upstream and outcrop some distance downstream of the 

dam, the relief measure may best be placed just upstream of where the pervious strata 

outcrop. For levees relief trenches are usually more economical to construct where 

the depth of penetration required is less than about 10 ft. For greater depths, drain- 

age wells are more economical. An example of relief drains is shown in Fig. 54, which 

presents across section of the Portvillelevee. The design of relief drains is discussed in 

Art. 23. 

Where a foundation consists of varved silt or clay (alternate layers of fine sand and 

silt or silt and clay) excessive pore pressures may be developed in the compressible 

layers because of the weight of thedam. These hydrostatic excess pressures may then 

be transmitted laterally by the more pervious layers to locations where the pressures 

are inordinately high with respect to the weight of overlying material and may cause 

stability failure. A case of this type is described in Ref. 17, particularly pp. 1416-1421. 

EMBANKMENT TYPES 

11. General Considerations. The cross section of a dam as well as the method of 

its construction depends to large extent on the materials available from required 

excavations and borrow. Sufficient impervious material should be incorporated 

in the dam to reduce the seepage to the permissible limit for the given case, and 

sufficient pervious material should be incorporated to ensure stability with eco- 

nomical side slopes. Seepage analysis (Art. 19) can be made to determine the flow of 

water through a dam, and the uppermost line of seepage can be delineated. To protect 

the downstream slope against softening and sloughing, the uppermost line of seepage 

should be kept well within the dam. Upon drawdown of the reservoir, destabilizing 

forces are generated in the upstream portion of the dam. Features should be incor- 

porated in the dam to minimize the effect of these forces and the upstream shell should 

be of sufficient strength to resist what increase in destabilizing forces occurs. 

Ideal shell materials are free-draining well-graded gravels and cobbles or clean 

hard rock fill suitable for compaction in shallow lifts. Particles making up shell 

materials should remain hard and durable throughout the life of the dam. If free- 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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draining shell material is not available the next best choice is granular nonplastic 

material which exhibits dilatency upon shearing. 

Ideal core materials are well-graded glacial-till-type material and moderately plastic 

clay. The former is impervious, has high shear strength and low compressibility, and 

can be compacted to high density. The latter is impervious but has lower shear 

strength and higher compressibility than the till-type material. Both materials are 

resistant to piping, the till type because of the wide range of grain sizes up to gravels 

and cobbles and the clay because of its cohesion. Cohesionless low-plasticity silts are 

impervious, but they are readily susceptible to piping, require careful control of water 

during compaction, and may have low shear strength and high compressibility. 

Grain-size curves of typical embankment materials are given in Fig. 1. The range 

in permeability of various embankment materials is given in Fig. 7. A permeability of 

1 ft/day, 2.5 X 1074 em/see, is commonly used as the dividing line between pervious 

and impervious materials. 

Study of the cross sections of existing embankment dams in the vicinity of the pro- 

ject and of dams constructed of similar materials on similar foundation conditions is 

helpful in developing the cross section for a proposed dam. A list of existing dams 

throughout the world is given in Ref. 28; many embankment dams are described in 

Refs. 2 and 55. Cross sections of several typical embankment dams are given at the 

end of this section. A discussion of principles for selection of foundation types and 

embankment types is given in the two articles following. 

The approximate slopes which may be used for an embankment of cohesionless 

TABLE 1. APPROXIMATE SLOPES OF COHESIONLESS EMBANKMENT MATERIALS 

Drained 

Shell material friction Approx Qualifying conditions 

angle ¢, slope 

deg 

Downstream Face 

Sound rock nll... Secye 45 lon1l1.5 Sloping core 

Sound ero. kart lene enna 45 1on1.75 | Center core 

Sand and gravel......>.. 37 1 on 2.0 Slope protection: cobbles or rock fill 

SANE cece noe iee cca eairass 30 lon2.5 Slope protection: topsoil and grass 

Upstream Face, Rapid Drawdown Considered 

Sound rock fille ween: 45 lon1.75 | Center core 

Scoundsrock fllyseneaee 45 lon2.5 Sloping core: properties of core affect slope 

Cobble gravel........... 37 1 on 2.25 Center core; shell: free-draining 

Sand and gravel......... 37 1 on 3.25 Center core; shell: water retained by capillarity 

upon drawdown; dilatent upon shearing, free- 

draining slope protection 

Sand and gravel......... 37 1 on 3.25 | Center core; shell: relatively incompressible 

with seepage roughly parallel and out of up- 

stream face upon drawdown; free-draining 

slope protection 

SAD ren. cleverness meee 32 1 on 4.0 Center core; shell: relatively incompressible 

with seepage roughly parallel and out of up- 

stream face upon drawdown; free-draining 

slope protection 
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material on a foundation which is rock or which is much stronger than the embank- 

ment material is given in Table 1. 

When the shells of an embankment dam are composed of clayey material the slopes 

of the upstream and downstream faces depend upon the height of the embankment. 

For low dams approximate slopes would be 1 on 2.5 downstream and 1 on 4.0 for an 

upstream slope subjected to rapid drawdown. For higher dams the faces are generally 

made concave with the steeper slopes mentioned above at the top and flatter slopes 

near the toe. 

In the two following articles, different types of earth-dam sections are discussed for 

various conditions of availability of impervious and pervious materials at the site. 

Where only pervious materials are available, the reader is referred to See. 19. Imper- 

vious membranes may be placed on earth-fill materials as well as rock fill. Recently 

asphaltic-concrete membranes have been placed on gravel fill in Norway. 

12. Impervious and Pervious Construction Materials Available at Site. Where 

ample quantities of impervious and pervious construction materials are available at the 

site, the usual section chosen is one with a central core of impervious material and 

shells of pervious material. Under certain conditions an inclined impervious core is 

more advantageous; these conditions will be discussed at the end of this article. The 

central core is usually placed directly in the center of the dam as in the case of Hana- 

banilla Dam (Fig. 59) and Shihmen Dam (Fig. 62) or slightly upstream as in the case 

of John Flanagan Dam (Fig. 61). The width of a central core increases with head on 

the core and generally should be no less than half the head. Since the shear strength 

of core material is generally much less than the shear strength of shell materials, for 

stability reasons the width of the core generally should not be more than about two 

times the head. In addition the width of core actually selected for a dam will depend 

upon the relative cost of core and shell material at the site. 

Immediately upstream and downstream of the core should be transition zones or 

filter zones. If ample materia! to act as a filter between the core and the shells is 

available, a transition zone with width equal to about half the head is desirable. If 

filter material is limited, filter zones with at least 10 ft width should be used. As 

thick a filter as feasible generally should be used downstream of the core. If ample 

quantities of free-draining shell material are available, the situation is ideal and stable 

upstream and downstream slopes can be obtained readily. If the quantity of free- 

draining shell material is sufficient for only one shell, it should be used for the upstream 

shell; a chimney and horizontal drain together with non-free-draining material should 

be used for the downstream shell as described in Art. 13. The use of free-draining 

material for the upstream shell is desirable for two reasons. Water drains out of the 

shell concurrently with drawdown, and the destabilizing forces created by the draw- 

down are therefore less than if the water had not drained out freely. Even with the 

free-draining condition, however, the driving forces in stability analysis increase 

significantly because of the change in weight of the shell from buoyant weight before 

drawdown to drained weight after drawdown. Because of the increased driving 

forces, the shell must develop increased shear resistance. Volume changes of necessity 

will occur in the shell material accompanying the development of increased shear 

resistance. With free-draining shell material, no adverse pore pressures will build up 

in the shell material because of this volume change. 

At times the available shell material is cohesionless and appreciably more pervious 

than the core material, yet not free-draining upon drawdown. In the use of such 

material for an upstream shell it is desirable that the material be placed at such a 

degree of compaction that it will tend to dilate during shearing. This will ensure 

against any decrease in shear strength below the strength obtaining before drawdown. 

Also with such compaction, the shell material would be more resistant to reduction of 
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shear strength under repetitive earthquake loading. More economic design usually 

results if, in addition to the zones for impervious, pervious, and transition material or 

filters, zones for random fill are provided. Materials for such zones would have suit- 

able shear and compressibility characteristics for use in the embankment section but 

would vary considerably in permeability characteristics and result in a zone with a high 

degree of stratification. Without arandom zone, material from heterogeneous borrow 

and required excavations would have to be tediously differentiated truckload by truck- 

load as suitable for core or shell or transition. 

Where a dam is on a strong foundation and where a positive cutoff can be made to 

impervious material, a central-core dam generally provides the simplest and most 

economic choice. 
Sloping-core earth dams have advantages over center-core earth dams under 

certain construction and site conditions. The first sloping-core earth dam constructed 

was Nantahala Dam, built under the direction of J. P. Growdon, chief hydraulic 

engineer of the Aluminum Company of America. A cross section of the dam is shown 

in Fig. 53. The dam consists of a large downstream section with upstream and down- 

stream slopes close to the angle of repose of the rock-fill material used. A sloping 

impervious core together with filters is placed against the upstream face of the large 

downstream rock-fill section and is in turn overlain by an upstream rock-fill shell. 

The upper 40 ft of the dam is a central-core section. The advantage of the sloping- 

core section for construction is that it permits placement of rock fill in the large 

downstream section to lead placement of the core. During construction of a center- 

core dam it is desirable that the core and shells be maintained at close to the same level. 

In earlier rock-fill-dam construction, placement of rock fill in dumped lifts of 30 ft or 

more makes construction with a center core awkward. Even today, when placement 

of rock fill in 2- to 5-ft compacted lifts is becoming the rule, weather conditions may 

restrict placement of core, and in such cases the sloping-core section is more adaptable 

to having the rock fill or pervious shell material lead the core. 

When a positive cutoff is not feasible at the site and an upstream impervious 

blanket is used for underseepage control, a sloping core is expedient for minimizing the 

amount of impervious material required for core and blanket. Tarbela Dam (Fig. 64) 

illustrates such a situation. 

For the situation where an initial stage of the dam has to be constructed to maxi- 

mum height in one season for construction-period flood control and diversion, a 

sloping-core dam may be advantageous also. In such a situation, all construction 

effort is directed to building the large downstream pervious section together with 

overlying filter layers and possibly some sloping core. Because of the steep slopes of 

the downstream pervious section, maximum height of dam is reached using a minimum 

amount of material. The filter layers together with at least the lower portion of the 

core should be placed so that seepage into the downstream section is reduced to an 

amount which the section can pass safely. Binga Dam (Fig. 57) is an example of the 

use of a sloping-core section for this purpose. 

Sometimes, because of topographic and foundation conditions, it is desirable to 

locate the cutoff considerably upstream of the center line of the dam. In this case, a 

sloping core is advantageous. An example of such a case is Hirfanli Dam shown in 

Fig. 56. If the dam were moved upstream so that the axis of the dam were directly 

over the ideal location for the cutoff, the volume of the dam would have increased 

greatly. 

The volume of a sloping-core dam on a strong foundation is about the same as the 

volume of a center-core dam, although for this to be true the strength characteristics 

of the sloping-core material need to be above average. Also the design of the filters 

downstream of the core is more critical than for a center-core dam since seepage 
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through the sloping core is more in a downward direction. For the same quantity of 

core material, the sloping core would have the same horizontal width as a central core, 

but the thickness of the core measured normal to the plane of the sloping core would 

be less and the gradients through it somewhat higher. 
13. Ample Impervious Material but Limited Pervious Available at Site. It some- 

times happens that practically all the material for construction of a dam at a site is 

relatively impervious. Pervious material for shells and filters has to be imported 

from a long distance or produced from a quarry or by processing from a widely graded 

material. 
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Fig. 2. Position of line of seepage in uniform embankment on impervious foundation. 

For the case of a dam constructed of a single material, seepage of water out of the 

downstream slope would normally occur as illustrated in Fig. 2. To prevent this 

condition from occurring, rock-fill toes, horizontal drainage blankets, and chimney 

drains are installed in the dam. Drainage blankets (Fig. 4a) are usually several 

feet thick and extend from 25 to 100 percent of the distance from the downstream face 

to the center line of the dam. When an impervious embankment is placed on a 

foundation with an upper pervious layer, a natural drainage blanket is available, as 

shown in Fig. 4b. The advantage of the drainage blanket over the rock-fill toe is that 

in a homogeneous embankment, the blanket keeps the line of saturation farther away 

[03m a4 | O.3m >| Line of seepage 
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Fic. 3. Position of line of seepage in uniform embankment with rock-fill toe. 

from the downstream face than a rock toe and thereby permits design of a section with 

somewhat steeper or more stable downstream slope. When pervious material is not 

available at the time of construction of the lower portion of the embankment or where 

an old dam or levee is to be stabilized, a section of pervious material is sometimes placed 

on top of the downstream face of the impervious material and acts like a rock toe. 

The effectiveness of a horizontal drainage blanket is greatly improved by the addi- 

tion of a “chimney” drain as shown in Fig. 5a. Stratification is practically unavoida- 

ble in construction of a so-called homogeneous embankment cross section because of 

normal variations in the permeability of the construction material. Even in the most 

uniform of construction materials a ratio of horizontal to vertical permeabilities of 
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much greater than 10:1 may be expected. Also there is always the chance that a 

layer of relatively more impervious materials may overlie the horizontal drainage 

blanket. Such a layer would cut off drainage to the drainage blanket and cause water 

to emerge at the downstream face just above the more impervious layer. A chimney 

drain effectively intercepts seepage for the full height of the dam. 

Occasionally in flood-control dams and levees, seepage may not penetrate far into 

the embankment because the reservoir will be against the upstream face for only a 
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Ira. 4. Position of line of seepage in embankment with drainage blanket. 
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Ira. 5. Position of line of seepage in embankment containing a more impervious zone. 

short period of time. Theoretically no rock toe, drainage blanket, or chimney drain 

is required in such cases, but usually nominal drainage measures are installed. For 

levees where seepage at the downstream face will occur only occasionally and for 

short periods, no drainage measures need be used, provided the downstream face is 

flat so that the exit gradient of the seeping water is small, about 0.2. 

Horizontal drainage blankets are useful also at various levels in the upstream and 

downstream shell portions of embankment dams for dissipating pore pressures which 
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tend to develop because of the weight of overlying fill. An example of such drains 

is shown in Fig. 62 for Shihmen Dam. 

Horizontal drainage blankets may be used also to control the direction of seepage 

in the upstream shells of embankment dams upon drawdown of the reservoir. For 

the drainage blankets to be most effective the shells should be composed of relatively 

incompressible material. Typical relatively incompressible non-free-draining mate- 

rials are well-compacted sand and gravel with fines and well-compacted weathered 

rock. If the height of capillary rise in the relatively incompressible material is equal 

to the height of the embankment, seepage will not develop and upstream drainage 

blankets would be of no use. 

METHODS OF EMBANKMENT CONSTRUCTION 

14. Preparation of Foundation. The foundation under the embankment dam or 

levee should be cleared, grubbed, and stripped of topsoil and any other undesirable 

material. Warthen foundations should be harrowed and moistened if necessary and 

then rolled as for a layer of the dam. If the foundation is below groundwater table, 

dewatering by means of well points, deep wells, or sheeted sumps should be used so 

that the embankment fill, especially impervious or semipervious material, can be 

placed in the dry. Care must be exercised in draining foundations that seepage forces 

do not loosen and weaken the foundation soils. 

Abutments should be shaped so that there are no sharp changes in slope. All 

knobs and overhangs should be eliminated. If the overhang cannot be eliminated 

feasibly by excavation, lean concrete fill may be used to build out the abutment below 

the overhang. It is desirable that abutment slopes be no steeper than 1 on 1, espe- 

cially in the area of the core. In rock canyons, however, it is sometimes necessary 

to have slopes as steep as 4 vertical on 1 horizontal. In such cases it is most important 

that the fill be compacted to a high degree to reduce its compressibility. Compaction 

to the maximum density indicated by the Modified AASHO compaction test is 

desirable. 
Where the impervious core is placed on a rock foundation it is essential that the 

entire surface of contact be cleaned of all overburden material. Hand-excavation 

methods and air and water jets are usually required. Cracks and crevices need to be 

cleaned out and then backfilled with impervious material or dry-pack concrete by 

hand tamping, or slush-grouted with sanded grout. Where the impervious core is 

placed against impervious-earth foundation material it is desirable that a shallow 

trench extend into the impervious foundation to check the continuity of the impervious 

foundation layer in the area of contact with the core. In connection with levees in 

built-up areas such a trench is valuable for exploring the foundation for forgotten 

pipelines or drains. 

Special treatments for earth foundations have occasionally been used or con- 

sidered. At Franklin Falls Dam, explosives were used to compact a loose sand and 

incidentally to reduce its stratification.‘ Vibroflotation has been considered also 

for compaction of loose-sand foundations.!2 Sand drains? and electro-osmosis!® 

have been used in rare instances to facilitate the consolidation of compressible clay 

foundations. 
15. Degree of Compaction Required. As a soil is made more compact its 

undrained shear strength is increased significantly and its compressibility and _ per- 

meability decrease. Increased compactive effort should be applied to the soil as long 

as the incremental benefits resulting from improvement of the soil properties exceed 

the incremental cost of compaction. On astrong foundation where the shear strength 

of the embankment material is critical in determining the embankment slopes, an 

increase in shear strength would permit an increase in steepness of the side slopes. 
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On the other hand, where the strength of the foundation is critical in determining the 

side slopes, an increase in the shear strength of the embankment material is not apt 

to be significant in permitting an increase in the steepness of the side slopes. 

Many designers require compaction to about 95 percent of maximum unit weight 

determined by the Standard AASHO compaction procedure. Compaction to an 

appreciably greater unit weight, as 95 to 98 percent of maximum unit weight by 

Modified AASHO procedure, however, is desirable in many instances, such as the 

case of high dams where the granular material is subject to high pressures, where it is 

unavoidable that the dam be placed against steep abutments, and in areas subject 

to earthquake. 
Where embankments are placed on weak foundation, usually only ight compaction 

should be used in the lower portion of the embankment. The use of heavy equipment 

and many repeated passes of equipment tend to develop cracks and slickensides in 

the foundation and embankment and may result in excessive spreading of the founda- 

tion and failure. 
Some expansive types of clay, if compacted according to usual procedures, will 

swell upon saturation under light loads. If it is necessary to use such material, 

cognizance must be taken of such swelling in designing the embankment section. 

16. Rolled Fills. Materials for placement in a rolled-fill embankment dam may 

be excavated, hauled, compacted, and processed by a variety of equipment. Excava- 

tion equipment would include shovels, scrapers, draglines, bucket-wheel excavators, 

front-end loaders, and elevating scrapers. The shovel and wheel excavators are good 

for mixing material encountered in the full height of their cut. The other excavators 

are good for scraping off thin individual layers of material; by cutting on a slope across 

layers, however, they can also accomplish mixing of layers. Transportation of mate- 

rial to the embankment may be by various means including end- and bottom-dump 

trucks, scrapers if the haul is not too long, conveyor belts, and railroad. Placement 

of material on the fill is usually by trucks or scrapers, the material being transferred 

to them from the conveyor belt or railroad at some point close to the dam. On the 

fill, bulldozers or graders are used for spreading the fill from end-dump trucks and to a 

lesser extent for shaping material spread by bottom-dump trucks and scrapers. Proc- 

essing consists primarily of passing the construction material over a grizzly or screen 

to separate coarse and fine fractions. Grizzles generally have bar spacings of from 

6 to 12 in. and are used to remove oversize particles which would interfere with com- 

paction of the fill in layers as well as produce large-sized material suitable for upstream 

slope protection. Generally it is not feasible to use screens of smaller opening than 

about | in. They may be used to remove excess coarse fraction from a skip-graded 

material so that the fine fraction may be suitable for impervious zones in the dam. 

For proper compaction, embankment material should be at close to the optimum 

water content for compaction. Laboratory tests give a good indication of what this 

optimum water content should be, but test embankments and analysis of the results 

of field density and water-content tests on the initial construction give most accurate 

information on the optimum water content for compaction by the particular equip- 

ment being used. If the material in its natural condition is not close to the optimum 

water content, the water content should be adjusted by drying the material or wetting 

it in the borrow pit. Drying may be accomplished by trenching the borrow area 

and/or by scarifying the surface on fair days. In order to minimize wetting of the 

material by rain in both the borrow pit and stockpile and on the fill, the surface of the 

borrow pit and fill should be shaped to drain, and before each rainstorm the surface 

should be rolled smooth. To increase the water content, the borrow pit may be 

irrigated or flooded. Water can be added also on the fill with sprinkler trucks; then 

discing or harrowing is required to distribute the water uniformly throughout the 
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material to be compacted. Drying can be accomplished on the fill by discing and 

harrowing but is to be avoided since it slows down construction. 

In the 1950s there was considerable discussion as to whether it was better to place 

material dry of optimum or wet of optimum. By placing the material dry of optimum 

there was less chance that undesirable pore pressures would be developed by the 

weight of overlying material. On the other hand material placed wet of optimum 

appeared more plastic than that placed dry of optimum and therefore was more 

desirable for core material since it would be less susceptible to cracking. Tests by 

Seed‘?5° show that at strains of 15 to 20 percent, the strength of a material at a 

particular unit weight placed dry of optimum is just about the same as the strength 

at the same unit weight placed wet of optimum. Strengths at strains of 15 to 20 

percent are generally used in stability analyses for the design of earth dams. Thus 

from the point of view of stability analysis it is the unit weight of the material which is 

important and not so much whether it has been placed dry or wet of optimum. At 

low strains material compacted on the dry side of optimum is much stiffer than 

material compacted on the wet side and therefore for strain-stress analyses of the 

embankment for the condition below failure compaction dry or wet of optimum has 

significance. 

Many different types of rollers are available for compaction. The sheepsfoot 

roller, the 50- to 100-ton rubber-tired roller, and the vibratory roller are the most 

important. A sheepsfoot roller consists of a steel drum on which are mounted tamp- 

ing feet. The pressure on the feet vary from 250 to 500 psi depending on the size 

of the roller and how it is weighted. A heavy roller would have a weight of about 

4,000 lb/lin ft. Sheepsfoot rollers are most suitable for compaction of impervious- 

type material with no particles larger than gravel sizes. Lifts are usually placed at 

about 8 in. loose measure and compacted with 8 to 12 passes of the roller, at which 

point the roller usually walks out of the lift; the feet ride on top of the material instead 

of penetrating it. The surface of a completed lift is rough and makes for good bond- 

ing with the next lift. Because the feet initially penetrate the lift at the beginning of 

compaction they have a tendency to homogenize the material of the lift by breaking 

down lumps and distributing moisture, and this may be of advantage in many instances. 

The roughness of the surface of the compacted lift facilitates soaking of the lift by rain 

and is therefore undesirable in this connection. Maximum unit weights are slightly 

higher than Standard AASHO compaction. 

Heavy rubber-tired rollers may be used for compacting both impervious-type 

material and cohesionless material. Usually the roller consists of four large rubber 

tires similar to tires used on heavy hauling equipment. ‘Tire pressures are in the 

range of 80 to 100 psi. Lifts for compaction are usually 12 to 18 in., loose measure. 

If full compaction is not required lifts up to 2 or 3 ft may be used. The number of 

passes is generally about 6. Maximum compacted unit weights are close to the 

maximum unit weights indicated by the Modified AASHO compaction test. Heavy 

rubber-tired hauling equipment can accomplish compaction similar to that of heavy 

rubber-tired rollers when tire pressures and loads are similar. At times the rear tire 

of a loaded truck can be used to accomplish compaction in hard-to-get-to places next 

to the abutment and next to structures. Moderate compaction can be accomplished 

by requiring hauling equipment to distribute their travels across the fill. In order to 

assure uniform compaction, however, it is best to require at least a minimum number 

of passes of a heavy rubber-tired roller. 

In the field, a rough test for determining whether a soil is above or below the 

optimum water content for compaction is to roll a piece of it into a thread. If the 

thread breaks when rolled down to !4 in., the soil is about at the optimum water 

content. 
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Since the early 1960s, 10-ton steel-drum vibratory rollers have been generally 

available. These rollers are good for compaction of cohesionless materials. Lifts 

up to about 2 ft have been used. It is expected that heavier vibratory rollers will 

become available in the future and that the vibratory roller will become a standard 

piece of equipment like the sheeps-foot and heavy rubber-tired rollers. In the past, 

cohesionless materials have been compacted with passes of acrawler tractor. One that 

was pulling another roller was more effective since the tractor vibrated more. Lifts 

used with the crawler tractor have varied from 6 in. for sand up to 2 or 3 ft with coarse- 

grained material. Flooding of cohesionless material during compaction with either 

the vibratory roller or tractor improves compaction. 

In the past it has been common practice to place rock fill by end dumping in lifts of 

30 ft or more. During dumping jet streams of water are directed at the rock fill to 

wash away fine material and permit the larger rock pieces to be in point-to-point 

contact. The volume of water used would be in an amount two to four times the 

volume of rock. The tumbling of the rock down 30 ft or higher dump slopes vibrates 

the rock already placed and to some extent improves compaction. Quarry-run rock 

up to the largest sizes which can be handled by the hauling equipment can be placed 

in this manner. Observation of the settlement of rock-fill dams as reported in Ref. 2 

shows that dumped rock fill is quite loose. Rock fill placed in 2- or possibly 3-ft lifts 

and compacted with either heavy rubber-tired rollers or heavy vibratory steel-wheel 

rollers is much better compacted than dumped rock fill. When rock fill is placed 

in 2- or 3-ft lifts the maximum size should be no greater than the thickness of the lift 

and preferably two-thirds the thickness of the lift. Thus somewhat more blasting 

may be required for rolled rock fill than for dumped rock fill. In either case the rock- 

fill material should be such that the rock pieces will not break down with time and 

weathering nor will the points of contact crush. Hard and sound rock can be placed 

as rock fill; highly weathered rock can be placed as earth fill. Some intermediate- 

type rocks are not suitable for either rock fill or earth fill. Their use in embankment 

dams is limited to counterweight berms where weight is the only consideration for 

their use. For soft rock to be placed as earth fill, its gradation after placement must 

be such that there are no void spaces into which the products of further breakdown 

of the rock can go. Rock for either rolled or dumped rock fill should not contain flat 

and elongated pieces which will bridge at time of placement but later break down 

under the weight of overlying material or water loadings. Breakdown of the rock 

into smaller pieces by greater use of explosives in the quarry may reduce the amount 

of flat and elongated pieces. 

17. Hydraulic Fills. In the western part of the United States, at the end of the 

nineteenth century, the hydraulic method of moving earth, which was developed 

in placer mines, was applied to earth-dam construction. With the recent develop- 

ments in excavating, hauling, and compacting equipment, the hydraulic-fill method is 

not used much. The hydraulic-fill method was used not only to excavate and trans- 

port the fill material but also to separate it into fine and coarse fractions for the core 

and shells, respectively. Suitable material for segregation consists of sand and gravel 

with some silt and clay. The method of constructing such a hydraulic fill is illustrated 

in Fig. 6. The base of the shell sections is placed by rolled-fill methods, as is fre- 

quently the uppermost portion of the dam. ‘The pipeline or sluiceway carrying the 

hydraulic-fill material is located near the outer slopes.. As the material is discharged 

onto the fill the coarser materials settle out in the shell section and the finer materials 

in the pool which is maintained in the core area. The size of the pool is controlled 

by spillways. Material finer than about 0.01 mm is generally wasted over the spill- 

ways; by so doing the rate of consolidation of the core is enhanced. During con- 

struction, samples should be taken of both the core and shell to check the gradations 
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of materials. Care should be taken that tongues of coarse pervious material do not 

extend beyond the minimum limits required for the core. Clay ball and lenses of 

impervious material should not be permitted in the shells. The gradations of typical 

core and shell materials for a hydraulic fill are shown in Fig. 1. 

The main use of hydraulic-fill methods in earth-dam construction in recent years 

has been in cases where sand or sand and gravel are readily available from underwater 

borrow. Volgograd Dam in the U.S.S.R. is an example of the use of such hydraulic 

fill. In such cases no segregation of fine and coarse fractions is made; the borrow 

material is generally uniform in grain size. Sand hydraulic fill when deposited under 

water assumes a loose structure but when deposited above water becomes very dense. 

Compaction of sand under water by means of gangs of concrete-type vibrators has 

been used for fill inside cellular cofferdams, but no means appear to have been used for 

densifying sand placed under water in a dam. 

Frequently rolled 
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~ Cutoff or core trench 

Fig. 6. Hydraulic-fill construction. 

SEEPAGE ANALYSIS AND CONTROL 

18. Permeability. The flow of water through soils except the coarser ones like 

gravels and rock fill is of the laminar type and in accordance with Darcy’slaw. This 

law states that the superficial velocity of flow is directly proportional to the pressure 

gradient through the soil. On the basis of this law we may write the following equa- 

tion for flow: 

Q = kiAt 

where Q = quantity of flow in time ¢ 

k = coefficient of permeability 

2 = hydraulic gradient 

A = superficial area of flow (total cross-sectional area for flow, not cross- 

sectional area of soil pores) 

¢ = time during which flow takes place 

The coefficient of permeability may be determined in the laboratory by tests on 

undisturbed samples or compacted specimens, as described in Art. 53, and by field 

seepage tests, as described in Art. 47. Various means are available also for making 

estimates of the coefficient of permeability on the basis of grain-size distribution of the 

soil. The range in permeability of various soil types on the basis of grain size is 

shown in Fig. 7 together with their embankment characteristics and methods for 

determining their permeability. Approximate determination of the coeflicient of 

permeability may be made also by using Hazen’s expression k = CD o?, where Dio 

is the grain-size diameter than which 10 percent of the material is finer by weight. 

Using cgs units of measure in the expression, the range in values of C reported by 

Hazen for tests on uniform fine sands as used in water-treatment filter plants is 41 to 

146. Recent tests reported by Burmister’ for a wider range of cohesionless soil types 

indicate a range in values of C from 20 to 600. 

In both cases a mean value of about 100 was obtained for C. 
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Fie. 7. Permeability and drainage characteristics of soils. (After A. Casagrande and 
R. HE. Fadum.) 

Natural soils almost invariably occur in a stratified condition, with the result that 

the permeability of the soil varies from a maximum in the direction of the strata to a 

minimum perpendicular to the strata. Even rolled fill of selected material will have 

some stratification because of the inevitable variation in density and composition of 

material from layer to layer. Casagrande? suggests that the ratio of kmax to kmin for 

rolled fills of selected material is probably at least 9:1. The maximum and minimum 

permeabilities for a stratified soil may be computed using the following formulas: 

k au kid, ah kode aie mae iF kndn 

ie Gy dae ag 
(oes he ap Gh sp 2 2 8 ar al 

mn Aa/ka + do/ke + +++ +dn/kn 

where ki, k2, di, dz, etc., are the corresponding permeabilities and thicknesses of the 

strata or layers composing the soil. 

19. Flow Nets. The pattern of flow for steady seepage of an incompressible 

fluid through a porous soil of constant pore space can be expressed mathematically 

by a Laplacian equation. Direct solution of the Laplacian equation is generally 

difficult and has been made only for a limited number of cases. Examples of direct 

solutions as well as examples of solutions made using modern mathematical tools for 

close approximations are given by Harr.” For two-dimensional flow, graphical solu- 

tion known as the flow net has been proposed by Forchheimer and is widely used. 

This method is described in detail by Casagrande? and in various textbooks on soil 

mechanics. Difficult flow nets can be determined using hydraulic or electrical models. 

When a hydraulic model is used a typical cross section is constructed of soils between 

the two glass plates of a narrow flume. The dimensions and permeabilities of the soils 
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in the flume bear the same relationship to each other as in the prototype. Dyes are 

injected at points where water enters the soil to trace the flow lines of seepage through 

the soil. Model flumes are expensive and cumbersome and have been more or less 

displaced by electrical-analogy models. Methods of relaxation can also be used to 

develop flow nets as described by Southwell.*® 

A typical flow net for an isotropic embankment on an impervious foundation is 

shown in Fig. 8. The net consists of flow lines and equipotential lines which intersect 

Headwarer y 
a i! | 

i AVA, equo/ Line of 
SEDGE 

WAAR RANA RCO ROR TSR RTO DRURT TRAIT IG. 

Fig. 8. Flow net for isotropic embankment on impervious foundation. 

at right angles. For any particular problem there exist an infinite number of possible 

flow lines and possible equipotential lines. In constructing a flow net for the two- 

dimensional case in rectilinear coordinates, the lines are chosen so as to form “‘squares.”’ 

Two adjacent flow lines of a flow net form a flow channel, and the quantity of flow 

through each channel of the net is the same. The equipotential lines connect points 

of equal total head and intersect the top flow line at equal increments of elevation. 

Suggestions for sketching flow nets are given by Casagrande’ and Taylor.** In sketch- 

ing, it rarely happens that the number of flow channels and number of equipotential 

drops both come out to be whole numbers. Usually there will be one fractional flow 

path or one fractional equipotential drop, as shown in Fig. 15. For the sake of 

appearance, many of the flow nets shown in this book have been specially chosen to 

have a whole number of flow channels and equipotential drops. 

When the flow lines cross the boundary of two soil zones of different permeability 

the direction of the flow changes and the flow net deflects as shown on Fig. 16. Since 

each flow channel carries the same amount of water, this deflection provides a wider 

flow channel in material of lower permeability. When the flow channel widens the 

spacing of the equipotential lines will not be equal to the width of the new flow chan- 

nel, and the flow net will not be composed of ‘‘squares’’ but of “rectangles’’ where the 

ratio of the longer side to the shorter equals the ratio of permeabilities. 
Flow nets can be constructed for condition of radial flow and three-dimensional 

flow as described by Taylor.** Instead of the flow net being composed of “‘squares,”’ 

‘Tectangles” are required and the ratio between the equipotential and flow-line sides 

of the rectangles depends upon the location of the rectangle. 

In the case of material having different permeabilities in different directions, such 

as thinly stratified materials, the flow net of squares is drawn on a section transformed 

in such a manner that all dimensions in the direction of maximum permeability are 

reduced by dividing them by the square root of the ratio of kmax to kmin (or all the 

dimensions in the direction of minimum permeability are increased by multiplying 

them by the square root of the ratio kmax to kmin). After the flow net has been drawn 

on the transformed section, the flow lines and equipotential lines are transposed back 

to the true scale section. This process is illustrated in Figs. 9 and 14. 
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The following procedure is valuable in connection with determining the position 

of the top flow line and is illustrated by Figs. 2, 3, and 4a. 

basic parabola, is constructed through point e with point f as a focus. 

A parabola, called the 

For flat 

— Drainage 
blanket 

Transformed section 
Scales-H: |= 

Shape factor = $ =/,.2 

Actual section 

Drainage 
blanket 

Scales-H: |" =d' 

Fia. 9. 

1 
We he” se) 

Flow net for stratified embankment and foundation. 

upstream slopes, the coefficient by which the distance of the figures must be multi- 

pled to obtain point e is equal to 14, for average slopes 14, and for steep slopes less 

SOnmnC Ommns Om I2Omn | SOnnIS Or 

a = Slope of discharge face 
After A. Casagrande 

Fic. 10. Basic parabola correction. 

plying the correction Aa/(a + Aa) to the basic parabola. 

than 14. The directrix of the parabola 

is located at a distance ge from e. The 

distance ge equals the distance fe. Every 

point on the parabola is equidistant to the 

focus and the directrix by definition. For 

a dam with horizontal drainage blanket 

a = 180 deg (Fig. 4a) the basic parabola 

gives the location of the exit point of the 

top flow line directly. For dams with 

rock toes and dams with ordinary down- 

stream slopes, as shown in Figs. 3 and 2, 

respectively, the location of the exit point 

of the top flow line is determined by ap- 

A chart of values of Aa/ 

(a + Aa) slope angle has been prepared by Casagrande and is presented in Fig. 10. 
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20. Quantity of Seepage. The quantity of seepage can be computed directly 

from a flow net or, in certain instances, from charts or equations without the con- 

struction of a flow net. The equation for computation of the quantity of seepage 

from a flow net is as follows: 

ey, wt Q= ko hb 

where Q = quantity of seepage in length of dam under consideration 

k = effective coefficient of permeability which is Ne 

ny = number of flow channels of net 

na = number of equipotential drops of net 

h, = head difference between headwater and tail water 

L = length of dam to which the flow net applies 

The ratio ny/na is termed the shape factor of the flow net. 

Both graphical and analytical methods are available for computation of the 

quantity of seepage through an earth dam on an impervious foundation. The results 

of such computations are presented in Fig. 11 as a family of curves. The chart is 

20.0 

10.0 

8.0 T 5 a ee a 

fe =o9 fae aaae 60 =O./OkK FyLl 
50 r 

40 

3.0 O=O2OK Py 

4 

Bu Q=O0.30k Fel 

d 
ht O33m-flat slopes 

I O.25m-medum slopes 

0/0m - steep slopes 

ul Q=O60k hy L 

Q=O0.8Ok hy L 

Q=0.90k Myl. 

“10° 20° 30° 40° 50°60" 80° 100° 
a 

Fic. 11. Seepage through embankment on impervious foundation. 

entered with the values of d/h: and a as defined on the key sketch, and the seepage 

equation with the proper shape-factor coefficient is determined by interpolation from 

the family of curves. The quantity of seepage through an embankment overlying 

a foundation of approximately the same or lesser permeability can be estimated from 

the above chart, but to it must be added the seepage through the foundation in order 

to obtain the total seepage. 

Approximate solutions for the quantity of seepage underneath an impervious 
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embankment founded on a pervious foundation have been developed by Terzaghi. 

The definitions of terms for the equations are as given before or as defined in Fig. 12. 

ell 
Oss HI 
hik(2U/I — 1)% 

2 

Case I. When > 2U: L 

Case II. Whenl < 2U: Q= L 

In both the chart and the solution by Terzaghi, the dimensions used should be 
those of the transformed section described above, and permeability should be the 

effective permeability. 

variable: tN ee! -s ryious Underground 

Fie. 12. Blanket diagram. 

21. Piping. Piping occurs when the force exerted on the soil by seeping water 

exceeds the resistive force offered by the soil. Filters are provided at places where 

seeping water emerges from the soil when the resistive force of the soil does not have 

sufficient factor of safety against migration of fines. An earth dam and its foundation 

form a barrier that maintains a differential head between the water surface in the 

reservoir and the tail water below the dam. The potential energy represented by this 

difference in head is dissipated as frictional loss as the water flows through the soil. 

The seepage force J exerted on the soil by the water is equal to the unit weight of water 

+» times the hydraulic gradient 7 and is always in a direction perpendicular to equipo- 

tential lines. For either an isotropic or stratified soil, the hydraulic gradient is 

determined by dividing the head lost between two equipotential lines by the perpen- 

dicular distance between the lines measured on the true scale drawing. Where water 

flows into the upstream face of an embankment, the seepage force has a stabilizing 

effect, but where seepage is out of an embankment the seepage force has a destabilizing 

effect. When upward flow exists in a cohesionless soil and the head loss per foot of 

length exceeds the submerged effective weight of the material, movement of the soil 

particles will take place. For example, if the weight of a foot cube of saturated 

cohesionless soil is equal to 125 lb, the submerged weight will be 62.5; hence if there is 

an upward hydraulic gradient of 1, the seepage force will be equal to 62.5 lb and the 

material will be in a condition of unstable equilibrium, termed a quick condition. 

Whenever water flows from a less pervious material to a more pervious one, or out 

onto ground surface, the possibility of migration of fines or piping should be considered. 

Even a very minor washing away of fines at the downstream side of a dam is serious. 

As soon as some fines are washed away, the resistance to seepage along the path of 

seepage is reduced and increased flow results. Owing to the increased flow, the rate of 

washing away of fines is increased. 

In order to prevent piping, movement of soil particles under the action of seepage 

forces must be prevented. Where the soil subject to possible piping is exposed as at 

the downstream side of a dam or levee, piping can be prevented either by reducing the 

seepage gradient at the exit point so that the seepage force is too small to cause move- 

ment of particles or by holding the soil at the exit area in place mechanically. To 
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prevent the movement of soil particles mechanically, the pores of the coarser soil must 

be so small that the larger particles of the finer soil cannot pass through the pores. 

When the coarser soil under consideration does not have sufficientiy small pores a filter 

or series of filters may be placed between the fine soil and coarse soil to accomplish the 

mechanical restraining action. 

22. Filters. On the basis of research by Bertram reported in Ref. 4, the following 

criteria for designing filters are recommended: The D);; size of the filter should be (1) no 

larger than four to five times the Dg; of the material to be protected and (2) preferably 

at least four to five times larger than the D;; size of the material to be protected. The 

D,; and Dx;sizes are the particle sizes than which 15 and 85 percent of the soil are finer, 

respectively. The purpose of the first requirement is to prevent migration of fines and 

that of the second to ensure adequate permeability of the filter relative to the material 

being protected. An exception to the above criteria occurs when the material to be 

protected is skip-graded to the extent that the fine fraction can migrate readily in the 

pores of the coarse fraction. In this case the filter would be designed for the Dg; size of 

the fine fraction instead of the Ds; size of the entire material. Some engineers prefer to 

have the shape of the grain-size-distribution curve of the filter material similar to the 

shape of the grain-size curve of the material being protected. There is advantage, 

however, in having the filter uniformly graded since then there is little chance of 

segregation of the filter during placement; also the permeability of the filter is higher. 

When a filter is to be placed between fine core material and rock fill, not only must the 

Dj, s1ze of the filter be met as described above, but in addition the Ds; size of the filter 

must be no less than one-fourth to one-fifth the D,; size of the rock fill. The design of 

such a filter is illustrated in Fig. 13. Sometimes the resulting filter gradation covers 

too wide arange in particle sizes. In such cases, the filter can be constructed in two or 

more layers, each layer satisfying the above criteria with respect to materials adjacent 

to it. A two-layer filter for the above case will be more pervious than a single-layer 

filter. The thickness of the filter layers varies from 12 to 18 in. per layer in drainage 

trenches and at rock toes to over 8 ft (horizontal measurement) for filters between the 

core and the shell sections of adam. In the latter case the 8-ft width is the minimum 

for easy operation of spreading and compaction equipment. A wider filter or a 

transition zone is desirable, particularly if there is any possibility of cracking of the 

filter due to settlement or earthquake. Where the core material is fine-grained and 

has low or no plasticity a crack through it and a narrow filter may permit piping. By 

blending the fine-grained core material and the filter material any cracks which might 

develop would tend to be self-healing, since after a little core material had piped the 

coarse-grained fraction would cave into the crack and choke it. Adequate compaction 

of filters between core and shell sections is essential during construction to prevent 

excessive settlement and adjustment of the fill. Where filters are placed on natural 

soils, it is usually more economical to design the filter to protect most of the soil and 

then place an additional layer between the regular filter and the finer pockets of 

foundation soils where such pockets occur. Where filter packs come against well pipes 

and drainage pipes the following criteria apply: the Ds; size of the filter should be 

greater than 1.0 times the size of perforations or 1.2 times the width of slots. Slots 

generally are more efficient than perforations. 

23. Drainage Trenches and Relief Wells. Drainage measures are required fre- 

quently at the downstream toes of dams and levees to reduce uplift pressures and seep- 

age gradients to tolerable magnitudes. An illustration of the uplift pressures and 

gradients which may develop is given in Fig. 14, which is a reproduction of an example 

presented by Cedergren in Ref. 3a. In this example, a dam 70 ft high is founded on a 

10-ft-thick layer of foundation material having an effective permeability of 5 ft/day 

which is underlain by a 40-ft-thick stratum haying an effective permeability of 3800 ft/ 
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day. 

blanket 1,100 ft long is provided upstream of the dam. yi 

The ratio of horizontal to vertical permeability the dam and blanket is 0.25 ft/day. 

Below this level, the foundation material is impervious. 

Daatectt 

EMBANKMENT DAMS 

An impervious 

The effective permeability of 

(c) Partial cutoff 

HiGeatos 

is 9 for all soils. 

Fig. 146. 

Ki ce _tanB 

ko Db tana 

/ (Forchheimer) 

Fic. 16. Deflection of flow net at boundary 

of soils of different permeability. (After 
A. Casagrande.) 

Effect of foundation treatments on flow through pervious foundation. 

The transformed section is shown in Fig. 14a and the true section in 

Under a 60-ft head the uplift which develops underneath the 10-ft stratum 

at the downstream toe is 10 ft. Thus 

the seepage gradient through the 10-ft 

stratum is 1.0 and critical at this point. 

To reduce the exit gradient to a reasonable 

amount a drainage trench could be con- 

structed through the 10-ft impervious 

stratum at the downstream toe. Seep- 

age would be increased about 47 percent 

by construction of such a relief trench. 

Equations helpful in connection with 

designing the length and thickness of 

blankets in problems similar to the one 

mentioned above are given by Bennett in 

Ref. 3a. An example of a drainage trench 

is given in Fig. 54. 
A row of relief wells may be used as an alternative to a relief trench, particularly 

where the pervious stratum to be tapped occurs at depth. The effect of different 
penetrations of a drainage curtain consisting of wells in a stratified foundation where 
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the permeability of the strata increases with their depth is givenin Fig.17. Thecross 

section of the levee, natural blanket, and foundation is shown in Fig. 17a and the effect 

of the drainage wells of different penetration on the hydraulic grade line beneath the 

uppermost impervious foundation stratum in Fig. 17). If the head of water relative to 

ground surface at the land side of the levee is 50 ft, the uplift on the base of the imper- 

vious stratum for 10 percent penetrating wells is 33 percent of 50 ft, or 17 ft. This is 

excessive and the 10 percent penetration of wells is inadequate. A penetration of 

about 50 percent reduces the uplift to 8 ft, which is barely safe, and greater penetration 

of wells is required. Various methods of underseepage control are discussed in 

Ref. 68. 

Distance from river in feet 

O 200 400 600 800 |,000 200 1400 

PIII IIIa 

Scm/sec__ 

O 4cm/sec 

60 

40 
Open trench 

100% penetration 

—< 10% Well penetration 

25% Well penetration 

20 
50% Well penetration 

Pressure in percent of net head 
100% Well penetration 

O 
(b) 

Via. 17. Effect of penetration of relief wells on hydraulic grade line. (After W. J. 

Turnbull and C. I. Mansur.) 

Xelief wells are constructed in a manner similar to water wells. The outside 

diameter of the wells is usually 10 to 18 in. A filter pack of 4 to 6 in. is placed between 

the outside of the well and the filter screen and discharge pipe. The well screen and 

discharge pipe is usually 4 to 8 in. in diameter. To minimize the deposit of minerals 

such as calcium carbonate and iron oxide in the well the discharge point of the well 

should be under water continuously. This means that the wells should discharge into 

a channel or gallery below the water surface in that channel or gallery. Also the wells 

should be so located that a drill rig can readily be placed above them to flush them out 

or repair or replace them. Where the wells discharge into a gallery, a manhole above 

each well may be required to provide this access. The well screens should be made of 

material which will last indefinitely. Stainless steel, wood, and some plastics seem to 

offer the best possibilities for long life of screens. Information on the construction of 

drainage wells is given in Refs. 67, 69, and 73. 

24. Drainage Curtains. Drainage curtains are installed in abutments for the 

purpose of intercepting water before it emerges on the lower face of the abutment. 

For the wells composing the drainage curtain it is necessary that a tunnel or adit be 

driven at about tail-water elevation and the wells discharge into it. Wells both above 
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and below the collection adit may be required. The wells would be the same as the 

relief wells described above if the abutment is earth. If the abutment is rock without 

any erodible material in the fissures or erodible layers, plain 2- to 3-in.-diameter drill 

holes may be satisfactory. If the rock is highly fractured and there is possibility of 

caving of the walls of the drill hole, perforated casing of a material with an indefinitely 

long life should be installed to maintain the walls of the hole. Where the rock is 

erodible or has fissures which contain erodible material larger-diameter wells with a 

gravel pack would be required. Such holes might be 4 to 6 in. in diameter with a 2-in. 

drainpipe in the center. Drain holes in rock abutments usually are placed at about 

10- to 30-ft spacing. Where the depth from ground surface to the collection adit in 

the abutment is about 200 ft or less the drain holes may be drilled from the surface to 

intercept the adit. The smaller-sized drain hole used in abutment drainage curtains 

is partly governed by the limitation in size of hole which can be drilled from the 5- by 

7-ft adit normally used. Also it is frequently desirable to have close-spaced drain 

holes in the abutment drain curtains, particularly where there may be a concentration 

of flow. In such cases many small-diameter holes are preferred to a few large- 

diameter holes. Holes above the adit cannot be continuously submerged and so are 

subject to clogging with deposits. Careful periodic checking of such drainage-curtain 

holes is required. If clogging occurs and it cannot be removed by washing and 

surging, then replacement drain holes must be installed. Telltale piezometers should 

be installed at critical locations to indicate the buildup of excessive pore pressures due 

to clogging of drains. 

25. Grout Curtains. Where the impervious core of an embankment dam is 

founded on rock, grout curtains into the rock are frequently used. Where the 

impervious core is founded upon overburden grout curtains through overburden have 

been used only occasionally. Grout curtains in rock will be discussed first and then 

some general comments will be given regarding grout curtains in overburden. 

The purpose of a grouted curtain in rock is (1) to lengthen the path of seepage of 

water through the rock foundation and thereby reduce the seepage gradient in the 

rock and (2) to reduce the quantity of seepage either for conservation purposes or for 

alleviating the load on the drainage system. Generally seepage through rock is 

through joints and fissures or solution channels, although on occasion rocks with a 

porous structure are encountered. Where the joints and fissures are generally clean 

and the rock is sound a reasonably tight curtain 10 to 20 ft wide can usually be obtained 

with one, two, or three rows of grout holes. All weathered and disintegrated rock 

should be removed from under the base of the core and the core founded upon groutable 

rock. The entire base width of the core should be grouted to a depth of about 20 ft 

to form a grout platform. Both vertical and angle grout holes should be located to 

intercept joints and fissures as evident from the exposed surface of the foundation 

subsurface investigations and geological studies. At about the center line of the 

grout platform the grout curtain should be installed. The curtain plus the grout 

platform forms a T-shaped grouted zone. The depth of the grout curtain should be 

about one-half the differential head acting across the curtain; then the nominal 

gradient for the shortest path of seepage around the curtain will be 1. If an imper- 

vious rock layer is present at shallower depth or at reasonably deeper depth the grout 

curtain should be tied to that layer. The purpose of the grout platform is to prevent 

a high gradient from occurring in the core just above the vertical curtain. If no plat- 

form were present seepage would enter the base of the core from the foundation at the 

upstream face of the curtain at reservoir head and leave the core at the downstream 

face of the curtain at tail-water head, making for a much higher gradient in this part 

of the core than at any place else in the core. A second reason for the platform is to 

prevent seepage, through fissures and joints in the foundation upstream and down- 
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stream of the curtain, from eroding the base of the core. If it is not feasible to excavate 

the entire base of the core to groutable rock, a trench may be excavated to groutable 

rock for the construction of the curtain. This trench would then be backfilled with 

concrete and concrete paving 2 or 3 ft thick placed over the remainder of the base of 

the core, thus forming a T-shaped treatment similar to the one mentioned above 

utilizing a grout platform. Alternatively the concrete may be extended into the core 

as a seep-fin-type wall. 

Grouting may be done by either the stage grouting method or the packer method, 

although the stage method is the one more commonly used. In the stage method the 

grout holes are drilled to a depth of about 30 ft and grouting is accomplished before 

the holes are deepened by another 30-ft stage. Depending upon the depth of the 

curtain, five or six or more stages may be required. In each stage, grouting is done 

generally by the split-spacing method. Initially grout holes are drilled at about 

20-ft spacing and grouted. These initial holes are called primary holes. Then holes 

called secondary holes are drilled midway between the primary holes and are grouted. 

After the secondary holes are grouted, tertiary holes spaced midway between the 

secondary holes are drilled and grouted. Splitting of the spacing of the grout holes 

is continued until the grout and/or water takes in the final series of holes are sub- 

stantially less than in the previous series and it is not expected that further splitting 

and grouting will further reduce the grout and water takes. 

The maximum pressure to be used in grouting rock generally should not exceed 

1 psi for each foot of cover of overlying rock and overburden. The grouting pressure 

is measured by pressure gage at ground surface. Assuming the unit weight of over- 

lying material is 144 lb/cu ft, the above rule in effect limits the grout pressure to a 

pressure equivalent to that created by the weight of overlying material. If greater 

grout pressures are used there is the danger that bedding planes and fissures will be 

opened up because of heaving or distortion of the rock. Not only will more grout be 

required, probably unnecessary grout, but there is also the danger that later grout 

holes will cause heaving and distortion which will open cracks in previously grouted 

holes and so damage the effectiveness of the earlier grouting. By performing grout- 

and water-take tests at several pressures one can note whether the takes increase 

inordinately with pressure after some particular pressure is reached. If so such a 

pressure would be the limiting pressure above which opening of bedding planes and 

fissures might be expected to occur. 

In grouting it is usual to start with a thin grout and increase the consistency of the 

grout as more and more grout is taken. An initial grout would consist of 1 part 

cement to 3 to 6 parts of water by volume. As arough guide, on some jobs the author 

has specified that grouting start with a 1:4 mix. This mix is pumped until either 

practical refusal is met under the maximum allowable pressure or a take of 30 bags in a 

30-ft stage has occurred. Practical refusal is defined as some small take, as 6 bags /30-ft 

stage/10 min. If refusal has not been met the grout is thickened to a 1:3 mix and 

the same procedure is repeated. The grout may be further thickened in steps until 

a 1:1 mix is reached; after that sanded grout is used. 

After experience is gained at a site grouting may start with thicker grout mixes, if 

it is certain that refusal will not be met before the grout has traveled a reasonable 

distance. The purpose of grouting by the split-spacing method is to achieve acurtain 

about 20 ft wide. In connection with grouting with thin mixes it should be kept in 

mind that the Portland cement in the grout filters out at constrictions in the passage- 

ways through which the grout flows and forms a filter cake which hardens to seal the 

passageway; the space grouted is thus the volume of the filter cake and not the volume 

of the grout mix. 

Washing of grout holes with water and with air and water removes silt and clay 
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in the seams and fissures to be grouted. It is not at all possible to remove all the 

filling materials by surging from a single grout hole or even by washing between grout 

holes. However, washing does open up more passageways through the seams and 

fissures, and these passageways increase the probability of contacting other natural 

passageways and so improve the degree to which grout fills openings. Further such 

washing facilitates development of a crisscrossing series of grout streamers through 

the natural fillings in the seams and fissures and so tends to help confine the natural 

fillings against erosion. 

Grouting is most successful in hard rocks which have clean fissures. Where the 

fissures are filled or partially filled with erodible material or where layers of the rock 

are erodible there is always the danger that when the gradient caused by more or less 

full reservoir head is being lost through a 10- to 20-ft-wide grout curtain, it will cause 

erosion and piping of the joint-fillimg materials with time. Because of this,. two, 

three, or four or more rows of grout holes may be required to widen the grout curtain 

to reduce the gradient across the curtain so that there is no longer any danger of 

erosion and piping. The nature of the natural joint-filling material or erodible layer 

such as the size of its particles and the degree of cementation or cohesion of the par- 

ticles to each other and to the wall of the joint, as well as the width of the joints or 

erodible layer, determines what the allowable gradient across the grout curtain may be. 

When the joint filling is readily erodible material such as silt or rock flour and when 

the width of such joints is great, say several inches, then a very wide grout curtain is 

required. In such cases it probably is not economically feasible to use a grout curtain 

for foundation treatment. 

Grouting of soil overburden is quite a different matter from grouting of rock. 

Instead of joints and fissures the pore space between soil particles requires grouting. 

Where the overburden to be grouted is openwork gravel Portland-cement grout can 

be used since the passageways through the soil are large enough to accept the cement 

particles readily. On the other hand, the passageways through a porous sand are 

too small to do so. In this case either especially fine grained Portland cement or clay 

with an agent to cause it to gel after it has penetrated the sand may be used for 

coarser sands. For fine sands chemical grouts are required. Alternatively special 

patented high-pressure methods as the Soletanche tube a@ manchelte method may be 

used. In this method a casing is grouted into a hole drilled to the full depth of the 

proposed grout curtain. This casing has groups of perforations at about 1 m spacing. 

By means of a grout pipe with packers which is inserted inside the casing, grouting 

can be done separately from each group of perforations. Grouting pressures are 

high, 300 psi or more, so that bearing-capacity failure is caused in the initial grout 

surrounding the casing and in the soil surrounding the particular set of perforations 

being grouted. The spiral-shaped cracks formed in the soil because of the bearing- 

capacity failure provide passageways into which grout may flow. The concept is 

that these surfaces of grout will overlap to form a honeycomb type of grout structure 

and this structure will greatly reduce the permeability of the sand stratum. To be 

successful a honeycomb grout structure has to be achieved throughout 100 percent 

of the depth and width of the curtain. 

Where all the layers of soil to be grouted are of such grain size that the coarsest soils 

satisfy filter requirements with respect to the finest soil layers present it is possible to 

create a grout curtain by one of the above appropriate methods and materially reduce 

seepage. Where such is not the case, as when both layers of fine uniform sand and 

layers of openwork gravel are present in the overburden, the same problem arises as 

mentioned above for joints filled with erodible material, but in this case the sand layers 

are the erodible material. Unless the grout curtain is exceedingly wide the gradients 

which will develop across the curtain will be sufficient to cause erosion and piping of 
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the fine-sand layers into the adjacent openwork-gravel layers. The presence of 

natural filters between the fine-sand layers and openwork-gravel layers would prevent 

such piping, but it is necessary to prove that such natural filters are present at every 

place that they are required. 

Whether in rock or alluvium where the grout curtain ties into an impervious layer 

at depth, the thickness of the grout curtain should be the same for the full depth of the 

curtain since the gradient across the curtain is the same for the full depth. Where the 

grout curtain does not tie into a more impervious stratum, the width of the curtain 

may decrease with depth since the head across the curtain becomes less and less with 

depth. Since higher grout pressures may be used increasing with depth sometimes 

fewer rows of grout holes are required to develop the same width of grout curtain at 

depth; the higher grout pressures force the grout farther away from the grout hole than 

lower pressures. 

STABILITY ANALYSIS 

26. Basic Concepts. Whenever the shearing force along any surface through the 

embankment and its foundation exceeds the shearing resistance along that surface, a 

stability failure occurs. The trace of the surface of sliding on a cross-sectional view 

generally may be approximated by either a straight line, the arc of a circle, a portion of 

a logarithmic spiral, or a composite of such lines. ‘The stability analysis is made by 

considering various possible surfaces of siding and computing the factor of safety 

against stability failure for each. The factor of safety is defined as the available shear- 

ing resistance divided by the shearing force. The sliding surface with the lowest fac- 

tor of safety is the critical one. This is a limit-equilibrium type of approach. 

The various cases of loading for which embankment slopes are analyzed together 

with the minimum factors of safety recommended for these cases are tabulated below, 

Min Factor 

Condition of Safety 

End of construction case, both upstream and downstream slopes...... 1.25 

Wath earthquake! loadime im additions ..7.20.ere 0 -yse ele the eee eieis soe es 0) 

Steady seepage at partial pool, upstream slope..........-......-..-- ee 

With earthquake loading’ in addition... 0.0.4.4 .o065 0008s wee eo ios 

Steady, seepave ndowustreamys opera cola ts sleet vantitsrs tots e/ ashe ciercicrs ites) 

Wath earthquakedlosdine smiadditiomee repo eee hie eee cee) ee 25 

Rapid drawdown ipetreai Slope cn wripep waar edie auev ly 0 dibs te atarak la 1225 

Wathveartbquake loading am ad dition. gcse ciel oysie eee ees etre 1.0 

The shearing strengths of the embankment and foundation materials are different 

for each of the cases mentioned above. The differences are due primarily to differ- 

ences in the conditions of consolidation and drainage which obtain in each of the cases. 

Four ways of expressing the shear strength are in general use. 

1. In terms of total applied stresses at time of failure 

2. In terms of effective stresses at time of failure 
3. In terms of consolidation stresses at time of consolidation, for a condition prior to 

applying the increment of load which causes failure 

4. As in situ shear strength (generally used for foundation) 

Methods of testing soils to determine their shear strengths for different conditions 

of consolidation and drainage are described in Art. 54. Choice of the method of test 

and of the way of expressing the shear strength for analysis of a particular case is 

described in Arts. 31 through 35. More detailed discussion of these subjects by the 

author may be found in Refs. 39, 40, and 42. 

For each condition of consolidation and condition of drainage during shear, the 
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shear strength may be expressed in terms of the parameters c and ¢ according to the 

following expression: 

s=c+otan?¢ 

Either total stresses, effective stresses, or consolidation stresses may be used for the 

normal stress ¢. The values of c and ¢ will be different for each condition of shearing 

and for each normal stress used. The linear relationship indicated by the expression 

is generally only an approximation of actual shear strength and applies generally only 

to a limited range of normal stresses. 

Several methods are available for making stability analyses, including the ¢ circle 

method, the log-spiral method, the slices method, and the sliding-block method. 

When carried out using consistent assumptions and when the sliding surfaces approx1- 

mate each other reasonably well all four methods give substantially the same results. 

The slices method and sliding-block method are the two most commonly used and are 

the only ones described here. The ¢ circle and log-spiral methods are described by 

‘Mery ore Pe 

Another approach to the stability problem is to determine the ratio of shear 

resistance to shear stresses at points throughout the embankment and its foundation. 

The location of any overstressed zones as well as the average of the ratios of sheer 

resistances to shear stresses along some potential surface of sliding is of interest. 

The finite-element method of analysis using an electronic computer is a powerful tool in 

this connection. The method is described in Ref. 12. Use of this approach should be 

checked using one of the limit-equilibrium stability methods mentioned above. 

Simplified methods of stability analysis such as the infinite-slope analysis can be 

made for cohesionless materials which are relatively incompressible since pore pres- 

sures which develop in them because of shear stresses are small and can be neglected. 

These methods are described in Arts. 27 and 28. The location of critical circles for 

analysis is givenin Art. 29. The slices method of stability analysis is applicable to all 

types of soils and conditions of loadings. The method is described in Arts. 30 through 

34. The sliding-block method is described in Art. 35. Stability charts for rapid 

analysis of simple embankment cross sections are presented in Art. 36. 

27. Infinite-slope Analysis. The infinite-slope type of analysis is made by con- 

sidering a typical vertical slice of a long shallow sliding mass. The length of the 

shding mass is so great compared with the depth that end effects on the sliding mass 

are negligible. An illustration of a typical slice is shown in Fig. 18. The infinite- 

\ N . 

x \ Resisting Forces 
ae x (2 \ 

\ : _¢.tang 
ae \ Cohesionless Soils: F = 77 

Tic. 18. Infinite slope. Forces acting on unit volume. 
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slope type of analysis is useful in connection with analyzing the stability of the faces of 

embankment dams where the shell is composed of cohesionless material. Analysis 

may be made for the case of no seepage or for the case where seepage is in one direction 

for the entire length of the long shallow potentially sliding mass. For the case of no 

seepage the factor of safety of the slope is as follows: 

= tan 

tan 7 

where 7 is the angle of the face of the slope 

The required angle of friction for a factor of safety of 1.0 is called the developed 

angle of friction ¢p. In the above case ¢p equals 7. 

When seepage occurs additional frictional resistance is required for stability. For 

the case of seepage parallel to the face of the slope and in the downward direction the 

factor of safety may be expressed as follows: 

_ tan ¢ X ysubm 

tan 7 xX Yaat 

where Ysubm = unit weight of material, submerged 

Yeat = unit weight of material, saturated = ysubm + Ywater 

The increase w in developed friction angle which is required in case of seepage in 

various directions and at various gradients is given in the chart in Fig. 19. For the use 

90 | Locus of cases where seepage porale|/\ (OS oe 
80° | fo slope and He, =/0, ne 
ese (ES w=/0 c 

70 ) Fegpa, SING = Sin aa w =/5° 

a | Daa. 

50 oS oa 09225" 
oO 

40 wy WE Zi 4 

Com me 3. iS 

° zi - 402 
20 Qo BA 

10° | t= 43, 

Sen? ie 
4 

° | 

SA : 
- 3 (Oe ‘a \ 

° a - of 

fe Seepage : is 
- 50° Direction 
- 60° | bw = Unit weight of water. 

Ssubm=Unit weight of submerged 
s 70° Soll. 

/=Gradient of seepage 

Sa Ep Ste bw 
} Obtain) by entering chart with x ond j Gna | 

a 05 /0 15 20 
w 

LX F subm 

Fig. 19. Stability chart for infinite slope of cohesionless material. 

of the chart the gradient 7 needs to be known. This may be determined from a flow 

net or, in certain simple cases as indicated below, may be estimated. When seepage is 

parallel to the face of an embankment dam the gradient is equal to the sine of the slope 

angle 7. For the case of complete drawdown for an embankment dam on an imper- 

vious foundation seepage occurs horizontally out of the lower portion of the upstream 
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slope as illustrated in Fig. 20a. The gradient for seepage in this case is equal to about 

tani. If drawdown is not complete the flow net shown in Fig. 206 obtains. In this 

case seepage just below the water level of the reservoir is perpendicular to the face of 

the dam and at a gradient about equal to sin 7. 

When the gradient has been determined or estimated the term j(ywater/Ysubm) 28 

defined on the chart can be computed, and with this value the chart can be entered. 

The required friction angle @p is obtained by adding the slope angle and the angle w 

obtained from the chart. This latter value is read from the chart utilizing the family 

of curves which represent the angle w. 

The locus of points representing cases where seepage is parallel to the slope andina 

downward direction and the ratio of ywater/Ysubm equals 1 is shown in Fig.19. These 

are the cases that correspond to the equation given above for seepage parallel to the 

face of the slope. 

K A 

Water level after EO Xe : ( drawdown os | 7S 

: “mth MM 

Shell of pervious material ~ Core of impervious material 

(a) Total drawdown 

ae Equipotential lines 
Z . 

Se 
/Worer leve/ after 

AX S 
/ eee ES 

SOR S 

ne ( PHS 
~ Shell of pervious material ~Core of impervious materia! 

(b) Partial drowdown 

Fic. 20. Flow net in a dam with core of impervious material. Rapid drawdown. (After 

E. Reinius.) 

Assuming that the gradient is equal to sin 7, the most critical direction for seepage 

is upward at an angle a about equal to the angle of theslope7. For embankment dams 

with slopes flatter than about 15 deg, however, the factor of safety for a gradient equal 

to sin zis about the same whether seepage is downward parallel to the slope, horizontal, 

or upward perpendicular to the slope. Vertical seepage whether upward or downward 

has no effect on the @p. Of course, if the upward seepage force equals the submerged 

weight of the soil, a quick condition develops. Also any upward seepage reduces the 

resistance of the element considered to driving forces other than the driving forces 

created by weight of the element itself as the force created by seismic acceleration. 

28. Reinius’ Charts. A comprehensive analysis of the stability of the upstream 

slope of earth dams composed of cohesionless material under condition of seepage out 

of the upstream slope upon drawdown was made by Reinius and reported in Ref. 47. 

The result of his analyses with regard to the required or developed friction angle for 

different slopes with different effective thicknesses of slope protection is shown in 

Fig. 21. The type of circular sliding surface used is illustrated in Fig. 21a. This 
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figure shows the type of circle used for the full height of slope; similar circles were used 

for analyzing the lower, middle, and upper halves of the slope. The effective thickness 

of slope protection is illustrated in Fig. 21b. The slope protection consists of filters 

and riprap. Only the portion of the slope protection above the water surface in the 

slope protection is effective. The angle of friction of the slope protection is assumed 

to be the same as the underlying shell of the embankment. The required friction angle 

for an embankment dam on an impervious foundation is shown in Fig. 21¢ and for an 

embankment dam on a foundation with the same permeability as the embankment in 

Fig. 21d. The effective thickness of slope protection required for local stability of face 

of embankment is given as a fraction of the height of the embankment dam. From the 

curves of Fig. 21c and d, a design can be made for a concave slope having uniform 

thickness of slope protection or for a uniform slope having the slope protection thicken- 

ing with distance from crest of dam. 

$p= 10° 

i=15° 

Tic. 22. Influence of value of developed friction angle @p on position of center of critical 

toe circle for different values of slope angle 7. 

29. Location of Critical Circles. Circular surfaces of sliding may be either toe 

circles, slope circles, or mid-point circles as illustrated in Fig. 25. In homogeneous 

material toe circles are the critical circles for steep slopes. For flat slopes mid-point 

circles are critical, but these may be restricted by the presence of a strong stratum at 

shallow depth or a counterweight a short distance from the toe. If the strong stratum 

is at very shallow depth the critical circle breaks out on the face of the slope as shown 

in Fig. 25d. The effect of the value of developed friction angle ¢p on the position of 

critical toe circle for different values of slope angle 7is shown in Fig. 22. All the circles 

illustrated above are for the case where the top of slope extends for a long distance 

horizontally. For dams where the crest of the dam is of limited width the critical 

circle usually breaks out close to the edge of the crest on the opposite side from the face 

being analyzed for stability. This is illustrated in Fig. 29. In nonhomogeneous 

material, the critical circle is located so that a maximum portion of its length passes 

through the lowest-shear-strength material. The lowest-shear-strength material may 

be the core of the dam or a foundation layer. To facilitate circular-are stability 

analyses where the face of the core is the lowest-shear-strength material it is permis- 

sible to assume a virtual cross section of the dam where the upstream face of the core 

has a curved shape matching the circular-are surface under investigation. Sucha 

virtual cross section is shown on Fig. 29. 
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30. Slices Method of Stability Analysis. The slices-method stability analysis 

was introduced by Fellenius in 1926 in Ref. 14 and also presented in 1936 in Ref. 15. 

Modifications have been made in details of the method, for example, by May in 193644 

and by Bishop in 1955.6 May’s method does not consider earth forces on the vertical 

sides of the slices. Bishop’s method assumes that the earth forces on the sides of the 

slices act in a horizontal direction. The variation presented here is one where earth 

forces generally having a direction which makes an angle with the vertical sides of the 

slices, as well as the water forces acting on the sides of the slices, are considered in the 

analysis. This variation is more elaborate than the original method or the variations 

mentioned above. Neglecting the earth forces on the sides of the slices makes it 

unpossible to achieve static equilibrium in certain slices, but in many cases the errors 

resulting are self-compensating and in many instances negligible differences occur 

between the analyses neglecting earth forces on the sides of the slices and the more 

rational analysis where they are considered. Significant differences do occur in cer- 

tain cases, however, as, for example, the case of analysis of a sloping-core dam where 

there is appreciable difference in shear strength between the shell material and core 

material. The factor of safety computed neglecting earth forces on the sides of the 

slices is lower than that computed considering earth forces, and an unnecessarily con- 

servative design results. The variation considering earth forces on the sides of the 

slices is necessary when it is desired to analyze the stress conditions point by point 

along the failure surface. When the earth forces on the sides of the slices are neglected 

apn improper distribution of stresses results. An alternative to the assumption that the 

earth forces on the vertical sides of slices are neglected is the assumption that lateral 

earth forces exist but their direction is parallel to the base of the slice. Although this 

alternative provides the equilibrium of individual slices, an unreasonable set of lateral 

earth forces will result. However, the accuracy of the analysis will not be affected. A 

more detailed discussion of the effect of the lateral forces by the author may be found 

in Ref. 42. 

The first step is to divide the sliding mass into a number of vertical slices, as may be 

seen in Fig. 29. The sliding surface may be a circular are or a combination of arcs and 

straight lines. The number of slices chosen usually is about 8 to 10. This number is 

consistent with the general accuracy of the method. The width of each slice need not 

be the same. Widths of slices are adjusted so that the entire base of each slice is 

located on a single material. 

The forces acting on a typical slice are shown in Fig. 23 and consist of the following: 

Wr = total weight of the slice 

E,, Er = earth forces on left-hand and right-hand vertical faces 

Ur, Ur, Un = water forces on left-hand and right-hand vertical faces and bottom 

of slice 

resultant earth force on base of slice 1Pe 

The water forces are determined from water-pressure diagrams on the sides and base of 

the slice determined from static water conditions if no seepage occurs or from flow nets 

if seepage occurs. The directions of water pressures are perpendicular to the surfaces 

on which they act. Sometimes a lateral force may be used which is a combination of 

an earth force and a water force on the side of the slice. Pressures generated in the 

pore water by consolidation and shearing in the embankment are taken into considera- 

tion in various ways depending upon the method used for expressing shear strength. 

The resultant force on the base of the slice P can be represented by a component V 

normal to the base of the slice and a component Sp tangential to the base of the slice. 

The tangential component can be separated into two parts, namely, V tan ¢p and cp, 
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as illustrated in Fig. 238. 

tan 
F 

op = arctan and Co 

The resultant force of N and N tan gp is P;. 

Different values of factor of safety may be used for F in the two expressions above, 

although the author prefers to use the same for both. 

The force polygon for the forces acting on the typical slice of Fig. 23a is shown in 

Fig. 23b. The magnitude and direction of the forces Wr, Us, Ux, Ur are determined 

from the geometry of the slice, the unit weight of the soil, and reservoir and ground- 

water conditions. The direction of each of the forces Hy; and Hr may be assumed as 

midway between the directions of the face of the slope and the failure surface of the 

vertical plane on which the force # acts. The values of the soil parameters c and ¢ are 

known from soil testing. 

(a) Up (b) 

Fria. 28. Shces method of stability analysis. Force polygon for a slice. 

The solution for the factor of safety is made by trial and error. The analysis is 

started at the topmost slice where only one £ force is acting. A trial factor of safety is 

assumed and the force polygon for the topmost slice is constructed. On the basis of 

the assumed factor of safety the force Cp can be computed. The magnitudes of Hz, 

N, and N tan ¢p are unknown, but the directions of #; and that of the resultant force 

N tan ¢p are known, and this permits the closure of the force polygon. Having deter- 

mined FH, for slice 1, He for slice 2, which is the reaction of #,, on slice 1, is also deter- 

mined. The force polygon for slice 2 is then completed in a similar manner as for slice 

1, and similarly for the remainder of the slices. For the last slice as for the first, only 

one # force exists. Thus the force polygon for the last slice is overdetermined. If on 

using the # force, as obtained from the previous slice, the force polygon for the last 

slice does not close, a new trial is required using a different value of factor of safety. 

When the proper value of factor of safety has been assumed, the force polygon for the 

final slice will close. 

31. End of Construction. The analysis is usually made on the assumption of 

hypothetical instantaneous construction. Some consolidation of materials in imper- 

vious zones in the dam undoubtedly occurs during construction, but no means are yet 

available to predict this consolidation. No theory is available for consolidation of soil 

with compressible fluid in its pores. 
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The shear strength used in the stability analysis for embankment materials for the 

end-of-construction case may be expressed in terms of either total stresses or effective 

stresses. In using the total-stress expression the shear-strength parameters are deter- 

mined from tests performed on specimens compacted to the same water content and to 

the same unit weight as anticipated in the prototype embankment. The tests are 

performed with drainage lines closed both during application of the chamber pres- 

sure as well as during shear, 7.e., UUU or Q tests. Where the consolidated drained, 

CD, or S strength is less than the UUU strength, this strength is used as illustrated in 

Fig. 24. The reason for using the CD strength where such strength is less than the 

UUU strength is that the UUU strength is increased to greater than the CD strength 

by tensile pore pressure. Air may come out of solution from the pore water with time 

and reduce this tensile pore pressure. Thus it is conservative to use the CD strength 

where it is the lower of the two strengths. 

e' aap 
% Goo: SING 

ye if 

S=CtanP =C* CO franP ESE pee Ls 

/ _-<From 00 Test 
Total failure circle 
{P Sale UUU Test 

—— 

iB \ 

Fia. 24. Shear-strength parameters for end of construction stability analysis using total 
stresses. 

For the foundation consisting of a saturated compressible soil, the zn situ strength 

of the foundation before placement of the fill may be used. This, in effect, means that 

each point in the foundation has a particular strength in undrained shear which is 

independent of the loads applied by the fill. The in situ shear strength is the CU 

shear strength for condition of consolidation under the weight of overburden before 

placement of fill. If significant consolidation of the foundation will occur during 

construction, the CU strength of the foundation material would have to be determined 

for the particular consolidation which occurs. 

When the shear strength used in the stability analysis is expressed in terms of 

effective stresses, it becomes necessary to predict the pore pressures which wall develop 

along the failure surface because of both the weight of the overlying fill and the shear 

stresses which develop along the failure surface. 

Methods for predicting the pore pressure in embankment materials are given by 

Bishop® and Hilf.2*24 Bishop expresses the pore-pressure increment as 

Au = B[Ao3 + A(Aoi — Aos)] 

where A and B, pore-pressure coeflicients, are based upon empirical experience. For 

saturated soil B is 1.0; for partially saturated soil its value varies between 0 and 1.0. 

For a soil at maximum Proctor density and optimum water content, the usual values of 

B are between 0.1 and 0.5. The value of coeflicient A, at failure, varies with soil 

types as follows: 

Sensitive clays from +0.75 to 1.50 

Normally consolidated clays from +0.50 to +1.0 

Impervious granular soils from —0.25 to +0.25 

Overconsolidated clays from —0.50 to 0.0 
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The pore-pressure coefficients A and B are further explained and additional values are 

given by Skempton in Ref. 57. 

Hilf expresses the pore pressure as 

NT 
Ve Vesey 

This formula is based upon Henry’s law and Boyle’s law. In the above equation, 

U 

P, = air-pore pressure after initial compaction, very close to atmospheric pressure 

V = volume change of soil mass, expressed as percentage of initial volume 

V. = volume of free air in the voids after initial compaction in percentage of initial 

volume of the soil mass 

V~» = volume of water, percentage of initial volume 

h = Henry’s constant of solubility of air in water by volume (0.0198 at 68 F) 

uc = capillary pressure due to curvature of meniscus; ue = 27';/r 

T, = surface tension of water = 0.0764 g/cm 

W,. = capillary pressure due to curvature of the meniscus 

T; = surface tension of water = 0.0764 g/cm 

r = radius of effective meniscus; in soils, approximately equal to D5o/2 

Ds. is the grain size than which 50 percent of the soil is finer. 

Hilf describes his method in Refs. 23 and 24. 

Development of a stability-analysis procedure based upon laboratory tests of 

partially saturated embankment materials is required. One of the difficulties is the 

measurement of the pore pressures in the water in the pores of a partially saturated soil. 

The stability of an embankment dam during construction and continuing until the 

end of construction can be a critical problem, particularly when weather and borrow 

conditions require that the impervious material in the dam be placed relatively wet. 

In such cases piezometer measurements should be taken frequently. It is then neces- 

sary that the stability analysis furnish the limiting values of pore pressure which can 

be tolerated for a particular factor of safety. 

32. Steady Seepage. For steady seepage through the dam the critical condition 

for the stability of the upstream slope is the case of partial pool. Under the condition 

of partial pool the weight of the material in the upper part of the slope is moist weight, 

which results in the maximum driving force, whereas the weight of the material in the 

lower part of the slope is buoyant weight, which results in the development of mini- 

mum resistance at the toe. Stability analyses are made for different levels of pool to 

determine the critical level of pool for the minimum factor of safety. It is assumed 

that the embankment materials have reached equilibrium under the loading conditions 

along the failure surface; therefore, the author prefers to use in this analysis the con- 

solidated drained strength for shear strength. The total stresses equal the effective 

stresses, and thus there is no distinction between the total-stress and effective-stress 

methods of expressing shear strength. The factor of safety provides a margin of 

safety for inaccuracies in the method of stability computation and location of the 

critical surface for sliding but primarily for inaccuracies in determination of the shear 

strength of the embankment materials. 

The method of slices analysis is similar to that presented for high reservoir before 

drawdown in Fig. 29. A flow net is constructed to determine the water forces on the 

sides and bottom of the slice. The water forces are determined from the piezometric 

levels indicated by the equipotential lines of the flow net. 

The stability analysis of the downstream slope is made in a manner similar to that 

for the upstream slope except that seepage from maximum reservoir level is generally 

critical. 
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33. Rapid Drawdown—Upstream Slope. In the rapid-drawdown case it is 

assumed that the reservoir has been at high level for a sufficiently long time so that the 

material along the proposed sliding surface has come to equilibrium under the buoyant 

weight and whatever seepage forces exist in the sliding mass. Generally hypothetical 

instantaneous drawdown is assumed. This means that there is no time for drainage to 

occur to relieve the pore pressures which develop in the soil along the sliding surface 

because of the increased load caused by the increase in weight of sliding mass from 

buoyant to saturated or moist weight or by the increase of seepage forces and the 

increase in shearing stresses so created. With usual core materials and drawdown 

taking place during a period of about 1 month, the assumption of instantaneous draw- 

down is reasonable. 

The method of rapid drawdown analysis presented here is that proposed by Lowe 

and Karafiath.26 An example of the method of analysis is given in Fig. 29 for a 

sloping-core dam with upstream rock shell. Under the condition of high reservoir, the 

face of the core is loaded to lesser degree than the remainder of the core. As seepage 

occurs through the core, the seepage force 

accumulates from zero at the upstream face 

of the core to a maximum at the down- 

stream face. Theupstream face of the core 

is thus under the least load before drawdown 

and the most critical for stability. The 

first step in the analysis is to make a sta- 

bility analysis for the upstream slope for the 

case of steady seepage under high reservoir. 

The closure polygon for this analysis is 

shown in Fig. 29a. From this analysis 

the normal and shear stresses oy, and Ty. 

developed along the failure surface are ob- 
: Ge ; aie ; é 

Te = Ote- Fore tained for condition of high reservoir. The 

Ore = Oye» Ute, major and minor principal stresses o;, and 
_ Oe), 2 tane</sin20 : ; ; 

Ket pee ht ae o3- acting at this same time can be computed 
, 2 on the assumption that there is no rotation 

Iria. 26. Mohr diagram of stresses before Nene Pp 3 P 
Atansackenan of principal stresses from high reservoir con- 

dition before drawdown to condition after 

drawdown. This assumption is reason- 

able for a dam with shell and core since the rapid drawdown loading is more or less 

equivalent to suddenly increasing the weight of the sliding mass throughout the draw- 

down zone from buoyant weight to saturated or moist weight, which amounts to about 

a doubling of the weight of the sliding mass; thus no change in the directions of driving 

forces occurs. The Mohr diagram illustrating this assumption and the equations for 

computation of o;- and o3, are given in Fig. 26. Proper laboratory testing to deter- 

mine the shear strength of the core soil under rapid drawdown loading requires (1) 

compaction of the soil to the density anticipated on the field, (2) consolidation under 

major and minor stresses corresponding to high reservoir level with full saturation of 

the soil, (3) increase of all-around chamber pressure by an amount equal to change in 

a3 from high reservoir condition to low reservoir condition (this step is generally not 

significant and is usually omitted), and (4) shearing to failure under increasing major 

principal stress. In the Lowe-Karafiath method the shear strength so obtained is 

plotted against the normal stress on the failure plane at the time of consolidation oy. 

This relationship varies depending upon the ratio of principal stresses at the time of 

consolidation. The available undrained shear strength for the case of major principal 

stress ratio AK, = 1.92 is shown in Fig. 29. In the lower stress range where tensile pore 
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pressures are observed in the laboratory test the shear strength is reduced to the line 

representing zero pore pressure. A discussion of the zero-pore-pressure line is pre- 

sented in Ref. 42. The closure polygon (Fig. 29b) for the after-drawdown condition is 

made using a shear strength for each slice determined from the available undrained- 

shear-strength chart for the K. ratio and the normal stress acting on the base of the 

slice at time of consolidation o;,._ Trial factors of safety are assumed until the after- 

drawdown polygon closes. 

Generally, in the past, shear tests have been performed using an equal all-around 

pressure for consolidation instead of a major principal stress greater than the minor 

principal stress as described. Also the shear strength is plotted against the total stress 

on the failure plane at time of failure of the consolidated undrained laboratory test. 

Using all-around consolidation instead of anisotropic consolidation results generally in 

using lower shear strengths than actually obtained. In the conventional stability 

analysis the plot of shear strength vs. total normal stress at time of failure is entered 

with the normal consolidation stress os. This is an inconsistent procedure but 

fortunately involves only a small error. 

In the effective-stress method of analysis the pore pressures resulting from 

undrained shear from anisotropic consolidation properly should be used in the analysis. 

34. Seismic Loading. The conventional method of making stability analysis of an 

embankment dam for earthquake loading is to add an outward-driving force in a hori- 

zontal direction to each slice. The magnitude of the horizontal force varies from 0.05 

to 0.15 times the total weight of the shee depending upon whether light or severe earth- 

quake conditions are anticipated. Generally no change in shear strength is made from 

shear strengths determined from standard laboratory tests. The author prefers to 

make the analysis in a manner similar to that described above for the rapid-draw- 

down case. Stability analysis is made for the steady-state condition prior to earth- 

quake and the major and minor principal stresses are determined. The normal stress 

on the failure surface under steady-state condition together with the ratio of major to 

minor principal stress defines the shear strength which will obtain on the failure 

surface during undrained shearing under the earthquake loading. A force polygon 

similar to closure polygon b of Fig. 29 is made, including the earthquake forces on 

each slice. 

Seed® has investigated the undrained shear strength of embankment materials 

under condition of pulsating loading starting from a condition of anisotropic consolida- 

tion. Initial indications are that serious loss of strength under a few cycles of pulsat- 

ing load occurs only under light loadings on loose soils. When the loose soils are 

subjected to high consolidation loads, particularly anisotropic consolidation, they 

densify to such a degree that little decrease in strength occurs under many cycles of 

pulsating loading. For proper stability analysis of the earthquake condition, the 

shear strength based upon pulsating loading should be used particularly for fine- 

grained cohesionless material and for sensitive foundation soils. Improvement is 

still required in determination of the loads generated in the sliding mass by earthquake. 

35. Sliding-block Method. This method is similar to the slices method of sta- 

bility analysis except that only two or three slices, called blocks, are used and the 

surface of sliding is composed of two or three planar surfaces. Examples of sliding 

surfaces are shown in Figs. 27 and 28. The analysis of the stability of the upstream 

shell of a sloping-core dam by means of an active wedge and passive wedge is illustrated 

in Fig. 27. The analysis of the downstream shell of a dam with counterweight 

situated upon a foundation layer of low shear strength is iHustrated in Fig. 28. In this 

analysis a central block is present between active and passive wedges. The analysis 

using either the two or three blocks can be made in exactly the same manner as with 

the method of slices. Alternatively the earth forces on the interfaces with the active 
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and passive wedges may be computed by usual methods for determining active and 

passive forces. Use of tables for earth pressures as given by Ref. 30 facilitates such 

computations. Inthe computation of active and passive pressures and the resistance 

of the central block, ¢p = arctan ¢/F and cp = c/F should be used. In this way the 

same factor of safety with respect to shear strength is used along the entire length of 

the failure surface and the method of analysis is directly comparable with the method 

Active weage~ 

Fassive wedge~ 

(a) 

Fassive weage——~ 

(b) 

Fic. 27. Sliding-block method of stability analysis, sloping-core dam. 

of slices for a circular sliding surface. Analyses are made assuming different factors of 

safety until the lateral force of the active wedge is exactly resisted by the lateral force 

of the central block plus the lateral force of the passive wedge. In the sliding-block 

method care must be exercised to determine the location of the most critical planes for 

sliding. For example, Fig. 27a shows the failure planes commonly used for analysis 

, Active wedge 

-Central block 

y/ Passive wedge 

FF low “Shear sirenghh 

Fic. 28. Shliding-block method of stability analysis, dam with counterweight berm situated 
on foundation of low shear strength. 

Foundation < layer < Ez 

of stability of the upstream shell of adam. Actually planes located about as shown 

in Fig. 276 result in a lower factor of safety and should be investigated. The inclina- 

tion of the interface between-blocks and the obliquity of earth forces on the interfaces 

between blocks are important. The obliquity depends upon the strain which occurs 

on the interface at the time of incipient failure on the failure surface. The order of 

magnitude of the obliquity may be 14 to 24¢p. 
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36. Stability Charts. The stability-factor chart presented in Fig. 25 affords an 

accurate and simple method for determining the factor of safety against stability 

failure for a homogeneous dam and foundation in (1) the dry condition, (2) the com- 

pletely submerged condition, (3) the condition of seepage parallel to the face of slope, 

and (4) the condition of complete rapid drawdown from crown to toe for an embank- 

ment with negligible drainage. Approximate solutions can be made also for nonhomo- 

geneous dams and for the condition of seepage not entirely parallel to the face of the 

slope and for the condition of rapid drawdown over part of the slope. The chart gives 

the relationship between factor of safety F, height of slope H, angle of slope 2, devel- 

oped friction angle ¢p, and developed cohesion cp. The effect of a firm stratum at 

shallow depth in the foundation and the effect of counterweights a short distance away 

from the toe of slope are also included by means of the terms np and n- defined in Fig. 

25. The shear-strength parameters and shear-strength expressions to use with the 

stability chart for the different cases of loading should be those recommended in 

Arts. 31 to 34. In summary these are: 

End of construction: total stresses, UUU test 

Consolidation under dry or submerged condition (no seepage): total or effective 

stresses, CD test 

Rapid drawdown or seepage parallel to face, earthquake: consolidation stresses, 

CU or ACU test 

The steps used to solve two typical stability problems are outlined below. The 

solutions are for embankments and foundations in which no seepage or consolidation 

is occurring. If the slope is above the freewater surface, the total unit weight is used 

for y. If the slope is completely submerged, the submerged unit weight is used for y. 

Modifications to the given solutions to solve other problems are also given. 

Problem A. Determine the permissible slope for an embankment of prescribed 

height to satisfy a prescribed factor of safety. 

1. Determine Cp = c/F and ¢p = arctan (tan ¢)/F = ¢$/F. 

2. Compute N, = yu/cp. 

3. Determine nz, and the minimum of the actual value of np, and the value of np 

from Fig. 25b. 

4. Enter chart with NV, and ¢p using the proper np line when ¢p < 5 deg and 

zt < 53 deg, and determine the slope angle 7. 

Problem B. Determine the factor of safety for a slope of prescribed height. 

1. Assume a value for the factor of safety. 

2. Compute ¢p = arctan (tan ¢)/F = ¢/F. 

3. Compute nz, and determine the minimum of the actual value of np and the value 

of np from Fig. 25b. 

4. Enter chart with z and ¢p, using the proper np line when ¢p < 5 deg and 

t < 58 deg, and determine the stability factor Ng. 

5. Check the assumed factor of safety against /” computed from 

c cN ; 

CD Jal 

6. Repeat this procedure until the assumed and the computed F agree. 

As an alternate to problem B, the factor of safety may be prescribed and it may be 

desired to determine the permissible height of embankment. The solution is similar 

to that of problem B. For the third and fourth cases above where the face of the slope 
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approximates the piezometric line for pore pressure along the critical circle, the three 

problems may be solved as indicated, except that 

Ysubm tan 
op = X arctan 

Ytotal 

Also ytotal 18 used in computations for V,. When the embankment and foundation 

are composed of more than one material, an approximate solution can be made by 

obtaining weighted-average values for ¢, c, and y. The following steps may be 

followed in the solution: 

1. Assume average values for ¢, c, and y. 

2. Solve the problem as described above and determine ¢p and 7. 

3. Draw the critical circle, either the proper mid-point circle or the toe circle 

defined by Fig. 22 for ¢p and 7. 

4. Check the assumed average values; repeat the solution if necessary with more 

accurate average values. 

In determining the proper average unit weight, particularly for the case where 

¢ = 0, only the weight of the net driving area should be considered. For example, for 

the mid-point cireles shown in Fig. 25 only the weight above the dashed line is effective 

for driving; the center of gravity of the area below and to the left of the dashed line lies 

directly below the center of rotation and generates no driving moment. 

Stability charts were first published by Taylor in 1937. 

A more elaborate series of charts for various slope configurations has been prepared 

by Janbu?? and is frequently useful. 

SETTLEMENT ANALYSIS 

37. General Considerations. Prediction of the settlement which will occur in an 

embankment dam and in its foundation is required for several reasons. At the end of 

construction adequate camber must be provided so that after settlement the crest of 

the dam will be at such elevation as to provide sufficient freeboard. Generally after 

settlement some camber should remain for appearance. Differential settlement of the 

dam, particularly that caused by abrupt changes in foundation conditions, is critical in 

connection with developing transverse cracks through the dam. Construction 

methods and design measures must be used so as to protect the dam adequately 

against the development of such cracks. Where a conduit passes underneath or 

through an embankment dam on a soil foundation, the design of the conduit requires 

knowledge of the pattern of settlement along the conduit. In this case estimation of 

longitudinal movements along the conduit which will result in squeezing together or 

extension of the conduit is required also. Finally estimation of the settlement of the 

foundation and compression of the embankment during construction is needed for 

proper estimation of the required fill volumes. 

The possible sources of settlement as listed by Seed®! for cohesive materials apply 

also to embankment materials and include (1) immediate or elastic settlement, 

(2) volumetric compression resulting from consolidation, (8) axial and lateral strains 

induced by effective stress changes during consolidation, (4) secondary compression, 

and (5) plastic flow or creep at constant water content. Skempton and Bjerrum?’ 

suggest a method for computing the immediate settlement and also by utilizing the 

pore-pressure coeflicients introduce a procedure for incorporating the effect of stress 

changes during consolidation. Lambe* introduces a method that by using the effect- 

ive stress path gives solution for immediate settlement and also takes into account the 

effect of stress changes and axial and lateral strains during consolidation. The 
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secondary compression is discussed by Taylor® and by Scott.*® Although research 

has been done for determining the influence of creep on settlement no generally 

recognized design procedure has been developed. All these sources will not be signif- 

icant in every instance. 
Generally the settlement due to volumetric compression resulting from con- 

solidation is most significant. The rate of reduction in hydrostatic excess pore 

pressures which results from consolidation is important also in connection with deter- 
mining shear strength since the shear strength of a consolidating layer increases 

directly with decrease in the pore pressure. Of the four sources of settlement only one, 

volumetric compression resulting from consolidation, is discussed in some detail in 

Arts. 38 and 39. 
38. Settlement from Consolidation of Foundation. When a compressive load is 

applied to a confined soil, the total volume of the soil decreases. For all practical 

purposes, this volume change is only a change in the void volume of the soil; the 

volume of soil particles remains constant. When the voids of a soil are filled with 

water, the rate at which the void volume can change depends upon the rate at which 

the water content of the soil can be changed. 

When an increment of pressure is applied to a saturated soil in which the pore 

pressure is the natural hydrostatic pressure, the entire increment of pressure is at first 

carried by an increase in water pressure which is termed hydrostatic excess pressure. 

At the moment of application of load, the soil is considered to be at zero percent 

consolidation under the increment of pressure. Owing to the hydrostatic excess 

pressure, water is forced out of the soil and the soil structure compresses. As the soil 

structure compresses, it is able to carry part of the increment of load. As the inter- 

granular pressures in the soil structure increase, the hydrostatic excess water pressures 

decrease. When the entire increment of pressure is carried as intergranular pressure, 
the soil is considered to be 100 percent consolidated under the particular increment 

of load. The portions of a soil stratum nearest the drainage faces drain first because 

the hydraulic gradients created by the hydrostatic excess pressure are greatest there. 

The variation of excess pressure with time ¢, the percent consolidation U, at various 

2 
LO IO! OST IOFe  2OlG) O57 OL OS O12 OH O 

Hydrostatic excess pressure as a fraction of initial hydrostatic excess pressure, * 

Fie. 30. Distribution of percent consolidation throughout a consolidating stratum, Case 
IA of Fig. 31. 
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depths z, in a stratum of thickness 2H with drainage at top and bottom and for the 

case when the hydrostatic excess pressure is constant with depth at time of application 

of load is given in Fig. 30. The average rate of consolidation throughout the stratum 

is given in Fig. 31 for three different types of initial hydrostatic excess pressure dis- 

tribution which may be encountered. The hydrostatic excess-pressure diagram for 

curve IA is that for the case described above. Cases IB, IJ, and III represent other 

types of possible field loading. 

The procedure of obtaining the magnitude of settlement and the time required for 

the settlement includes (1) determining the stresses that cause settlement, (2) deter- 

AE Ber 1. a Ri ee rl: pita: oe ec Die 

; Z Saas H 
U;> Uy Ls Ta u;~ Uz SIN De Uj = ty Tue 

IA IB ay 

VARIOUS CASES OF INITIAL HYDROSTATIC 
EXCESS PRESSURE, u; 

Per cent consolidation, U/ 

O O.| 0.2 0.3 O4 Of © © Os © 
H 

Time factor ,7 [time, ie 
Cc 

v 

Fig. 31. Rate-of-consolidation curves. 

mining compression characteristics of the soil, (3) computing total settlement, and 

(4) computing the time required for settlement. 

1. Determining the stresses that cause settlement. At several depths throughout 

the foundation the increase of stresses due to the increment of load is determined using 

the theory of elasticity. Either the Boussinesq or Westergaard formula for distri- 

bution of vertical stresses may be used depending on whether the soil is homogeneous 

or varved. The distribution of vertical compressive stresses oz due to a point load is 

given in Fig. 32. The same curves may be used for determining stresses due to 

distributed load by dividing the loaded area into squares whose sides are not larger 

than one-third the depth to the point at which the stress is being computed. Each 
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Tia. 32. Distribution of vertical stresses due to point load on surfaces of semi-infinite elastic 

solid. 

loaded area fraction is considered as a concentrated load. The total stress increment 

for any desired point is the sum of the increments from each of the loaded areas. The 

decrease in stress due to release of load by excavation can be computed in a similar 

manner. Such decreases in stress should be considered in settlement analyses where 

applicable. Simpler methods for computing stresses due to various loadings are given 

in Refs. 31, 45, 46, and 65. These sources contain formulas, tabulations, and influence 

charts. The tabulations and charts are results of integration of formulas based on the 

theory of elasticity and give stresses due to various loadings for any point of the 

foundation. 

2. Determining the compression characteristics of the soil. The soil properties 

required for settlement-analysis computations are determined by means of the con- 

solidation test described in Art. 55. In the consolidation test, load is applied to the 

soil specimen and the volume change caused by this load is observed together with the 

time required for the volume change. The test provides the compression index C,, 

which gives the relation between applied load and change in void ratio, and the 

coellicient of consolidation c,, which expresses the rate of consolidation. 

The compression index C,, an indicator of soil compressibility, can be determined 

for any load range by the formula 

mo Al ss (hy 

log pz — log pr 
G 

where é:, pi, and és, ps are the void ratio and vertical stress before and after the 

application of a load increment. 

The coeflicient of consolidation c, is computed by the formula 

= TvuH? 

hu 
v 

where 7'y = time factor, as given in Fig. 31, for various U percent of consolidation 

H, = length of seepage path in the laboratory sample, half of the sample thick- 

ness if double drainage is used 

liv = time required for U percent consolidation in the laboratory 

3. Computing total settlement. The change in void ratio in any foundation layer 

is determined by the equation 

oe 0.435C Ap 

Pav 
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where Ap = net increase in vertical stress at the center of the soil stratum 

Pay = average vertical stress during the application of consolidation load 

(pi + Ap/2) 
The ultimate settlement is computed from the equation 

Ae 
Ah = ery h 

where h = thickness of the soil stratum 

The total settlement of the foundation is obtained by summing the compressions of the 

various layers composing the foundation. 

4. Computing the time required for settlement. The time tv required for various 

percentages of settlement is expressed by the formula 

ER 

mrs tu 

In the laboratory test the first part of the compression under a particular load 

increment takes place at a rate governed by the rate of dissipation of hydrostatic excess 

pressure. This part of the compression is termed primary compression; the remaining 

part of the compression under the load increment is termed secondary compression. 

The prediction of what part of the compression of the prototype will take place as 

primary compression and what part as secondary is somewhat controversial, and the 

reader is referred to Refs. 48 and 68 for discussion of this matter. 

39. Settlement from Compressions in Embankment. The embankment is divided 

into a series of horizontal layers. The load applied to a particular layer by the over- 

lying layers is computed on the basis of stress distribution of the weights of each of the 

overlying layers by either the Boussinesq or the Westergaard formula. The stress- 

strain characteristics of each layer are determined by consolidation tests on material 

compacted at the same water content and to the same density as anticipated in the 

embankment. The ultimate settlement is then computed as for the foundation in 

Art. 38. 

The consolidation theory presented in Art. 38 applies only to saturated soils; no 

theory is available for predicting the rate of consolidation of partially saturated soil. 

SLOPE PROTECTION 

40. General Considerations. The slopes of earth embankments must be pro- 

tected against erosion by wave action, rainwash, frost, and wind action. Protection 

cannot economically be provided against the erosion which would occur if the dam 

were overtopped. A major cause of earth-dam failures has been overtopping; there- 

fore, care must be exercised that freeboard and spillway capacity are ample to prevent 

it. A detailed discussion of slope protection is given in Refs. 1 and 75. 

41. Freeboard. Freeboard is the vertical distance between the maximum water 

surface of the spillway design flood and the crest of the dam. This vertical distance 

should be ample to prevent overtopping of the dam due to wind setup (rise in water 

level at dam due to wind blowing toward dam), the height of waves above pool level, 

and run-up of waves on the face of the dam as illustrated in Fig. 33. 

Wind setup may be computed by the Zuider Zee formula: 

V-F 

> 400 
where S = setup above normal pool level, ft 

V = wind velocity, mph 

F = fetch, miles 

average depth of water, ft 

angle between direction of waves and normal to face of dam Dd tl 



18-54 EMBANKMENT DAMS 

Wave Funup 

Height of Waves above Poo! Level =0.75~<Tofal Height of Wave 

Rise of Pool level due Wind Setup 

Crest of Dam 

Freeboard 

Max Reservoir Level _ 

Fic. 33. Freeboard. 

The height of waves may be computed using the Molitor-Stevenson equations 

given below. 

For a fetch greater than 20 miles, 

ie = 0.17(VF)°5 

For a fetch less than 20 miles, 

hy» = 0.17(VF)95 + 2.5 — (F) 9-25 

where hy = height of wave from trough to crest, ft. Three-quarters of the height of 

wave is considered to be above the pool 

level. 

The run-up of waves on the face of the 

dam may be computed by the formula 

Run-up of waves = ue 1.5hw 
29 

This formula does not contain a term ex- 

pressing the roughness of the face and so 

is approximate. 

Fetch is the distance from the dam to 

the oppositeshore. Generally the straight- 

line distance is used. Where slight bends 

in the measured line will lengthen the fetch, 

however, such bends should be incorporated 

according to judgment. 

The relationship between freeboard for 

wave action (omitting setup) and fetch for 

wind velocities of 50, 75, and 100 mph is 

0 5 id i5 590. ~«©6shown graphically in Fig. 34. The free- 

Fetch, D, in miles board for wave action plus the freeboard 

Fie. 34. Relationship between fetch, i ee BU Osis tae ee Roce eee 
freeboard for wave action, and thickness ft. It is thus greater than the usual depth 
of dumped riprap for slope protection. of frost penetration. If the depth of frost 

penetration is greater than the above com- 

puted distance, the depth of frost penetration should be used for the freeboard distance. 

42. Types of Slope Protection. The types of slope protection used on earth dams 

and levees vary from sod to several feet of dumped riprap. The choice of slope 

protection for a particular slope depends upon the type of erosive action against which 

Freeboard for wave action, in feet 



SUBSURFACE INVESTIGATIONS 18-55 

the slope is to be protected and the frequency of attack. The discussion below takes 

up the various types of slope protection which may be considered for the upstream 

and downstream faces of dams and levees. 

The upstream slopes of dams are commonly protected with dumped riprap or its 

equivalent. The thickness of the riprap may vary from 1.5 to 5 ft, depending on the 

severity of wave action. Suggested values for thickness of riprap for various fetches 

and wind velocities are given in Fig. 34. The riprap should be founded on a filter or 

filters designed as described in Art. 22. The thickness of the filter should be about 

12 in. The stone used for riprap should be hard and durable and be able to resist 

long exposure to weathering. Stone suitable for riprap generally should be able to 

pass the standard soundness tests used for concrete aggregate. However, occasionally 

rock which casehardens will not pass soundness tests and yet be satisfactory for riprap. 

Fifty percent of the stone by weight should have diameters about equal to the proposed 

thickness of riprap. The remaining 50 percent should be graded downward as quarry 

conditions permit for reasonable design of the underlying filter bed. The riprap 

should extend from the top of the dam to about 5 ft below the lowest normal pool level. 

To prevent raveling at the lower end, the riprap is usually abutted against a large 

stone embedded in the embankment. Also a berm is frequently located at the lower 

end of the riprap to assist in preventing raveling and to facilitate construction of the 

riprap. Where rock is expensive, a layer of hand-placed riprap about half the thick- 

ness of the dumped riprap may prove more economical, the cost of the additional labor 

required being compensated by the saving in quantity of rock used. Run-up of waves 

on the relatively smooth face of hand-placed riprap is greater than on dumped riprap. 

Other alternatives which may be considered where rock is expensive are cast tetrahe- 

dron blocks of concrete, ceramic blocks, or soil cement as described by Holtz and 

Walker.25 Slope protection consisting of continuous concrete pavement has been 

used occasionally as at McKay Dam in Oregon and Lake Babcock in Nebraska. 

The downstream face of an earth dam is usually protected with sod where the 

climate is suitable. In climates where sod cannot grow, a thin layer of stone or gravel 

riprap may be used. To develop a sod, 4 to 6 in. of topsoil is spread on the down- 

stream face and the face seeded and strip-sodded. The grass or vine used for making 

the sod will depend on local conditions. Berms which intercept the runoff have at 

times been used on the face of the dam. Care must be exercised, however, in design- 

ing and maintaining the berms to see that the water which they intercept is safely 

conducted away; otherwise the berms may cause more difficulty than they prevent. 

Culverts are generally required at the intersection of the faces of the embankment 

with the abutments. 
Where riprap is used on the downstream face, its thickness and permeability should 

be ample to conduct safely the rainwater flowing down the slope. The stability of 

such riprap against sloughing caused by the seepage force of the rainwash can be 

analyzed in a manner similar to the methods discussed in Arts. 27 and 28. Where the 

downstream slopes of earth dams are subject to tail water, they should be protected 

by riprap. 
Both the riverside and landside slopes of levees are commonly protected with sod. 

Where river currents would cause erosion of the sod, as at the outside of bends, 

dumped riprap slope protection or its equivalent may be used. Other types of slope 

protection that have been used on levees include articulate concrete mats, asphalt 

pavement, and willow mats. 

SUBSURFACE INVESTIGATIONS 

43. General Considerations. Many methods are available for determining the 

nature of subsurface conditions at a dam or levee site. Methods for both soil and rock 
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exploration are discussed in this article. The methods for soil exploration consist of 

three types: (1) indirect methods wherein no or only practically worthless samples are 

obtained, (2) methods wherein representative but disturbed samples are obtained, and 

(3) methods in which undisturbed samples are obtained. Seepage tests in soil and 

pressure tests in rock are also used. A general discussion of the program of subsurface 

investigation for an earth dam or levee is given in Art. 2. A thorough discussion of 

subsurface exploration programs and methods is given in Ref. 27. Only the more 

common and important methods of exploration are described below. 

44. Indirect Methods. The sezsmic method is the most extensively used of the 

various geophysical methods in which no samples are obtained. It is described in 

tefs.54and 74. It consists essentially in observing the time required for shock waves, 

set off by a small explosive charge or the blow of a sledge hammer, to reach a detector. 

The waves travel either entirely through the soil overburden, or down through the 

overburden to rock, through the rock, and then up through the overburden to the 

detector. From observations of the time required for the shock waves to reach the 

detector by the two paths, the depth to rock can be computed. The depth so deter- 

mined should be spot-checked by test boring since the depths determined by purely 

seismic methods may be considerably in error at times. In some instances determina- 

tion can be made of the depth to groundwater table, or to the top of an underlying soil 

stratum having different velocity for transmission of shock wave from the overlying 

soul. 

The electrical-resistivity method is similar to the seismic method except that electric 

current is used instead of shock waves. It is described in Ref. 74. The method has 

been used mainly for locating underlying gravel beds and depth to groundwater table. 

45. Representative but Disturbed Sample Methods. Auger borings are used fre- 

quently for soil explorations of shallow depth, particularly in borrow areas. Because 

of the augering action the natural structure of the soil is disturbed, although the water 

content and relative proportion of the various soil constituents remain unchanged. 

Care must be exercised so that material from the sides of the auger hole is not mixed 

with the material from the bottom of the hole during augering. 

Drive (or dry) sample borings are used very commonly in dam and levee subsurface 

exploration work. The borehole in which drive samples are obtained is generally put 

down by wash-boring methods, although at times auger or churn-drill methods are 

used. Casing is used as required to maintain the walls of the borehole. The drive 

sample is obtained by driving a thick wall sampler 1 to 3 ft into the natural soil below 

the bottom of the borehole. Samples may be taken continuously or at each change in 

soil strata, but at intervals no greater than about 5 ft. A split-barrel sampler similar 

to the one shown in Fig. 35 may be used. The sampler should be equipped at the top 

Split barre! N Shoe 

Flap seat 

12" to 24" - 

Fie. 35. Split-barrel sampler. 

with a check valve, and when required to sample loose cohesionless soils or soft cohes- 

ive soils, it should be equipped at the bottom with a flap or conical spring trap. The 

sampler may vary from 13¢ in. ID by 2 in. OD to 214 in. ID by 38 in. OD or larger. 

The larger size is desirable for sampling soils containing gravel. Record should be 
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kept of the number of blows of the drop hammer required for driving the sampler 

together with the weight of the hammer and the height of drop. Such data may be 

used to infer the relative density of cohesionless soils and the relative consistency of 

cohesive soils as described on pages 294 and 300 of Ref. 66 and pages 71 and 72 of 

Vol. II of Ref. 8. Continuous-drive sample boring is advantageous for exploring 

borrow areas where gravel in the soil prevents the use of auger borings. Such bore- 

holes should be put down by the process of continuous sampling, and wash-boring 

methods should be avoided so that samples of material above the groundwater table 

may be obtained at their natural water content. 

In connection with auger or continuous-drive sample borings in borrow areas, it is 

desirable to install observation wells and note the variation in groundwater-table level 

over a complete cycle of seasons. Borings should be put down during various seasons 

also to determine changes in the water content with the seasons. 

46. Undisturbed Soil Sampling. The Denison double-tube core barrel shown in 

Fig. 36 is excellent for obtaining undisturbed samples of soils, especially those in a 

relatively compact state. The Denison sampler can obtain specimens of practically all 

soils except loose gravelly soils. The sampler consists of an inner core barrel and liner 

which remain stationary, and an outer core barrel and toothed bit which revolve. 

The length of bit used can be varied so that the cutting edge of the inner core barrel 

can follow, be flush with, or lead the bit as required to obtain the best sample. At the 

top of the inner core barrel is a cage check valve and at the bottom a basket spring 

trap. The size of samplers varies from 2.75 to 8 in. core diameter. The sample is 

shipped to the laboratory in the liner. Drilling fluid is used generally instead of water 

in the drilling to minimize the use of casing. Samples may be taken either continu- 

ously or intermittently. Drilling in between intermittent samples may be by tricone 

or fishtail bit. 

In glacial till containing gravel and cobble-sized rock fragments and in shear zones 

in rock the use of a 6-in.-core-diameter double-tube core barrel with liner and diamond 

bit has been found to be more advantageous than the Denison double-tube core barrel, 

primarily because the diamond bit cuts the rock fragments much better than the 

Denison toothed bit. 
The stationary thin-wall piston-type sampler with liners shown in Fig. 37 is suitable 

primarily for sampling soft cohesive soils and also some fine sands. Generally soils 

which can be sampled with it are not suitable for dam foundations because of the low 

shear strength of the material. Low dams and levees may be founded on such soils, 

and for these cases the sampling is valuable. As in the case of drive sample borings, 

the drill hole is put down by the wash-boring process. Before sampling, the drill hole 

is carefully cleaned of all disturbed soil. The sampler is lowered to the bottom of the 

drill hole with the piston held fixed at the bottom of the sampler. The piston rod is 

then held stationary with respect to ground surface and the thin-wall sample tube is 

forced into the natural soil at a rate of about 1 fps. The piston is then again made 

fixed relative to the sample tube and the sampler is withdrawn. The plastic liners are 

removed and capped and shipped to the laboratory. The liners come in short sections, 

6 in. length for 2.8-in.-diameter sample, so that cutting of the sample tube in the 

laboratory is not necessary. The sample is suitable for all laboratory testing. For 

average soil conditions, the cutting edge of the thin-wall tube should be about ’0.7 to 

1.5 percent less in diameter than the inside of the tube in order that friction between 

the sample and walls of the tube may be reduced. Stationary-piston thin-wall sam- 

plers without liners may be obtained in diameters from 2 to 6 in. 

The thin-wall tube (Shelby) sampler, shown in Fig. 38, is used for sampling soils 

similar to those sampled by the fixed-piston type of sampler. It is not so elaborate as 

the piston-type sampler, and somewhat less undisturbed samples are obtained. Its 



EMBANKMENT DAMS 18-58 

Sampler head 

Threads for standard 

N_ type aril! rod 

Outer barre! head 

vents conical catch) 
Piston rod lock 

( 
Water passages te foe 

LULA We TITITISILITLSTTIESITIDSTTIESSISTIIIIIILTIE 

Barrel 

Grease retainers 

Upper bearing 

Lower bearing 

Grease retainers 

Hollow spindle 

Steel spacer tube 
Holes for spanner 

wrench 

Inner barre! head 

Nut, eliminated in 
revised design 

Plastic liner tubes 

Frubber gasket 

Liner head 

Outer barre/ 

Cage 

Stee/ 

tube coupling Barrel- 

/nner barrel 

Piston assembly 
Liner 

V / 

ESSHSS 
S
A
S
S
O
O
N
 

N
N
N
 

ALD, 
C
U
T
T
I
S
S
S
T
S
I
L
T
I
E
 

C
O
E
 

Es 
Sepadida 
ba 

IN 

W
O
 

Outer barre/ bit 

a ” 
yy 

/ 

Vf 

ff 

Ae . 

oD 

® 

2 
x © ® fo) 

8 

D3 

2 

fo 

ge 

ue) 

2) 

® 
o
P
?
 

€ 
w
e
 

=
 

£
 

= 

6
 

S
s
 

cP
) 

o
e
 

iS]
 

a
j
 

Y
N
 

o 
>
 

% {Sy Ss G ® = Ty 

e 

os 

-& 

ore 

Bes 

S 

aS 

YS 

28 

{25 

S&S 

~ 

mo 

SS 

2 

sas 

Ss 

S 

Wag 

© 

Ss 

Thin-wall stationary-piston sam- 
td 
(. TGs Denison double-tube core barrel. 30. IG. it 

pler with liners. 

miadle Head, 
Yalve sear 

Thin wal/ tube Head, bottom section 

Bal/ valve 

Fig. Thin-wall (Shelby-tube) sampler. 38. 



SUBSURFACE INVESTIGATIONS 18-59 

cutting edge should be about 0.7 to 1.5 percent less in diameter than the inside 

diameter of the tube. Also a check valve should be located at the top. Diameters of 

samplers vary from 2 to 6 in. 

Hand-carved samples from test pit or trench are obtained by careful carving from 

a bench at the bottom or side of the pit or trench. A detailed description of the 

procedure is given on pages 372-383 of Ref. 27. This method is particularly suitable 

for obtaining undisturbed samples of soils with gravel or boulders. Practically any 

size or shape of sample can be obtained, but the depth to which the method can be used 

is limited by the depth of the test pit or trench. Sampling cannot be done below 

groundwater tabie unless special dewatering of the area has been accomplished in 

advance of test pitting by well points or deep wells with submersible pumps. 

47. Field Permeability Tests in Soil. These tests are of particular value in deter- 

mining the in-place permeability of granular soils for which it is difficult, if not impos- 

sible, to obtain undisturbed samples. Two general types of seepage tests may be 

performed. One type is performed by utilizing a single borehole. In the other a 

central borehole and several surrounding observation holes or wells are used. 

In the single-hole type of seepage test, casing is driven to the bottom of the bore- 

hole and the hole is cleaned out flush with the bottom of the casing. Any of three 

procedures may be used: the rising-, the falling-, or the constant-water-level procedure. 

In the rising-water-level procedure, the water level in the borehole is lowered by 

pumping or bailing to below the groundwater table, and the natural rate of rise of the 

water in the borehole is observed. If the material at the bottom of the borehole 

becomes quick in such a test, the falling-water-level procedure should be used. In 

this case the water level in the drill hole is raised above the groundwater table and the 

rate of fall of the water level is observed. In the latter case, care must be exercised to 

see that no fine material is suspended in the water in the drill hole. Upon settling, 

such material would form a relatively impervious skin at the bottom of the drill hole 

and vitiate the results of the test. The equation for computing the permeability from 

either of the above types of observations is as follows: 

log hi — log he 
r k=138 a 

where ro = inside diameter of casing 

h, and h. = difference in elevation between water level in casing and natural ground- 

water table at times ¢; and fo, respectively 

Where the permeability of the soil being tested is high and the rising- or falling- 

water-level procedures described above would not be satisfactory because of the fast 

rate at which the water level would change, the constant-water-level procedure may be 

used. In this procedure, observation is made of the rate at which water must be added 

to the borehole to maintain the water level at constant level, such as the top of the 

casing. The coefficient of permeability is computed from the following formula: 

k = (0.25 to 0.50) 2 
0 

where 7» = inside diameter of casing 
h = difference in elevation maintained between water level in casing and nat- 

ural groundwater table 

q = rate of pumping into or out of casing to maintain constant water level in 

casing 
Formulas for computing permeability for the case where the borehole extends 

below the bottom of the casing are given in Refs. 71 and 72. 

In the method wherein observation wells in a radial pattern from a central borehole 

I 
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are used, water is pumped either into or out of the central hole at a constant rate. The 

central hole should extend to the full depth of the pervious stratum; also the casings 

for the observation wells should be perforated. Observations are made of the water 

levels in the observation wells, and when flow conditions become steady, the perme- 

ability is computed by the following formula: 

ae qd In (2/71) 

a (22? = A) 

where q = rate of pumping 

21, 22 = heights of water above bottom of pervious stratum in observation wells 

at radial distances of 7; and rs, respectively 

The observation-well method gives the average permeability of the material 

between the observation wells and is the more reliable of the two types of field meth- 

ods. Methods of utilizing only a single borehole give the permeability of the material 

in the immediate vicinity of the bottom of the drill hole. 

48. Rock Drilling. In subsurface investigations for a dam, it is essential to deter- 

mine the depth to bedrock and the nature of the bedrock. Wherever rock is encount- 

ered, it should be core-drilled to determine whether it is actually bedrock or boulders. 

Usually 2i¢-in. (NX) cores obtained with a diamond bit are satisfactory although 4- 

and 6-in.-diameter cores are used at times where the rock is fractured or where the 

holes are deep and telescoping is required. Occasionally smaller-diameter cores may 

be used. In some instances, 24- or 30-in.-diameter holes have been put down by 

Calyx drill methods. The latter holes are large enough to permit a man to be lowered 

into them for inspection of the rock in sttuw. Generally double-tube core barrels with 

core catcher and check valve should be used. Single-tube core barrels should be used 

only in massive sound rock when good core recovery may be obtained with them. A 

drill with hydraulic feed is preferred to one with screw feed. The rate of progress of a 

drill under a particular pressure is an indication of the nature of the rock. The 

location of all places of core loss should be noted as well as the percentage of core 

recovery. Unfortunately the places where core is not recovered are the places in the 

foundation which are critical for design. Every effort should be exerted to adjust the 

drilling technique to obtain maximum recovery of core. Also observation of the 

nature and of the percentage return of drilling fluid and of the behavior of the drill 

should be made to obtain as much information as possible on material in places where 

core losses occur. Sometimes the use of a borehole camera or borehole television will 

help to determine the nature of material in places of core loss. 

49. Pressure Tests in Rock. Information on the permeability of rock in situ as 

well as some indication of the soundness of the rock may be obtained from pressure 

tests in drill holes in rock. A schematic diagram of a pressure-test apparatus is 

shown in Fig. 39. A more elaborate apparatus is described on page 35 of Ref. 32. 

The apparatus shown in Fig. 39 seals off a section of the drill hole by means of inflat- 

able rubber packers. The water pressure in the sealed-off section is then raised above 

the piezometric level normally obtaining in the rock at this section. The leakage into 

the rock from the sealed-off section under various pressures such as 15, 30, and 45 psi 

above natural piezometric pressure is observed. A linear variation of leakage with 

pressure indicates stable passages for flow of water in the rock. If the leakage increase 

is less than the linear increase the passageways are plugging; if greater then the linear 

passageways are unplugging or perhaps enlarging by spreading apart under the 

increase in pressure. The maximum pressure for testing should be limited to 1 psi of 

pressure for each foot of rock and soil overlying the section being tested in order to 

ensure against possible heaving and damage to the foundation. For general informa- 
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tion a loss of 2 gpm for a 5-ft test section of NX borehole under 30 psi excess pressure 

would indicate an equivalent permeability of about 1 u/sec. 

The packer test formula’!:” is fre- ; 
: Alr pressure Warer pressure gouge 

quently used for computing the permea- gauge 

bility of rock: Water meter 

Q ii Air 1 — Water 

—— log. (2) inna, supply supply 
TT 3H j 

q pipe 
where & = permeability 

Q = constant rate of flow into the 90ft rubber J 
jubing clampe High pressure Qir hose 

hole to stee/ taped 10 # pipe as 
L = length of the portion of the Pi required 

hole tested Y\ 

H = pressure head lau 

r = radius of hole 

log. = natural logarithm 

This formula gives an approximate 

value of k only because it does not take 

into account the effect of flow back to the 

borehole around the packer and includes i 

eee plate welded to 
i eae 
4 pipe 

onmet— Pertorarions in 2 pipe 

several simplifying assumptions. These, 

however, do not change the order of 

magnitude of the permeability obtained; 

therefore, the formula is satisfactorily Note: Horizontal scale 

accurate for practical purposes. Figure if exaggerated approx- 

4) gives a graphical solution for the ee imately 5X 

above formula. The chart gives the per- Cap — 

meability & in centimeters per second if 

the value of Q is introduced in gallons = 

per minute and the values of L, 7, and H Ira. 39. Pressure-testing apparatus. 

in feet. 

LABORATORY INVESTIGATIONS AND TESTS 

60. General Considerations. ‘There are three general types of laboratory tests 

which are performed on earth-dam materials: classification and identification tests, 

compaction tests, and physical-property tests. The classification and identification 

tests are simple and are performed on both foundation and borrow materials. They 

are used to amplify and impart exactness to the visual classification of materials. 

Also, they indicate roughly the physical properties to be expected for the soil. On the 

basis of the identification tests, samples can be chosen for the more elaborate compac- 

tion and physical-property tests so that the range in variation in the properties of a soil 

can be covered with a minimum amount of testing. The compaction tests are used to 

determine the optimum and allowable moisture contents for placing fill materials and 

for predicting the unit weight of such fill. Physical-property tests include shear 

strength, permeability, and compressibility tests and are performed on undisturbed 

samples of foundation materials and on compacted samples of borrow materials. It is 

essential that the procedures in the physical-property tests performed in the laboratory 

as well as the composition and condition of the test specimens duplicate field conditions 

as closely as possible. 

Standard test procedures have been set up for the classification and identification 

tests and compaction tests. The physical-property tests are not standardized but are 

generally performed in about the same way by the various soil-testing laboratories. — It 
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is difficult to standardize the property tests because research is continually developing 

improved techniques for testing and because projects frequently require special 

modifications for the particular soil or conditions encountered at the site. Because 

soil-property tests are not standardized, it is essential that the designer know the 

particular test procedure used so that he can properly apply the results of the tests. 

Detailed information on soil-testing procedures is given in Refs. 13, 33, 70, and 72. 

51. Identification Tests. The water content of a soil is expressed as a percentage 

and is defined as the ratio of the weight of water in the soil specimen (difference 

between the natural weight of the soil specimen and the ovendry weight) to the weight 

of soil particles (ovendry weight) times 100. The natural water content of a soil is of 

general assistance in soil classification and is useful as an index for the shear strength 

of normally consolidated clays. The relation between the natural water content of a 

soil and the optimum water content for compaction is a major consideration in choice 

of borrow materials. 

The unit weight of a soil may be determined by any of several methods wherein the 

weight and volume of a particular mass of soil are determined. The natural unit 

weight is frequently useful in classification of foundation soils. The unit weight of 

soil particles (alternatively the specific gravity of soil particles) is required for void 

ratio or porosity determinations and is at times useful in connection with classification. 

Knowledge of the unit weights of embankment and foundation soils in the dry, 

drained, saturated, and submerged conditions is required in structural and hydraulic 

design. 

The grain-size distribution of a soil is determined by sieves for particles larger than 

about 0.07 mm and by hydrometer or some type of sedimentation analysis for particles 

finer than 0.07 mm. Standard test procedures are given by the ASTM.’ The results 

of grain-size analyses are usually presented as a plot of grain sizes vs. percent fines by 

weight as shown in Figs. 1 and 13. Grain-size analyses are useful for classification of 

cohesionless soils but rarely for plastic soils. They are required for filter design. 

The liquid and plastic limit tests are performed on plastic soils and comprise the 

standard method of classification of such soils. The liquid limit wz is the water con- 

tent of the soil at an arbitrarily defined borderline condition between the semiliquid 

and plastic states. The plastic limit is the water content of the soil at an arbitrarily 

defined borderline condition between the plastic and solid states. Standard proced- 

ures for test are given by the ASTM.’ The A-line chart in Fig. 41 is generally used as 

a basis for classification.12 The liquid limit has been found® to be directly related to 

the compressibility of normally consolidated ordinary clays. Normally consolidated 

clays are those which have never been subjected to a pressure greater than their 

present overburden pressure. The liquid limit is related to the compression index by 

the equation 

C. = 0.009(wz — 10 percent) 

Chemical or mineralogical tests are performed on earth-dam materials to determine 

the presence of soluble minerals or of highly swelling clay minerals such as montomoril- 

lonite. Differential thermal analysis is used for identification of clay minerals. With 

the further development of the chemistry of soils and the chemical treatment of soils, 

it is likely that more tests of a physical-chemical nature will be made in the future. 

The relative density test is a classification and index test used for cohesionless soils. 

The relative density Dr is defined as follows: 

De eae ae 
€max — €min 

where e = void ratio, volume of voids to volume of solids 
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A line 

Ww oO 

Plasticity index 
pe) ©) 

& @H) 
10 

O 10 20 30 40 50 60 70 80 30) 1400 

Liquid limit 

Fic. 41. Plasticity chart. (After A. Casagrande.) 

For determining the maximum void ratio, the soil, in ovendry condition, is gently 

poured from a funnel at low height into a container of known volume. The minimum 

void ratio is determined according to the modified AASHO procedure or the vibratory 

compaction procedure mentioned in the following article, whichever produces a greater 

density. In reporting relative-density results, the procedure used for determining the 

maximum and minimum void ratios should be stated. Procedures for relative-density 
tests are suggested in Refs. 3 and 72. 

52. Compaction Tests. Laboratory compaction tests are performed to predict 
the unit weight which can reasonably be expected to be obtained by compaction in the 
field and the optimum moisture content for compaction. The compaction tests 
indicate the range of densities to which specimens should be prepared for the physical- 
property tests. Also the compaction tests generally are used as a reference in setting 
up the specifications for field compaction. Three types of compaction tests are 
available: impact, kneading, and vibratory. 

In the impact-type compaction test the soil is compacted in layers in a cylindrical 
mold by blows of a rammer of particular weight dropped a particular height. Three 
standards of impact compaction are in common use: Standard AASHO, Modified 
AASHO, and U.S. Bureau of Reclamation Large Scale Compaction. A summary of 
these methods is given in Table 2. 

The results of compaction tests are usually presented as shown in Fig. 42. The 
higher the compactive effort, the higher the optimum unit weight and the lower the 
optimum water content for compaction. The portions of compaction curves for water 
contents above optimum usually are parallel to and close to the 85 percent saturation 
curve. The latter curve represents relation between water content and density when 
the given water content fills 85 percent of the air voids. 

Kneading compaction may be performed in the Harvard miniature device developed 
by Wilson’* or Seed’s device.°? In both cases the soil is compacted in layers in a 
cylindrical mold by tamps of a particular pressure. The area of the tamping foot is a 
fraction of the cross-sectional area of the layer. The Harvard miniature compaction 
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TABLE 2 

WEIGHT | NUMBER | HAMMER | NUMBER \COMPACTIVE| MAXIMUM \REFERENCES 
MOLD SIZE OF OF DROP ENERGY PARTICLE 
oe HAMMER | LAYERS | SIZE 

Height | Diam Vol /bs. Inches ft Ib feu ft 
Inches | Inches | cu.ft 

== — 
Standard 
AASHO ASTM 
(Proctor mold) | 46 77 DE98-64T 

Standard ] 
AASHO 3 ASTM 
(CBR mold) i533 | ginches| D698-64T 

Modified 
AASHO ASTM 
(Proctor mold) / DIS557-647T 

Modified 
AASHO ASTM 
(CBR mold) F inches| 0/557 -64T 
Bureau of Bureau of 
Reclamation Reclamation 

(Large size) 3 inches\ Earth Manua/ 
&-38: 

124 

/20 X 
Ye /00% Saturation 

//6 Marerio/. 

Silty clay 

M2 55-268 

Harvard miniature 
10 layers, 1O-40/b. 
famps per layer 

Dry unit weight, /b. per cu ft 

/0 12 /4 /6 /8 AO) Ae 
Water content, percent 

Fig. 42. Comparison between moisture-density curves obtained by various methods. 

mold is 2.816 in. in height, 1.313 in. in diameter. Compaction may be in various 

numbers of layers, with various tamps per layer and with forces of 10 to 40 lb used on 

the circular tamping foot. The diameter of the tamping foot is }9 in. The compac- 

tion curve for a soil compacted using 10 layers each having 10 tamps of a 40-lb force is 

shown in Fig. 42. This tamping procedure usually produces a compaction curve close 

to the Standard AASHO compaction curve. The size of mold in Seed’s kneading- 

compaction tests varies from 1.4 to 6.0 in. Usually 20 tamps on a triangle-shaped 

tamping foot are used for compaction. The kneading-type compactor probably 

duplicates field compaction conditions better than the impact compactor, but impact 

compaction is the type in general use. As described by Seed,°® the structure of a 

compacted clay soil varies with the method of compaction and whether the moisture 

content of the soil is drier or wetter than the optimum for compaction. The structure 

of the compacted soil mainly affects the stress-strain characteristics of the soil at low 
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shear strains. At high strains, as at 15 to 20 percent axial strain in a triaxial test, the 

shear strength of the soil is relatively independent of the compacted structure of the 

soil. Fortunately the shear strengths at 15 to 20 percent strain are the ones which are 

pertinent to the stability analyses described in Arts. 30 to 36. This indicates that for 

representative results attention has to be given to duplicating field soil structure in 

the laboratory. 

Vibratory compaction is used for determining maximum density of granular 

materials. This type of compaction is performed by placing material in layers into a 

mold which is mounted on a vibratory table. A surcharge of 2 psi is placed on the 

material. The mold is then vibrated, usually at 3,600 cpm. When the soil ceases to 

densify, the process is repeated until the mold is completely filled. The Bureau of 

Reclamation test procedure described in Ref. 72 may be used for this test. 

Static compaction is used frequently to prepare specimens for triaxial testing. This 

type of compaction is performed by placing material in layers into a mold and apply- 

ing a known static pressure to each layer in succession. The static pressure used may 

50 

Legend 
40\-—— 29 Glows per layer 

——-- 26 Glows per layer 
/2 Blows per layer 

x 3O ay 

& 

S 20 

/0 

O 
5 /0 15 20 25) 

Molding water content % 

(a) Woter content -CBR family of curves 

SS 
Sj 
SG 

~ 

& 
SS) 
aS 
> 
G 

S 
> Ee 
= All samples compacted in 5 
i) layers, |O/b. hammer, /8 in. 

arop in CBR mold. 

&) /O KS) 20 a} 
Molding wafer content Y 

(b) Woter content - density curves 

Fie. 48. CBR test results. 
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be of the order of 200 to 2,000 psi. The pressure and number of layers are adjusted to 

form a specimen which has the desired unit weight uniformly throughout the specimen. 

As indicated in Table 2, the maximum size of particle for standard tests in the 4in.- 

diameter mold is the No. 4 sieve size and in the 6-in.-diameter mold the 34-in. size. 

When the material to be tested contains sizes larger than those specified the desirable 

procedure is to run tests in a larger-size mold so that the diameter of the mold is about 

six times the maximum size of particle. Alternatively, if the percentage of oversize 

particles is small, say no more than about 30 percent by weight, the oversize particles 

may be removed and the compaction test performed on the remaining fraction, or the 

percentage of oversize may be replaced by an equal weight of material in the No. 4 

sieve to 34-in. range. In the first alternative the water contents and unit weights 

determined in the test can be adjusted to apply to the total sample by the method 

38 x 

S§ 
SH 

NY 

FS 
&& 

S 

ROLLER COVERAGE 

Rollers used for compaction were 

Southwest Model N° C-/00, C-75, C-50, C-25, C-I5 

Fia. 44. Relationship between roller coverage and CBR value. (After A. H. Hunter.) 

given in Ref. 72 considering that the oversize particles float in a matrix of the com- 

pacted remaining fraction. A second alternative is to predict the maximum and 

minimum densities of a soil from its grain-size distribution, particle shape, and particle 

specific gravity as suggested by Burmister.* When soils occur in the borrow area on 

the wet side of the optimum moisture content for compaction it is frequently of interest 

to determine the highest moisture content which can be tolerated before the soil is no 

longer traflicable by the construction equipment. The California Bearing Ratio test, 

CBR test, is useful in relating trafficability and water content. The method is 

described in Refs. 3 and 70. Typical test results are shown in Fig. 43. Three dif- 

ferent compactive efforts are used, namely, 100 percent, 47 percent, and 22 percent of 

Modified AASHO. The approximate experimental relationship between CBR and 

number of passes of rollers is given in Fig. 44. 

63. Permeability Tests. The permeability of coarse-grained soils is determined 

generally by constant-head permeability tests and the permeability of fine-grained soils 

by falling-head permeability tests, as indicated in Fig. 7 for various soils. In the 

constant-head type of test the difference in head between the ends of the test specimen 

is maintained constant and the rate of flow measured. The permeability is computed 
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from the equation 

_ gl 
LA 

where k = coefficient of permeability 

q = rate of flow through the specimen 

Ah = difference in head between ends of specimen 

A = cross-sectional area of specimen perpendicular to flow 

In the variable-head test the specimen is subjected to a variable head provided by 

the water level falling in a standpipe as water flows through the specimen. A sche- 

matic sketch of a variable-head permeameter is shown in Fig. 45. This permeameter 

provides for the specimen to be under back pressure during testing to ensure that the 

To Pressure Supply 

Head Back Pressure 
es Regulator ) Regulator ay) 

Chamber 
Pressure 
Regulator 

Pressurized 

Standpipe Chamber 

Specimen 

Pressurized Constant 

Tail Water Chamber 

Fic. 45. Variable-head backpressure permeameter. Schematic diagram. 

specimen is fully saturated during testing. The coeflicient of permeability is com- 

puted from the following equation: 

aL log (hi/hz) 

Al (ts, = ti) 
k = 2.3 

where a = cross-sectional area of the standpipe 

L = length of soil sample 

A = cross-sectional area of the sample 

= time at the beginning of the tests 

tg = time at the end of the tests 

h, = head at time t, 

hz = head at time fy 

— ay 
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In determining the permeability of soils which are fully saturated in the prototype 

it is necessary that the laboratory tests be performed on fully saturated specimens. 

About the only satisfactory method for achieving saturation of laboratory specimens, 

especially compacted specimens, is to apply high neutral all-around pressures to the 

water in the pores of the soil, thereby increasing the capacity of the water to dissolve 

air. The high neutral all-around pressure is termed ‘‘back pressure.’’ This pressure 

must be sufficiently high to permit all air in the soil to be dissolved. For a test 

specimen having 85 percent saturation about 100 psi back pressure is required to effect 

saturation under condition of keeping the test specimen at constant volume and adding 

water to the soil by percolation to make up for the volume of air dissolved. Informa- 

tion on back-pressure saturation is given in Ref. 37. Further information on perme- 

ability tests is given in Refs. 833 and 72. Since back-pressure saturation of compacted 

embankment soils is required for consolidated undrained triaxial testing, it is fre- 

quently advantageous to conduct permeability tests on the specimens in the triaxial 

machine after saturation and prior to triaxial shearing. The tightly fitting membrane 

around the sides of the triaxial test specimen has the added advantage of minimizing 

the possibility of leakage along the sides of the specimen. 

54. Shear-strength Tests. The most advanced and versatile test for determining 

shear strength of foundation and embankment soils is the triaxial shear test. Other 

shear tests have more limitations but are useful in particular circumstances. The 

direct shear test is particularly useful for determining the shear strength of the soil in 

the fully drained condition. Occasionally large-sized shear-strength boxes have been 

used for testing soils containing large particles.°° The annular ring shear test?® is useful 

for determining the shear strength under condition of large shearing displacements. 

The wnconfined compression test®* affords a rapid means of determining the approximate 

in situ shear strength. 

The triaxial test normally is carried out as a compression test on a cylindrical 

specimen of soil which is encased in a thin rubber sheath and subjected to an all- 

To Pressure Supply Pressure Gage 

Back Pressure iS 

Ni aes 
Piston Through 

-Frictionless Sea/ 

based Chamber 

ge Pressure 

Regulator Ghamben 

Standp/pes 

For Measuring 

Volume Change “Specimen 
Encased in 

Thin Rubber 

Membrane 

Pressure 

Goge =) 

—e— 

«<—No Volume Change 

Pore Pressure Device 

Ira. 46. Back-pressure triaxial apparatus. Sehematie diagram. 
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around pressure. The diameter of the test specimen should be at least four and pref- 

erably eight times the maximum size of the particle in the test specimen. The length 

of the test specimen should be about 2.25 times the diameter. A schematic sketch 

of the apparatus is shown in Fig. 46. By increasing the axial compressive load 

shear failure can be brought about on planes making an angle of approximately 

45 deg + ¢//2 with the ends of the specimen. The angle ¢’ is the angle of friction of 

the soil as determined from a plot where the shear strength is plotted vs. effective 

normal stress on the failure plane at the time of failure. At times lateral-extension 

tests may be performed. In these tests failure of the cylindrical specimen is caused by 

reducing the all-around chamber pressure while maintaining the axial pressure 

constant. This test is pertinent to determining the in silw shear strength for cut 

slopes of excavations. 

Since various conditions of consolidation, drainage during shear, and loadings 

obtain for embankment dams and their foundations, various types of procedures of 

triaxial test are required to duplicate these conditions in testing in the laboratory. 

The main types of test are (1) the unconsolidated undrained test, UU or Q test, (2) the 

consolidated undrained test, CU or F test, and (3) the consolidated drained test, CD 

or S test. 

The procedure for testing in the UU or Q test is to place the specimen in the 

triaxial chamber, apply an all-around pressure without permitting any drainage from 

the specimen, then increase the axial load until failure again without permitting 

Construction level D 

Construction level C 
Assumed 
failure plone Construction level B. 

USACE LED, PROCEDURE (2) CONVENTIONAL LABORATORY 
PROCEDURE 

|% Go GO, 
f i S 
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Si 

Fie. 47. Unconsolidated undrained triaxial test. Generally used for determining shear 
strength for stability analysis of the construction case. Comparison between field and test 
conditions, results of test. 
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Fie. 48. Consolidated undrained triaxial test. Generally used for determining shear 

strength for stability analysis of rapid drawdown or earthquake cases. Comparison 

between field and test conditions, results of test. 

drainage (Fig. 47). For embankment materials the specimen should be compacted to 

the unit weight and water content anticipated in the prototype. Tests on such 

materials are designated as UUU tests, which signifies unsaturated unconsolidated 

undrained condition. When UU tests are performed on undisturbed samples of 

saturated foundation soils, back pressure should be used to ensure saturation in the 

laboratory. In the CU or F test, the procedure after preparation of the specimen is 

to saturate it by means of percolation and back pressure. Following this an all- 

around equal pressure is used for consolidation in most laboratories. Generally 

anisotropic consolidation, where the axial pressure is greater than the lateral pressure, 

better represents prototype conditions of consolidation, and this type of test is pre- 

ferred. The test istermed an ACU test. Drainage is permitted during application of 

the consolidation pressure, but after consolidation is achieved the drainage lines are 

closed and the sample is sheared undrained (Fig. 48). In the CD or S test drainage is 

permitted not only during consolidation but also during shearing. 
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The results of triaxial tests are presented by Mohr diagrams. The typical obser- 

vations made during a test on a single specimen from beginning of test to failure are 

shown in Figs. 47(2), 48(2), and 49(2) for the three basic types of triaxial test. The 

corresponding Mohr diagrams for which each of the above tests provides a single circle, 

either total stress or effective stress, for the failure condition are shown in Figs. 47(3), 

48(3), and 49(3). For failure condition stresses are frequently taken as the stresses at 

15 to 20 percent axial strain. Sometimes peak stresses develop at low axial strains, 

about 5 percent; then the stresses decrease until at 15 to 20 percent strain the stresses 

are significantly lower than the peak stresses. Some designers use the peak stresses to 

define the strength of soil. Because of progressive failure conditions which probably 

obtain in the prototype and uncertainties as to how well the structure of laboratory- 

compacted specimens duplicates that of the compacted soil in the embankment, it 
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appears more realistic to the use of stresses at 15 to 20 percent strain to define the 

strength. 

In the UU or Q tests, because it is usually performed on partially saturated 

embankment materials, the Mohr envelope is generally plotted only in terms of total 

stresses (Fig. 47). To measure the pore pressures in the partially saturated soil during 

testing in order to determine the effective stresses, special techniques are required. 

For saturated soils pore pressures can readily be measured during UU or Q tests and 

the effective-stress as well as total-stress Mohr envelope determined. 

In CU or RF tests pore-pressure measurements are generally made and both total- 

stress and effective-stress Mohr circles and envelopes are plotted (Fig. 48). Effective- 

stress Mohr circles and envelopes are shown by dashed lines and total-stress circles and 

envelopes by full lines. The shear strength may be plotted against total stress at 

failure, consolidation stress, or effective stress at failure as shown in Fig. 48. The 

effective-stress envelope from a CU or I test closely approximates the CD envelope of 

the same soil tested at the same initial density for testing if the soil is not extremely 

loose or dense. Although both envelopes are based on effective stresses, because of the 

undrained condition no volume change takes place in the CU or R test, whereas 

volume change does take place in the CD or S test. Because of the long time required 

to permit full drainage during shearing in the CD test the amount of CD testing on a 

project is frequently limited and the effective-stress envelope from a CU or F test is 

used as a close enough approximation of the CD or S envelope. 

In the CU or R tests full saturation of the test specimens is essential for proper test 

results and proper determination of pore pressures during testing. The back-pressure 

technique described in Art. 53 for permeability testing is the only procedure known to 

ensure full saturation, and it should be used in all CU or F& tests as well as in UU tests 

on specimens of saturated foundation soils. 

In the CD or S test no pore pressure develops; therefore, the total and effective 

Mohr circles representing failure are identical (Fig. 49). Alternatively the CD tests 

are performed in a direct shear machine where the sample can drain much more 

readily than in the triaxial machine. 

55. Consolidation Tests. This test is used to determine the compressibility and 

consolidation characteristics of a soil. The results are used in connection with settle- 

ment analyses and with predicting the rate of increase in shear strength of foundation 

soils. Consolidation tests are usually performed in an apparatus called an oedometer 

or consolidometer, as illustrated in Fig. 50. A new type of oedometer designed by the 
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author permits application of back pressure during testing. A schematic diagram of 

this apparatus is shown in Fig. 51. Further discussion of this apparatus and the back- 

pressure consolidation-test technique may be found in Ref. 41. The back-pressure 

apparatus is desirable for testing foundation soils in which gas bubbles come out of 

solution when the soil sample is removed from the ground. The back pressure will 

cause the bubbles to redissolve and thus permit testing of the soil in the fully saturated 

condition at which it exists in sil. 

The procedure for testing in the oedometer consists in applying loads to the speci- 

men in a sequence about as follows: 0.125, 0.25, 0.5, 1.0, 2.0, 4.0, 8.0, 2.0, 0.5, and 0.125 

kg/sqem. Each load is maintained generally for 1 day, and the time rate of compres- 

sion under each load is determined. Typical consolidation-test results are shown in 

Fig. 52. A pressure-void-ratio curve plotted to semilog scale is shown in Fig. 52a, and 

the coefficient of consolidation c, is plotted against the log of pressure in Fig. 52b. 

Consolidation data can also be collected from a series of CU, ACU, or CD triaxial 

tests at various consolidation pressures; the tests in this case are three-dimensional. 

FIELD OBSERVATIONS DURING AND AFTER CONSTRUCTION 

56. Field Observations. Several types of field observations should be made dur- 

ing the construction of an embankment dam and after its completion. One series of 

observations consists of controls to confirm that the fill is placed so that it has the unit 

weight, gradation, and physical properties required by the design. Other observations 

are required to check vertical and horizontal deformations and earth and water pres- 

sures which develop. 

At the beginning of construction a “test embankment”’ is usually constructed to 

establish the moisture-density relationship for compaction with the field equipment. 

The number of passes and thickness of lifts required to achieve proper compaction are 

investigated also. During construction, field density measurements are made at 

regular intervals, one for about each 3,000 cu yd of fill. Also undisturbed samples of 

the fill are taken of representative materials and physical-property tests, particularly 

shear-strength tests, are performed to check the design assumptions. When the fill 

contains large-sized particles field density checks must be made to a size so that the 

diameter of the test hole is no less than about four or six times the diameter of the 

maximum size of particle. Techniques for field density control are given in Refs. 

20 and 72. 

Standpipe piezometers!! or remote-reading pore-pressure devices as, for example, 

that described in Ref. 76 are required when pore pressures may develop in the dam or 

its foundation. Pore pressures develop in embankment materials which are relatively 

impervious and particularly those which are placed on the wet side of the optimum 

water content for compaction. For observing pore pressures which develop in satu- 

rated relatively impervious and compressible embankment and foundation soils, 

remote-reading pore-pressure devices have several advantages over the standpipe 

piezometers. They can be placed under the upstream portion of the dam and be read 

after filling of the reservoir, whereas the standpipe would project into the reservoir. 

Leads from each of the remote-reading pore-pressure devices can be brought to one or 

two central reading stations, whereas each standpipe had to be read in place. The 

leader from the remote-reading devices can be led out of the fill horizontally at the lift 

where it is placed. The standpipes must be carried up vertically and frequently 

interfere with construction. The standpipe frequently is more foolproof and longer- 

lasting than remote-reading devices, but gas bubbles which develop sometimes at the 

tip of the standpipe can cause erroneous readings. 

Every dam undergoes some settlement due to compression of the foundation of the 

dam and compression of the embankment material. Allowance has to be made for 
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this settlement in the height to which the dam is constructed. Observation should be 

made of t-e actual settlement in the field to check the predicted settlement. For 

measuring settlement due to compression of the foundation, settlement plates are 

usually set at the base of the dam. Observation rods in telescoping casing may be 

brought up as construction of the dam proceeds, or at the end of construction boreholes 

may be put down through the embankment to the settlement plates and observation 

rods installed at that time. Information on the settlement due to the foundation 

permits more accurate determination of the volume of material actually placed in the 

embankment dam. This determination may be important in connection with pay- 

ment for embankment material. Settlement contributed by compressions in the 

various lifts of the embankment dam itself may be determined by the U.S. Bureau of 

Reclamation type of crossarm device,” by devices such as Dr. Idel’s electromagnetic 

location probe,*® or by hydraulic devices like those used at Oroville Dam.* 

Horizontal displacements in an embankment dam may be measured by installing 

horizontally instead of vertically devices similar to the crossarm and electromagnetic 

devices mentioned above. The measuring torpedo is moved through the device by 

cables and pulleys instead of by lowering it up and down. Observations of horizontal 

displacements are important, particularly in places where cracking of the embankment 

dam may occur as directly over the area where the foundation for the dam changes 

from, say, rock in the abutment to alluvium in the valley bottom. 

For determining the distortion which may occur along a vertical line in the 

embankment dam and its foundation, the slope indicator may be used as described in 

Ref. 58. Devices used for observing earth stresses are described in Refs. 35, 53, 

and 79. 

Failures of embankment dams and their foundations are preceded usually by sur- 

face movements of readily measurable magnitude. Thus it is worthwhile to set bench 

marks in a pattern over the faces and after completion along the crest of the embank- 

ment. Periodic observation should be made of the vertical and horizontal movements 

of these bench marks. Additional bench marks should be set in any areas where 

movements are noticed. In cases of foundation failure, a rapid increase in settlement 

occurs, closely followed by heaving at the toe of the embankment. Embankment 

failures are indicated by bulging of the slopes. When any question arises as to the 

stability of the embankment, raising of the embankment should be stopped and berms 

added or the height of fill reduced or both. Careful reanalysis of the stability of the 

dam must be made before construction is resumed. 

In essence design of embankment dams depends upon the designer’s being able to 

predict the field behavior of earth structures and their foundations. By successive 

trials he selects an embankment-dam cross section and foundation treatment which 

will meet the requirements of stability and leakage. Observations of actual field 

behavior of an embankment dam and its foundation are therefore essential for check- 

ing present design methods and for development of better methods. Every oppor- 

tunity should be taken to observe the deformations, pore pressures, and seepage 

quantities in embankment dams and their foundations; where possible, observation of 

stresses is also of interest. Such observations to be of value must be carefully 

planned, executed, and analyzed. 

TYPICAL DESIGNS OF EMBANKMENT DAMS 

57. Nantahala Dam, Nantahala River, North Carolina. This dam exemplifies 

a rock-fill dam with sloping core. A cross section of the dam is shown in Fig. 53. The 

maximum height 1s 260 ft and the crest length 1,200 ft. The foundation is rock. All 

rock for the dam was obtained from the spillway excavation, and the rolled earth fill for 

the impervious core was obtained from a nearby borrow pit. The following quantities 
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of material were used: 1,692,000 cu yd of quarry-run rock, 350,000 cu yd of processed 

rock for filters, and 223,000 cu yd of rolled earth fill. The maximum settlement at the 

end of 2 years was | ft and after 8 years 214 ft. The seepage through the dam is 

approximately 2.75 cu ft/min under full reservoir. The spillway is constructed in a 

sidehill cut in the right abutment. A diversion tunnel and a power tunnel are located 

in rock in the left abutment. 
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58. Portville Dikes, Allegheny River and Tributaries, New York State. The 

project 1s located about 80 miles south of Buffalo at the village of Portville. Its 

purpose is to give added flood protection to the village by constructing 22,950 ft of 

dikes, a pumping station, flood walls, and culverts. The dikes are mostly new struct- 

ures but in small part are enlargements of existing ones and are located along the 

Allegheny River and its tributaries. The foundations are alluvial deposits and 
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glacial outwash and in general are composed of two layers. The upper layer, which 

is up to 12 ft thick, is fine sand and silt, while the lower layer is silty sand and gravel. 

The permeability of the lower layer is about 1,000 times greater than that of the upper. 

The sand and gravel layer is generally exposed in the river channel. Uplift at the 

landside toe was reduced by installing drainage trenches through the silt to the under- 

lying sand and gravel along the landside toe. The well-graded impervious material 

for the construction of the dikes was obtained from nearby borrow areas. A typical 

cross section of the dikes is shown in Fig. 54. 
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59. Wanapum Dam, Columbia River, Washington State. This 170-ft-high earth 

dam is built on highly pervious alluvial foundation which is composed of sand, gravel, 

and cobbles with ‘‘openwork”’ gravel zones. The depth of the alluvium is in excess of 

80 ft at places. The embankment has a 9,400-ft crest length and includes 4.6 million 

cu yd of fill. The major problem in connection with the design and construction of this 

dam was the control of underseepage through the pervious alluvium, which has a per- 

meability about 3,000 ft/day. This problem was solved by the construction of a 10-ft- 

wide slurry-trench-type cutoff. The slurry trench extends down to 80-ft depth and is 

located along the center line of the dam. Where the depth of alluvium is greater than 

80 ft a Soletanche-type grout curtain consisting of three rows of grout holes was con- 

structed below the slurry trench. Where the embankment crosses the riverbed, a 

pervious fill was placed below water level through which the slurry trench extends. 

The dam has a central impervious core; the shells are made of rolled pervious earth 

fill. The cross section of the embankment and cutoff trench is shown on Fig. 55. 

More information on this project may be found in Refs. 55 and 77. 
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60. Hirfanli Dam, Kizilirmak River, Turkey. The project is located about 80 air 

kilometers southeast of Ankara. The height of the embankment is 80 m and its crest 

length is 364m. The amount of earth and rock materials used in the construction at 

the dam is slightly over 2 millionecum. The inclined core is built of sandy clayey silt 

which was obtained from a borrow in the floodplain upstream of the dam. For the 

construction of the shells sound to highly weathered gabbro was used from spillway 

excavation. The coarse sound gabbro was used as dumped sluiced rock fill, while the 

rest of the rock material was placed as rolled fill. In the riverbed 2.5 to 12 m of alluvial 

deposit lies above the generally sound gabbro bedrock. At one location, near the axis 

of the dam, a 15-ft-thick weathered-rock zone was found below the alluvium. The 

impervious core was brought into direct contact with sound foundation rock. A 

grout curtain is located below the core contact. The depth of the grout curtain is 

about one-third the height of the dam. A grouted platform in the entire area of the 

contact secures good contact between the core and the curtain. Vertical drain holes 

are located at the downstream quarter point of the dam and are designed to relieve 

water pressures in the foundation. The cross section at the dam is given in Fig. 56. 

The other structures of the project are a spillway located in a cut in the right abut- 

ment, two power tunnels driven through the right abutment, and a powerhouse. The 

power tunnels were used for diversion. The powerhouse is located at the toe of the 
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dam and contains three 46,000-kva units. Additional information on the dam is 

contained in Ref. 38. 

61. Binga Dam, Agno River in Luzon, Republic of the Philippines. The Binga 

Project is primarily a power project and operates in conjunction with the Ambuklao 

Dam Project upstream. The dam has a height of 103 m and a crest length of 210 m. 
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The embankment has an inclined impervious core constructed of disintegrated meta- 

morphic rocks obtained from borrow near the power intake. The shells were con- 

structed of rock fill obtained from the spillway excavation, much of which was placed 

as rolled rock fill, plus 12-in. sound rock raked from the rolled fill zones prior to rolling; 

some sound rock available directly from spillway excavation was placed in the shells, 
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as sluiced, dumped rock fill. The bedrock at the site is composed of a series of 

metamorphic rocks that contain numerous dikes and veinlets of igneous rock. The 

rock had no or only a thin cover of residual soil, but the weathering of the rock was 

generally deep. ‘The inclined core is in contact with the bedrock, and in the contact 

area blanket grouting was performed. <A grout curtain extends downward to a depth 

equal to one-half the reservoir head. ‘The cross section of the dam is shown in Fig. 57. 
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The other structures composing the project are two diversion tunnels, a gated spillway 

in the left abutment, a power intake and pressure tunnel, an underground powerhouse, 

and a tailrace tunnel. Additional information on this dam is contained in Ref. 38. 

62. Prompton Dam, Lackawaxen River, Pennsylvania. The primary purpose of 

this dam is to impound floodwaters, but it also provides a low-level permanent pool for 

recreation. The valley except for a shallow surface layer of alluvium is filled to depths 

of 140 ft by glacial deposits. The underlying rocks are well-cemented sandstones and 

siltstones. The glacial overburden material is a heterogeneous mass made up of many 

lenses and beds with wide range of composition. Most of these are well graded from 

gravel through silt, although a silt bed occurs near the right abutment and clean sands 

and gravels were found locally. The embankment, the cross section of which is shown 

in Fig. 58, consists of homogeneous compacted earth fill with riprap protection on the 

slopes, cutoff trench, inclined drain, horizontal drainage blanket, upstream uncom- 

pacted random fill and downstream dumped rock toe. The height of the embankment 
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Fia. 58. Cross section of Prompton Dam, Pennsylvania. 

is 140 ft and its crest length is 1,230 ft; the volume of fill used for its construction is 

900,000 cu yd. The required excavations for spillway and outlet works provided 

approximately one-half the volume of the dam. The remainder was obtained from 

borrow excavations. The earth materials excavated in the borrow and also in the 

required excavations were similar in composition to the deposits filling the valley. 

The rock fill required in addition to that amount which was available from required 

excavations was quarried sound sandstone. The spillway of the project is a small 

unlined cut in the west abutment and the outlet works consist of a cut-and-cover-type 

conduit under the embankment. At the downstream toe relief wells are installed to 

reduce natural artesian pressures due to groundwater in the abutments as well as 

uplift pressures created by the reservoir. 

63. Hanabanilla Dam, Hanabanilla River, Cuba. The Hanabanilla Project was 

constructed primarily for power-generating purposes. To create the reservoir, two 

dams were required: the Hanabanilla Dam and the Jibacoa Dam. The Hanabanilla 

Dam is located about 4 km north of the village of Siguanea. The bedrock, composed 

of gneiss and schist, was found at shallow depth below the recent surface deposits. 

The impervious material, lean clay, for the central-type core of the dam was obtained 

from a borrow area, located about 5 km east of the damsite. The shells are of rock fill, 
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which was supplied by excavations for spillway, penstock, and tunnels. A grout 

curtain is provided under the core. The height of the dam is 46 m and its crest length 

is about 260 m. The volume of fill used for the construction of the embankment is 

399,000 cum. The cross section of the dam is given in Fig. 59. 

64. Jibacoa Dam, Jibacoa River, Cuba. The second dam, which together with 

the Hanabanilla Dam creates the Hanabanilla Reservoir, is located approximately 

150 m downstream from the place where the Negro and Guanayara rivers meet to form 

the Jibacoa River. The river valley is filled with alluvial deposits that extend to a 

depth of about 55 m at the deepest point. The alluvial deposits consist of lenses and 

interbeds of gravel, sand, and silt. The silt beds are of low shear strength and com- 

pressible. The rock of the left abutment is massive, metamorphosed limestone, 

whereas the right abutment is formed of calcareous schist. Because of the low- 

strength silt in the foundation it was necessary to use a counterweight-berm type of 
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construction, together with a minimum-sized top portion. Impervious materials 

were used in the counterweight berms and beneath the central portion in order to 

control underseepage gradients and quantities. The term “piggyback”? has been 

applied to this type of cross section. 

In the left abutment a grout curtain was constructed to limit seepage through the 

jointed limestone. The impervious material, a silty clay, for the construction of the 

core and berm came from a nearby borrow area while the rock was obtained partially 

from a quarry on the north side of the valley and partially from the spillway and 

tailrace tunnel excavation. The Jibacoa Dam has no spillway of its own; the reservoir 

is serviced by the one near the Hanabanilla Dam. The embankment of the Jibacoa 

Dam contains 1,490,000 cu m of fill; its crest length is 415 m and its height is 87m. The 

cross section of the dam is given in Fig. 60. 
65. John Flanagan Dam, Pound River, Virginia. This dam is located 1.8 miles 

upstream of the confluence at Pound River and the Russel Fork of the Big Sandy River 

and is primarily for the purpose of flood control. The foundation at the site consists 

of 0 to 5 ft of residual, sandy clay overlying predominantly sandstone bedrock. The 

sandstone is weathered near the surface, but in the area of the dam foundation the 

weathering does not extend deeper than a few feet. Within the sandstone there are 

minor members and seams of shale, siltstone, and coal. The embankment has a 
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central core and its shells are constructed of rock fill and random fill. The height of 

the embankment is 245 ft, the length of the crest is 910 ft, and the total volume is 

1.9 million cuyd. Overburden from the spillway excavation was used for the impervi- 

ous core; rock from the spillway excavation was mostly shale and was used for the 

random zones of the embankment. Additional amounts of materials were obtained 

fs 90m = 9M oie : 

| 

| | 
Moximum reservoir jon | 

leve/ E/ 366 | E/ 36750 

Transition filter -3m., fine 
Riprap grage /5m., coarse grade /.5m. 

Sand &grovelO5m Impervious fill berm 

Grass cover 

no) 
2 Yo Min operating 

/eve/ E/ 340 

/mpervious fill berm 

Existing ground surface 

Sond & gravel drainage filter /O mt 

Strip topsoil! 1Omt 

Al/uvial deposits to a max 

depth of 55 meters 

The dimensions are given in meters. 

Fic. 60. Cross section of Jibacoa Dam, Cuba. 

¢ Dam 

Max. Poo! E/ 1450.0 
SS 

x 

Spillway Crest El 1425 O. 
Z SK Sie Oued 

\ 
Impervious Fill — 

Pavement and Base Course 

Finer Random Fil/ 

E/ 1425.0 

Transition zones 

Random Fil/ 
Fandom Fil! 

Permanent Pool El 13/4.0_y E/ 13070 

Rock Fill 
E/ 1240.0 

Original Ground Surface 

Excavate to sound rock under core Stripping Line ire, 
ee Platform Grout Holes 

The dimensions are given in feet. 

Curtain Grout Holes 

Fic. 61. Cross section of John Flanagan Dam, Virginia. 

from nearby borrow areas: sandy and silty clay for the core, weathered sandstone for 

the random zones, and sound limestone for the rock fill. In the area of impervious 

core the alluvium and a few feet of weathered rock were removed and the core was 

placed in contact with sound rock. Shallow platform grouting was performed in the 

area of the core contact, and a grout curtain consisting of two rows of holes extended 

below this. The cross section of the dam is given in Fig. 61. 

66. Shihmen Dam, Takekan Creek, Taiwan. This dam is located at the edge 

of the foothills of a mountainous area where the Takekan Creek enters the coastal 
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plain about 60 miles south of Taipei. The island of Taiwan is located in the Pacific 

seismic belt and is subject to frequent earthquakes. The foundation of the dam 

consists of alluvial and colluvial deposits underlain by bedrock. The alluvial deposits 

which form the overburden in the river section consist of silt, sand, gravel, and 

boulders. The depth of these varies from 0 to 20 m. The colluvial deposits which 

form the overburden on the slopes include talus and slope wash. The bedrock consists 

of massive to thick bedded sandstones with some interbeds of siltstone and sandy 

shale. A cross section of the dam is shown in Fig. 62. The embankment has a verti- 

cal core which extends to bedrock. The shells were constructed of rolled cobble- 

gravel fill. The height of the embankment is 116 m above the riverbed; the length of 

the crest is 8357 m. The total volume of fill used for the construction of the embank- 

ment is 6.43 million cu m. The construction materials were obtained from two 

sources, from cobble-gravel deposits in the riverbed immediately downstream of the 

damsite and from terrace deposits northwest of the dam. The first source supphed 
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Tic. 62. Cross section of Shihmen Dam, Taiwan. 

sound pervious fill for the shells while material from the second was used in both core 

and shells. The cap material in the terrace deposits varied from silty clay to clayey 

sand and was used for the core. The deposits below the cap were a mixture of slightly 

to highly weathered cobbles and gravel with some sand and fines; these materials were 

used in the zones of lower stress of the shells. The foundation treatment consists of a 

grout platform and a grout curtain. The depth of the grout curtain varies from one- 

third to one-half of the height of the dam. Other project components in addition to 

the embankment are a diversion tunnel, a powerhouse and two penstocks, gated spill- 

way, low-level outlet, and irrigation outlet. Further information on the dam and the 
materials for its construction is given in Refs. 39 and 40. 

67. Tarbela Dam; Indus River, West Pakistan. The project is located about 

70 miles north of Rawalpindi. Construction is scheduled to start in 1968. The 

height of the embankment is 460 ft above the riverbed and the length of the crest is 

8,700 ft. The foundation, in most part, is pervious alluvium with depths ranging up 

to 600 ft. The alluvium consists generally of boulder cobble gravel choked with sand. 

In some places limited-size lenses of sand and occasional lenses of boulder cobble 

gravel without sand, openwork gravel, occur. The rocks underlying the alluvium and 

composing the abutments are metamorphosed sedimentary rocks; limestone, phyllite, 

quartzite, and schists. An upstream impervious blanket about 4,600 ft long controls 
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underseepage gradients and reduces seepage to a tolerable amount. A line of drainage 

wells, located along the downstream toe, together with a drainage blanket underneath 

the downstream shell, provides controlled exit for the water that seeps through the 

foundation. For the construction of the dam, 139 million cu yd of earth and rock fill 

is required and 20 million more for the construction of the impervious blanket. The 
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Itc. 63. Tarbela Dam, West Pakistan. Cross section of main embankment and blanket 

inclined core of the embankment is built of a well-graded blend of silt, sand, and 

gravels; the shells are composed of rolled earth and rock fills. The construction 

materials are provided in about equal amounts from required excavations and borrow 

areas. Four 45-ft-diameter tunnels, located in the right abutment, serve diversion, 

irrigation, and power. ‘Two gated spillways in the left-bank area have a combined 
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capacity of 1,500,000 cfs. Two auxiliary dams, one of 18 million cu yd and the other 

of 1.7 million cu yd, are required to close the reservoir rim. 

The cross section of the embankment and blanket is shown in Fig. 63, and a more 

detailed cross section of the embankment is given in Fig. 64. 
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SECTION 19 

CONCRETE-FACE ROCK-FILL DAMS 

By I. C. Streets anv J. B. Cooxr 

INTRODUCTION 

1. Definition of Rock-fill Dams. A now obsolete definition of a rock-fill dam, used 

in an ASCE Symposium! * as recently as 1939, is ‘“A dam consisting of a loose (dumped) 

rockfill with slopes on both faces closely approximating natural slopes, with an imper- 

vious facing on the upstream side between which and the rockfill there should be 

placed a cushion of dry rubble.’ The definition properly defined the rock-fill dam of 

that time, 1939. Since that time the rapid development of the earth-core rock-fill 

dam and compacted rock have made the definition obsolete. 

A current definition is “A dam that relies on rock, either dumped in lifts or com- 

pacted in layers, as a major structural element.’’ This definition embraces both 

impervious-face and impervious earth-core rock-fill dams. It is the definition used 

in the ASCE Rockfill Dam Symposium of 19602 and in the Eighth International 

Congress on Large Dams at Edinburgh in 1964.8 

Section 18 on Embankment Dams includes the earth-core rock-fill dam ; this section 

covers only concrete-face rock-fill dams. Among the impervious-face type of rock-fill 

dams, the concrete-face type is the most commonly used. Asphalt is the next most 

frequently used impervious face, the use of gunite, steel, timber, and masonry being 

infrequent. 

2. History of Rock-fill Dams. The origin of rock-fill dams was in the Sierra 

Nevada Mountains of California. In the 1850s, gold miners needed dams in inaccess- 
ible locations in the glaciated granite of the Sierra where no earth was available. 

Available were trees and solid rock. Those circumstances, combined with the miner’s 

knowledge of the use of explosives, logically resulted in rock-filldams. The first dams 

were rock-fill log-crib dams which permitted steep slopes and a minimum amount of 

rock; English Dam in 1856 was 79 ft high. Later, rock-fill dams with a face of timber 

or concrete developed. 

Prior to 1925, only eight rock-fill dams were higher than 100 ft, Morena, Straw- 

berry, and Swift Dams all being highest at about 160 ft. The eight dams were all 

in the United States and most in California. In 1925, the 275-ft-high Dix River con- 

crete-face rock-fill dam was constructed in Kentucky. Through the 1930s a number of 

concrete-face rock-fill dams in the 200- to 300-ft height were constructed, the highest 

being the 328-ft-high Salt Springs Dam.? 

The 1940s saw the continued use of concrete-face dams and the beginning of high 

earth-core rock-fill dams:? the 375-ft-high thick-central-core San Gabriel No. 1 Dam 

in 1938, the 260-ft-high thin-sloping-core Nantahala Dam in 1942, the 318-ft-high 

thick-central-core Watauga Dam in 1948, and the 400-ft-high thin-central-core Mud 

Mountain Dam in 1948. 
Since 1950, development of both the earth-core and concrete-face types of rock-fill 

dams has proceeded exceptionally rapidly. This is understandable since, in compari- 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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son with the history of other types of dams, the history of rock-fill dams is relatively 

short. 
In the period 1950-1963, about 30 earth-core rock-fill dams of 250- to 510-ft height 

were completed, and in 1963 about 40 dams of 280 to 980 ft were under construction 

or proposed.! Rapidly increasing knowledge of the use of rock fill and of its excellent 

performance has made this possible. 
Since 1950, concrete-face dams have generally been of 100- to 250-ft height, the 

highest being Paradela in Portugal at 365 ft, Wishon and Courtright in California at 

290- and 310-ft height, and Exchequer in California at 500-ft height. Recent progress 

in the concrete-face dam has been due to increased knowledge of rock fill and to major 

improvements in design. 

3. Traditional Design of the Concrete-face Rock-fill Dam. Design is empirical 

and is based on experience and judgment. There is little that can be computed for 
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Fig. 1. Typical traditional design of concrete-face rock-fill dam. 

the concrete-face rock-filldam. Between 1925 and 1960, there were improvements in 

design, with objectives of economy and of minimum cracks, joint maintenance, and 

leakage. However, there was httle major change. 

Features of the typical traditional design (Fig. 1) were (1) a cutoff trench into 

bedrock with a notched recess in the concrete to receive the slab, (2) a face-slab 

thickness of 1 ft plus 8 in. for each additional 100 ft of dam height, (3) face-slab 

reinforcing of 0.5 percent in center both ways, (4) a joint system that permitted 

relative movement of the individual face slabs, (5) vertical joints of 1- to 2-in. dimen- 

sion with compressible premolded asphalt material, (6) horizontal joints of 14- to 34-in. 

dimension with wood filler, (7) a wave-deflector coping wall, (8) a zone of crane-placed 

selected large rock to support the concrete face, (9) dumped rock fill, (10) natural 

dumped rock slopes, 1.3:1 to 1.4:1, and (11) a curved axis. 

Dams of the traditional design of less than 250-ft height performed well. The 

higher dams had face-crack and leakage problems. The troubles were associated with 

the movements in the face slab and the joints. Though the troubles in no way affected 

safety and were of nominal cost, they called for design improvements. 



SELECTION OF CONCRETE-FACE TYPE OF ROCK-FILL DAM 19-3 

The use of crane-placed rock in the traditional design required the availability of 

suitable rock, involved high labor costs, and controlled the construction schedule. 

These factors made the concrete-face dam unfeasible or uneconomical at many sites. 

4. Recent Design Trends. Since 1960, substantial improvements in all features of 

concrete-face rock-fill dam design have occurred. The new design features (Fig. 2) 

are (1) a cutoff slab doweled to bedrock; (2) thinner face slab; (3) variable percent 

reinforcing; (4) minimum joints; (5) tight vertical construction joints; (6) no horizontal 

joints other than cold construction joints; (7) a simple rectangular-section coping wall; 

(8) a special zone of compacted rock to support the face; (9) zoned rock fill of com- 
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Fie. 2. Typical recent design of concrete-face rock-fill dam. 

pacted rock and dumped rock, as dictated by available rock sources, acceptable 

movements, permeabilities, and economics; (10) slopes of 1.3:1; and (11) a straight 

axis. 

FACTORS IN SELECTION OF THE 

CONCRETE-FACE TYPE OF ROCK-FILL DAM 

6. Foundation. Foundation requirements are the same as for an earth-core 

rock-fill dam, they are less severe than for concrete dams, and they are usually more 

severe than for earth dams. Hard bedrock is desirable for the cutoff to permit a cutoff 

with a short seepage path. 

Potentially pervious or erodible zones, such as seams, faults, and soft zones, can be 

accepted crossing the cutoff. For watertightness and safety, treatment can consist of 

grouting, excavating and plugging with concrete, or upstream blanketing. River 

gravels and rock talus are often acceptable in the foundation. Erodible zones and 

weathered or small fractured rock zones are covered by filters or compacted rock layers 

to prevent any possibility of the foundation’s being piped into the rock fill. 

6. Available Materials. For the concrete-face rock-fill dam, the necessary 

material is rock. Nearly all concrete-face dams were constructed of dumped rock fill 

until 1960, dumped rock fill requiring sound high-compressive-strength (15,000 to 

30,000 psi) rock. The advent of compacted rock has permitted the use of weaker rock 
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and has made rock-fill dams feasible at more sites. The use of gravels or weathered- 

rock random zones can be economical. 

The earth-core rock-fill type of dam requires earth and filter material as well as rock. 

Where earth is not available, the core rock fill is not feasible, though usually earth is 

available at some distance, which in a comparison is reflected in cost. The absence of 

natural sands and gravels increases the cost of the earth-core rock-fill alternative, since 

manufactured filters are expensive. 

7. Spillway and Diversion Tunnel. The development of zoning of rock fill, and 

of the use of poorer rock as compacted rock, has resulted in spillway excavation being 

usable more frequently, improving the economy of rock-fill dams. 

The concrete-face design has a base width of 2.6H in comparison with 3.6 for a 

core design, where H is the height of the dam. This can result in a lower spillway and 

tunnel cost for the concrete-face design. 

8. Topography. If the site has one or more narrow ridge abutments, the lesser 

base width of the concrete-face design can be important. If the site has unfavorable 

downstream-downhill slopes under the core or rock fill, it is unfavorable to the earth- 

core rock fill in cost or inherent safety. The concrete-face rock fill is independent of 

the up-downstream abutment slope at cutoff, whereas the earth-core rock-fill dam is 

not and can require substantial excavation to obtain proper core contact. For the 

concrete-face design, steep downward and downstream slopes can be accepted under 

the rock fill. 

In placing the dam on the site, the optimum axis is generally not that giving 

minimum rock-fill volume, but that giving minimum face area. 

9. Crest Details. The concrete-face design has a narrower crest and less freeboard 

than an earth-core design. Crest width is usually 20 ft in comparison with 30 to 40 ft 

for an earth-core type of rock fill. For purposes of freeboard, the dam crest is the top 

of the coping wall. As a reinforced-concrete extension of the face slab, the coping 

wall is a rugged and nonerodible element of the dam. Being vertical, wave ride-up 

is not involved; splash is harmless. 

At Wishon Dam water is stored to the dam crest level, the 4-[t coping providing 

freeboard. Asan example of the competence of a coping wall, at Taum Sauk pumped 

storage dam water is stored 8 ft up on a 10-ft-high coping wall. The requirement for 

freeboard is that the wall not be overtopped by the level of the reservoir under any 

circumstances. To assure this, the freeboard dimensions are directly related to the 

type of spillway; that is, a spillway that takes greatly increased discharge as freeboard 

is encroached on requires less freeboard. 

10. Diversion and Care of River. Large embankment dams that are constructed 

through one or more construction seasons present serious problems in handling floods 

during construction. The problems involve risk and expenditure to minimize risk. 

When the dam is low and can store no water, losses are limited to the site. When the 

dam is high enough to store water, its overtopping and failure during construction can 

create a flood from the sudden release of stored water. 

Flows of several thousand cubic feet per second can safely pass through rock fill 

that has large rocks in the downstream toe, but it should be assumed that rock fill will 

fail when overtopped, unless specially designed for overtopping. In 1939-1941, 

Weiss,° on several concrete-face rock-fill dams in Mexico, used reinforcing in the down- 

stream face to withstand overtopping by floods. It was successful and has since been 

widely used.®&7:8 

For embankment dams with river-handling problems, the concrete-face rock fill 

has an advantage—the rock fill can be raised faster and on a schedule not affected by 

rainfall. This permits a smaller diversion tunnel or gives less risk of overtopping 

failure. Water can be temporarily stored in flood routing before the concrete face is 
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constructed, with some flow passing through the rock fill. Flow through rock fill 

requires large rock in the downstream toe of the rock fill, which can be economically 

and reliably obtained by a zone of dumped rock fill. 

Low flows can be taken through the dam, which can be economical in eliminating a 

diversion tunnel or permitting economical permanent outlet construction while water 

passes through the rock fill. <A low slab is not placed until the outlet is ready for 

operation. 

11. Construction Schedule and Rainfall. The concrete-face rock-fill dam usually 

has a smaller yardage of rock than does the earth-core rock-fill type. It can be con- 

structed faster, essentially in the time it takes to place the rock fill. There is no wait 

for core-contact-surface preparation and grouting. The concrete-face cutoff work can 

be accomplished independently of the rock-fill placement. Mainfall affects reliable 

scheduling and cost of a core rock-fill dam, whereas it does not affect the concrete-face 

dam. The concrete face can be constructed concurrently with rock placement and 

not govern filling of the reservoir; concrete slip-form placement is rapid. 

12. Reservoir Operation. The high concrete-face dam is subject to leakage more 

than any other type of dam. It can be watertight, can leak 1 or 2 cfs, or can leak 

tens of cubic feet per second. After the first filling if there is trouble, leakage can 

temporarily be 20 to 100 cfs or greater. Leakage does not impair safety but is a 

matter of economics. The movements that cause joint leakage occur principally 

during and soon after the first filling. When repairs have been made, they have been 

final except for dams over 250 ft high. 

Underwater leak detection is accomplished by a simple audio device or by closed- 

circuit TV which shows the concrete face and the movement of asemibuoyant streamer. 

When the leak locations are determined, the leakage can be reduced either by under- 

water work or by work in the dry when the water level is lowered. 

Experience has been that, when leakage has occurred, it has been technically 

embarrassing, but its cost has been negligible when compared with the saving in cost 

of the dam. Though it is expected that the recent design improvements will give 

improved performance, there has not been enough experience to verify that. 

13. Future Raising. The concrete-face dam is well adapted to being raised by 

adding rock fill and extending the face slab. The face thickness would be designed 

for the ultimate height, or in the event of unexpected raising, a higher ratio of head to 

thickness would need to be accepted. 

14. Height. Since compacted rock settles less and is less compressible than 

dumped rock, concrete-face rock-fill dams with a zone of compacted rock can be con- 

structed to greater heights. 

Dumped rock fill has been a major contributing factor to face movements and 

cracks near the base and near the abutments of the dumped rock-fill concrete-face dam. 

A dumped rock-fill lift is well graded and dense in the upper portion and of large rock 

with a high percentage of voids in the lower portion. The lower portion is the most 

compressible part of the fill and is the location where water pressure is greatest. 

These factors combine to give trouble with the concrete face for the dumped rock-fill 

dam of more than about 200-ft height. The use of compacted rock fill will give better 

performance as well as permit the construction of higher dams. 

15. Economics. In comparing an earth-core rock-fill design with a concrete-face 

rock-fill design, complete studies would be made for each. The auxiliary features for 

the concrete-face layout will cost less, principally because of the lesser base width. An 

approximate comparison can be visualized. The core design usually requires more 

rock fill, which is a credit to the concrete-face design as is the saving in auxiliary 

features. The basic comparison is then of the cost of the impervious features: for the 

core design, there is foundation excavation, area and curtain grouting, surface treat- 
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ment, the core, and the filters; for the concrete-face design, there is foundation excava- 

tion, cutoff slab, curtain grouting, face slab, and the cost above that of the rock fill for 

the special zone of rock to support the slab. 

16. Design Progress. Since 1960, the improvements in design of the concrete-face 

rock fill have decreased the cost of the impervious feature by about one-half of 

previous cost. The main changes are: 

1. Change from crane-placed large rock to special zone of compacted rock for 

supporting concrete face. This reduced cost from $10 to $12 per cubic yard to $3 per 

cubic yard. It also expedited the work. The more regular surface reduces excess 

face-slab concrete from about 15 to 4 to 6 in. 
2. Change from cutoff trench and wall to a reinforced and doweled cutoff. This 

eliminated expensive rock-trench excavation and backfill concrete, resulting in 

scheduling as well as cost savings. 
2 3. Change to thinner slab and fewer and simpler joints. 

EVOLUTION OF CONCRETE-FACE ROCK-FILL DAM DESIGN 

17. Design Evolution and Recent Trends. Since design of the concrete-face 

rock-fill dam is empirical, precedent has played an important part in design. This has 

restricted progress in design. However, since 1960, the accumulated experience, the 

construction of many dams, and the emergence of layered rock-fill construction 

(compacted rock) have combined to stimulate recent important progress. Design 

can best be reviewed by examples of selected dams that have contributed to progress, 

with emphasis on recent dams. 

18. Meadow Lake, California, 1903. Meadow Lake Dam! is one of several early 

California dams of about 75-ft height with steep slopes and a surface layer of dry 

masonry rock. The upstream slopes are 0.50:1 for the top 25 ft and 0.75:1 for the 

lower 50 ft. The downstream slopes are 0.50:1 for the top 25 ft and 1:1 for the lower 

50 ft. These are much steeper than the nominal 1.38:1 ‘‘angle of repose’? and have 

performed satisfactorily. 

Such dams, with steeper than natural dumped slopes, provide evidence that the 

shearing strength is substantially greater than that based on the 1.3:1 natural dumped 

slope. For example, on a basis of infinite slope a slope of 0.5:1 requires a minimum 

tan ¢ of 2.0, whereas a 1.3:1 natural slope indicates a tan ¢ of 0.77. Experience with 

these dams and higher dams with 1:1 slopes justifies the use of natural slopes of 1.3:1 

for the slopes of impervious-face rock-fill dams. 

The cutoff for Meadow Lake Dam is only | to 2 ft into granite. Since the wood 

face was replaced in 1930 by a 2- to 4-in. gunite face with no joints, there has been 

negligible leakage. There has been no significant deterioration of the thin gunite in 

37 years of service. 

19. Bucks Creek, California, 1928. This 128-ft-high dam® was unique. The 

reinforced-concrete face had no joints. In its first 39 years there have been no cracks, 

leakage has been negligible, and no maintenance has been required. In looking back, 

it is regrettable that the favorable experience with the unjointed face slab was not 

utilized in design of subsequent dams. 

20. Salt Springs, California, 1931. The 328-ft-high Salt Springs Dam was con- 

structed in 1931. It established a precedent for many other high concrete-face 

rock-fill dams, culminating in Paradela (360 ft) in Portugal and Wishon (290 ft) and 

Courtright (310 ft) in the United States in 1950. Design, construction, and perform- 

ance of these and other high rock-fill dams are well presented in the literature.” 

The basic features of Salt Springs were included in other designs all over the world 

for the 30-year period to 1960. Those features were dumped rock, placed rock, thick- 
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ness and reinforcing of concrete slab, face joints, and cutoff trench and wall. Modifi- 
cations were minor. 

Salt Springs experience provided important data still useful in both earth-core and 

concrete-face rock-fill dam design. Among the data are the movements of the rock fill, 

the performance of the concrete face, the stabilizing of settlement of the high dumped 

rock fill to a negligible amount, and the permanence of a concrete slab under a hydraulic 

gradient of 100. However, future dams should be patterned after more recent experi- 

ence and practice. 

21. Cogoti, Chile, 1940. Cogoti Dam, 250 ft high, is one of 17 concrete-face rock- 

fill dams built in Chile in the 1930s. This type was selected as being earthquake- 

resistant. Contrary to the usual design using placed rock as the layer supporting the 

concrete face, a screened and washed gravel zone was used. To allow for the natural 

slope of gravel and for earthquake, a 1.6:1 upstream slope was adopted. The down- 

stream slope was exceptionally flat, 1.8:1, as an arbitrary recognition of the earth- 

quake hazard in Chile. The use of the gravel zone was progressive. Cogoti Dam 

demonstrated its earthquake resistance in a severe shock on Apr. 7, 1943. The fill 

settled 1.38 ft with no damage and no increase in leakage. 

The use of gravel at a slope of 1.5:1 was studied as an alternative design for Wishon 

Dam in 1957. A design using thin placed rock at steeper slopes of 1.3:1 to 1:1 was 

estimated to cost less and was adopted. High labor and equipment cost, and the 

adverse effect of placed rock on the scheduling of the work, pointed out that placed 

rock was not an appropriate type of construction in the economy of 1960 in the 

United States. 
22. Quioch, Scotland, 1956. The 126-ft-high concrete-face dam was conventional 

except for two features: (1) the rock fill was compacted in 2-ft layers by a drum 

vibratory roller (3.5-ton), and (2) the face was 12 in. thick at a point 100 ft below 

crest instead of the conventional 1.67 ft at that elevation. Both features were 

progressive and have become a part of modern designs. The use of the vibratory 

roller for a dam of this height was not necessary ; its importance was in introducing the 

technique to rock-fill dams. The settlement of Quioch of less than 1 in. is negligible 

and much more would be acceptable. 

The use of the vibratory roller on rock-fill dams followed German and Swedish use 

and soon after extended to the United States. The need of heavier than 3.5-ton units 

for rock fill soon became evident, and available units increased in capacity to 4.5, 6, 8, 

10, and 15 tons, 10 tons being commonly used in 1967. 

23. Sassiere, France, 1959. Sassiere Dam (128 ft) was constructed of one lift of 

dumped rock fill.!° Supporting the concrete face (1.4: 1 slope) was a zone of vibratory- 

rolled rock of 11-ft horizontal width instead of the conventional placed rock. It was 

placed in 2-m layers. Settlement has been only | in. and leakage negligible. 

Another progressive feature of Sassiere was the use of a 12-in. slab for the full 

height. 

24. Taum Sauk, Missouri, 1963. The reservoir for Taum Sauk pumped storage 

project was formed by excavating the top of the mountain to reservoir floor level and 

using the excavated rock for an encircling dam (Fig. 3). The dam is a concrete-face 

dumped rock fill of particularly economical design. 

The concrete-face type of rock fill with its minimum base width and maximum 

resistance to sliding was best adapted to encircle the top of the mountain. The slope 

of the foundation dips steeply downstream. To avoid excessive stripping and replace- 

ment rock fill, the downstream rock-fill foundation was stripped to a control line at 1:1 

slope. The dam section (Fig. 3) is of one lift of dumped rock except for four 4-ft layers 

of rock to top off the dam to the narrow 12-ft-wide crest. Sluicing of the dumped rock 

was by monitor at 70 psi and 2 volumes of water to 1 of rock. The 4-ft layered 
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rock fill was compacted by spreading and hauling equipment and thoroughly flooded 

with water. The rock was a rhyolite porphyry which quarried as small rock with 

excessive fines, a smaller-size grading than generally used for dumped rock. 

Settlement after 2.5 years of service has been between 0.25 ft for 73-ft height and 

0.71 ft for 116-ft height. This high settlement is probably due to the small-sized 

dumped rock and the repeated cycling of the pumped storage reservoir. Water is 

stored to 8 ft above the crest on the 10-ft parapet wall. The walls have remained 

vertical, and differential movement between the 60-ft panels has been slight. 

The parapet wall and the toe are of poured concrete. The concrete face is sprayed 

concrete, with vertical joints at 60 ft and no horizontal joints. It was delivered by 

transit mix to a compressed-air gun at the upstream toe of the dam, conveyed by pipe 

up the face, and blown onto the face. The face of the dumped rock fill was ironed out 
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Fic. 3. Taum Sauk Dam. (Union Electric Co., St. Louis, Mo.) 

by a 3.5-ton vibratory roller being pulled up and down the face. It was mounted in 

a 34-in. plate with the roller projecting 3 in. below the steel plate. The cutoff is a 

doweled slab rather than the conventional trench and cutoff wall. 

There have been leakage problems at Taum Sauk.!! They have been due princi- 

pally to blast-damaged bedrock and, to some extent, to the sprayed concrete causing 

segregation at the copper water stops. Leakage from the reservoir and the 6,000-ft- 

long dam had stabilized at 8 cfs in 1967. 

25. New Exchequer, California, 1966. New Exchequer Dam (Figs. 4, 5, and 6) 

is a 490-ft-high concrete-face rock-fill dam. It was constructed to raise a 310-ft-high 

concrete gravity dam and in effect is a 305-ft-high concrete-face dam constructed on a 

185-ft-high rock-fill foundation (Fig. 5). For essential irrigation water, it was 

necessary to operate the gravity dam during construction of New Exchequer and to 

store water on the new dam as it was being constructed. The concrete-face rock fill 

permitted this and was substantially economical and unquestionably safe. However, 

in initial filling there have been leakage and face-repair problems. 
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Zone of Rock Supporting Concrete Face. Zone 1 of Fig. 4 was scalped quarry-run 

rock of 2- to 15-in. size, placed dry in 2-ft layers and compacted by three passes of a 

10-ton vibratory roller. The face was compacted and smoothed by pulling a 10-ton 

vibratory roller up the face. Fines were removed to make a zone that would accept 

high-velocity flows from a leak in the face without deterioration. Fines manufactured 

by the vibratory roller would fall into voids between rocks already in contact. During 

construction it was found that the grading was too coarse to give a firm face and a 

smaller grading was used. The clean rock has the advantage of stability, but a dis- 

advantage in being highly permeable. 

Rock Fill. Allrock came from a quarry in high-strength 30,000-psi meta-andesite 

rock. The quarry was just downstream on the left abutment. The spillway was ina 

low saddle and did not provide rock for the dam; the saddle required a small central- 

core rock-fill wing dam of 1.75:1 outer slopes. The quarried rock met the grading for 
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Fic. 4. New Exchequer Dam (Merced irrigation district). 

Zone 2 compacted rock, but not for Zone 4 dumped rock. Asa result, most of Zone 

4 (Fig. 4) actually was Zone 3, which is rock of either grading placed in 10-ft layers. 

The thin well-compacted Zone 2 is located to minimize differential settlement in the 

vicinity of the abutments. Smooth settlement in the balance of the face is acceptable 

and permits the economy of 10-ft layers and dumped rock for the rest of the rock fill. 

In the first filling of the reservoir, June, 1967, crest settlement was 1.3 ft (0.27 percent 

height), which is very low for a 490-ft rock-filldam. For the concrete-face rock fill, 

settlement of the rock is not masked by settlement of the core and transitions as it is 

for the earth-core type of rock-fill dam. 

Cutoff. The joint between the concrete face and the gravity dam is essentially a 

concrete rib floating on rock fill with asphalt-filled voids.!2 The cutoff on the abut- 

ments (Fig. 4) is a doweled reinforced slab which acts as a grout cap for the grout 

curtain. The cutoff slab is placed on groutable rock and is warped to the general 

shape of the rock. 

Concrele Face. The concrete face is of traditional design, in part because the 

exceptional height made it difficult to break precedent. Concrete was placed by slip 

form.!8 [ach row of slabs was placed as the rock-fill height permitted. Actually, 



19-10 CONCRETE-FACE ROCK-FILL DAMS 

Fic. 5. General view of New Exchequer Dam (engineer—Tudor Engineering Co.; con- 

tractor—Dravo Corp.). 

Fie. 6. View of New Exchequer Dam—rock-fill construction. 
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slabs were placed, with rock fill in the downstream part of the dam being 100 ft below 

the top of slab (Fig. 6). It subjected the slabs to movements during construction, 

about 2 ft normal to face in the lower central portion of the dam. Another unfavorable 

condition was the opening and closing of joints during construction; this had not 

happened on previous dams. The early placing of slabs and the unprecedented height 

both contributed to the slab movements during construction. These problems were 

accepted to achieve a demanding and valuable filling and completion schedule. Only 

leakage and maintenance cost, not safety, were possible consequences. 

As for other dams, the face-slab forms were set on the rock face without regard to 

the design location, since some settlement occurs and minimum excess concrete beyond 

the design line is economical. At New Exchequer, and also at Cabin Creek, the excess 

concrete averaged about 6 in. 

Concrete-face Joints. Similar to Lower Bear River, Paradela, Wishon, Courtright, 

and other dams of the 1950s, there was a hinge joint, horizontal joints were l-in. red- 

wood, and vertical joints were premolded asphalt, 1 in. in general and 2 in. in the cen- 

tral joints. When the D slabs (Fig. 4) were being poured, it was observed that vertical 

joints in the central third of the dam were closing excessively and joints near the abut- 

ments opening; one opened several inches. The central seven joints in the remaining 

top three slabs were changed to redwood instead of asphalt joints. This stopped 

further movement during construction. Neither these vertical joints nor the horizon- 

tal redwood joints crushed during construction. With no water load on the slab, the 

rock can readjust in the zone under the slab without developing significant compressive 

stress in the slab. 

Face Damage—Leakage Repair. The reservoir was filled to 125 ft from full 

reservoir level in 1966. Leakage was 13 cfs. When the reservoir lowered below the 

crest of the gravity dam, the complete face was inspected. Spalling had occurred at 

the joint at the bottom of the N slab for about 30 percent of its length. The spalling 

usually began at corners of the N slabs and progressed upward. Spalls went down to 

the water stop and were sources of leakage (Fig. 4). The slabs were restored with 

additional reinforcing steel and concrete. 

In June, 1967, the reservoir was completely filled. When the reservoir reached the 

same level as in 1966, the leakage reached 40 cfs; and for full reservoir in June, 1967, it 

reached about 400 cfs. The gradient within the rock fill for the 400-cfs leakage was 3 

percent. This was determined from the gallery in the gravity dam. Underwater 

audio detection indicated several points of leakage at hinge joints on lower abutments. 

These were caulked by divers. A closed-circuit TV was used to view the face below a 

practical diving limit of 150 ft. The spalling had recurred in the N slab and had 

extended to the two joints above. The joint between the concrete face and the gravity 

dam was not damaged. The TV camera had a ribbon attached that would show 

visually the direction of flow and leakage. The pictures were recorded on tape so that 

they could be reviewed in conference later. 
Having a full reservoir in July, 1967, normal operation will not draw the reservoir 

down to below the crest of the gravity dam for several years. Underwater placement 

of 18,000 cu yd of a slurry-trench backfill material, a well-graded mix of gravel-sand- 

earth with bentonite, was begun in July, 1967, to cover the lower three joints, spalling 

having occurred on those joints. This work reduced leakage from 400 to less than 10 

cfs. 
Conclusions. The rock-fill settlement is exceptionally small. The cutoff slab was 

economical and satisfactory. The supporting rock zone for the face should have been 

of smaller-sized grading. The construction of face slabs during rock-fill placement was 

essential to the project, but not compatible with the joint system that was used. The 

movements of slabs during and after construction invited the spalling that occurred. 
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26. Cabin Creek, Colorado, 1966. The Upper Reservoir for the pumped storage 

project!* of Public Service Company of Colorado is formed by a 250-ft-high concrete- 

face rock-fill dam (Fig. 7). 
Rock-fill Zones. The dam is constructed of weathered rock from required excava- 

tions and fresh rock from a quarry within the operating level of the reservoir. The 

three zones of rock are all compacted in 2-ft layers by three passes of a 3.5-ton 
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Fig. 7. Cabin Creek Dam. (Public Service Company of Colorado.) 

Fic. 8. View of Cabin Creek Dam—placing of concrete face (engineer—Stone & Webster 

Engineering Corp.; contractor—J. A. Jones and P. Harrison). 

vibratory roller without application of water. The gneiss was deeply weathered or 

loosened and was predicted to produce small-sized rocks. For the height of dam and 

the rock, the 3.5-ton vibratory roller and 2-ft layers were arbitrarily selected. The 

1.3:1 upstream slope was compacted by pulling the vibratory roller up the face by a 

crane. The downstream 1.75:1 slope allows for badly weathered rock in the random 

zone. 
Cutoff and Concrete Face. The doweled cutoff slab is broad and the grout curtain 

is of three lines to avoid excavating more deeply into badly weather-stained and jointed 
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rock. The face slab is thinner than that of earlier designs; it is 1 ft to a maximum of 

1.5 ft. Vertical asphalt-filled joints at 50-ft spacing and horizontal joints at S0-ft 

slope distance spacing were used, but not a hinge joint paralleling the abutments. The 

slip form used for the face was simple and efficient (Fig. 8). Concrete was distributed 

by a conveyor, fed by a hopper at one end. The form contacted only § in. of the face 

and was in effect a screed. Some of the lower slabs were covered with a backfill of 

impervious waste material. 

Axis. The axis is straight, which gives lowest surveying and construction cost. 

Performance. Maximum crest movement for the first 6 months of service (to 

July, 1967) has been 0.17 ft vertical and 0.06 ft horizontal. One abutment vertical 

joint has opened 0.25 in., and two central joints have closed enough to produce slight 

extruded asphalt. Total foundation and dam leakage for the full reservoir was 1.8 cfs. 

27. Piedras, Spain, 1967. Piedras Dam (Fig. 9) is of only 130-ft maximum height 

but its crest length is 2,000 ft, and economy is important. It is an annual-carryover 
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Fic. 9. Piedras Dam (engineers—Dames & Moore, Iberia, and Hydrotechnic de Iberia; 

contractor—Dragados y Construcciones). 

water-supply reservoir in an arid area near Seville and Huelva, Spain; leakage must be 

a minimum. 

Cutoff. Foundation rock is steeply dipping shale and sandstone with strike 

parallel to axis. Cutoff is by a doweled reinforced slab with shallow single-line grout 

curtain, conforming to the existing rock surface. There is little overburden or 

weathering of rock. The axis is straight and is located on abutments and over a knoll 

to give minimum face area, that being more economical than minimum yardage for the 

concrete-face dam. 

Rock Fill. Five zones of rock are used (Fig. 9). All rock placement is without 

application of water, since water is not reliably available. Zone 1, supporting the 

concrete face, is of minimum width, 3m, and of graywacke sandstone. Zone 2, the 

main body of the dam, is of slaty shale, the predominantly available rock and the 

lowest-cost rock to handle. Zones 3 and 4 are for larger rock. Zone 5 is a reliably 

free-draining zone of graywacke sandstone rock and is only in the two low points in the 

profile (Fig. 9). An 8-ton vibratory roller is used. 
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Concrete Face. The concrete face is 10 in. thick and reinforced with 0.5 percent 

reinforcing both ways. There are no horizontal joints. Vertical joints, at 50-ft 

spacing, are asphalt-painted cold joints with a rubber water stop. No joint filler 

is used. 
Diversion. River handling is by a minimum-sized diversion tunnel with a low 

cofferdam. To provide for safe overtopping of the rock fill in the early construction 

period, the downstream rock face is reinforced with reinforcing steel.® 

28. Barrage Des Fades, France, 1967. This 230-ft-high dam is of traditional 

design, except for the use of a compacted clean-rock zone supporting the face and a 

change from cutoff trench to cutoff slab made during construction. The slopes are 

1.3:1. Face-slab joints include a hinge slab joint 15 ft from cutoff joint, vertical 

joints at 45 ft, and nine horizontal joints. Rock placement is in two zones, 3.3- and 

6.6-ft layers, with compaction by 8.5-ton vibratory roller. 

29. Pindari, New South Wales, Australia, 1969. Pindari is a two-stage dam, 

150 ft high in first stage and 250 ft high when completed (Fig. 10). It embodies all 
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WO ee ATA centers 
-— = Horizontal bars at 3 vertical 
a ceiee centers 

Sloping bars at 4 horizontal 
’ centers 

MAXIMUM SECTION Edges anchored to bedrock 

REINFORCEMENT FOR OVERPOUR 

Fic. 10. Pindari Creek. (The Water Conservation and Irrigation Commission of New 
South Wales.) 

recent design features except the use of a thinner than traditional slab, 7.e., thinner 

than 1 ft + 0.0067H, where H equals height of dam (Fig. 10). 

Rock Fill. Rhyolite porphyry from spillway and from an additional quarry is 

being used. Zone 1 grading is 6- to 12-in. maximum size and not more than 7 percent 

minus | in. It is smaller-sized than used previously and will provide a denser, less 

pervious, and smoother-surfaced zone. Water is applied to this finely graded Zone 1 

during placement, whereas it has not been used on coarser and cleaner Zone 1 rock. 

Zones 2 and 3 are placed without water in 3- and 6-ft layers. Zone 41s a zone which 

includes reinforcing for probable overtopping during construction, the diversion 

tunnel being of minimum size. All compaction is by 10-ton vibratory roller. 

Culoff and Face Slab. Cutoff is a doweled and grouted reinforced slab. A fault 

(Fig. 10) crosses the cutoff line. The slab is extended upstream and filters cover the 

fault under the rock fill. Vertical joints are asphalt-painted polyviny] chloride water- 

stop joints at 60-ft spacing, and there are no horizontal joints. 

30. Kangaroo, South Australia, Australia, 1968. Kangaroo Dam, 210 ft high 

(Fig. 11), is similar to Pindari. A feature of economic importance is the use of a poor 

schist rock from spillway excavation as the main body of thedam. The Zone 3 rock 
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is schist compacted in 3-ft layers by three to four passes of an 8- to 10-ton vibratory 

roller sluiced with not less than 180 gal of water per cu yd of rock. Adjacent to 

Zone 3 are free-draining zones of gneiss, Zones 2 and 4. All rock is from the spillway 

excavation. The spillway site is in a schist formation with one wide zone of gneiss 

which can furnish the sound rock for Zones 1, 2, and 4. 

Layer 
thickness, ft 

2 | 1"-42" gneiss 

(20%, 1" gneiss 

(30%, 4° schist 

Gneiss 

Rock 

t— Crest length 400 ft Straight axis 

Square mesh 
5 SWG@3" Reinforced 

N¢ for overpour 

Downstream 

face reinforcing 
WANT RAZA ZN INSANE 

Talus and steam~bed material 

spread and compacted ELEVATION OF FACE 

MAXIMUM SECTION 

Fig. 11. Kangaroo Creek Dam. (The Engineering and Water Supply Department, South 

Australia.) 

31. Cethana, Tasmania, Australia 1973. The 360 ft high dam was filled in May 

1973. Movement during filling and first 9 months full was 3 inches vertical at crest 

and 4 inches normal to central face area, no cracks have occurred, dam and foundation 

leakage was 1.2 cfs. The design embodies recent design trends including: 1.3H:1V 

slopes, no horizontal joints, tight vertical joints, and thin slab of t = 1 ft + 0.002H 

(where H equals vertical distance from crest). Design and performance are presented 

in Proceedings of Eleventh Congress on Large Dams, Volume III, Madrid, 1973. 

32. Alto Anchicaya, Colombia, 1974. The Corporacion Autonoma Regional del 

Cauca will complete a 500 ft high dam in 1974. Acres International Ltd. has selected 

the concrete face rockfill type on the basis of lowest cost and feasibility in this area of 

high rainfall. The design embodies recent design trends. 
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SECTION 20 

SPILLWAYS AND STREAM-BED PROTECTION WORKS 

By Witiiam J. BAvER AND Haru J. Brox 

DISCHARGE CAPACITY 

1. Design Flood. The hydrological determination of the flood for which a spillway 

is to be designed is treated in Sec. 1. The operation of spillways and the methods of 

routing are treated in Sec. 4. 

The spillway design flood is generally determined by transposing great storms, 

which have been known to occur in the region, over the drainage area. The resulting 

flood hydrographs are then determined by rational methods. 

In determining discharge capacity consideration should be given to all possible 

contingencies. For example, one or more gates may become inoperative. Under 

some flood conditions operational errors may actually increase the discharge at the 

dam above the natural peak flow of the river. By storing too early on the rising side 

of the flood hydrograph, available storage space may be filled in advance of the peak 

inflow. Under these circumstances, it may be necessary to release a discharge in 

excess of the natural peak inflow. 

Emergency capacity, in excess of that required to discharge the spillway design 

flood, may be obtained by (1) encroaching on the freeboard, which under design-flood 

conditions, would make adequate provision for wave action, reservoir tilt, and run-up; 

(2) providing emergency spillways; and (3) providing a total freeboard which would 

permit a sizable flood, say the flood of record, to pass over the top of the gates, if they 

become inoperative, without overtopping the dam. Emergency spillway capacity 

may be an especially important consideration in designing high fill dams which might 

be subject to overtopping if one or more spillway gates became inoperative. In 

evaluating the possible effects of emergency capacity, it must be remembered that the 

concurrence of maximum peak inflow, maximum wave heights, and reservoir tilt and 

run-up is an extremely remote possibility and that this additional freeboard may be 

brought into service under such conditions. In the case of fill dams requiring chute 

spillways, the end walls of the chutes should be high enough to convey the discharge 

which would result from the corresponding increase in reservoir level. 

2. Approach Conditions. The term ‘‘approach conditions” as used here denotes 

the hydraulic properties of the water passages leading to the point of control in the 

spillway. For example, a chute spillway cut in one abutment at a damsite has the 

crest and control gates set back at some distance from the main body of the reservoir. 

Upstream of this control section is an excavated channel to convey water from the 

reservoir to the control section of the spillway. The hydraulic properties of this 

excavated channel would constitute the approach conditions for this case. Spillways 

of large capacity can produce discharges with great momentum in the approach chan- 

nel. Undesirable conditions in the approach channel can reduce the spillway capacity, 

produce troublesome disturbances, contribute to the possibility of cavitation, prevent 

the satisfactory passage of floating debris through the spillway, and even produce 

20-1 
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erosion and undesirable undermining of the upstream portions of the spillway structure 

itself. It is important, therefore, to evaluate the approach conditions very carefully. 

Analyses of approach conditions are of two general types—those performed in the 

design office and those performed in the hydraulic laboratory. Both are required for a 

large and important project as the benefits in the form of improved performance and 

reductions in construction costs which may be achieved through both analytical and 

model studies far outweigh the cost of these studies. On the other hand, for small 

structures it may be more economical to provide generous low-velocity approach con- 

ditions rather than invest in a model study. 

The following basic principles should be given consideration when designing the 

approach to a spillway control structure: 

1. The maximum velocity of approach under the most critical combination of 

reservoir elevation and discharge must not exceed the scouring velocity of the material 

of which the approach channel is constructed. 

2. Curvature of flow in a horizontal plane should be gradual such that the central 

Upper nappe 

Origin of coordinates 

Vertical face 

For standard crest 

x WeesZOWay Origin of 

coordinates 

(b) 

Fic. 1. Geometry of spillway crests. 
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acceleration would not produce an excessive differential in the water-surface elevations 
on opposite sides of the spillway. Excessive unbalance generates waves in the water 
conductors downstream from the control section which may present problems in their 
operation. 

3. End walls which guide flow to the control structure should extend upstream from 

the crest to points where the velocity is low enough to avoid the development of strong 

vortices which would be carried over the crest. Walls can also be flared or curved at 

this upstream end to form, in plan, a streamlined entrance to the channel, thus 

avoiding the formation of vortices. 

4. The depth of an approach channel should be established in combination with the 

design of the control structures so as to develop the most economical combination for 

the design capacity. 

SPILLWAY CRESTS 

3. Types. Nearly all spillways fall into one of six types or are made up of a com- 

bination of them: (1) overfall, (2) gates and orifice, (3) trough or chute, (4) side chan- 
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nel, (5) shaft or glory hole, and (6) siphon. Stream-bed protection works, more or less 

common to all these types, are described under a separate heading. 

The overfall type is by far the most common and is adapted to masonry dams that 

have sufficient crest length to provide the desired capacity. 
Overfall spillways provided with crest gates will act as orifices under partial gate 

openings and as open-crest weirs under full gate openings. The same basic formulas 

applying to partially open Tainter and leaf gates will also apply to orifice-type gates 

located close to the crest. 
Trough or chute spillways are commonly used for earth dams. Side-channel and 

shaft-spillway types are most frequently found in narrow canyons. The siphon 

spillway is usually used to provide automatically a nearly constant headwater level 

under varying flow. 

OVERFALL SPILLWAYS 

4. Shape of Crest. The crest of an overflow dam is frequently formed to fit the 

shape that the overflowing water would take for the selected design head h, as shown 

by Fig. la. Table 1 gives the ordinates of the upper and lower nappe for various 

slopes of the upstream face. Figure 2 shows the shape of the upper and lower nappes 

which correspond to the values given in Tablel. Figure 3 isolates the upper and lower 

Ratio x/h 
= 20m 0 0 +10 +20 +430 +40 +50 +60 

| | ] ial 

Ratio y/h 

-90 te 

-looLL_t | | 
20 -10 0 +10 +20 +30 +40 +50 +60 

Ratio x/h 

Fig. 3. Shape of upper and lower nappe for weir with vertical face. 

nappes for a weir with a vertical face, for a dam of sufficient height so that the velocity 

of approach is negligible. Table 1 and Fig. 2 are derived from an analysis based on 

studies of the U.S. Bureau of Reclamation on the results of experiments by Bazin and 

Scimemi. As an example, if the head on the crest is 10 ft, all values taken from the 

curves shown by Fig. 3 should be multiplied by 10. The curves shown by Figs. 2 and 3 

are expressed in terms of the design head measured from the highest point of the 

rounded crest. When the actual head on the crest is equal to the head for which the 
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crest is designed, the pressure along the crest would be atmospheric for a frictionless 

fluid. However, with a real fluid shghtly greater than atmospheric pressure results 

because of the developing boundary layer. 

A design head greater than the actual head will push the crest surface into the 

TABLE 1. NappeE COORDINATES FOR SPILLWAY DESIGN 

Lower Nappe 

Vertical coordinates y/h 

Hortsontal Weir face slope 

coordinates — = = 
a/h : g 

Vertical Downstream Upstream 

| 

WEEN OER Eh Nh Ose CY eats | Ale ere et ON EC EH | ae etal 

0.0 — 0.125}/— 0.098 0.066 0.045 0.012 0.004}— 0.159] —0.176) —0.191 
— 0.136] —0.136| —0.136 

0.05 — 0.066/— 0.051;/— 0.032}/— 0.021}/— 0.002)— 0.000|— 0.080 
0.10 — 0.033}— 0.026;— 0.015|— 0.008 0.000;— 0.003)/— 0.044 
0.15 — 0.014/— 0.011);— 0.005 0.001 0.002 0.010 0.022) 
0.20 — 0.004)— 0.003)— 0.001 0.000 0.007 0.020 0.009 

0.25 0.000 0.000} — 0.001/— 0.003}— 0.014)/— 0.033)— 0.002 
0.30 0.000} — 0.001|— 0.004)— 0.009}— 0.023|/— 0.049 0.000 
Orso — 0.004)— 0.005|— 0.010}— 0.018}— 0.038)/— 0.068)— 0.003 
0.40 — 0.011/— 0.012)/— 0.019}— 0.030)— 0.053/— 0.090;— 0.010 
0.45 0.021|— 0.022}/— 0.031|— 0.045)— 0.072)— 0.115] — 0.020 @ g 

° ° 

0.50 — 0.034/— 0.035)— 0.046}— 0.062}/— 0.093}— 0.143)/— 0.033 a a 
0.55 — 0.049)— 0.051/— 0.064/— 0.082}/— 0.117)/— 0.173)}— 0.048 g § 
0.60 0.066 0.069 0.084 0.104;— 0.141/— 0.206)— 0.065 3 3 
0.65 0.085 0.090 0.106 0.128]— 0.168)— 0.240)/— 0.084 £ e 
0.70 0.106 @ailis3 0.131 0.154|— 0.197)— 0.277|— 0.105 2 2 

t=} 

0.75 — 0.129/— 0.138)/— 0.158;/— 0.182}/— 0.228)/— 0.315;/— 0.128 oO Be 
0.80 — 0.157/— 0.165|/— 0.187)/— 0.212}— 0.261)/— 0.356)— 0.153 sss : 
0.85 — 0.185}— 0.195)— 0.218)/— 0.244 0.297 0.400 0.180 Bs me 
0.90 — 0.216)/— 0.227/— 0.251)/— 0.278}/— 0.333}— 0.443/— 0.210 3 a 
0.95 — 0.249|/— 0.261)/— 0.286/— 0.314)— 0.373)— 0.490}— 0.242 Z 2 

1.0 — 0.283/— 0.297/— 0.323}— 0.352)}— 0.413)/— 0.538)/— 0.277 a a 
1 We | — 0.358|— 0.375|— 0.403}— 0.434|— 0.501|/— 0.641)/— 0.351 
1.2 — 0.441/— 0.461/— 0.491)/— 0.524)|— 0.597)/— 0.752)/— 0.433 
1.3 — 0.532)/— 0.555|— 0.587|/— 0.622)}— 0.701)— 0.871;/— 0.523 
1.4 — 0.631|— 0.657)/— 0.691/— 0.728}— 0.813}/— 0.998}— 0.621 

ila — 0.738/— 0.767|/— 0.803}/— 0.842;— 0.933)/— 1.133)— 0.727 
1.6 — 0.853) -— 0.885}— 0.923}— 0.964/— 1.061;— 1.276)/— 0.841 
i Ray & — 0.976/— 1.011/— 1.051)/— 1.094)/— 1.197)/— 1.427;/— 0.963 
1.8 — 1.107/— 1.145)— 1.187/— 1.232}/— 1.341/— 1.586)/— 1.093 
1.9 — 1,246]— 1.287|/— 1.331)/— 1.378}— 1.493)— 1.753)— 1.231 

o o 

2.0 = 12393|— 1-437|— 1.5488)|— 17532) — 1.653) — 1°928)— 1.377 3 5 
2.2 — 1.711/— 1.761)/— 1.811/— 1.864)— 1.997|/— 2.302)}— 1.693 @ a 
2.4 — 2.061)/— 2.117 ee lef | 2.228 2.373|— 2.708)— 2.041 g g 
2.6 — 2,443)/— 2.505)— 2.563}/— 2.624|— 2.781)— 3.146/— 2.421 3 3 
2.8 — 2.857|— 2.925|— 2.987|— 3.052|— 3.221)— 3.616)— 2.833 s g 

| a a 

3.0 — 3.303)/— 3.377|— %.443)— 3.512)/— 3.693)— 4.118)/— 3.277 e e 

3.2 — 3.781|— 3.861/— 3.931 4.004 4.197 4.652 3.7503 a a 

3.4 4.291 4.377 4.451 4.528 4.733 5.218 4.261 ay a 
3.6 — 4.833)/— 4.925 5.003 5.084 5.301/— 5.816)/— 4.801) = e 

3.8 — 5.407|— 5.505|— 5.587|/— 5.672)/— 5.901|— 6.446|— 5.373 3 3 
o o 

4.0 — 6.013/— 6.117}— 6.203]/— 6.292/— 6.533/— 7.108/— 5.977) = & g 
4.2 — 6.651|— 6.761/— 6.851;— 6.944/— 7.197;— 7.802)}— 6.613 n n 

4.4 — 7,321|— 7.437|— 7.531/— 7.628|— 7.893}— 8.528|— 7.281 
4.6 — §8.023}— 8.145)— 8.243 8.344 8.621 9.286 7.981 
4.8 — 8.757|— 8.885 8.987 9.092 9.381} —10.076|— 8.713 

5.0 — 9,523/— 9.657|— 9.763|/— 9.872} —10.173|]—10.898)— 9.477 
§.2 —10.321|/ —10.461] —10. 571] —10.684] —10.997} —11.752| —10.273 
5.4 —11.151) —11.297| —11.411 11.528] —11.853 12.6388) —11.101 

\ 



20-6 SPILLWAYS AND STREAM-BED PROTECTION WORKS 

TaBLeE 1. NapprE COORDINATES FOR SPILLWAY DESIGN (Continued) 

Upper Nappe 

Vertical coordinates y/h 

Horizontal Weir face slope 

coordinates 

x/h Vertical Downstream Upstream 

IWEREIA || DHEENIC || alyelealyie || vse Ye) | Usha \) SWEPSB uM || SHEREN Ye || alelanlye 

—2.4 0.989 0.988 0.985 0.983 0.980 0.973 0.990 
—2.2 0.987 0.986 0.981 0.977 0.972 0.957 0.988 
—2.0 0.984 0.983 0.977 0.971 0.964 0.940 0.985 
—1.8 0.980 0.979 0.971 0.964 0.955 0.922 0.981 
—1.6 0.975 0.974 0.965 0.957 0.945 0.904 0.976 

—1.4 0.969 0.968 0.958 0.949 0.934 0.885 0.970 
—1.2 0.961 0.959 0.950 0.941 0.921 0.865 0.962 
—1.0 0.951 0.948 0.939 0.930 0.904 0.842 0.953 
—0.8 0.938 0.935 0.926 0.917 0.883 0.817 0.940 
—0.6 0.921 0.918 0.908 0.899 0.858 0.788 0.923 

—0.4 0.898 0.895 0.885 0.875 0.826 0.754 0.900 
—0.2 0.870 0.365 0.853 0.841 0.786 0.712 0.872 

0.0 0.831 0.826 0.811 0.796 0.737 0.659 0.833 2 2 
0.05 0.819 0.814 0.798 0.783 0.723 0.643 0.822 me) ao) 
0.10 0.807 0.802 0.785 0.768 0.708 0.627 0.810 4 4 

OFTS 0.793 0.788 0.770 0.752 0.692 0.610 0.796 $ 3 
0.20 0.779 0.774 0.755 0.736 0.675 0.591 0.782 3 s 
0.25 0.763 0.758 0.739 0.719 0.657 0.572 0.766 A & 
0.30 0.747 0.742 0.721 0.700 0.638 0.550 0.750 i] =) 
0.35 0.730 0.724 0.702 0.680 0.617 0.528 0.733 o9 or) 

A onl A ol 

0.40 0.710 0.704 0.681 0.659 0.596 0.504 0.713 Q n 
0.45 0.690 0.683 0.659 0.636 0.7572 0.480 0.693 sa Se 
0.50 0.668] 0.661) 0.637 0.613) 0.549] 0.452) 0.671] Fs 
0.55 0.646 0.638 0.613 0.588 0.523 0.424 0.650 3 3 
0.60 0.621 0.612 0.587 0.562 0.497 0.394 0.625 a wa 

0.65 0.596 0.586 0.560 0.535 0.470 0.363 0.600 
0.70 0.568 0.558 0.531 0.505 0.439 0.330 0.572 
0.75 0.539 0.529 0.501 0.475 0.408 0.298 0.543 
0.80 0.509 0.498 0.470 0.442 0.375 0.261 0.513 
0.85 0.478 0.466 0.438 0.409 0.340 0.223 0.482 

0.90 0.444 0.431 0.402 0.373 0.303 0.183 0.449 
0.95 0.410 0.395 0.366 0.337 0.264 0.141 0.415 
LA0 0.373 0.358 0.327 0.297 0.223 0.098 0.379 
Le 0.295 0.278 0.245 0.214 0.1385 0.005 0.302 
1.2 0.210 0.191 0.156 0.124 0.039) — 0.096 0.218 

1.3 0.118 0.097 0.060 0.026)— 0.065})— 0.205 OnL27 
1.4 0.019} — 0.005;}— 0.044;/— 0.080)— 0.177;— 0.322 0.029 
15 — 0.088]— 0.115)— 0.156}— 0.194)— 0.297)— 0.447)/— 0.077 oF a 
1.6 — 0.203/— 0.233}/— 0.276|/— 0.316)/— 0.425|/— 0.580/— 0.191 ae) 2 
plore — 0.326}— 0.359|— 0.404)— 0.446 0.561 0.721 0.313 

ibte3 — 0.457|— 0.493)— 0.540)— 0.584)— 0.705)— 0.870)/— 0.443 $ S 
1.9 — 0.596)— 0.635)— 0.684)/— 0.730)— 0.857/— 1.027)/— 0.581 8 $ 
2.0 — 0.743)— 0.785)— 0.836)— 0.884)/— 1.017)/— 1.192/— 0.727 4 a 
2.2 — 1.061)— 1.109)— 1.164)/— 1.216)— 1.361]/— 1.546)/— 1.043 a i) 
2.4 — 1.411)/— 1.465)— 1.524)— 1.580)— 1.737}/— 1.932)/— 1.391 Gr} Or) 

i cont 

2.6 — 1.793)— 1.853)— 1.916)— 1.976)— 2.145)— 2.350/— 1.771 n Q 
2.8 — 2.207|/— 2.273)/— 2.340)— 2.404)/— 2.585/— 2.800)/— 2.183 ie s 
3.0 — 2.653)— 2.725)— 2.796)— 2.864)/— 3.057;/— 3.282/— 2.627 g g 
3.2 — 3.131)— 3.209)— 3.284)/— 3.356)— 3.561/— 3.796)— 3.103 a 3 
3.4 — 3.641)— 3.725}— 3.804)/— 3.880)/— 4.097)/— 4.342)/— 3.611 R n 

3.6 — 4.183)/— 4.2738)— 4.356)— 4.436 4.665 4.920 4.151 
3.8 — 4.757|— 4.853)/— 4.940)/— 5.024 5.265 5.530 4.723 
4.0 — 5.363)— 5.465}— 5.556]— 5.644/— 5.897|/— 6.172)/— 5.327 
4.2 — 6.001|— 6.109}— 6.204)— 6.296/— 6.561/— 6.846/— 5.963 
4.4 — 6.671|— 6.785|— 6.884|/— 6.980)— 7.257|—. 7.552|— 6.631 

4.6 — 7.373|— 7.493)— 7.596}— 7.696/— 7.985}— 8.290|/— 7.331 
4.8 — 8.107 8.233 8.340 8.444 8.745 9.060 8.063 
5.0 — 8.873)— 9.005|}— 9.116]/— 9.224/— 9.537/— 9.862)/— 8.827 
5.2 — 9.671}— 9.809/— 9.924) —10.036|—10.361| —10.696|— 9.623 
5.4 —10.501| —10.645} —10.764| —10.880| —11.217} —11.562| —10.451 
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theoretical nappe and result in greater pressure along the curved surfaces and in lower 

discharge capacities. Conversely, a design head lower than the actual head pulls the 

crest surface below the theoretical nappe, resulting in subatmospheric pressures over 

some portion of the crest curve. At the same time the discharge capacity of such a 

crest curve is increased. Excessive subatmospheric pressures can result in pulsating, 

inefficient spillway operation, and possibly damage to the structure as a result of 

cavitation. A certain amount of subatmospheric pressure can be attained without 

TOY 

60 

50 

aS je) 

W oO 
Design head 

20 

O 10 20 30 40 50) 60 70 

Actual head on crest 

Fic. 4. Minimum pressure on crest as function of heads. 

undesirable effects. Figure 4 provides a guide for determining the minimum pres- 

sures on the crest for various ratios of design head and actual head on the crest. 

Designing the crest shape to fit the nappe for a head less than maximum head 

expected often results in economies in construction. The resulting increase in unit 

discharge may make possible a shortening of the crest length, or a reduction in free- 

board allowance for reservoir surcharge under extreme flood conditions. 

Because the occurrence of design floods is usually so infrequent, several water- 

control agencies design spillway crests which are fitted to the lower nappe of a head 

which is 75 percent of that resulting from the actual discharge capacity. Tests have 

shown that the subatmospheric pressures on a nappe-shaped crest do not exceed about 

one-half of the design head when the design head is not less than about 75 percent of 

the maximum head.! An approximate diagram of the subatmospheric pressures, as 

1‘ Design of Small Dams,” p. 282, U.S. Bureau of Reclamation. 
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Subatmospheric 

pressure 

Fra. 5. Subatmospheric crest pressures ratio. 

determined from model tests, is shown by Fig. 5. Figure 4 shows the manner in 

which the minimum pressure varies with the particular actual and design heads 

adopted for a given spillway. The minimum crest pressure must be greater than 

cavitation pressure. It is suggested that the minimum pressure allowable for design 

purposes be 20 ft of water below sea-level atmospheric pressure and that the altitude 

of the project site be taken into account 

in making the calculation. For example, 

4.20 assume a site where the atmospheric 
oO pressure is 5 ft of water less than sea- 

iS Boy level pressure, and in which the maximum 

= en head contemplated is 60 ft; then, only 15 
3 additional feet of subatmospheric pressure 

» $60 is allowable. Entering Fig. 4 with an 

2 ee actual head of 60 ft and an allowance of 15 
2” ft of subatmospheric pressure, read the 

3.20 design head to be 50 ft. This is seen to 

be greater than the 45 ft which would be 

0° 56.20 040 060 080 100 120 140 used under the 0.75 = ha + ha rule; so 
Ratio of head on crest to head that consideration of cavitation potential 

that fits nappe shape governs in this instance. 
Fig. 6. Discharge coefficients. An overfall spillway crest which ap- 

proximates closely the lower portion of a 

jet issuing from a sharp-crested weir is designated as a standard crest. A curve 
plotted from the formula 

x85 = 2.0hg8y (1)! 

as shown by Fig. 18, fits very closely to the curve of the standard crest. 

5. Overfall Spillway, Discharge Coefficients. The discharge for an overfall spill- 

way of nappe shape varies as the following equation: 

Q = CLh” (2) 

1 Hydraulic Design Criteria, Sheets 111-1 and 2, Corps of Engineers. 
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in which Q = total discharge over the spillway, cfs 

L = net length of spillway, ft 

h = total head on crest including velocity head, V2/2g 

C = coefficient of discharge 

The results of model tests (Fig. 6) show that the discharge coefficient starts at 3 and 

reaches approximately 4 at the design head. End contractions at spillway piers reduce 

the net length between the pier faces. Equation (2) would then be modified as follows: 

Q = C(L — kNh)n? (3) 

in which k = pier-contraction coefficient 

h = ha + V?/2g 
L = net length between piers 

V = velocity of approach 

N = number of complete pier contractions (two per pier) 

Figure 7! shows the effect of three commonly used pier shapes on the coefficient of 

0.033h 

. f 

0.282h O.133h 

0.267h haan O0.267h 

a taal 

0.267h 
radius 

a LE 

PIER NOSE SHAPES 

Note: Pier nose located in 
same plane os upstream 

face of spillway 

EFFECT OF NOSE SHAPE Ratio of head on crest to design head 0.0 
-O10)) -O105) 700 OOS) O10" 5Ou5 

Coefficient of pier contraction k 

Fic. 7. Effect of pier nose shape. 

pier contraction k for various ratios of head on crest to design head. 
As a basis for design, spillway discharge coefficients are usually determined by 

model tests. Figure 8 shows the results of such tests for the spillway of the Chief 

Joseph Dam and Fig. 9 for those of the McNary Dam. Both these dams are on the 

Columbia River. The spillway of the Chief Joseph Dam is a concrete, gravity, ogee 

section with 19 bays, 40 ft wide, separated by piers 9 ft wide. The drop from the crest 

at elevation 901.5 to the stilling-basin floor is 158.5 ft. The spillway is designed to 

pass 1,250,000 cfs with a maximum head of 55.4 ft. The McNary spillway consists of 

1 Hydraulic Design Criteria Hydraulic Design Chart 111-5, Corps of Engineers. 



20-10 SPILLWAYS AND STREAM-BED PROTECTION WORKS 

MAX. POOL ELEV_ 960 

ELEV 956.9 

NOR. POOL 
ELEV 937.5 

€ TRUNION ELEV 920 
CREST 

ELEV 9015 

R28. 33" 

20 7 

+——— 109.08- 58.0’ 

S 
; } | ELEV 754 

Ess all CEL AES: CREST AXIS 

zl 11.0! 

at 194 92° > 167 08" 

(a) 

Coefficient of discharge C 

SHO Sil Bye) S44 3.6 Sie 3.8 28) 4.0 4.4 4.2 43 
=a So I SP i el 

—O1OZ = ©,01) Ol e_OlO{mOO2. OOS OOF OOS OC OG O07 
Pier contraction coefficient K 

Maximum head 

Desig.) head 

O { 2] 3 4 5) 6 if 8 9 {0 {1 {2 1S) 
Q, 100,000 cfs 

(b) 

Fire. 8. Chief Joseph spillway. (a) Section of spillway. (b) Characteristics. 

twenty-two 50-ft-wide bays with 10-ft-wide piers. It is designed to pass 2.2 million cfs 

with a maximum head of 65.5 ft on the spillway crest.! 

Figure 10 shows the discharge coefficients obtained by model tests of the spillways 

of the Tennessee Valley Authority dams, and Fig. 11 shows the principal features of 

these spillways.? 

Flow conditions both upstream and downstream from the controls are also factors 

1 Wesster, Marvin J., Spillway Design for Pacific N.W. Projects, Proc. ASCE, J. Hydraulic Div., 
August, 1959. 

? KIRKPATRICK, KENNETH W., Discharge Coefficients for Spillways at TVA Dams, Trans. ASCE, 
122, 190, 1957. 
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Tennessee Valley Authority spillways. (From Trans. ASCE, vol. 122, 1957.) 
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Via. 11. Tennessee Valley Authority spillway crests. (From Trans. ASCE vol. 122, 1957.) 
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GATED AND ORIFICE SPILLWAYS 20-15 

which may influence the discharge capacity. The depth of approach, friction losses in 

approach channels, downstream convergence, and downstream submergence are 

examples of factors which must be taken into consideration. Figure 12 shows the 

effect on discharge coefficients for various depths of approach and for downstream 

submergence. 

GATED AND ORIFICE SPILLWAYS 

6. Gate-controlled Ogee Crests. JReleases for partial openings of gates con- 

trolling the discharge over ogee crests will occur as orifice flow. With the gate open a 

small amount under full head, the path of the jet can be expressed by the parabolic 

equation 
x? 

uaa, (4) 

where h is the head on the center of the opening. 

For an orifice inclined at an angle @ from the vertical, the equation will be 

Baan (5) 
a 4h cos? 0 . 

The adoption of a jet-trajectory profile rather than a nappe profile will result in a 

wider ogee and in reduced discharge efficiency for full gate opening. Where the ogee is 

shaped to the ideal nappe profile, subatmospheric pressures may be reduced by placing 

the gate sill a short distance downstream from the crest. 

The discharge for a gated ogee crest at partial gate openings, in cases where the 

openings are large, may be computed by the equation 

Q = 25 V2g cL(hi?? — hy”) (6) 
>, = 

In some cases it may be convenient to express G V/29 c) as an overall coefficient m as 

in Eq. (7). 

The orifice discharge coefficient c will differ with different gate and crest arrange- 

ments. This coefficient is also affected by the approach and downstream conditions as 

they influence the jet contractions. Thus the contractions for a vertical leaf gate will 

differ from those for a curved inclined radial gate. Figure 13 shows the approximate 

0.72 

0.70 

0.68 

Coef ficient of discharge C 

for orifice flow 

066 

Fia. 13. Approximate coefficients of orifice discharge. (From ‘‘Design of Small Dams," 
p. 284, U.S. Bureau of Reclamation.) 
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coefficients of orifice discharge c for various ratios of gate openings d to total head hy. 

The rating curves for gate-controlled crests with partial gate openings are usually 

determined from model tests. Figure 14 shows typical discharge rating curves from a 

hydraulic model study for a 40-ft-wide by 38-ft-high Tainter gate. 

The basic formula for spillway discharge, used in analyzing prototype measure- 

ments for a spillway, with a vertical leaf gate operating at partial opening, is 

Q = mL(h, — hy”) (7) 

in which h; = head on upper edge, ft 

h, = head on lower edge, ft 

L = net length, ft 

m = coefficient of discharge = 24 V/ 29 c [in Eq. (6)] 

m will not be identical with C in Eqs. (2) and (3) except where there is free overfall. 

Interesting prototype experiments were conducted at Wilson Dam, Alabama, to 

determine the values of m.!_ These measurements were made at the dam with various 

heights of gate openings and with various combinations of gates in operation. 

The spillway section of the Wilson Dam consists of a gravity overflow dam with the 

permanent crest about 80 ft above the stream bed. Flow is controlled by 58 gates 

18 ft high by 38 ft wide. The piers are 8 ft thick. The pier noses are circular in form 

and flush with the upstream face of the dam. 

Figure 15 shows the rating curve and discharge coefficients for two operating 

conditions: (1) with adjacent gates completely closed and (2) with adjacent gates 

completely open. Both sets of tests were made with the pool surface held constant at 

18 ft above the permanent crest. The value of h; should not be taken as the distance 

ll 

1 Puxs, Lours G., Spillway Discharge Coefficients of Wilson Dam, Trans. ASCH, 91, 316, 1931. 
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Fia. 15. Spillway rating curve, Wilson Dam. 
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from the pool level down to the point where the gate clears the water, but rather it 

should be equal to the head on the crest minus the depth of the discharging jet. 

7. Design of Piers. The hydrostatic water pressures acting on the pier sides 

resulting from one gate discharging under maximum head, and with one or more 

adjacent gates closed, will result in lateral loadings which must be transferred to other 

parts of the structure. The thickness and reinforcement of the piers must be adequate 

to withstand, at acceptable factors of safety, the resulting bending and shearing 

stresses. Pier thicknesses usually range between 9 and 15 ft. The anchorages which 

transfer water loads to the piers from the crest gates will also be a factor in determining 

pier widths. Piers may also contain aeration ducts and serve other purposes such as 

supporting highway bridges and hoist or crane structures. 

It is sometimes desirable to taper the downstream ends of spillway piers to provide 

for the gradual spreading of the discharge. When this is done, care must be taken to 

avoid negative pressures which could result in cavitation along the pier sides. 

The possibility that cavitation may occur under high-velocity conditions at pier 

slots should be given consideration. Comprehensive studies of pier-slot design have 

been made by the U.S. Army Engineers and the Bureau of Reclamation.! 

Figure 16 shows the design of the slots adopted for the McNary Dam on the 

Columbia River. 

8. Orifice Spillways. One means of providing a submerged control is with an 

orifice-type spillway. This type may be designed to discharge as an orifice ander 

1 Batu, J. W., Hydraulic Characteristics of Gate Slots, Proc. ASCE, Hydraulics Div., October, 1959. 

Upstream face 

of dam 16.02' 

Dam Pt nose » -¢ Sill beam s \ ™ 
base R=18.07 curve Axis of Ke 

line crest 

SPILLWAY PIER SECTION 

¢ Bottom seal 
| 
Flow GATE SLOT DETAIL 

Fic. 16. Design of slots adopted for the McNary Dam. (From Marvin J. Webster, 

Spillway Design for Pacific N.W. Projects, Proc. ASCE, J. Hydraulic Div., August, 1959.) 
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partial gate openings and as an overflow spillway with an ogee crest under full gate 

opening. By moving the gate downstream from the axis and providing an adequate 

headwall, the spillway gate may be designed to control a head much higher than the 

gate height. By way of illustration, a 50-ft-high gate could be designed to control the 

discharge from a 100-ft head on the crest of an ogee-type spillway. The discharge 

resulting from this orifice-overflow combination would be approximately 4,000 cfs 

per lin ft of opening. In comparison with 50-ft gates mounted on the crest, assuming 

10 ft surcharge, the discharge would be approximately half of that of the orifice- 

overflow combination. The length of the spillway could be reduced proportionately. 

At sites such as that at Mangla Dam on the Indus River (described elsewhere), where 

only a limited area and relatively short length of suitable foundation material are 

available for the spillway structure, the orifice-type spillway offered the most economic 

means of passing the design flood. It should be noted, however, that the orifice type 

results in high flow concentration, which will increase the size and cost of energy- 

dissipation works below. 

The gates controlling orifice discharge would be opened fully only under the 

extremely rare occurrence of design-flood conditions. Under all other conditions the 

partially opened gates would discharge as orifices. The orifice-type gate offers the 

advantages of permitting a deep reservoir drawdown in advance of floods. In some 

situations these gates may be designed to serve both as spillway gates and as reservoir 

outlets. Hither radial or vertical lift gates are usually used to control the discharge 

from the orifice-type spillway. Because of higher heads the gates are much heavier 

than a crest gate of equal size. 

The spillway of the Roseires Dam on the Blue Nile River, constructed for the 

Republic of Sudan, is provided with seven 10-m-wide by 13-m-high spillway radial 

control gates operating under a design head of 28.5 m as shown by Fig. 17,! and by 

five 6.0-m-wide by 11.1-m-high sluice radial control gates which operate under a design 

head of 55.1 m as shown by Fig. 18. The high-level spillway will operate as an orifice 

during partial gate openings and as an ogee spillway when the gates are opened fully. 

The concrete headwall reduces the height of the radial gates by 4.5 m and increases 

the range of flows discharged by orifice action. 

The water passages leading to the orifice outlet must be formed so as to minimize 

entrance vortices and negative pressures. The water passages for the Mangla orifice- 

type spillway (Fig. 19) were shaped after extensive model tests had been made on the 
headworks structure. Mangla Dam is located on the Jhelum River in West Pakistan. 

1 Ten-mile-long Dam Will Reinforce Sudan’s Cottonpicking Economy, Eng. News-Record, June 3, 
1965. 

Nornrall El 482.00-~ 

HW. El 480.005 fee 
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radial control gate 

El 

4 

Fie. 17. Spillway, Roseires Dam, Blue Nile River, Republie of Sudan. 
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El.480m fq 

Radial gate to close 6m 
wide by approx 114.5m high 

clear opening 

445 m retained 

water level 

E440 m approx 

min T.W.level 

Stop logs 

clad lining 

SECTION BETWEEN BUTTRESSES 15 and 16 

Stainless-steel-clad lining 

PLAN ON 435.5 LEVEL 

Fic. 18. Low-level outlet, Roseires Dam, Republic of Sudan. (Courtesy of Sir Alexander 
Gibb and Partners, London.) 

The location and length of the spillway structure were limited by foundation condi- 

tions. The design flood assigned to the orifice structure of 1.1 million cfs will be 

controlled by nine 40-ft-high by 36-ft-wide radial gates. For a discharge of 1 million 

cfs mean velocity of flow in the water passage increases from 11 fps at the entrance to 

66 fps at the exit from the gate openings. It may be noted in Fig. 19 that the concave- 

upward curvature of the streamlines is accomplished in the lower-velocity zones 

upstream from the gate, followed by a zone in which the streamlines curve concave 

downward, thus overcoming in the higher-velocity zones a tendency to form sub- 

atmospheric pressures on the roof. Model tests revealed that pressures on the sides, 

floor, and roof of the water passage were positive under all operating conditions. 

TROUGH OR CHUTE SPILLWAYS 

9. Features. The chute is the commonest type of water conductor used for 

conveying flow between control structures and energy dissipators. Chutes can be 

formed on the downstream face of gravity dams, cut into rock abutments and either 

concrete-lined or left unlined and built as free-standing structures on foundations of 
rock or soil. 

One of the commonest causes of spillway failures has been the improper design of 

chutes. The flow in a chute is usually supercritical; in many cases the velocity is 
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Fie. 19. Mangla Dam spillway, West Pakistan. 

greater than 100 fps. As a result of the large dynamic forces, the structural and 

hydraulic design of the chute is a critical factor. Criteria governing the profile of the 

ogee are well known and commonly adhered to, but the necessity of correct shaping 

of the guide walls in plan is often overlooked. 

10. Principles of Design. Water flowing down a steep chute and colliding with an 

improperly aligned guide wall will produce standing waves, piling up of water against 

walls, overtopping, excessive dynamic impact, cavitation, poor bucket action, and 

other adverse effects. 

In general, the following principles should govern design: (1) nearly all guiding or 

changing direction of water should be limited to locations upstream from the control 

structure where velocities are comparatively low; (2) the alignment of the flow should 

usually be as straight and symmetrical as possible once the water is accelerated. 

The velocity of water increases rapidly as it passes over the control structure. 

Downstream of the ogee crest the velocities become supercritical and increase with 

drop in elevation. Therefore, any changes in alignment of the walls downstream of 

the crest must be handled with extreme caution. Chute alignment for high-velocity 

flow can be curved in the lower reaches only if the chute floor and walls are shaped 

adequately to force water into a turn without overtopping the walls. 

Since the width of a spillway is established by the required discharge at the con- 

trolling section near the crest, quite often the control section will be larger than the 

remaining chute, requiring a transition section between the two. In other cases, it is 

possible to limit the width of the control section by providing deep gates or submerged 

orifice gates with headwall. The width of the chute is limited by topography, con- 

struction cost, and width of the river channel into which it discharges. The transition 

between the control section and the chute should be governed by the following 

considerations: (1) the convergence should be symmetrical to balance hydraulic forces; 
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oN 

Fig. 21. Derbendi Khan Dam—spillway and bucket in action. 

(2) the transition should be as far up the chute as practical, since velocities will be 

least at the upstream end; (3) the transition should be smooth and gradual and should 

be so proportioned that supercritical flow would be maintained throughout; (4) where 

the chute is narrower than the ogee, spillway openings should be arranged radially to 

eliminate a reverse curve in the guide walls. 

Fig. 22. Derbendi Khan Dam—spillway and bucket in action. 
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These principles are illustrated by Fig. 20, which shows the spillway chute at the 

Derbendi Khan Dam on the Diyala River in northern Iraq. The main dam is a 

rock-fill structure about 430 ft high. Spillway discharges are controlled by three 

49- by 49-ft radial gates. Under design-flood conditions, both the control structure 

and chute are designed to pass a flood of 400,000 cfs. The maximum concentration of 

flow at the crest is about 2,700 cfs/lin ft. The maximum concentration of flow in the 

chute is close to 4,000 cfs. 

At maximum capacity the coefficient C in the discharge formula Q = CLh** was 4.09, 

indicating low negative pressures at the crest. 

To attain satisfactory individual operation of each of the three spillway gates, 

internal training walls were extended down the chute to the bucket. The bucket 

type which showed the best characteristics was the V-channel type shown by Fig. 20. 

Figures 21 and 22 show the spillway and bucket in action. 

In testing the models of the Derbendi Khan spillway, measurements of pressure 

and water-surface profiles were made for various flows. The increased pressures in the 

bucket locations must be given consideration in designing both the side-wall and floor 

structures. Centrifugal forces in these locations actually have an effect equivalent to 

that of increasing the density of the water. At the downstream bucket the actual 

pressure on both the walls and floor for a discharge of 400,000 cfs is approximately 

three times the hydrostatic pressure resulting from the depth of water on the bucket. 

11. Side Walls. In addition to these centrifugal forces the design of the side walls 

is predicated on calculations of the following variables: 

1. The average depth of flow called for by the simultaneous application of the law 

of continuity and the law of conservation energy. 

2. The effect of changes in direction of flow which result in the formation of 

standing waves. This can occur where flow impinges upon a side wall, or it can occur 

upstream at a pier or some other obstruction. These waves are then reflected back 

and forth between the side walls of the chute. 

3. The effect of the development of the boundary layer on the side walls and on the 

bottom of the spillway chute which requires flow area in addition to that which would 

be called for by the application of the laws of conservation of matter and energy. 

4. The effect of the entrainment of air by the turbulent high-velocity flow which 

produces a general bulking, particularly along the side walls. 

5. An arbitrary allowance of additional freeboard over and above that required by 
the preceding four considerations. 

Hydraulic-model studies are useful in addition to the analytical studies which 

could be made to evaluate all the foregoing criteria except the one pertaining to air 

entrainment. Model studies are not applicable to the determination of air entrain- 

ment because the air-entrainment process depends upon the absolute magnitude of the 

velocity involved. For this reason guidance in estimating the amounts to be made 

for bulking, because of air entrainment, must depend upon observations in full-sized 

operating spillways. Figures 21 and 22 show the kind of bulking that takes place. 

The entrainment of air results from the falling back into the flow of droplets 

turbulently ejected which then entrain the adjoining air in much the same way as 

does a plunging jet. If the water surface is not turbulent, air entrainment does not 

occur. In deeper portions of the flow at considerable distance from the side walls, 

turbulence is confined to the boundary layer along the bottom of the chute. At some 

point the thickness of the growing boundary layer becomes equal to the depth of flow. 

This point, called the critical point, marks the location of the division between the 

nonturbulent water surface upstream and the turbulent so-called white water down- 
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stream. Along the side walls white water appears much farther up in the spillway 

because the edge of the boundary-layer development along the side walls is contin- 

uously exposed to the atmosphere. Air entrainment along the walls then begins at 

the point where the intensity of turbulence is sufficient to project small masses of 

water required to entrain the air. 

Calculation of the development of the boundary layer on the floor and side walls 

of a spillway chute can be made by the method given in the U.S. Army Corps of 

Engineers Hydraulic Design Criteria, Sheets 111-18 to 111-18/5. Also available from 

the Waterways Experiment Station is a publication describing the studies made to 

develop this design criterion. Presented here are some approximations which are 

useful in preliminary design: 

1. The typical rate of growth of boundary-layer thickness in concrete-lined chutes 

is shown in Fig. 23. 

2. The amount of energy lost in flow down spillway chutes may be taken to be the 

potential head multiplied by the boundary-layer thickness divided by five times the 

depth of flow at the point in question. For example, assume a spillway with a length 

of 200 ft, a drop of 100 ft at a point where the thickness of the flow is 2 ft. The 

dors 
ine) 

Legend 

d = depth of flow, ft 

dp = potential flow depth, ft 

8 = boundary layer thickness, ft 

8, = displacement thickness, ft 
U = potential velocity, fps 
u = point velocity, fps 

L= total length to section, ft 

Hg= spillway design head, ft 
k = absolute roughness, ft 

400 600 {000 2000 
Ne 

Note: 

Curves applicable to standard 
spillway crest (HDC Ill-| to 
1-2/4) with 4:0.7 tangent face 

slope 

Depth (d) is potential flow depth 

DEFINITION SKETCH plus displacement thickness 

Fic. 23. Boundary-layer thickness in concrete-lined chutes. (By U.S. Army Engineer 
Waterways Experiment Station, Vicksburg, Mississippi.) 
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thickness of the boundary layer at this point could be on the order of 1 ft; the 

head loss at this point would be 100 X 1 ft divided by 5 X 2 ft = 10 ft, leaving an 

average of 90 ft of dynamic head. 

3. The allowance to be made for wave action and surface bulking produced by 

piers on the spillway crest should be approximately 25 percent of the estimated thick- 

ness of the flow at the downstream edge of the piers at maximum discharge. Actual 

model tests might produce better estimates of the amount of the wave action, but 

additional bulking produced by air entrainment is presently a matter of judgment. 

It is believed that the provision of 25 percent of the thickness of the flow at the down- 

stream edge of the piers would be sufficient to accommodate all bulking along the 

side walls of the spillway assuming that the alignment was carefully made. 

4. The amount of additional freeboard above the sum of the potential thickness of 

the flow, 10 percent of the boundary-layer thickness and 25 percent of the thickness of 

the flow at the downstream edge of the piers, should be an additional 2 to 5 ft, depend- 

ing upon the size of the spillway involved. 

12. Floor Slabs. The possibility of the development of stagnation pressures 

beneath the slab as a result of impingement of high-velocity jet on offsets at joints 

must be considered. Should such large forces develop, the slab would in all probability 

be torn from its place as would all the spillway floor downstream from this point. 

Such failures have occurred in a large number of chute spillways. This type of failure 

can be guarded against by the following procedures: 

1. Joints in floor slabs would be designed to accommodate possible differential 

movements without the formation of an abrupt surface upon which the high-velocity 

flow may impinge. 

Fie. 24. Hoover Dam spillway. 
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2. Joints between sections of floor slab should be keyed or sloped to minimize 

differential motion. 

3. Forces under floor slabs which could develop by underseepage from the head- 

water or from high tail water must be resisted structurally, or reliable underdrainage 

must be provided to eliminate the development of such high underpressures. The 

design of floor slabs depends a great deal on the nature of the foundation materials 

and the overall layout of the spillway, as well as the headwater and tail-water relation- 

ship. If failure of floor slabs is to be avioded, a design must be carefully executed by 

an experienced designer. Surface tolerances in floor slabs, and on side walls for that 

matter, are important from the standpoint of elimination of cavitation and other 

damage. ! 

SIDE-CHANNEL SPILLWAYS 

13. General. The side-channel spillway is commonly used in sites where the 

sides are steep and rise to a considerable height above the dam. In this form, the 

water falls over the spillway crest into a channel, in which the flow is parallel to the 

crest. This channel leads eventually to the stream below the dam. A complete 

1 Baru, JAMes W., Construction Finishes and High-velocity Flow, Proc. ASCE, J. Construction 

Div., September, 1963. 
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explanation of the hydraulics is given by Hinds.! This analysis is based on the 

assumption that all the energy of the overfalling water is dissipated in turbulence 

and that the slope in the side channel must be sufficient to accelerate the overfalling 

water in the direction of flow down the channel. Observations on many spillway 

models have confirmed the essential accuracy of this analysis. In the spillways of 

Hoover Dam (Fig. 24), a cross weir was constructed at the downstream end of the 

channel section, to provide at all flows a considerable depth of water in which the 

energy of the overflowing water could be dissipated without causing excessive turbu- 

lence in the tunnel that carried the water back to the river. In this case, it was very 

desirable to avoid turbulence in order that the water might flow through the long 

tunnels without undesirable effects due to entrained air. The increase in the size of 

channel required with this weir was negligible. Extensive model experiments on the 

Hoover Dam spillways indicated that turbulence in the side channel can probably be 

reduced at less expense by such a device than by any form of baffles that might be 

used. Attempts to divert the overfalling water in a downstream direction, the velocity 

of flow in the channel being thus increased and the necessary size decreased, were 

unsuccessful in evolving any practical method. The tests demonstrated that the 

flow conditions in the channel downstream from the overflow section will be improved 

if the channel is narrowed, downstream from the overflow section, by offsetting the 

side toward the dam in by an amount equal to the thickness of the stream of water 

falling over the weir. 

In connection with the design of the spillways of the Hoover Dam, extensive 

studies were made of crest shapes and discharge coefficients. These are much more 

extensive than are feasible to give in this book. Detailed information will be found 

in the Bureau of Reclamation reports.? 

14. Flow Characteristics. Basic side-channel-flow characteristics are illustrated 

by Fig. 25. The theory of flow is based on the law of conservation of linear momen- 

tum. For any short reach of the side channel, the momentum at the beginning of the 

reach plus any increase due to external forces must equal the momentum at the end 

of the reach. 

Consider a short reach Az in length, with a velocity and discharge at the upstream 

section of v and Q, respectively. At the downstream section the velocity and dis- 

charge will be v + Av and Q + q(Az) where q is the inflow per foot of length of the 
weir crest. 

By applying the law of conservation of linear momentum, it can be demonstrated 

that change in the water elevation Ay in the reach Az can be expressed in the following 

formulas: 
_ Qv + 344d) 

9 Q+34(4Q) 

If Q; and v; are values at the beginning of the reach and Q» and v are the values at 

the end of the reach, Eq. (8) can be written 

g(Ax) Bw + av) | (8) Ay | 20 =; 

a Qi U1 + v2 V2(Qo — 2) 
At g Q, ae Os | ws v1) ar Qi (9) 

This derivation can also be developed so that 

Q» V1 + V2 | v1(Q. — oe) Ay = 5 ) se 
i g Qi + Qe Sar Ba) at Qe» (0) 

1 Hinps, JuLian, Side Channel Spillways, Trans. ASCE, 89, 881, 1926. ‘‘ Design of Small Dams,” 
p. 293, U.S. Bureau of Reclamation. 

2 Studies of Crests for Overfall Dams, Boulder Canyon Project, Part VI, Bull. 3, U.S. Bureau of 
Reclamation. 

3““Design of Small Dams,”’ p. 283, U.S. Bureau of Reclamation. 
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By the use of Eqs. (9) and (10) the water-surface profile can be determined for any 

particular side channel by assuming successive short reaches of a channel once a 

starting point is found. Commonly a control section where critical flow occurs is the 

starting point. The solution of Eqs. (9) and (10) is obtained by a trial-and-error 

procedure. 

MORNING-GLORY SHAFT AND TUNNEL SPILLWAYS 

15. General. In morning-glory or shaft spillways, the water flows over the lip of 

a funnel-shaped spillway and discharges down ashaft or tunnel. This form of spillway 

is adapted to narrow canyons where room for a spillway is restricted. A disadvantage 

of this type is that the discharge beyond a 

certain point increases only slightly with 

increased depth of overflow and therefore 

does not give so great a factor of safety 

against underestimation of flood discharge 

as do most other forms. 

The morning-glory type has been tested 

extensively in models, and some limited 

observations have been made of prototype 

performance.! 

Because in ordinary model tests the air- 

entraining effects cannot be reproduced to 

scale, for the surrounding air pressure is not 

reduced to a magnitude corresponding to the 

model size, the degree of agreement of 

model tests with the prototype action is 

uncertain. The Davis Bridge spillway? 

(Fig. 26) is typical of the form. Since the eles 

spillway is placed on the side of the hill, it 55. R=\ S 

is usually provided with channels leading to Pad AMG 
22.5 diam 

22.5 diam 

it from both sides. Unless these channels SS —— 21.5' diam 

are very deep, the water does not flow over “OT 
SECTION the spillway crest in a radial direction, but 

owing to the tangential component of the Fic. 26. Davis Bridge Dam spillway. 

water as it approaches the weir, itismore (“70m Trans. ASCE, vol. 121, p. 313.) 
or less deflected from a radial path in the 

direction of the path of approach. It tends to pass over the lip, therefore, with a 

component toward the bank side of the spillway, which results in a concentration of 

flow about the middle of the bank side and causes an unequal flow down the spillway 

shaft, which gives rise to considerable turbulence. The undesirable condition can be 

largely eliminated by placing piers on the crest to guide the water. 

Considerable turbulence occurs at the bend at the bottom of the vertical shaft. 

For comparatively low heads this is probably not serious, but the action under high 

heads is uncertain. For high dams, it would seem to be advantageous to begin to 

incline the tunnel as short a distance as possible below the intake and provide ample 

access of air to the inclined section. 

The form of the spillway is largely controlled by the discharge to be accommodated 

and the depth of overflow permitted, for the length of crest must be sufficient to 

provide for the required discharge at the maximum head permitted. Thus large 

1 Brapupy, Joserpu N., Shaft Spillways Prototype Behavior, Trans. ASCH, 121, 312, 1956. 

2 Kurz, Forp, The Hydraulic Design of the Shaft Spillway for the Davis Bridge Dam and Hy- 
draulic Tests on Working Models, Trans. ASCE, 88, 1925. 
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hing gate-, | 

Fig. 27. Owyhee morning-glory and shaft spillway. 

discharges and small depths of overflow give rise to large diameters of the intake section. 

The size of the outlet tunnel is determined by the discharge and fall and is commonly 

constructed so that the tunnel will flow full throughout its length but not cause a 

backwater action on the spillway crest under conditions of maximum discharge. 

Three examples of structures in service will illustrate the principal features of this 

type: (1) the Davis Bridge spillway, (2) the Owyhee spillway, and (3) the Hungry 

Horse spillway. 

16. Typical Morning-glory Spillways. Davis Bridge. The first morning-glory 

spillway in the United States was constructed at the Davis Bridge Dam on the Durfield 

River near Whittingham, Vt. The dam was completed about 1926. This spillway 

was designed for a maximum discharge of 27,000 cfs with a head on the crest of 8 ft 

and a drop of 188 ft from the reservoir to the invert of the horizontal tunnel. The 

principal features of the spillway are shown by Fig. 26. The computed discharge 

during the hurricane period of 1938, when the water reached 6 ft on the crest, was 

19,400 cfs. 

Owyhee Spillway. The Owyhee spillway in Idaho was completed by the U.S. 

Bureau of Reclamation in 1932. Figure 27 shows the principal features of this 
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structure. The design flood is 30,000 cfs. The maximum head on the crest for this 

discharge is 12 ft and the water is dropped 320 ft through a vertical shaft. During 

1952, this spillway operated for more than a month. The maximum discharge during 

this period was 20,000 cfs. 
Hungry Horse Spillway... The Hungry Horse Dam was completed in 1953 by the 

Bureau of Reclamation. It is located on the South Fork of the Flathead River near 

Columbia Falls, Mont. The principal features of the spillway are shown by Fig. 28. 

Discharges are controlled by an adjustable 64-ft-diameter by 12-ft-high ring-gate 

structure which releases into a tapering and sloping tunnel. The throat of the converg- 

ing section, as shown by Fig. 28, is 37 ft in diameter. This tapers to a diameter of 

34.79 ft at the upstream end of the inclined tunnel. 

The incline has a vertical drop of 341.3 ft and tapers to a diameter of 24.5 ft at the 

downstreamend. A vertical bend connects the inclined tunnel to the nearly horizontal 

tunnel which continues to the outlet portal at a slope of 0.0019. The tunnel is 24.5 ft 

in diameter throughout the lower bend and for a distance of 219 ft downstream then is 

transformed through a 166-ft-long transition section to a 31-ft-diameter horseshoe 

tunnel. 

The spillway is designed to pass a flow of 53,000 cfs. In discharge tests, made in 

July, 1954, the reservoir release through the spillway was 30,000 cfs. 

17. Hydraulics. The morning-glory shaft spillway may operate under three 

conditions: (1) With crest control. Under this condition there is accelerating flow in 

the vertical and transition sections of the shaft and decelerating open-channel flow 

in the outlet leg of the conduit. (2) With tube or orifice flow. Under this condition the 

morning glory acts under a partially submerged inflow with orifice control at the 

throat of the transition. (3) With full pipe flow. Under this condition the morning- 

glory intake is completely submerged and the entire conduit runs full. The control 

then moves to the downstream portal of the outlet leg of the conduit. 

Using the nomenclature shown by Fig. 29,? the basic equation for the discharge of 

a nappe-shaped circular weir is 

Q = C.(2rRs) Ho”? (abil) 

It is apparent that the coefficient of discharge for a circular crest differs from that 

of a straight crest because of the effects of submergence and back pressure incident to 

the joining of convergent flows. Thus Cy) must be related to Hy and RF, and, expressed 

in terms of Ho/Rs, is shown in Fig. 30? for three conditions of approach depth. 

18. Typical Tunnel Spillways. Three notable spillways of this type will be 

described—Hoover, Fontana, and Glen Canyon. The Hoover Dam side-channel 

spillways (Figs. 24 and 31) are designed to pass a flow of 400,000 cfs, 200,000 cfs 

through each tunnel, with a fall in excess of 500 ft. The discharge from the side- 

channel spillways passes over weirs which discharge into 50-ft-diameter tunnels. The 

general plan and principal features of the spillway on the Nevada side are shown by 

Fig. 31.8 The spillway tunnels are free-flowing, as shown by Fig. 31. The maximum 

theoretical velocity is 175 fps. Early operations resulted in some cavitation at the 

bend. This was apparently caused by some slight irregularities in the concrete surface. 

The principal features of the Fontana spillway are shown by Figs. 32 and 33. The 

Fontana Dam, located on the Little Tennessee River in western North Carolina, was 

completed by the Tennessee Valley Authority in 1944. The concrete structure con- 

taining the main spillway is a gravity dam about 255 ft long forming an integral part of 

1 DoNELMAN, BERNARD, Discussion, Morning-glory Shaft Spillways, A Symposium, Paper 2802, 
Trans. ASCE, 121, 334. 

2“Design of Small Dams,’’ pp. 311-314, U.S. Bureau of Reclamation. 

’ Model Studies of Spillways, Hydraulic Investigations, Boulder Canyon Reports, Fig. 2, Plan of 
Nevada Spillway, Bureau of Reclamation, Bull. 
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the low rim dam on the ridge of the left abutment. Its location on the rim dam was 

closely coordinated with the layout of the diversion tunnels, which were also used as 

discharge tunnels for the spillway. 

The spillway discharges are controlled by two groups of two 35-ft-wide by 35-ft- 

high radial gates. Each pair is positioned on the chords of an arc to provide for the 

smooth convergence of the discharge into the 34-ft-diameter tunnels. 

Supplementing the radial gates on the crest are three slide gates placed in three 

sluice openings, 5 ft 8 in. wide by 10 ft high. Each tunnel is designed to discharge 

100,000 cfs flowing free.! 

The largest and most important feature of the Colorado River storage project is the 

Glen Canyon Dam, located on the Colorado River in Arizona, 13 miles south of the 

Utah border. The main dam consists of a concrete arch which rises over 700 ft above 

the bedrock foundation. 

Identical spillways in each rock abutment will discharge into inclined tunnels 

connecting with each diversion tunnel downstream from the plug. The principal 

features of the spillway are shown by Fig. 34. The total spillway capacity is 276,000 

cfs. The discharge is controlled by two 40-ft-wide by 52.5-ft-high radial gates in 

each spillway. 

SIPHON SPILLWAYS 

19. General. Where the available space is limited and where the discharge is not 

extremely large, siphon spillways are often superior to other forms. They are also 

useful in providing automatic surface-level regulation within narrow limits. Because 

the siphon spillways prime rapidly and bring into action their full capacity, they are 

especially useful at the powerhouse end of long power canals with limited forebay 

capacity where the power may go off and the turbines shut down rapidly, the provision 

1 The Fontana Project, Tennessee Valley Authority, Tech. Rept. 12, 1949. 
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of a considerable discharge capacity being made necessary within a very short time in 

order to avoid overflow of the canal banks. 
Figure 35 shows a cross section of one of 18 siphon spillways in the O’Shaughnessy 

Dam (as initially constructed), which have a combined capacity of about 20,000 efs. 

Siphon spillways are often built with a basin at the lower end so that the discharge end 

will be submerged, but this is not necessary, as an 

ejector action can be introduced by placing a bend come me 

or lip in the downstream leg, which deflects the aie Te ptlelZ. 

water when flowing over the crest at a slight depth Re ASA 

to the opposite side of the siphon barrel. The lower 

end of the siphon barrel will thus be sealed, and the 

flowing stream, by carrying along bubbles of air from 

the inside of the siphon, will reduce the pressure 

inside enough to cause the siphon to start. 

After the siphon action is started, unless the 

siphon is vented, the upstream water level will be 

drawn down to the level of the entrance before flow 

ceases. The magnitude of the drawdown can be 

controlled by means of a vent, as shown in Fig. 35, 

through which the air enters the siphon and destroys Fic. 35. Siphon spillway in 

the prime as soon as the water level has fallen below O'Shaughnessy Dam. 
the vent. 

The siphons should be made with gradually contracting entrances and curves of as 

large radius as possible. The capacity can sometimes be increased by gradually 

expanding the downstream section of the tube. It is not possible to compute accu- 

Normal H.W. Max design flood El. 78!1.00(276,000 cfs) 

El. 770.00> 

Crest Fl. 728.50.— 
Radial gate 

42.5' wide X50’ high 

Dam outline 

Plunge pool lining 

on both river banks 

Min TW. El. 417.00 

Tia. 36. Mossyrock spillway. 
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rately the action of siphon spillways. Much better results can be obtained by model 

tests. For further discussion on siphon spillways, reference should be made to Sec. 34, 

Irrigation Structures. 

SCOUR PROTECTION BELOW OVERFALL DAMS 

20. Plunge Pools. A plunge pool frequently offers a simple and effective means of 

dissipating the energy of falling water. Natural waterfalls usually erode a pool having 

a depth of approximately one-third the head above the pool. Thus nature offers a 

rough guide in determining pool depths. Figure 36 shows a plunge pool of this type 

below the overfall spillway of the 600-ft-high double-curvature arch dam now (1968) 

being constructed by the city of Tacoma on the Cowlitz River in Washington. 

The spillway discharge for the design flood would be 276,000 cfs. This discharge 

is controlled by four 42 ft 6 in. wide by 50 ft 0 in. high radial crest gates. During the 

period of the design flood the maximum depth of the pool below the overfall spillway 

would be approximately 260 ft. 

In the design of plunge pools, model tests are usually required to determine that the 

energy of the spillway discharge is dissipated before it reaches the foundation. For 

example, in some cases, the discharge over an ogee-type spillway with a radial bucket 

at the toe, into a relatively deep pool, may follow the submerged face of the dam and 

travel horizontally along the foundations as a submerged jet. In such cases the energy 

of the submerged jet will be diminished only slightly by frictional losses and under- 

cutting of the stream-bed protection works may result. 

21. Deflector Buckets. Where the spillway discharge may be delivered directly to 

the river without providing additional stream-bed protection works the jet may be 

projected beyond the structure by a deflector bucket. Flow from these deflectors 

leaves the structure as a free-discharging upturned jet. 

The trajectory of the jet depends upon the energy of the flow at the lip and the 

angle at which the jet leaves the bucket. With the origin of the coordinates taken at 

the end of the lip, the path of the trajectory may be expressed by the equation 

gy 

K[4(d + h,) cos? 6] 
y = ax tan 6 (12) 

in which 6 = angle of edge of lip with horizontal 

K = a factor usually assumed as 0.9 to compensate for loss of energy 

d = depth of water on bucket 

h, = velocity head of discharging jet 

Ordinarily the exit angle should not exceed 30 deg and the minimum radius of 

curvature should not be less than five times the depth of the water on the bucket. 

Figures 21 and 22 show the deflector bucket for the Derbendi Khan spillway operating 

under free-discharge conditions. 

In cases where the defector bucket discharges under submerged or partially 

submerged conditions model tests are usually required to finalize the design. More 

complete discussion of the hydraulics of deflector buckets can be found elsewhere.? 

Under some conditions of submergence large eddy currents may circulate around 

the guide walls and possibly undercut the bucket and terminal structures. Model 

tests show that the omission of the guide walls near the end of the bucket will introduce 

eddies which will counteract this effect. These eddies result from the centrifugal force 

acting on the bucket, which spreads laterally some part of the spillway discharge. 

1“Design of Small Dams,” p. 291, U.S. Bureau of Reclamation. 
2“Design of Small Dams,” U.S. Bureau of Reclamation. McPuerrson, M. B., and M. H. Karr, 

A Study of Bucket Type Energy Dissipator Characteristics, Proc. ASCE, Paper 1266, Symposium on 
Spillway Basins and Energy Dissipators, June, 1961. 
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Max. design flood 

353,000 cfs 
E600. ———— 
E90 

FEISS O 

GUAYABO SPILLWAY 

RIO LEMPA SALVADOR 

Fic. 37. Guayabo spillway. 

Fia. 38. Guayabo spillway discharging under approximately design-flood conditions. 
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Fie. 40. Mayfield—initial operation under partial gate openings. 
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The prototype performance of two existing structures having deflector buckets 

which will operate under conditions ranging from free jet discharge to deep sub- 

mergence will be described. 

Figure 37 shows a section through the Guayabo spillway, a 200-ft-high gravity 

dam, located on the Lempa River in El Salvador, Central America. The spillway 

discharge is controlled by seven 39-ft-high by 40-ft-wide radial gates. The narrow 

canyon below limited the width of the spillway. With a surcharge of 10 ft the design 

flood of 350,000 cfs would cause a tail-water rise of 65 ft. Figure 38 shows the 

Guayabo spillway discharging under approximately 

design-flood conditions. 

Figure 39 shows a plan and section of the 180- 

ft-high Mayfield spillway, constructed by the city 

of Tacoma on the Cowlitz River in Washington. 

Mayfield is a run-of-river project constructed a short 

distance downstream from Mossyrock (Fig. 36). The 

spillway is located in a saddle in the left abutment. 

The discharge is controlled by five 40-ft-wide by 40- 

ft-high crest gates which are capable of passing a 

design flood of 314,000 cfs. Figure 40 shows the 

initial operation under partial gate openings. ea 

The model tests for both Guayabo and Mayfield jie jump. 

indicated that there would be aggradation of founda- 

tion material against the downstream face of the 

deflector bucket. To date (1967) the hydraulic performance of both spillways has 

conformed closely to that of the models. 

Reference to Fig. 39 shows that the Mayfield spillway chute narrows down to a 

width of 120 ft at the lip of the bucket. Model tests showed that this sharp con- 

vergence could be achieved (1) by placing the upstream faces of the radial gates on the 

chords of an arc, (2) by tapering the piers, and (3) by extending the piers well down the 

chute. The benefits obtained from these features are illustrated by Fig. 40. 

22. Stilling Basins. Unless proper precautions are taken, the velocity of the 

spillway discharge may erode the stream-bed material and undermine the dam until 

failure occurs. The hydraulic jump, in many cases, is the most effective way of 

preventing this erosion, as it quickly 

reduces the velocity of the water to a 

Elements of hydrau- 

point where it is incapable of damaging 825 

the stream bed. 

The simplest kind of protection could 820 

be used if a jump would form at all stages 18 

on a horizontal floor, at the stream-bed a 

level, extending from the dam to the « 815} 

downstream end of the jump. The a 

formula for the hydraulic jump in a -£ 810 

horizontal channel of rectangular section ° 

is W gos nS 

9V ,2 2 

Dy, = — 23 - qed +2 (13) 800 
g 0 1000 20000 30,000 40000 

Discharge In second- feet 

where, as shown by Fig. 41, D: and D, Fie. 42. Tail-water rating curve vs. jump 
are the depths upstream from the jump height. 
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El. 75 

Santee Cooper 
Santee Cooper River SC 

Petenwell 

Wisconsin River, Wis. 

Castle Rock 
Wisconsin River, Wis. 

Fic. 48. Sloping aprons of Santee Cooper, Petenwell, Castle Rock. 

and V; and V» are the corresponding velocities. A more complete discussion of the 

hydraulic jump on both horizontal and sloping aprons will be found in Sec. 2. 

The height of the tail water for each discharge seldom corresponds to the height of 

a perfect jump. Frequently the elevation discharge curve of the tail water or the 

tail-water rating curve is as shown by Fig. 42. The relations between the positions 

of these curves fall into four classes: (1) jump-height curve above tail-water rating 

curves, (2) jump-height curve below tail-water rating curve, (3) jump-height curve 

/00 ton gantry crane 

Center line 

Maximum high 
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Top of gotes El. 375.0 YI 
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Q 20 40 60 
EE ee) 
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Fia. 44. Section through Kentucky Dam spillway, TVA. 
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above tail-water rating curve at low discharges and below at high discharges, (4) jump- 

height curve below tail-water rating curve at low discharges and above at high dis- 

charges. The best form of protection depends largely upon which of these four 

conditions exists. 

In some cases the sloping apron of the general type shown by Fig. 43 will permit a 

hydraulic jump to form at the proper depth within the limits of the apron throughout 

the entire range of spillway discharges and corresponding tail-water depths. It will 

be noted that each of these sloping aprons terminates in a deflector sill which directs 

the discharge upward toward the surface of the tail water where the residual energy is 

dissipated. 
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lig. 47. Typical section—stilling-basin dimensions, McNary Dam. 

Another type of stream-bed protection structure which has operated successfully 
under a wide range of discharge and tail-water conditions is shown by Figs. 44 to 46, 
inclusive. Features which are common to these three structures are stilling basins 
formed by plane surfaces with deflector sills at the end of the hearth. In connection 
with the Kentucky Dam (TVA) a dentated sill was used as the terminal structure in 
conjunction with intermediate baffle blocks. 
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Model tests for the Wanapum project, completed in 1964 on the Columbia River 

by the Grant County Public Utility District Number 2, revealed that a relatively short 

hearth and low terminal sill would be adequate to deflect a large part of the discharge 

upward and dissipate the energy on the surface of the tail water. These tests showed 

a high localized positive pressure at the junction of the ogee and the horizontal apron 
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Fic. 48. Baffle-pier pressures, McNary Dam. 

slab. Model tests indicated that the introduction of a curved bucket at this inter- 

section required a substantial increase in the length of the hearth. Apparently a 

substantial amount of energy is dissipated at this point and part of the discharge is 

reflected upward to the surface. The residual flow is directed upward to the surface 

by the deflector sill. 
Stilling-basin designs have varied widely. As one example of an earlier design, 
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Fra. 49. Cross sections of dams showing various methods of protection against scour. 

Fig. 47 shows the stilling-basin dimensions of the McNary Dam and Fig. 48 shows 

baffle-pier pressures observed during prototype observation tests made in 1955.! 

The stilling basin is of the conventional hydraulic-jump type. Flood flows are 

passed through twenty-two 50-ft by 50-ft gates each of which is capable of discharging 

100,000 cfs. Model tests for this arrangement indicated that the apron length should 
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Fic. 50. Spillway section at Cherokee Dam. 

be 3.2 Do, where D» is the maximum conjugate depth after the hydraulic jump. The 

apron elevation was set so that the maximum tail-water depth of 75.5 ft was equal to 

0.90 D». because of the anticipated effect of the baffle piers. The Froude number 

1 BerRYHILL, R. H., Stilling Basin Experiences of the Corps of Engineers, Proc. ASEC, Paper 1624, 
Symposium on Stilling Basins and Energy Dissipators, June, 1961. 
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Vi/~/gD, at design discharge is 3.3, where V; and D, are the velocity and depth, 

respectively, upstream from the hydraulic jump. 

Prototype operation tests were made in June and July, 1955, with normal pool 

operations of 335 and 340 (see Fig. 9) and with spillway bays 15, 16, and 17 discharging 

together and with bay 16 discharging alone. The results of the piezometer tests on 

the baffles and the baffle details are shown by Fig. 48. The low pressures shown for 

plezometer B, indicate that cavitation pitting on the sides of the baffles may be 

expected. 

Mississippi Rehbock 
: : Mississippi 

R No. ‘ iver Dam No.8 Sill Ribera es os Ci} — 

Sa) LE alae 

Norris Dam Hornsby Sill 

India 
recs. Say 

3 Pit River No 

Fic. 51. Typical forms of baffle piers and sills. 

Cavitation damage on the sides of baffle piers has occurred on several high-head 

projects. In one instance the sides were deeply cut away during floods, leaving the 

blocks in the rough form of large I beams. 

In general, piers with rounded edges have sustained less damage than those with 

sharp edges. However, this measure reduces to some extent the ability of the pier to 

dissipate energy. Nine baffle piers at Bonneville Dam on the Columbia River were 

repaired in 1947 with a 9 in. radius on each leading edge and a 2.5 ft radius connecting 

top and back slope. 
Other examples of the various methods of protecting against scour are shown by 
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Figs. 49 to 51, inclusive. These are principally of historic interest as continuous 

research by the U.S. Army Engineers, the U.S. Bureau of Reclamation, and other 

water-control agencies and private firms is resulting in continuous improvement. The 

problems vary from structure to structure. Each is unique and seldom may the 
feature of one design be applied to another. Designs for important spillways passing 

large amounts of water must be checked by model tests if reliable results are to be 

obtained. 

The Mangla spillway which is now being constructed by the government of West 

Pakistan offers one example of a spillway structure which was designed to meet very 

special conditions. The headworks and orifice gates for this structure are shown by 

Fig. 19. A plan of the spillway is shown by Fig. 52 and a section by Fig. 53. 

The Mangla spillway is designed to discharge 1,100,000 cfs, as shown by Figs. 52 

and 53. To eliminate the effects of tail-water uplift two stilling basins were required. 

Energy dissipation in the upper basin will be 

achieved bya hydraulic jump which will be 

induced by a 39-ft-high deflector sill. 

The required depth of water in the upper 

stilling basin is provided by a weir of ogee shape 

at the downstream end of the basin. The max- 

imum depth of flow over this weir will be ap- 

proximately 45 ft. 

From this weir water is next conveyed down 

a second chute to the lower basin. The maxi- 

mum drop from the upper stilling basin to 

eee tailrace elevation will be 125 ft. The energy of 

this drop will be dissipated in the lower stilling 

PLAN basin where a second hydraulic jump will be 

Armor plating as required formed. Model tests indicated that a combina- 
tion of baffle blocks and terminal dentated sills 

would offer the best means of dissipating the 

residual energy. With the arrangement shown 

by Figs. 52 and 53 about two-thirds of the energy 

would be dissipated in the upper basin and about 

one-third in the lower basin. 

To avoid the formation of negative pressures 

and resulting cavitation the blocks were con- 

structed with T-shaped sections, as shown by 

Fic. 54, General type of lowes Fig. 54. The block faces were heavily armored 
stilling-basin baffle blocks— ; 
Mangla Dam project. with steel. The results of model tests showed 

that each block could be subjected to a longi- 

tudinal force of 7.2 million lb. 

The poor sandstone foundations at Mangla precluded the use of high vertical 

training walls. To overcome the unfavorable effects of the sloping sides of the stilling 

basins, groin walls and guides were used as shown by Figs. 52 and 53. 

As a guide to the design of stilling basins for small dams the Bureau of Reclamation 

presents three charts in ‘““The Design of Small Dams”’ which are reproduced in Figs. 55, 

56, and 57. Figure 55 applies to jump phenomena where the incoming flow depths 

and velocities are in the Froude-number range between 2.5 and 4.5.2 

a 

Section A-A 

1 Progress at Mangla, Water Power Eng., May, 1966, p. 173. 
2“ Design of Small Dams,’’ pp. 294-298, U.S. Bureau of Reclamation. 
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Figure 56 applies to Froude numbers above 4.5 where the incoming velocity does 

not exceed 50 fps. Where velocities exceed 50 fps or where impact baffle blocks are not 

employed the type of basin shown by Fig. 57 can be used. 

It must be emphasized that these three charts should be used only in the formula- 

tion of preliminary designs. The whole subject of stream-bed protection is a complex 

one, and in most cases, no single chart can offer a complete solution. 



SECTION 21 

SPILLWAY CREST GATES 

By-P. R. Mayer anp JoserpH R. BowMaAn* 

1. Introduction. However advantageous a fixed-crest free overfall spillway may 

be from the operating standpoint, the great value of property and improvements in 

many reservoir sites prohibits the backwater stages resulting above such a dam during 

flood. At the same time, the desirable storage or head requirements on projects 

concerned with the conservation of water or control of floods may often approach the 

limit that can be obtained at the feasible damsites. 

The solution of this problem lies in some form of movable crest, by means of which 

increases in flood stage above the dam may be materially lessened within the limits of 

backwater effect, without seriously curtailing the low-water storage or head normally 

available. 

Many types of movable crests are in successful operation. However, relatively 

few of these many types may be suitable or economical for a given situation. The 

problem of the engineer is to select and design the proper type and size of crest gate 

that will pass the maximum flood without appreciable damage to the dam and other 

structures and in which there is proper economic balance between the cost of structures 

and operation and the costs due to the resulting flood stages upstream. 

The degree of success with which this problem is solved depends on knowledge of 

the local conditions under which the spillway gates must be operated and an apprecia- 

tion of the features of any type which are fundamentally suitable or unsuitable for 

these conditions. 

2. Conditions under Which Gates Must Be Operated. Generally speaking, the 

local physical, hydrological, climatic, and operating conditions must be properly 

evaluated in selecting the most suitable size and type of spillway gate. Consideration 

must be given as to whether: 

1. The foundation is susceptible to serious erosion or is very resistive. 

2. Surface turbulence downstream is objectionable. 

3. The stream carries heavy drift or logs. 

4. Floods are flashy or rise gradually. 

5. Floods are frequent throughout the year or are confined to a few occurrences at 

definite seasons. 

6. Intense floods occur frequently or only at long intervals. 

7. The stream is subject to severe ice floes. 

8. The gates will freeze in during the winter and, if so, whether they may be 

expected to be frozen or clear at the time of the first spring floods. 

9, The pool level must be closely regulated. 

10. Water can be wasted or must be conserved. 

11. The spillway must be operated and maintained by other personnel or will have 

its own operating force. 

* Parts of this section appearing in the First and Second Edition were contributed by Joseph R. 
Bowman and the late James 8S. Bowman. The additional material appearing here was contributed 

by P. R. Mayer. 
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12. Some operating force will be available at all times or only occasionally. 

13. The reservoir must be lowered rapidly to provide flood-control storage. 

The study of many of these conditions falls under a special subject, such as 

hydrology, and therefore will not be treated in detail in this section. 

From the fact that a spillway usually concentrates the discharge in a much nar- 

rower width below the dam than was occupied by flood flow under natural conditions, 

every consideration should be given to the possible consequences of this change in 

regimen. This fact argues for as long a spillway as feasible. Particularly where 

foundations are susceptible to serious erosion, lengthening of the crest, with cor- 

responding reduction in depth of overflow, reduces the energy to be dissipated per unit 

length. The economics of this problem may be approached by comparing the cost of 

various spillway lengths with the cost of providing the required stilling pool or other 

protection downstream. The persistence of surface turbulence for considerable 

distances downstream is often objectionable from the standpoint of navigation or 

because of serious bank erosion. Although this is largely a problem of spillway design, 

the effects may often be minimized by proper consideration of the size and arrange- 

ment of the gates. 

Heavy runs of ice or drift necessitate long gates from the fact that piers must not 

offer sufficient obstruction to cause Jams. If the ice goes out with a moderate rise, a 

number of gates of the overflow type or a length of open spillway should be provided. 

However, on many large reservoirs, the ice melts in place and but little passes the 

spillway. A study of this condition should be made on adjacent existing reservoirs. 

Frequent flashy or intense floods require gates with mechanism that can be readily 

and conveniently operated at any time with minimum operating labor. When gates 

must be constantly available for use in cold climates, a type should be selected that 

will reduce the leakage to a minimum and avoid the dangers of freezing which are 

inherent in some types. The design should be such that various methods of heating 

and ice removal can be readily provided. 

Where pool levels must be closely maintained or fluctuated within certain limits, 

it is advisable to provide a number of gates designed particularly for this service as 

well as for other purposes. These gates should be arranged for close adjustment and 

may be operated from fixed hoists controlled from the powerhouse or other point if 

frequent attention is required. However, if the incremental volume of the reservoir 

is large, compared with the variation in discharge, small inaccuracies in gate adjust- 

ment are usually of no consequence. Automatic operation is largely related to this 

question by way of the attendance required to maintain constant pool levels. How- 

ever, a considerable amount of attendance and a high degree of maintenance are 

required for any so-called automatic gate, and the additional cost of this equipment is 

rarely justified by any actual saving in operation. 

It is fortunate that proper provision can usually be made to meet any of these 

conditions without detriment to others. Great ingenuity is often required, however, 

to meet an abnormal condition in a small development where the more elaborate 

provisions possible on a large development cannot be justified as to either investment 

or cost of operation. The question often arises as to how far provision against 

extremely improbable circumstances or combinations of circumstances should be 

carried. Except where loss of life or great property damage might result from possible 

inadequacy, this question may often be resolved by comparing the additional charges 

with the possible damage, such as overtopping of masonry structures or the flooding 

of land, that would occur at an estimated frequency. Such estimates should, however, 

be used only as a guide in the exercise of the soundest judgment in each case and not 

as a justification for inadequate works. Frequency studies do not fix the time of 
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occurrence, and the possible consequence of serious damage during the first few years 

of operation must be considered. 

FLASHBOARDS, STOP LOGS, AND NEEDLES'* 

3. Flashboards.j Flashboards, stop logs, and needles are the simplest and prob- 

ably the oldest types of movable-crest devices. Where the size and type of installation 

are such that they can be readily handled by the operating force available, they are 

efficient and economical. However, where the installation is large or where frequent 

freshets require continual manipulation, the operation becomes laborious and hazard- 

ous. They may often be adopted with considerable saving in cost for portions of the 

spillway that will be in use only during the most extreme floods. 

Flashboards are water-retaining devices placed on top of a fixed crest to provide an 

extra depth of storage, but which may be quickly removed at times of flood. The 

means of removal may be by deliberate failure of the flashboards or of their supporting 

members when the boards are overtopped to a predetermined height or by providing 

some simple tripping device that may be operated when necessary. 

Flashboards have the advantage of providing an unobstructed crest when lowered. 

Where possible, a regulating gate, of sufficient capacity to pass the normal flow, 

should be provided so that the headwater may be temporarily lowered to allow the 

flashboards to be set up. This may conserve water and head for a considerable 

period after the recession of high water, during which it might otherwise be impossible 

to restore the flashboards. Such a gate may also be utilized for passing small rises 

which would otherwise trip the boards. Automatic flashboards have been a fertile 

field for invention. However, the wear and corrosion of moving parts with the 

accompanying change in frictional resistance, fouling with trash, and similar troubles 

have in time spelled the failure of many of these schemes that were alluring on paper. 

4. Stop Logs. The customary stop logs are dimension timbers spanning horizon- 

tally between vertical grooves in adjacent piers. They are built up one on another, a 

vertical bulkhead being formed from the crest of the spillway to the headwater level. 

They may vary in size from short lengths, which can be handled by one man, to sizes 

limited only by the span and the capacity of a power winch to raise them. A means 

of handling is provided by cutting a longitudinal slot vertically through the timber 

near each end. A bolt is then passed transversely through this slot on the horizontal 

center line of the timber. A pike pole having a special hook with a line attached is 

lowered down the groove in the pier until the hook enters the slot and engages the 

bolt, after which the line may be hoisted by hand or by a power winch. 

Since the logs must be handled through overflowing water, it is imperative that 

the grooves in the piers be made amply deep to protect the hoisting device from the 

current during the fishing operation. This depth is usually deeper than the allowable 

bearing stress of the timber requires and, for any considerable depth of overflow, 

should be not less than 12 to 16 in. The groove should not be wide enough to permit 

the timber to turn sufliciently to bind. The outer downstream corner of the groove 

should be protected by a continuous steel angle to provide ample bearing area, to 

give greater watertightness, and to minimize frictional resistance in moving the timber. 

Stop logs may prove an economical substitute for more elaborate gates where 

relatively close spacing of piers is not objectionable and where variations in flow 

require the removal of only a few logs, except at infrequent intervals. They are 

adaptable to deeper openings than are flashboards, and where a bridge is available, 

shallow stop logs are often substituted for flashboards on account of the greater 

facility of operation. 

* Superior numbers refer to items in the Bibliography at the end of this section. 

{+ In this section flashboards are distinguished from stop logs, or other devices, as not being sup- 

ported in grooves at the ends or having a permanent hoisting mechanism attached. 
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5. Needles. Needles are set on end side by side to close an opening. They are 

supported at the top by a runway, from which they are handled, and are supported at 

the bottom by a ledge on the sill or spillway crest. They are usually made of dimen- 

sion timbers. 

Needles are somewhat difficult to place in swift water of considerable depth. 

Hence, their use is largely confined to emergency spillways where they are seldom 

raised and where they can readily be replaced after floodwaters have receded. For 

emergency bulkhead construction in still water, needles are preferable to stop logs for 

the reason that they sink readily and can be staunched as placed. On the other hand, 

it is difficult to hold stop logs down and force them into proper sealing contact without 

differential head. After the entire bulkhead has been placed and a differential head 

established, the frictional resistance may become so great that the logs cannot be 

forced into position to close the leaks between them. 

TAINTER GATES 

6. Principal Features. The conventional form of Tainter gate consists of a skin 

plate formed to a segment of a cylinder, the vertical elements being circular arcs, which 

STANDARD GATE GATE WITH FLAP SUBMERGIBLE GATE 

Fic. 2. Types of Tainter gates. 

is supported by a framework of horizontal or vertical purlins and stiffeners. The 

purlins in turn may be supported by vertical or longitudinal girders from which two or 

more radial struts converge downstream to horizontal shafts or pins that are anchored 

in the piers and carry the entire thrust of the water load. The skin plate is made con- 

centric to this pin, and hence the resultant of the water pressure passes through the pin, 

creating no moment to be overcome in hoisting the gate. This is the fundamental 

principle of the gate. The hoisting load consists solely of the weight of the gate, the 

friction between the side seals and the piers, and the small force necessary to overcome 

the moment of the frictional resistance at the pins. 

Tainter gates are probably the simplest, most reliable, and least expensive type of 

crest gate for passage of large floods. They require no slots in the piers and have good 

discharge characteristics. They have become the most widely used crest gate in the 

United States? and are being used with increased frequency in other countries. 

The conventional Tainter gate is not suited for the passage of floating material 

unless fully open, which may involve waste of water. This drawback may be over- 

come by altering the conventional gate by adding a flap to the top of the gate (Fig. 2b) 

or by making the gate submergible (Fig. 2c) so that water may be passed over the top 

of the gate. For larger discharges, both these types are raised in the same manner as 

the conventional gate. The gate at the right of Fig. 3 is a conventional 40-ft-wide by 
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Fic. 3. Priest Rapids Spillway. (Harza Engineering Co.) 

Fic. 4. Wanapum Spillway Gates. (Harza Engineering Co.) 
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50-ft-high Tainter gate with a 25-ft-wide by 12-ft-high flap mounted in the top 
central portion. 

Tainter gates are usually operated by chains or cables attached near the bottom of 

the gate at each side on either the upstream or downstream side of the skin-plate 

assembly. Some gates also have been made to be operated by trunnion-mounted 

hydraulic cylinders where piston rods are attached to the gate. 

Since the early fifties there has been a marked increase in the maximum size of 

Tainter gates. Gates 50 ft wide with a damming height of 65 ft above the spillway 

crest are in use at the Wanapum Dam on the Columbia River (Fig. 4) and on the Guri 

Dam in Venezuela. There are a number of dams on the Ohio River with gates 100 ft 

wide with a damming height of 42 ft above the spillway crest. The large concentrated 

loads brought to the trunnions of these large gates have led to the increased use of 

prestressed steel and concrete anchorages to transfer these loads to the spillway piers.’ 

FLAP GATES 

7. Principal Features. This type of gate is a leaf hinged at bearings along its 

lower edge. The leaf may be flat or curved to give better discharge characteristics 

when rotated to its open position. The position of the leaf may be controlled by 

hoisting attachments that pull or push at one or both ends or by hydraulic or screw- 

stem hoists that push at selected locations under the gate. This type of gate can be 

built to great lengths and is well suited for passing floating material and for close 

regulation. Counterweights and/or floats may be incorporated in the hoisting 

mechanisms of relatively small flap gates to provide automatic operation with little or 

no other source of power.® 

As with flashboards, the flap gate has been a fertile field for invention and ingenious 

arrangements. Figure 5 shows two of the many possible arrangements. Unlike 

flashboards, however, which are either fully closed or fully opened, the flap gate which 

operates at partially opened conditions must be designed for the hydrodynamic effects 

of the overflowing sheet of water. If not properly designed and vented, destructive 

vibration forces may occur.!® It is recommended that hydraulic-model studies 

simulating all expected opening conditions of the prototype gate be carried out before 

proceeding with the fabrication of flap gates of any importance. The designer also 

should not be too optimistic about the reliability of any automatic scheme of opera- 

tion. Many a scheme that appeared foolproof on paper proved to be not so reliable 

when corrosion and misalignment of functioning parts upset the assumed theoretical 

balance. 

DRUM GATES 

8. Principal Features. The drum gate fundamentally is an acute circular sector 

in cross section, formed by skin plates attached to internal bracing. It is hinged at 

the center of curvature, which may be either upstream or downstream, in such manner 

that the entire sector may be raised above the masonry crest or may be lowered so the 

upper surface becomes coincident with the crest line. These gates are controlled by 

the application of headwater pressure underneath. Figure 6 shows the two principal 

arrangements of this type of gate. Section a in the figure shows that developed by the 

U.S. Bureau of Reclamation, which is hinged on the upstream side and is enclosed on 

alt three faces and at the ends to form a watertight vessel. This gate has been used on 

many projects designed by the Bureau of Reclamation and has been built as large as 

135 ft long by 28 ft high. Figure 6b shows the type that is hinged on the downstream 

side and that usually is enclosed only on the upstream and downstream surfaces. 

Drum gates are not adapted to low dams having low substructures on account of 

the deep excavation required and the liability of flooding of the recess in which the 
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gates float. The operating mechanism for controlling water pressure beneath the 

gates may be placed in the abutments, or in the piers with access through a gallery, 

the necessity of an overhead bridge being eliminated and the pier height being reduced 

to a minimum. ‘They are very well adapted for surface regulation and, on account 

of the lengths to which they can be constructed, are suitable for passing debris. Sheet 

ice causes no damage because of the upstream slope, and the seals can be easily pro- 

tected against freezing under usual winter conditions. With extremely low tempera- 

tures, special provision would have to be made for insulation and heating of the down- 

stream seals. 

Upper pooh, Upper pooh _ 

Hinge 

Hinge 

Lowered y | i Noskinplar é | 

| ui Lowered. lee 
Bon OU A 2 position \<— ane 

I'ra. 6. Drum gates. 

Because they are relatively more costly than Tainter or flap gates, and their 

operational features may be achieved by judicious combined use of Tainter and flap 

gates, the use of drum gates is becoming increasingly rare. 

VERTICAL-LIFT GATES 

9. General Description. The designation vertical-lift gates is here used to include 

all rectangular gates supported by vertical guides in which the gates move vertically in 

their own plane. The hoist is usually mounted on a runway overhead, and the gate is 

either raised or lowered, depending on the particular design, from its normally closed 

position by means of cables or stems. The gate proper consists of a framework to 

which a skin plate is attached, normally on the upstream face. This presents no 

unusual difficulties in design, the principal problem being the determination of the 

arrangement of beams and girders and skin-plate thickness which will result in the 

most economical construction. However, such features as seals, lifting mechanisms, 

dogging devices, rollers, guides, and similar appurtenances require meticulous care in 

design and warrant a careful study of the operating behavior of such features under 

similar conditions on existing projects. 

10. Sliding Gates. In this type, the frame of the gate bears directly on the down- 

stream guide member, the seal being formed by contact between the two. The coefhi- 

cient of friction in sliding may vary from 0.5 to 0.9, which requires large hoist capacity 

not only for raising but for lowering as well, for only in the smaller sizes will the weight 

of the gate exceed the frictional resistance when the gate is near the position of maxi- 

mum water loading. 
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This fact rather definitely limits the size of this type to such dimensions that the 

additional cost for wheels or rollers to lessen the frictional resistance is greater than 

the additional hoist capacity. As a practical matter, this limits the use to small 

spillways, wasteways, log flume inlets, and similar purposes, and in these uses it is 

particularly adapted to being lowered for passing the discharge over the top. 
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Fic. 7. Wheels and seals for spillway gates. Pickwick Landing Dam. 

11. Fixed-wheel Gates. 

sliding friction, which allows the gate to be self-closing under its own weight. 

wheel shafts are located between the main horizontal girders and are supported either 

This type differs from the sliding gate in having a series 

of fixed wheels mounted along each end to carry the water load to a vertical track on 

the downstream side of the gate groove. The wheels substitute rolling friction for 

The 

by two vertical members of the frame or in pedestal bearings bolted to the frame. 

As with the conventional Tainter gate, the fixed-wheel gate is not suitable for the 

passage of floating material without a considerable waste of water. Greater headroom 
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also is required for hoisting this type of gate above the water surface. Two general 

methods have been used to overcome these drawbacks: 

1. To split the gate horizontally into sections that travel in the same guides with 

the upper sections setting directly on top of the lower sections. The top section is 

made a suitable height for surface spilling or regulation. The upper sections are 

progressively raised and removed from the guides, and the lower sections are grappled 

and raised to the required position. This method also considerably reduces the 

hoisting load. Figure 8 shows gates 40 ft wide and 62 ft high. Three of these gates 

are sectionalized into three leaves each 20 ft Sin. high. The top leaf of the fourth gate 

is further sectionalized into two 10 ft 41n. high leaves. The top leaves of the gates in 

ROLES 

sc Dasha oS? 

Fic. 8. Box Canyon Dam Downstream view of spillway. (Harza Engineering Co.) 

Fig. 8 are shown stored, while the center leaves are raised to allow water to discharge 

under them and over the bottom leaves. 

2. To divide the gate into two leaves arranged so that the upper leaf may be low- 

ered alongside the lower leaf to allow small flows over the top of the gate. The top 

leaf is supported at its top by a crossbeam mounted on wheels that travel on the same 

tracks that the wheels for the lower leaf travel on. The bottom of the top leaf is 

supported by wheels that roll on the lower leaf. This type of gate has been used quite 

extensively in Europe, where it is called a “hook gate’’ because the cross section of the 

top leaf resembles a hook owing to its being shaped for the overflowing water. 

STONEY GATES 

12. General Description. Stoney gates, so called because of their inventor 

F. G. M. Stoney, are mentioned here as a matter of historical reference since the 

writer is not aware of their use on any projects built within the last 30 years. The 

fundamental difference between Stoney and fixed-wheel gates is that in the former a 

moving train of rollers is substituted for the fixed wheels in the latter. The roller 

train, composed of horizontal rollers held in position by shafts bolted into continuous 

vertical bars on each side, is attached to neither the gate nor the guide, but rolls 

vertically between the two as the gate is moved. As the rollers transmit the entire 

load from a bearing strip on the gate to a roller path on the guide, there is no axle 

friction, and only rolling friction is developed. Since the gate moves on the roller 

diameter while the roller revolves on its radius, the roller moves only one-half the 
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Fic. 9. End section of Stoney gate. (From F. Newell, Dominion Bridge Company, Ltd.) 

distance of the gate movement and the bottom of the roller train always lags the gate 

by one-half the distance the gate is opened. 

Figure 9 shows details of the end of a Stoney crest gate and the roller train. The 

gate leaf is constructed much the same as any other vertical-lift single-leaf gate. 

Vertical-lift gates have been generally used where it was necessary to store a high 

head of water and to obtain large discharges in narrow confines. Since severe hydrau- 

lic conditions prevail at the slots in the piers and since these gates require powerful 

hoisting machinery, large piers, and hoist housing structures, they are seldom specified 

in the United States since the advent of large Tainter gates. 

BEAR-TRAP GATES 

13. General Description. A bear-trap gate consists essentially of two leaves, an 

upstream leaf hinged and sealed along its upstream edge and a downstream leaf hinged 

and sealed along its downstream edge. When the gate is lowered, the leaves are in 

horizontal position with one leaf lying on top of the other. The two leaves have a 

sliding seal or hinge at their juncture and are sealed against the piers at each end. 

When pressure from headwater is applied in the chamber underneath, the gate can be 

raised to any desired height so long as the two leaves remain in contact. The water 

pressure under the gate is regulated by an adjustable weir or by the setting of inlet and 

outlet valves in a control chamber in the abutment of the spillway. This was probably 

the first gate involving the principle of the application of headwater pressure for its 

operation. 

Bear-trap gates have been used in the United States for over a hundred years as 

regulating gates in movable navigation dams and for log-sluicing operations. An 

improved form of bear trap has been developed and widely used in central Europe as 

an automatic spillway crest, and a number of gates of this type have been installed in 

the United States. 

14. American Bear-trap Gates. In American engineering practice, a large number 

of variations from the simple bear-trap form have been designed. The principal forms 
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of these are shown in Fig. 10. The purposes of these variations have been to eliminate 

friction between the leaves, to close the reentrant angle to trash accumulation, to 

economize on substructure width, and to make it possible to raise the gate with small 

differential head. 

In designing a bear-trap gate, great care should be used in determining the external 

water load in various positions, and calculations should usually be checked by experi- 

ments. This fact is of particular importance in determining (1) the differential head 

required to raise the gate and (2) the water level underneath required to establish 

equilibrium when the gate is partly raised. For automatic operation, it is essential to 

determine the conditions of equilibrium for all positions. 

Large logs and trees may cause severe damage to a partly lowered bear trap, 

because when part way over the crest the head end may fall to the downstream leaf 

with sufficient impact to break the planking and the rear end will drag over the crest 

timbers. To meet this condition, heavy transverse skid timbers may be bolted to the 

surface of the downstream leaf at about 2-ft intervals and a heavy steel angle should be 

anchored to the ends of the purlins to cover the edge of the upstream leaf. 

The accumulation of silt under bear traps set on the riverbed has been a source of 

considerable trouble and expense. The U.S. Engineer Department has now developed 

methods for removal of this silt by sluicing. 

Bear-trap gates are well suited for surface regulation and passing drift and ice. 

They can be built in almost any length usually required, and as no overhead structure 
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Iria. 10. American bear-trap gates. 
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Fig. 12. Types of rolling gates. 

is needed, they offer little obstruction to flood flow. In low-head dams, there is con- 

siderable saving in the cost of substructure owing to elimination of a deep recess or gate 

chamber. They are not seriously affected by ice, for the leaves drop away from ice 

accumulation on the piers when being lowered and the overflowing sheet cuts the ice 

away as the gate is raised. 

The major objection to a bear-trap gate is the low coefficient of discharge resulting 

from the broad flat crest when the gate is lowered. This is, of course, not objection- 

able in low dams with the sills practically at riverbed level. 
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15. European Bear-trap Gates. The most prevalent European type of bear trap 

is that developed by Huber and Lutz of Zurich, Switzerland. This type, known as the 

roof weir, is shown in Fig. 11. It adds a vertical lip to the upstream leaf that carries 

rollers bearing on the downstream leaf, reduces friction and eliminates the reentrant 

angle, and introduces curvature in the downstream leaf, thus eliminating the objections 

to the original bear trap. 

ROLLING GATES 

16. General Description. The conventional rolling gate consists of a cylindrical 

plate-steel roller, approximately as large in diameter as the height of opening to be 

closed and spanning between piers. Wncircling each end of the roller is a heavy 

annular rim casting with peripheral teeth and a bearing surface which transfer the 

loads to similar teeth and a bearing surface on a sloping rack supported by a ledge in the 

piers. The gate is raised or lowered along this rack by means of a heavy chain which 

winds around and over the top of the gate at one end and pulls upward, parallel to the 

rack. This gate was developed in Europe, but a number of large installations have 

been made in the United States. 

There are two principal variations of the conventional type: (1) where the roller is 

greatly reduced in size and merely forms the rolling member on which the water face, 

composed of a sector of considerably greater height and radius, is supported, and (2) 

the Greisser gate in which hght trusses span between load disks with toothed rims of 

the required circumferential length and support the curved sector of the water face. 

The conventional type may be also arranged so it can be lowered a small distance for 

passage of drift, or an ice shutter may be hinged on top for the same purpose. Figure 

12 shows these various arrangements diagrammatically. 

The rolling gate has been extensively used by the Corps of Engineers on the upper 

Mississippi and on past Ohio River improvements. Figure 13 shows the gate installed 

at Lock and Dam 1 on the Kanawha River. This gate has a total height of 26 ft, the 

roller being 19.5 ft in diameter and the lower lip being 6.5 high, and may be considered 

as the conventional type, for the roller carries directly over one-half the horizontal 

water load and a lip is always required to support the bottom seal. The transverse 

stiffening consists of three segmental trusses, the inner chords of which intersect at the 

main splice points, forming an extremely effective and economical arrangement. 

These support longitudinal purlins at an angular interval of 15 deg. The internal di- 

ameter of the roller is constant throughout, but the shell thickness varies from end to 

end as required by the bending and torsional moments. As with drum gates, the 

use of rolling gates is becoming increasingly rare because of their high cost. 
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SECTION 22 

HIGH-PRESSURE OUTLETS, GATES, AND VALVES 

By Warren H. KouLER AND JAMES W. Batu 

BASIC PRINCIPLES 

1. Scope and Purpose. Only the basic general principles which apply to outlet 

works and to gates and valves are covered in this section. Although some detailed 

guidelines and data pertaining to the design of gates and valves are included, this 

section is not intended to be a gate and valve design manual. Its purpose is to set 

forth and discuss the various arrangements of high-pressure outlets and the types of 

gates, valves, and associated equipment which are used for such outlets. The applica- 

tion, desirable and undesirable features, operating characteristics, and the principal 

hydrauhe and structural factors involved in the design and operation of various cate- 

gories and types of equipment used for high-pressure outlets are covered. The general 

factors to be considered in determining the arrangement and selecting equipment for 

outlet works are discussed to provide understanding and knowledge on which to base 

selections for specific installations. Attempting to set rigid categorical rules for the 

selection of a specific gate, valve, or outlet arrangement is neither a sound nor a prac- 

tical approach. The general-information approach is used, as normally more than 

one basic arrangement and type of gate or valve can be used to perform the basic 

outlet function. The engineer must make the selection after due consideration of 

the overall arrangement, structural factors, operating requirements, and cost, as 

related to a specific case, to ensure getting the best possible installation. 

In the discussion of gate and valve designs, the information given is of a general 

nature except where experience has shown specific details to be critical from a hydrau- 

lic, structural-design, or operation standpoint. Basic design considerations from 

the hydraulic, material-selection, fabrication, installation, and maintenance stand- 

points are covered to provide basic background information about equipment selection 

and design. 

2. History and Development. Hxcept for a few noteworthy exceptions, such as 

Roosevelt, Arrowrock, Pathfinder, Buffalo Bill, and Owyhee Dams, most of the gate 

and valve installations before the building of Hoover Dam were for relatively low 

heads of less than 150 ft. In the case of the low-head outlet works, the conventional 

“high-pressure”’ slide gates were found to give satisfactory operation at heads to 

about L100 ft without excessive cavitation. When gates which operated satisfactorily 

at low heads were installed in some of the higher-head dams, serious cavitation-damag¢ 

problems developed. These problems were due primarily to a lack of knowledge of 

cavitation phenomena and destructiveness. Discontinuities and projections into the 

high-velocity fluid flows which produced only minor, tolerable cavitation damage at 

low heads resulted in massive damage at high heads. Costly repairs and maintenance, 

radical modification, or abandonment proved necessary in several of these early high- 

head installations 

One such outlet works, involving several 5- by 10-ft slide gates, was installed in 

1908 to regulate flows at a design head of 220 ft at Roosevelt Dam in Arizona. When 

22-1 
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placed in service for regulation at considerably less than design head, very serious 

damage occurred to the gate parts and the conduits downstream from the gates. After 

the damage was repaired, additional use of the gates resulted in further damage, so 
that the gates were judged unsafe for use and were abandoned. The gate tunnel was 

filled with conerete, and a new outlet works using slide-type guard gates and needle 

valves for regulating releases was installed. 

At Pathfinder Dam in Wyoming, where slide gates like those used at loosevelt 

Dam were installed in 1909, similar cavitation-damage problems developed. In this 

case the use of the gates for regulation was stopped but the gates were retained for 

use as guard gates. The gates provide protection for a new outlet control works 

which was added to the tunnel downstream from the original slide-gate installation. 

Shide-type guard gates and needle valves for regulation were installed in the new outlet 

works which was added. 

In contrast to these early problems, 7- by 10.5-ft slide gates of modern design 

were used for free discharge release of over 2 million acre-ft of water at nearly 350 ft 

of head at Glen Canyon Dam in 1965. Only relatively minor cavitation damage 

resulted. Slide gates are also giving satisfactory performance in other installations 

at heads which were once considered far beyond those suitable for this type of gate. 

Another early valve which has had a significant influence on the design of regulating 

valves for high-pressure outlets is the needle valve. The basic design was invented 

in 1908 by H. O. Ensign, who was then Chief Electrical Engineer at the Bureau of 

Reclamation. The Ensign-type needle valve proved to be better than the slide 

gates of that time for regulation. However, the design did not eliminate cavitation 

problems, and the method of mounting the valve on the face of a dam made valve 

repairs impossible without drawing the reservoir level below the elevation of the 

outlets. These shortcomings have led to the abandonment of most of the Ensign- 

type needle-valve installations. However, the valves installed in 1915 at Arrowrock 

Dam in Idaho are still in use, despite considerable annual maintenance which is 

required. 

Of greater importance were the numerous developments and modifications which 

have been evolved from the basic Ensign design. The needle-type valve was modified 

to mount on the exit rather than the entrance to an outlet conduit and became the 

standard valve for regulating high-head discharges for about 30 years. Some of the 

widely used types of needle valves which followed were the Larner-Johnson valve, 

and the “internal” and “interior differential”’ types which were developed principally 

by the late Phillip A. Kinzie of the Bureau of Reclamation. The ‘internal differen- 

tial” type of needle valve had proved to be satisfactory on a number of Bureau installa- 

tions and was installed at Hoover Dam. Under the high head at Hoover Dam, 

however, the slight divergence in the cone angles of the body and needle produced 

rapid cavitation damage on the needle and required frequent repair by overlaying 

with stainless steel and grinding. Hydraulic studies were successful in developing 

the proper geometry for a noncavitating needle, but at the cost of a considerable 

reduction in the discharge capacity as compared with the divergent-cone type of 

needle-valve design. 

In addition to solving the cavitation problem on the Hoover Dam needle valves, 

the laboratory tests resulted in the development of the tube valve. <A tube valve is 

essentially a needle valve with the downstream conical needle portion of the closure 

member omitted. Elimination of the conical needle did remove a surface on which 

cavitation had been occurring; but it was found that jet stability was also being 

sacrificed, although the instability was within tolerable limits for most installations. 

The relatively few tube-valve installations which the Bureau of Reclamation has made 
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have been satisfactory in general, despite a few operating problems. The 102-in.- 

diameter valves in the lower tier of outlets at Shasta Dam were designed to regulate 

within a conduit. These valves required very large air-admission ducts, and one 

valve vibrated considerably at openings above about 96 percent. The high cost of the 

Shasta tube valves resulted in design studies being made of alternative methods of 

regulating flow in the remaining 14 middle and upper tier conduits. The jet-flow 

gate was developed as a result, and the 96-in. size has given satisfactory service at 

Shasta Dam. Jet-flow gates of similar design have been installed at Canyon Ferry 

and Trinity Dams, Bhakra Dam in India, and Tumut Pond Dam in Australia. 

Further modification and rearrangement of the needle-valve elements led to the 

invention of the fixed-cone valve by C. H. Howell and Howard Bunger. In this valve 

the conical needle remains fixed and regulation is effected by sliding a cylindrical 

closure member axially across radial openings upstream from the cone. The invention 

of the hollow-jet valve by B. H. Staats and G. J. Hornsby of the Bureau of Reclama- 

tion in 1940 produced another type of valve which evolved from the needle valve. In 

the hollow-jet valve a needle closure member moves upstream axially to regulate or 

stop the outflow from a conduit. Both the Howell-Bunger fixed-cone and the Staats- 

Hornsby hollow-jet valves have proved to be excellent and reliable flow-regulating 

devices. 

This brief outline of historical experiences and developments of gates provides 

some background on the problems which have been met and overcome. It should not 

be presumed, however, that new ideas and further development are not necessary. 

From this historical background of experience some basic criteria for use in the design 

of outlet works which will function satisfactorily in the transporting and controlling 

of water flow under high pressures have been established. Some of these basic 

criteria are as follows: 

1. The fluidway and gate- or valve-closure device must be carefully designed for 

the required operating conditions to ensure that the installation is hydraulically 

sound and will not be subject to cavitation damage or have undesirable flow con- 

ditions. Model tests to verify the foregoing conditions are almost mandatory for 

new developments and for designs which differ to a considerable degree from previously 

tested installations. 

2. Gates or valves must be simple and rugged, and must be provided with a 

reliable seal. 

3. Conduits must be suitably vented, and an adequate supply of air must be 

provided for regulating types of gates and valves. 

4. Adequate means of servicing and maintaining gates and valves must be 

provided. 

These broadly stated fundamental criteria will be inherent in the development of 

improved outlets and of gates and valves. Much improvement remains to be made 

in design. The history of outlet-works designs is valuable in avoiding a repetition of 

past mistakes in striving to develop improved designs. 

3. Definitions. The terminology used to describe the various types of closure 

devices and to differentiate between high and low heads is subject to individual 

differences in understanding and interpretation. To avoid confusion in the use of 

terminology in this section, the following general definition of terms will be followed: 

1. Gate. A gate is a closure device in which a leaf or closure member is moved 

across the fluidway from an external position to control the flow of water. 

2. Valve. <A valve is a closure device in which the closure member remains fixed 
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axially with respect to the fluidway and is either rotated or moved longitudinally to 

control the flow of water. 

3. Guard gates or valves. Guard gates or valves operate fully open or closed and 

function as a secondary device for shutting off the flow of water in case the primary 

closure device becomes inoperable. Guard gates are usually operated under balanced- 

pressure no-flow conditions, except for closure in emergencies. 

4. Regulating gates and valves. Regulating gates and valves operate under full 

pressure and flow conditions to throttle and vary the rate of discharge. 

5. Bulkhead gates. Bulkhead gates are usually installed at the entrance and 

used to unwater fluidways for inspection or maintenance, and are nearly always 

opened or closed under balanced pressures. 

6. Stop logs. Stop logs are installed in the same manner and perform the same 

function as bulkhead gates. A stop log may be considered as a section of a bulkhead 

gate which has been made of several units to permit easier handling. 

7. High pressure. The term “high pressure” is very indefinite as it is based on 

comparison. For this reason the meaning has changed considerably through the 

years, as what was considered high pressure in the early days of outlet works is now 

considered low pressure. Nevertheless, as used here, to avoid confusion with past 

usage, the term “high pressure” will be arbitrarily applied to all heads in excess 

of 100 ft. 

In addition to the foregoing definitions which provide a framework, additional 

discussion, definitions, and terminology will be included as appropriate under the 

various paragraphs on specific equipment and subjects in the section. 

4. Outlet Functions, Arrangements, and Considerations. The basic purpose of a 

dam is to create a reservoir of sufficient capacity and head so that the water stored 

can be used economically to satisfy downstream requirements, such as irrigation, 

domestic uses, flood control, navigation, and power. The basic function of any outlet 

from a reservoir is to provide an efficient, economical means of releasing water from a 

reservoir to obtain the desired downstream use or uses. Figures 1 to 3 show sche- 

matically some of the typical arrangements of outlets for dams. Figure 4, showing 

the tower intakes of the San Luis Dam in California, illustrates the tower intake 

scheme with rectangular gates shown by Fig. 3. 

The conduits, pipes, or penstocks for high-head outlets are usually metal, and have 

gates or valves located at the upstream entrance, at an intermediate point, or at the 

downstream end. Such outlets may also utilize a combination of these arrangements, 

and have a guard gate at the entrance or at an intermediate point with a regulating 

gate or valve at the downstream end. 

There are six basic elements to be considered in the design of outlets: (1) the 

entrance; (2) the conduit, pipe, or penstock; (8) the reservoir head; (4) the velocity of 

flow; (5) the type and arrangement of the gates or valves to be used for controlling 

the flow; and (6) the means of dissipating the outlet energy. No categorical rules 

can be set forth to permit designing outlets which will ideally integrate all these basic 

elements. 

Entrances for outlets should be properly proportioned and have the surfaces as 

smooth and free of discontinuities as possible. Conduits, pipes, and penstocks should 

be aligned as nearly straight as possible, should have smooth surfaces without offsets, 

and should have a fluidway configuration which avoids abrupt cross-sectional changes. 

Each outlet should be provided with two gates or valves capable of closing under 

flow. An upstream guard gate or valve is required primarily to ensure the safety of 

the conduit and equipment downstream and secondarily to permit inspection and 

maintenance of the downstream pipe and equipment. Guard gates must be capable 
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Fia. 1. Schematic of typical outlet arrangements. 

of closing under the full head and the maximum possible flow, but are normally 

operated under balanced-pressure no-flow conditions. A bypass line is usually pro- 

vided for balancing pressure before opening a guard gate. 

In addition to gates or valves which can be closed with water flowing, most outlets 

are provided with a bulkhead gate or stop logs at the upstream end to permit inspec- 
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Fic. 4. Tower intakes at San Luis Dam in California. Note lifting frame and bulkhead 
gate section being hoisted by gantry crane for storage on the tower service deck. 

tion or repair of the entrance toa conduit. Bulkhead gates and stop logs are normally 

designed to be placed and removed under balanced-head no-flow conditions. 

GATES 

5. General. Through the years a great many types of gates have been designed 

and built, but only a relatively few types have survived and are presently in use. 

The gates which have survived the test of time have several characteristics in com- 

mon: they are simple, rugged, easy to maintain, and economical to build. This 

section is limited to some of the successful basic types. 

Of those discussed, the conduit slide gates and jet-flow gates are the only ones 

which are specifically designed for throttling conditions to regulate flows. Wheel, 

roller-mounted, and cylinder gates are also sometimes used for regulation but are 

normally used only as fully opened or closed guard gates. Ring-follower gates, ring- 

seal gates, bulkhead gates, and stop logs are never used for throttling and regulating 

flow. 

6. Conduit Slide Gates. In the early 1900s so-called “high-pressure” slide gates, 

as shown in Fig. 5, became the standard means for regulating and shutting off the 

flow of water in the outlet works in dams. With the increase in heads above 100 ft, 

problems in design and operation increased. 

The early limitation on the use of slide gates for regulation under high heads left 

the needle valve as practically the only suitable device for regulating flow. The need 
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for high-head flow regulators was largely filled by the needle valve until the develop- 

ment of the tube valve, the fixed-cone valve, the hollow-jet valve, and the jet-flow 

gate in the 1940s. 

The success of the jet-flow regulating gate which was developed for Shasta Dam 

led to further studies by the Bureau of Reclamation to see if the flow-contraction 

principle could be applied to square or rectangular gates to make the flow jump past 

the gate slots. The studies involved designing and testing various modifications of 

Fic. 5. 5- by 5-ft ‘‘high-pressure”’ slide gates with built-in square-to-round transition on 
downstream bodies for attaching 60-in. needle valves. 

conventional “high-pressure”? gates. The studies also led to reviewing the develop- 

ments which had been made on slide gates by the U.S. Army Corps of Engineers. 

Numerous ideas were tried, such as putting contraction slopes on the conduit upstream 

from the gate slots to cause the flow to jump the slots. The tests eventually resulted 

in the development of a slide gate having narrow slots at the sides of the conduit. 

The conduit opening on the upstream side of the gate slot has no contraction, but 

there is a slight outward offset at the sides and top of the gate slot on the downstream 

side. The leaf has a sloping upstream face and a narrow seat surface on the bottom. 

See Art. 25 for further discussion of gate slots. 

These developments and improvements have resulted in the successful use of 
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specially designed slide gates for regulation at heads of over 300 ft, which was pre- 

viously considered unthinkable (see Fig. 6). The incorporation of some of the 

features in the standardized “high-pressure”’ gates of the Bureau of Reclamation has 

led to increasing the operating heads of these gates for regulation to 200 ft. 

The primary use of slide gates is for the control of discharges from outlet conduits 

in dams. Slide gates are used for both guard and regulating service. Frequently 

two practically identical gates are bolted together in tandem as shown in Figs. 7 and 8. 

In such cases the upstream gate functions as the guard gate for the downstream 

regulating gate. Slide gates are also used singly as guard gates. Some gate instal- 

lations are made on a slope so that the discharge is downward into the stilling basin. 
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Fic. 8. Shop assembly of 7- by 10.5-ft slide gate and conduit liner for operation under 

350-ft head at Glen Canyon Dam. 

This arrangement reduces the required length and cost of the stilling basin. There is 

an increasing use of metal liners, as shown in Fig. 9. 

Slide gates discharge smoothly at all openings but should not be operated at very 

small openings. The configuration of the flow, both at partial and at full openings, is 

well defined and can be readily handled by stilling basins. The gates can be used 

either for free discharge into atmosphere or for submerged discharge in water. The 

latter case requires more care to be sure adequate water can circulate and flow readily 

to the critical regions around the gate orifice. Laboratory model tests are very 

helpful for studying the flow patterns and pressures and in avoiding problems in the 

prototype installation. 

There appears to be no definite size or head limitation for correctly designed slide 

gates. The successful use of such gates with only minor cavitation damage at heads 

of nearly 350 ft at Glen Canyon indicates that 500-ft heads are not unreasonable and 

that possibly considerably higher heads can be used. At heads above 200 ft, fluidway 

surfaces and the bottom seating and sloping surfaces of the gate leaf should preferably 

be stainless steel for better cavitation-damage resistance. The only practical limita- 

tion in the operation of slide gates for throttling is that they must not be operated at 

openings which are so small that flow beneath the gate does not spring clear of the lip 

on the bottom of the gate. At small openings the “‘short-tube effect’’ of the issuing 

flow may result in flow contact at the downstream edge of the gate lip and produce 

savitation damage on the bottom sealing surfaces of the gate. To ensure that this 
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Iria. 9. Bellmouth entrance and conduit liners for 7- by 10.5-ft slide gates at Glen Canyon 
Dam. 

condition will not occur, the minimum opening for regulation is limited to not less than 

one-half the width of the seating lip on the bottom of the gate. 

Basically, a slide gate consists of a leaf which is either closed by being positioned 

across the fluidway in the body or opened by being withdrawn into the bonnet by a 

hoist mounted on the bonnet cover. The mating seats on the gate leaf, body, and 

bonnet serve both as the sliding surfaces for carrying the hydrostatic load on the leaf 

and as the sealing surfaces when the gate is closed. The body and bonnet are made 

in halves and are heavily ribbed to minimize distortion when the gate is embedded in 

concrete. The body and bonnet are not designed to withstand the internal fluid pres- 

sure, and the embedding concrete must be suitably reinforced to withstand the pres- 

sure. Only the bonnet cover, on which the hoist is mounted, and the top flange of the 

bonnet are designed to resist the internal water pressure. In addition to the internal 

water pressure, the bonnet cover and flange connections must resist the full load of the 

maximum hoisting effort as the gate leaf contacts the bottom seat when the gate 

reaches the closed position. Care must be taken to provide adequate bolting and 

flange thickness on the cover and bonnets for these loads. Only sufficient bolting to 

ensure that flange faces can be drawn into watertight contact is necessary for the 

flanges on embedded parts. Flange joints for high pressures are usually provided 

with square or round rubber gaskets, although only a mixture of white lead and linseed 

oil is sometimes used for low pressures. 

With few exceptions, slide gates are operated by hydraulic hoists. The hoists are 

oil-operated and are mounted directly on the upper flange of the bonnet cover. The 

general design and arrangement of typical hydraulic hoists are covered in Art. 34. 
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In the design of slide gates for high pressures and velocities, several critical design 

and fabrication requirements must be met. The first critical requirement from a 

hydraulic standpoint is the smoothness, straightness, and lack of offsets at joints in 

the fluidway (see Art. 24). Other critical requirements are proper leaf-slot geometry 

(see Art. 25) and the design of the bottom of the leaf to minimize downpull and provide 

a converging fluidway and definite spring point for flow discharge. 

The bottom of gate leaves is usually made with a slope of about 45 deg to provide 

a convergence of the flow passage when the gate is used partially open for regulating 

flows. The sloped surface has positive pressures which reduce downpull and ensure 

positive control at the spring point at the bottom of the leaf. The essential features 

of the bottom of a well-designed gate leaf and the spring joint at the junction of the 

sloping face and bottom lip are shown in Fig. 6, detail C. The sloping surface on the 

bottom of the leaf should preferably be stainless steel to ensure a smooth surface for 

high-velocity flows and avoid cavitation damage to the surface. 

It is of prime importance that the seating and sealing surfaces on the downstream 

side of the body and bonnet be held closely to plane when the gate is installed so that 

the mating surface on the leaf will slide smoothly, bear and distribute the leaf load 

uniformly, and produce an effective seal when the gate is closed. For small relatively 

rigid gates, embedment in first-stage concrete is feasible provided special care is exer- 

cised to anchor the gates properly and place the concrete slowly and uniformly to 

minimize distortion. Unless the gate bodies and bonnets are made quite heavy and 

rigid, it is usually necessary to embed gates larger than about 5 ft in second-stage con- 

crete, so that the gates can be securely anchored to existing concrete and can be 

adjusted to retain alignment during concrete placement. It is desirable to check the 

seating surfaces frequently during concrete placement to ensure that the minor dis- 

placements and distortions which occur do not exceed the permissible tolerance for 

the plane of the seating surface. Asa “rule of thumb” for determining the acceptable 

tolerance for contact between the seating and sealing surfaces on the body and leaf, 

the surfaces should match well enough so that with the gate closed a feeler gage, hav- 

ing a thickness in thousandths of an inch approximately equal to the square root of the 

gate area in feet, cannot be inserted between the mating surfaces. 

It is also important that care be taken to ensure that all spaces around the gate 

body and bonnet are filled with concrete. Some method of grouting to fill the voids 

under the bottom of the fluidway is usually provided for gate bodies and liners. 

7. Ring-follower Gates. Before the 1930s the “high-pressure’”’ slide gate (see 

Fig. 5) was commonly used as the guard gate for needle valves which regulated the 

flow from outlet works. This arrangement usually required the use of an upstream 

transition to change the fluidway cross section from circular to rectangular. <A 

similar transition was always required downstream from the gate to return the cross- 

sectional shape to circular for the needle-valve connection. Such transitions added 

expense and hydraulic losses to outlet works, and led to the development and use of 

several gates of the ring-follower type as guard gates for needle valves. In present 

usage, the term ring-follower gate has arbitrarily been limited to the slide type. 

Other ring-follower types include the Paradox gate, which is a roller-mounted wedge- 

sealing type, and the ring-seal gate, which uses both antifriction roller trains and 

wheels and which has a movable, hydraulically actuated seal ring. The Paradox gate 

is no longer used because of the complexity and cost of fabrication, but the ring-seal 

gate is still used to a limited extent. 

Basically, a ring-follower gate consists of a leaf, the body and bonnet parts, and a 

bonnet cover on which the hoist is mounted for moving the leaf to the open or closed 

positions (see Figs. 10 and 11). The leaf is composed of a bulkhead portion which 

blocks the fluidway through the body when the gate is closed, and a follower portion 
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Tia. 10. Partial shop assembly of 96-in. ring-follower gate for Glen Canyon Dam. 

having a circular opening which aligns concentrically with the fluidway through the 

body when the gate is open. The characteristic of having a ring portion which fol- 

lows the movement of the bulkhead portion accounts for the name ring-follower gate. 

As the follower ring on a ring-follower gate is essentially the same size and aligns 

with the pipe when the gate is open, there is practically no hydraulic loss for this type 

of gate. The gate can be installed at any location in a pipe and is suitable for high- 

velocity flows because the fluidway matches the pipe diameter closely and avoids 

pronounced boundary discontinuities. Ring-follower gates are simple and rugged, 

and make excellent, highly efficient guard gates. See Figs. 15 and 34 for typical 

guard-gate installations of ring-follower gates. These gates are not suitable for 

operation at partial openings for throttling to regulate flows; and if used for such ser- 

vice, severe cavitation damage will result. Other than manufacturing-plant capa- 

bility, there is no size limitation for ring-follower gates. Likewise, there is no head 

limitation other than permissible bearing pressures on the sliding seats. 

The gate leaf requires a lower bonnet below the fluidway into which the follower 

ring on the leaf can move when the gate is closed. The upper bonnet has a similar 

function for the bulkhead portion when the gate is open. It is important that a pipe 

connection be provided at the bottom of the lower bonnet. This connection will 

serve as a drain, but the primary function is to permit flushing out silt or debris which 

sometimes accumulates in the lower bonnet of such gates. The size of the connection 

is usually determined by considering the gate size and reservoir water conditions. 

Normally the size will vary between 3- and 8-in. pipe. 
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The body and upper bonnet of ring-follower gates are made in halves and are 

heavily ribbed to minimize distortion and avoid misalignment of the seat and guides 

when the gate is embedded in concrete. The lower bonnet is also heavily ribbed and 

may be made in one piece as there are no stationary seats or other surfaces requiring 

machining on the interior of the lower bonnet. The body and bonnets are not 

designed to withstand the internal water pressure, and the embedding concrete 

surrounding these parts must be suitably reinforced to withstand the internal pressure. 

The top flange of the upper bonnet and the upper bonnet cover must be designed to 

resist not only the internal water pressure but also the full hoist thrust, which will 

occur during closure of the gate with water flowing in the conduit. Hydraulic hoists 

are usually used for operating ring-follower gates and are described in Art. 34. 

xcept for gate sizes of less than about 72 in., ring-follower gate leaves are usually 

made in two pieces for manufacturing convenience and economy. For the two-piece 

leaf construction, the bulkhead and follower halves of the leaf must be securely bolted 

together and the seats on the downstream side should be machined with the leaf 

sections bolted and doweled together. The mating seats on the body and bonnets 

should likewise be finished with the parts bolted and doweled together. 

Cast steel is most commonly used for gate leaves, but gray-iron castings and 

weldments are also used. Because the complex shape involves numerous fitting and 

welding problems, welded construction is not usually economical for gate leaves, unless 

only one or two gates are required and the cost for patterns is an important factor. 

Gate bodies are frequently made of gray-iron castings, although steel castings are 

sometimes used. The lower bonnet is usually either gray iron or a weldment, and the 

upper bonnet 1s cast steel or a weldment. While some bonnet covers are made of gray 

iron or cast steel, the welded-steel bonnet cover is preferable because of the simplicity 

and the avoidance of porosity which sometimes occurs in cast covers. 

Air-inlet manifolds are usually provided on the downstream side of ring-follower 

gate bodies when the gates are located at some distance upstream from the outlet end 

of the conduit. For gates which are directly coupled, or are located very close to the 

regulating gate or valve, air manifolds are frequently omitted; however, a small vent, 

which is usually manually operated, is always provided to permit releasing the air 

which is trapped during filling of the conduit between the ring-follower gate and the 

downstream gate or valve. 

The function of an air vent on guard gates is not primarily to prevent cavitation 

damage but is to release air during filling of the downstream conduit and to avoid a 

high vacuum and reduce the noise and vibration which will result from emergency 

closure with flow through the conduit. The vent lines need only be large enough to 

serve these functions. It is unnecessary for such vent lines to be as large as those 

required for free-discharge regulating gates (see Art. 26). 

Because ring-follower guard gates are usually designed to be closed, but never 

opened, under unbalanced pressure, a bypass for filling the pipe downstream from 

the gate is normally provided. The bypass line size is selected on the basis of an 

acceptable time limit for filling the conduit, and usually a 6-in. or smaller size is 

adequate. The bypass connections are frequently provided on the upstream and 

downstream bodies, so that a simple U-loop piping arrangement can be used. The 

loop extends above the floor level at the top of the upper bonnet and is provided with 

two shutoff gates or valves. 

Because of the high conduit velocities it is important that the fluidway through 

ring-follower gates be smooth and that no inward offsets into the flow be present when 

the gate is open. To ensure smoothness the fluidway through ring-follower gates is 

finished to about 250 win. roughness. To avoid abrupt inward offsets the fluidway 

may be designed as described in Art. 25 and shown in Fig. 51. This design arrange- 
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ment avoids the necessity of having the leaf and body fluidways exactly the same size 

and in perfect alignment. 

The metal combinations which are used for slide-gate seats are also used for the 

sliding seats on ring-follower gates. The recommended materials are discussed and 

specified in Art. 30. Gate seats should preferably be provided with a lubrication 

system. 

While it may appear to be unnecessary to have position indicators on gates which 

are used only in the fully open or closed positions, experience has shown that full-scale 

position indicators are desirable. Such indicators are particularly useful in determin- 

ing the precise gate position in case of malfunctions, and in checking to be sure the 

gate is operating properly at other times. 

Usually downpull is not of particular importance in ring-follower gates as they are 

not normally operated under unbalanced conditions. For emergency closure under 

flow conditions, the downpull which occurs assists in closing the gate. In general it 

can be stated that liberal clearances in the body and bonnets should be allowed. 

The clearances will permit the free circulation of water to all leaf surfaces and minimize 

the unbalanced pressures on the leaf surfaces which produce downpull. Further dis- 

cussion of downpull forces on gates is contained in Art. 3 

In the installation of ring-follower gates it is extremely important that seating 

surfaces on the gate body and bonnet be held to plane to provide an accurate mating 

surface for the leaf. The same requirements and procedures as specified for slide gates 

under Art. 6 also apply to the installation of ring-follower gates. The thickness of 

feeler-gage thousandths of an inch which can be inserted between the mating surfaces 

of the leaf and body seats should not exceed the number derived by taking the square 

root of the conduit area in feet. For example, the feeler-gage thickness for a 100 sq ft 

area would be 0.010 in. 

8. Ring-seal Gates. A ring-seal gate is a ring-follower type of gate which has 

roller trains and wheels to reduce friction and which has a movable, hydraulically 

actuated seal ring. The primary purpose of these features is to reduce the friction and 

hoist capacity from that required for sliding-type ring-follower gates. The hoist 

capacity required was of considerable concern in the 1980s when these gates were 

invented by the late P. A. Kinzie of the Bureau of Reclamation. At that time 

mechanical rather than hydraulic hoists were preferred for gates. As mechanical 

hoists designed for capacities exceeding 100 to 150 tons are quite cumbersome, friction- 

reducing means, such as wheels or roller trains, were commonly used to minimize 

required hoist capacities. 

The major initial use of the ring-seal type of gate was for the 40 outlets in the two 

upper tiers at Grand Coulee Dam (see Fig. 12). Each outlet has two identical gates, 

and there are a total of eighty 102-in. gates in these outlets. The upstream gate 

functions as the guard gate for the downstream service gate. While ring-follower-type 

gates are not normally operated under unbalanced conditions to open and close, the 

ring-seal gates at Grand Coulee Dam are unusual in that they are opened and closed 

under unbalanced conditions to release or shut off the flow through the outlets. The 

gates are never used at partial openings for throttling. The ring-seal gate has given 

excellent service at Grand Coulee, and also in other installations where it has been 

used primarily as a guard gate for turbines. 

The first gate designs used twin screw-stem mechanical hoists and the movable ring 

seal was mounted on the leaf. This seal arrangement required complicated telescop- 

ing tubes to control the seal-actuating water pressure. At Green Mountain Dam the 

need for telescoping tubes was eliminated by locating the seal in the body. The two 

126-in. gates at Boysen Dam (see Fig. 13) are the largest gates of either the ring- 

follower or ring-seal type which have been built by the Bureau of Reclamation, and 

are also the first ring-seal gates to be hydraulically hoisted. The hydraulic operation 
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of these gates permits closure in 80 sec. The rapid closure is achieved by having the 

gates close by gravity and controlling the speed by a throttle valve in the bypass line 

from the bottom to the top of the cylinder. The feature of being able to close a ring- 

seal gate by gravity without power, plus the negligible loss for this type of gate, makes 

it well suited for a turbine-guard gate. 
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The general design and installation requirements are substantially the same for 

ring-seal gates as for ring-follower gates. The principal difference is in the wheels, 

roller trains, and seals which have been added. Both diaphragm- and “grommet’’- 

type seals, as shown in the enlarged detail in Fig. 13, have been used on ring-seal gates. 

The “grommet” type is simpler and operates better. It is also cheaper to make 

because of the fewer parts and the relatively low rubber-molding costs as compared 

with the diaphragm type. 

Further discussion and information on the design of roller trains and wheels are 

contained in Arts. 32 and 33. 

9. Jet-flow Gates. The jet-flow gate was developed in the mid-1940s by K. L. 

Waltermire and Frank Lowe at the Bureau of Reclamation to be used as a substitute 

for the 14 tube valves which were originally scheduled for installation in the two upper 

tiers of outlets at Shasta Dam. The principal reason for the substitution was to 

reduce the cost of the installation. The development of a new type and design of gate 

which was radically different from any existing gates and would provide a better and 

less costly alternative to the tube valve was accomplished as a coordinated result of 

design and laboratory development and testing. The most recent design of a jet-flow 

gate which evolved from the original development is shown in Fig. 14. The funda- 

mental features of the jet-flow gate are the truncated conical nozzle, a floating seal ring 

which forms a circular discharge orifice at the downstream end of the nozzle, and a 

flat-bottomed leaf which contacts and is moved across the seal-ring orifice to regulate 

flow discharges. The basic features produce a contracted, jet-type discharge which 

is responsible for the name of the gate. 

In addition to Shasta Dam, 96-in. jet-flow gates of similar design are installed in 

the river outlets for Bhakra Dam in India. A design having a slightly modified seal 

and a flat-bottom, inverted U-shaped downstream conduit, similar to a “horseshoe” 

conduit, was used for the four 77-in. jet-flow gates which are installed at Canyon 

Ferry Dam. Other jet-flow-gate installations include 84-in. gates at Tumut Pond 

Dam in Australia and an 84-in. gate in the auxiliary outlet works at Trinity Dam in 

California. The jet-flow gate at Trinity Dam is installed as shown in Fig. 15 and has 

operated satisfactorily at full design head of nearly 390 ft. 

The simplicity and excellent flow-regulation characteristics of jet-flow gates have 

resulted in the development of standard designs in 10-, 12-, and 14-in. sizes (Fig. 16) 

by the Bureau of Reclamation. These sizes are used for discharging small amounts of 

water to meet minimum stream-flow requirements. These small gates avoid the 

damage which frequently occurs when large gates are just “opened a crack”’ for small 

discharges. 

No damage has been noted or reported at the jet orifice or in the gate slots on jet- 

flow-gate installations. Some minor damage in the downstream conduit has occurred 

at both Bhakra and Trinity Dams. In neither case was the extent or rate of damage 

deemed to be serious, although some paint and concrete repairs were required at 

Trinity Dam. Jet-flow gates operate very satisfactorily at all openings, although 

some minor pressure pulsation was noted in the operation of the gate at Trinity Dam. 

In general, however, jet-flow gates operate smoothly without vibration or serious 

cavitation damage at any opening. For partial openings there is considerable air 

demand under free-discharge conditions. The gates have also operated satisfactorily 

discharging submerged when wide open. 

On the basis of successful operation at a head of nearly 400 ft, it appears that jet- 

flow gates can be used at considerably greater heads. Certainly operation at 500-ft 

heads appears reasonable, and heads considerably higher may prove feasible. It is 

possible that strength requirements in the design of the seal ring may prove to be the 

head-limiting factor for jet-flow-gate usage rather than the flow characteristics. The 



22-22 

a sei 

PLAN 

Upper cylinder head----.. 

Bleed line to permit 
repacking piston with 
gate held open by 
oil under piston ----------- 

Stainless 
. steel H 

< . or Monel-}} 
/ clad skin 

‘Corrosion 
resistant 

overlay 

10 | ring sea Packing 

Seal ring- gland-~ 

DETAINEE 

Upstream 
bonnet ----— 

Upstream body-.. ry 

Conical diffuser 

: 4 CS 

i) — 

S © @ _ 
ey 

E = 
So FLOW © 

(=) — ey — " 

S = 
= = 

= 3 
eo rN) 

Y 

Jet spring point 

SECTIONAL ELEVATION A-A 

Fia. 14. 

HIGH-PRESSURE OUTLETS, 

Leaf in closed 
position------- ; 

Gate hanger stud 
for holding gate 
open mechanically 
if desired 

Wve packing 

N “Piston rings 

N Piston Gate position 
N---Cylinder indicator----—..| 

Gate stem 

Access opening to 

stuffing boxes--~ 

GATES, AND VALVES 

-Lever position 
(stud engaged) 

~—~---Lever position 
(stud dis- 
engaged ) 

“Oil pipe 
connection 

-Oil pipe 
i connection 

Seat greasing 
system... 

Hk [Stem nut 

h | -Leof 

~Downstream 
bonnet 

--------Downstream 

"| body 

Air vent 

conduit 

-+-Air vent 

manifold 

“Jet flow boundary 

40 TAN, 
~ inlets 

HALF 
SECTIONAL 
ELEVATION 

HALF 
DOWNSTREAM 
ELEVATION 

Assembly and details of 84-in. jet-flow gate. 



GATES 22-23 

Gates in closed 
= position-, 

COEFFICIENT OF DISCHARGE-C 

0 20 40 60 80 100 

PERCENT GATE OPENING 

SECTIONAL PLAN COEFFICIENT CURVE FOR JET FLOW GATE 

kK --Air vent 
(_passage----#4 

: Conical diffuser 

“Bonnet blowoff line Sete Noe 

SECTIONAL ELEVATION 

Ire. 15. Installation arrangement used at Trinity Dam for 84-in. jet-flow gate. Note 
ring-follower guard gate upstream. 

size of jet-flow gates is limited primarily by manufacturing or shipping capabilities. 

As shown in Fig. 14, a jet-flow gate consists of a flat-bottomed leaf, a body and 

bonnet, and a bonnet cover on which the operating hoist is mounted. The unusual 

characteristic of the jet-flow gate is the shape of the fluidway just upstream from the 

jet spring point, as shown in Fig. 52. The fluidway upstream of the spring point is the 

frustum of a 45-deg cone which forms a nozzle and causes the discharging jet to 

contract and spring free of the gate leaf slots. The small diameter of the nozzle forms 

the jet orifice. The large diameter of the nozzle is made at least 1.2 times the diameter 

of the jet orifice so that proper contraction of the jet willoecur. The upstream conduit 

may be made the same diameter or larger than the jet orifice; however, if the upstream 

conduit is smaller than the large diameter of the jet nozzle, a conical diffuser which will 
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expand the size to the required 1.2 times the 

orifice diameter must be provided. The in- 

cluded angle for the conical diffuser should 

be about 7 deg for the best hydraulic efficiency, 

but angles to 12 or 15 deg can be tolerated if 

necessary. 

It is essential that the 45-deg conical nozzle 

be machined to provide smoothness and accu- 

racy. It is also necessary that the orifice 

boundary be designed to provide a definite 

spring point on both the conical nozzle and the 

bottom of the leaf. The basic features for the 

nozzle, leaf, and seals for jet-flow gates are 

shown in Fig. 14. 

As only the circular upstream fluidway is 

under reservoir pressure, it Is not necessary to 

provide heavy reinforcement around the body 

and bonnet in the embedding conerete. The 

interior spaces of the body and bonnet are 

rarely subjected to even very low water pres- 

sure, and usually the pressure will be atmos- 

pheric or slightly subatmospheric. As the 

bonnet cover is not subjected to reservoir 

pressure, the cover needs to be designed only 

for the closing thrust capacity of the hoist 

which is mounted on the cover. 

The area of the downstream conduit is 

usually made 15 to 20 percent larger than the 

Fic. 16. 10-in. jet-flow gate used for jet orifice. The flat bottom, inverted U- 

ee small releases from outlet shaped downstream conduit eliminates jet 
sic ea impingement and flow turbulence in the gate 

slots which occur in gate openings up to about 

25 percent for circular downstream conduits. This impingement does not seem 

to be critical, however, as no gate-slot damage has been noted in gates having 

circular downstream conduits. Shaping and sizing the downstream conduit to be 

certain that adequate air can be delivered around the entire periphery of the jet are 

important. While specified design data for computing air-vent size are lacking, the 

data given in Art. 26 provide a basis for estimating a size. In any case it is desirable 

to favor generously sized rather than minimum-sized air vents. 

It is essential that the upstream face of the gate leaf which is in sliding contact with 

the seal be made of corrosion-resistant material. Steel plate, clad with either monel 

metal or 18-8 stainless steel, has been used to provide a corrosion-resistant surface. 

Preference has been given to monel metal because it is closer electrochemically to the 

bronze seal surface which rubs on the plate and consequently should be less susceptible 

to electrolytic corrosion. In the initial designs gate leaves were wheel-mounted to 

minimize the hoist capacity required for screw-stem-type mechanical hoists. High 

hoist capacities are readily obtainable with hydraulic hoists, and simple slide surfaces 

can replace the more complicated and costly wheel-mounted gate leaf. The increase 

in the cost of a somewhat larger hydraulic hoist is more than compensated for by the 

simplification of the gate parts. Also the overall width of the body and bonnets can 

be made less, which reduces the weight and machine work. Metals for the gate 

sliding surfaces should be the same as for slide gates, and the surfaces should be 

greased. 
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10. Wheel- and Roller-mounted Gates. In gate terminology, names such as 

“tractor,” “caterpillar,” “coaster,” and “fixed-wheel” have been used to describe 

roller-mounted and wheel-mounted gates. There is need for clarification of terms and 

the adoption of more rational names. 

Some of the common names which are used to describe roller-mounted gates are 

“Stoney,” “tractor,” and “coaster.” It is perhaps fitting that the widely used term 

Stoney gate be retained as a tribute to the originator for describing roller-mounted- 

type spillway gates. There is no reason, however, for the confusion caused by apply- 

ing the terms “tractor gate” and “coaster gate”’ to roller-mounted gates which are used 

for high-pressure outlets. The terminology does not describe or even suggest the 

features of the gate to which it is applied. Such gates will be referred to here as 

roller-mounted. 

Similarly, although the name ‘‘fixed-wheel”’ gate is widely used and is generally 

understood, it is unfortunate that this contradictory terminology is so commonly used 

to describe a type of gate. Such gates may be accurately called wheel-mounted gates, 

and this terminology will be used here. 

Wheel- and roller-mounted gates normally serve the same function when used in 

high-pressure outlets, namely, that of providing the primary shutoff gate for a conduit 

or penstock. Both gates are also usually designed to close by gravity. Determina- 

tion of whether to use a wheel or a roller-mounted gate is basically the result of 

determining if the weight of the gate is sufficient to overcome friction forces. To ensure 

gravity closure of such gates, the design is usually made so that the net weight of the 

gate exceeds the sum of all friction forces by at least 25 percent. As the seal and guide 

frictions are essentially the same for either type of gate, the type of gate selected is 

usually determined by the friction of the wheels or rollers. Because wheel-mounted 

gates are somewhat simpler and more economical to build, they are usually given first 

preference. As the head on such gates increases, the size of the wheel pin must be 

increased to carry the bearing and bending load. The wheel diameter usually must 

also be increased to obtain a wheel-to-pin diameter ratio as large as possible and 

minimize the vertical force required to overcome the sliding friction on the wheel pin 

bearing. As heads increase, this combination of factors results in wheel sizes which 

become excessive in terms of the gate framing. These factors therefore limit the size 

and head for which wheel-mounted gates can be used from a practical and structural 

standpoint. The use of roller bearings or equivalent types of antifriction bearings 

instead of sleeve bearings increases the feasible heads for wheel-mounted gates by 

reducing frictional resistance of the wheel bearings. The cost and capacity of anti- 

friction bearings impose economic and practical limitations on their use and establish 

the head limitation for which wheel-mounted gates are suitable. 

When the maintenance of suitable proportions and enough excess weight to ensure 

gate closure is not attained in a basic wheel-mounted gate design, either excess ballast 

weight in the form of cast-iron pigs is added to the gate or a roller-mounted gate design 

is used. The low friction of roller trains and their high load-carrying capacity permit 

using roller-mounted gates for gravity closure at very high heads. 

Wheel- or roller-mounted gates are usually installed at the entrance to conduits or 

penstocks. Such gates are frequently located on the face of a dam, in dam abutments, 

or in intake towers located in the reservoir. Typical installations are shown in Figs. 

17 to 20, inclusive. Installation on the face of a dam is usually feasible only in the 

case of a concrete dam. Such gates are also sometimes installed in shafts near the 

axis of earth-fill dams where installation at an entrance is infeasible or too costly. 

As the primary use and function of wheel- and roller-mounted gates are usually to 

provide emergency shutoff of water for guarding the safety of the pipe and downstream 

equipment, the preferable location of such gates is at or near the entrance. 

Such gates are usually used only in the fully open or closed positions and are 
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Fie. 17. Typical installation of wheel-mounted gate on the sloping upstream face of a dam. 

suspended just above the intake, as shown in Fig. 17, so that closure can be made 

rapidly in case of anemergency. Hydraulic hoists, as shown in Fig. 19, are commonly 

used for operating such gates, although mechanically operated wire-rope hoists are also 

used. One important advantage of the hydraulic hoist is that the connection to the 

gate is made by a series of large stem sections which are easily protected by painting 

and are not materially weakened by corrosion of a degree which would seriously impair 

a wire rope. The wire ropes on mechanical hoists must either be made of stainless 

steel or, if made of carbon steel, be replaced frequently to ensure the safety of gate 

operation. The closure speed for wheel- and roller-mounted guard gates is usually set 

at 15 to 20 fpm, although faster or slower speeds are readily attainable. Except for 

remote-control circuits, no power is required to close gates having hydraulic hoists, 

and closure speed can be readily set as desired by adjusting the throttle valve which 

controls the oil being bypassed from the underside to the top of the piston. Opening 

speeds for such gates are not critical and opening times of 10 to 30 min are frequently 

used to avoid large oil pumps and electric motors. Figure 19 shows the general 

arrangement of a hydraulic hoist, such as may be used to operate a wheel- or roller- 
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Ita. 18. 15- by 29.65-ft stem-operated coaster (roller-mounted) gate guarding penstock 
intake to 150,000-hp turbine at Grand Coulee Dam. 
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Fic. 19. Perspective illustration of the general arrangement of the hoists for the 15- by 

29.65-ft penstock guard gates at Grand Coulee Dam. 
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Fic. 20. Typical installation of roller-mounted gate in a tower-type intake. 

mounted gate. The design details for such hoists are covered in Art. 34. The present 

general practice for hydraulic hoists, which are used to operate guard gates, is to hold 

the gates open by confining the oil under the piston and not to use mechanical devices 

to hold the gate open. 

Figures 17 and 21 show a wheel-mounted gate, and Fig. 20 showsa roller-mounted 

gate. These figures illustrate designs which are practically all welded, except for parts 

which must be field-assembled. The 9.93- by 18.98-ft gate for Yellowtail Dam (Fig. 

21) was fully shop-fabricated and shipped as a unit. The fabricated gate was stress- 

relieved as a unit before being machined. No critical distortion or machining prob- 

lems were encountered in manufacture. The successful fabrication of this gate verifies 

the feasibility and desirability of making gates in the largest possible unit which can 

be fabricated and shipped. 

The 17.5- by 22.89-ft roller-mounted gate for San Luis Dam (Fig. 20) is likewise an 

all-welded design. It was necessary, however, to make this gate in two sections 

because of shipping limitations. The connection between the two sections is made so 
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Fic. 21. Downstream view showing wheel and seal arrangement on 9.93- by 18.98-ft 

wheel-mounted, all-welded gate for Yellowtail Dam. 

that the skin-plate splice acts as a hinge to permit the upper and lower sections to 

rotate slightly and accommodate minor deviations in the straightness of the tracks. 

This feature of articulating the two gate sections avoids the possibility of high bending 

stresses in the vertical plane at the joint between the sections and likewise helps to 

avoid excessive roller loads which could result from long, imperfectly aligned roller 

tracks. The rubber pads under the roller tracks also serve to distribute and equalize 

the load on the rollers by providing some flexibility of the support under the tracks. 

The basic components of wheel- and roller-mounted gates are essentially the skin 

plate, transverse beams which frame into vertical girders, wheels or rollers, and the 

gate seal. The principal structural difference in wheel- and roller-mounted gates is in 

the arrangement of the vertical girders. For wheel-mounted gates the vertical girder 

is usually made of two continuous members to provide a slot for straddle-mounting the 

gate wheels. In some wheel-mounted gates a single vertical girder is used and the 

wheels are mounted on cantilevered shafts on the sides of the gate. For roller- 

mounted gates the vertical girder is usually a single member and is frequently not 

made continuous so that long roller trains, which are not desirable, can be avoided. 

The design of gate roller trains, wheels, and tracks is covered in more detail in Arts. 32 

and 33. 

If the structure in which a gate is installed will permit, it is usually preferable to 

have the gate skin plate and seal on the upstream side. This preference is based on 

the fact that downpull is usually absent on gates with upstream skin plates; con- 
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sequently, savings in the gate stems and hoist result. It must not be assumed 

arbitrarily, however, that downpull is not possible on gates with upstream skin plates, 

as such gates operating under submerged conditions on the downstream side can have 

very substantial downpull unless the gate leaf is carefully designed to avoid low 

pressures under the bottom beam on the gate. The amount of upstream projection on 

the gate seal should also be carefully checked as this projection will produce an uplift on 

the gate which might prevent it from closing and seating by gravity. This force is 

particularly important because it becomes a maximum at the same time that the seal 

and wheel frictions are also at the maximum. 

Upstream skin plates and seals also result in making it possible to inspect the 

wheels, rollers, or tracks when the gate is closed and the downstream side is unwatered. 

Despite the foregoing advantages of upstream skin plates, it should not be assumed 

that downstream skin plates are not satisfactory. 

Practically all wheel- and roller-mounted gates which are installed on the face of a 

dam, as well as numerous other installations, have downstream skin plates and seals. 

For gates having downstream skin plates, downpull is always an important considera- 

tion. No easy solution is available which can be applied to all gate downpull problems. 

A general discussion on downpull and some of the critical factors involved are outlined 

in Art. 34. 

The design of a suitable seal is usually the most critical and difficult problem. A 

number of designs seal well enough to be called satisfactory. The perfect seal has not 

yet been designed. The principal problem is that the seals must be strong enough to 

resist high pressures, while retaining flexibility to conform to irregularities on sealing 

surfaces. The detail design of rubber seals such as are frequently used on wheel- and 

roller-mounted gates is covered in Art. 381. 

Seals on wheel- and roller-mounted gates frequently surround the opening like a 

picture frame. The second seal configuration which is frequently used has a picture- 

frame-type seal across the top and at the sides of the gate, but seals across the bottom 

by compression of a seal on the sill on which the gate rests when closed. The “‘picture- 

frame” seal has some advantage because the seal contact is all in one plane; however, 

the second type works very well and the right-angle corner at the bottom can be sealed 

satisfactorily. 

The embedded frames on which the seal seats and tracks are mounted must be 

made and installed to close tolerances. It is especially important that the surfaces of 

the tracks be in plane and that the plane of the track surfaces and the plane of the 

seal seats be substantially parallel. It is also important that joints in the seal seats be 

flush and butt tightly. In addition to aligning and securing the track and seal seat 

frames, the anchor bolts are normally designed to withstand any hydrostatic separat- 

ing force which can occur between the first- and second-stage block-out concrete in the 

gate slots. 

Gate slots for wheel- and roller-mounted gates do not usually pose any hydraulic 

design problems, because the velocities are usually low. Such gates are not ordinarily 

used for throttling except as required occasionally for filling a conduit or penstock. A 

general discussion of gate slots is contained in Art. 25. 

11. Cylinder Gates. In general cylinder gates are used primarily as shutoff gates 

for conduit and penstock intakes; however, cylinder gates are also used sometimes for 

regulating discharges. Cylinder gates provide a relatively simple and effective 

installation for vertical intakes where the controlling gates must operate in a shaft or 

intake tower. Although cylinder gates are not widely used, they are fundamentally a 

sound type of gate and merit serious consideration where vertical-shaft intakes are 

required. 
Basically a cylinder gate is composed of a cylindrical shell which is raised and 
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Fig. 22. Pertinent features of a cylinder-gate installation, based on the 32-ft-diameter 
cylinder-gate installation at Hoover Dam. 

lowered to control flow through radial openings into a circular vertical-intake structure 

for an outlet works or power plant (see Figs. 22 and 23). Cylinder gates have been 

located on both the inside and the outside of the circular structure, but an inside 

location is preferable for maintenance reasons. Seals at the top and bottom of the 

cylinder contact mating seats when the gate is closed. Three equally spaced stems 

have usually been used for hoisting, although with proper gate guidance a single 

hoisting stem should also be satisfactory for gates on the interior of the tower. 

Except for low heads, most intakes equipped with cylinder gates have had a low- 

level gate and a high-level gate. The basic purpose in providing an upper and lower 

gate has been to limit the maximum unbalanced operating head on the gates. A dual 

gate installation permits using the upper gate for high reservoir levels and the lower 

gate only at lower reservoir levels. In view of operating experience it is doubtful that 

the added expense of dual gating is justified on the basis of minimizing the operating 

head on a cylinder gate. It appears that a single, properly designed gate would be 

preferable from the operating, servicing, and economic standpoints. Certainly the 
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use of a single gate would greatly simplify the maintenance problem which is inherent 

in most cylinder-gate installations. With a single cylinder gate the problem of raising 

the gate to the top of the tower for inspection and maintenance would be greatly 

simplified as the stems for only one gate would be involved. If there is a problem of 

getting water at desired temperatures from different depths in a reservoir, dual gating 

may be justified. 

Although mechanically driven screw-lift hoists have been commonly used, there 

appears to be no reason why hydraulic hoists cannot be adapted to operate cylinder 

gates. It would appear desirable that a single cylinder be used and that it be arranged 

so that the gate can be picked up by one or three stems. The principal advantage of 

hydraulic operation, in addition to basic simplicity, is the ease with which rapid closure 

can be effected. The relatively long closure time for screw-stem hoists is particularly 

objectionable when cylinder gates are used as guard gates for penstock intakes. 

Another feature of existing designs which appears to merit reconsideration is the 

practice of designing stems for column loading to force a gate closed. Operating 

experience does not indicate that thrust is necessary to close a cylinder gate. Basically 

there is no operating friction for a cylinder gate except for the very minor rubbing 

which may occur on the guides during raising and lowering. The fact that such fric- 

tion is very low has been borne out by rather strong vertical vibrations which have 

occurred on some installations, especially where cylinder gates have been used at small 

openings for throttling flows. In the case of the gates which have vibrated, there was 

very little friction to produce a damping effect, and the gates vibrated at the natural 

frequency of the gate and stem system. These operating experiences indicate that 

thrust to overcome friction and close a cylinder gate is not necessary. In fact, a 

means of providing some guide friction in a design for damping possible vibrations may 

be desirable, particularly for regulating-type cylinder gates. 

The exciting force for vibration of a cylinder gate is generated by the flow varia- 

tions in the spaces beneath or around the gate. Usually the tendency to vibrate is 

most critical when the gate is nearly closed. In this position the downpull forces on a 

cylinder gate can be subject to considerable and rapid change in magnitude and tend 

to set up vertical vibrations. To minimize downpull and possible vibrations, it is 

important that the spring point on the bottom of cylinder gates be well defined, 

particularly on regulating gates. It is also necessary to provide adequate fluid circula- 

tion to the spring point. Detail Din Fig. 22 shows the modifications which were made 

to the bottom of the cylinder gates at Hoover Dam to eliminate vibration and exces- 

sive downpull. 

Cylinder gates, such as those at Cle Elum Dam (Fig. 23) which are used for throt- 

tling to regulate flows, require vents to admit air. Modification and enlarging of the air 

vents have not resulted in fully satisfactory operation. When large amounts of air are 

entrained in the discharges, rather heavy and objectionable surging has resulted 

because of the unstable conditions which result when the air is released in the down- 

stream tunnel. Objectionable air entrainment and bad surging conditions occur 

primarily when the upper gate is used for throttling flows and the free-falling discharge 

entrains air as it plunges into the water some distance below the upper gate. The 

entrained air is released in slugs downstream from the gate structure and creates an 

unstable surging condition at the gate shaft. In test operations where only the lower 

gate was used for releases and was discharging under submerged conditions, no air 

entrainment or surging occurred. If the lower gate at Cle Elum Dam had been 

designed for full-head operation, the problem of air demand and surging would 

probably have been avoided. 

These operating experiences indicate that, when a cylinder gate is to be used at 

partial openings for regulation, special care must be used in considering the structural 
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and hydraulic features of the installation. Gates used for regulating under submerged 

discharge conditions must have defined spring points and adequate fluid recirculation 

to the discharge orifice boundaries. A proper gate arrangement could eliminate the 

continuous need for large volumes of air and the objectionable effects attendant on the 

release of entrained air in the discharge. The need for adequate air vents to supply air 

during the draining or filling of a penstock or conduit would remain. 

12. Bulkhead Gates and Stop Logs. Both bulkhead gates and stop logs are 
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usually placed over outlets under balanced-pressure no-flow conditions, and function 

to permit inspection or repair of the downstream fluidway and gate or valve parts. 

Bulkhead gates and stop logs are located as far to the upstream end of a conduit as 

possible to permit almost complete unwatering of a fluidway. 

Modern stop logs and bulkhead gates frequently look very much alike and cannot 

be differentiated readily on the basis of general appearance. Stop logs no longer 

resemble the rough-hewn timbers from which the name originated, and the only 

remaining similarity between modern structural-steel stop logs and the original wooden 

stop logs is the fact that a number of substantially identical parts are placed in a slot at 

the entrance to a fluidway. 

The general appearance of modern rubber-sealed structural-steel stop logs and 

bulkhead gates no longer provides a means of identifying these closure devices. For 

this reason the installation arrangement frequently determines whether the closure 

devices are called bulkhead gates or stop logs. In general, when there are not more 

than two closure sections, and only the entrance opening is covered, the name bulkhead 

gate is normally used. If more than two closure sections are used and the units fill a 

slot to a height above the existing reservoir surface, the name stop logs is commonly 

used. 

Most conduit and penstock entrances are horizontal and have substantially vertical 

slots for placing of bulkhead gates or stop logs. Typical general arrangements are 

shown in Figs. 2 and 3. In the placement of such bulkheads or stop logs, a crane and 

lifting frame are usually used, as shown in Figs. 24 and 25. The lifting frame is 

equipped with a latching device having a tag line to permit connecting and disconnect- 

ing the bulkheads or stop-log sections under water. Automatic latching devices have 

been used, but tag-line operation is generally preferred. In addition to permitting the 

placement of multiple units, the lifting frame permits hoisting the frame above the 

reservoir surface to avoid rusting of the hoist ropes after a bulkhead has been placed. 

In cases where the top of a trashrack structure is below the upper reservoir surface, 

a cover over the bulkhead gate or stop-log slot opening is usually provided. Such 

covers are either removed with the lifting frame before bulkheading or stop-logging an 

outlet or with lifting ropes attached to the covers by divers. 

In case conduits or penstocks have bellmouthed intakes on vertical-intake shafts, 

circular bulkheads are used. See the shaft-type intake in Fig. 3. For small, low-head 

intakes, either concrete or steel bulkheads are used. Elliptical and hemispherical 

circular steel bulkhead designs have also been used for vertical-intake shafts; but 

except for some savings in weight, such designs do not have any particular advantage 

in cost over a flat bulkhead of conventional beam and skin-plate design. For large 

intakes where field welding is required, the flat bulkhead has a definite advantage in 

avoiding field welds which are subjected to critical tension stresses as is the case for 

large elliptical and hemispherical bulkheads. For these reasons the conventional beam 

and skin-plate design is usually preferred for flat circular bulkhead gates. 

Wooden seals are sometimes used for the sealing surfaces of stop logs and bulkhead 

gates; however, because wooden seals dry out, crack, and do not seal well, rubber seals 

are usually preferable. The ‘“‘music-note” or ‘‘J’’ seal is the most widely used type of 

rubber seal for this equipment, and the use of wooden seals has largely been dis- 

continued where rubber seals can be readily obtained. 

The seal seats which are embedded in concrete at the intakes are normally fabricated 

with a corrosion-resistant contact surface, such as 18-8 stainless steel, for supporting 

and sealing bulkhead gates or stop logs. The provision of corrosion-resistant surfaces 

is especially important for such surfaces as they are usually permanently submerged 

after the reservoir has filled, and are not accessible for maintenance unless the reservoir 

is drawn down considerably below normal operating levels. 
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It is convenient to have permanent crane facilities available for placing and remov- 

ing bulkhead gates and stop logs. Because of the infrequent usage, however, it is 

frequently not economically justifiable to provide permanent hoisting equipment. 

It is important, however, that fairly complete handling studies be made at the initial 

design stage to be sure that handling procedures using temporary equipment such as an 

A frame, a truck-mounted crane, or a barge-mounted crane, are feasible and are, in fact, 

the most economical. The fact that bulkheads and stop logs will be used only 

infrequently should not lead to the neglect of careful design. Proper design and 

facilities to permit easy handling will be found to be invaluable in assuring economical 

and adequate maintenance of outlets. 

VALVES 

13. General. The trend in valve designs has been the same as for gates, in that a 

relatively few simple and rugged types are being most widely used. The needle valve 

has been largely supplanted by Howell-Bunger fixed-cone or the Staats-Hornsby 

hollow-jet-type valves for regulating high-head releases. The slide gate and the jet- 

flow gate are also being used successfully for regulation at heads where needle valves 

were once the only suitable type. This trend has been spurred by the fact that the 

newer types of gates and valves are less costly and have a higher discharge capacity 

than a comparable size of needle valve. In addition, the later designs have fewer parts 

and require less service and maintenance than needle valves. 

Mechanical or oil-pressure hydraulic systems are usually preferable to reservoir 

water-pressure hydraulic systems for operating valves. In some cases, reservoir water 

pressure is still used to avoid standby power units for emergency closure of power-plant 

guard valves, but this practice is commoner in Europe than elsewhere. The primary 

objections to using reservoir water as the hydraulic fluid are the problems involved in 

avoiding corrosion in the control system and the problems associated with the scale 

deposits from raw reservoir water. Minerals in untreated reservoir water have a 

tendency to come out of solution and be deposited on the surfaces of operating cylinders 

or in the small clearances of control valves. The oil-hydraulic operation and direct 

mechanical drives are most commonly used. 

Various types of rotary shutoff valves are being used, but the butterfly- and sphere- 

type valves are most commonly used. Although the butterfly valve is somewhat less 

costly to build, there is an increasing use of sphere- or analogous-type valves, such as 

plug valves, which also have “straight-through” fluidways, because of their very low 

losses and less difficult sealing problems. The butterfly valve is still the most widely 

used valve for such service, particularly in the United States. 

14. Needle Valves. A properly designed needle valve is an excellent device for 

regulating high-velocity flows, as is amply demonstrated by the almost universal use 

of such valves for controlling high-head flow for impulse turbines. However, the use 

of needle valves for the regulation of flow from outlet works has been supplanted to a 

large extent by more economical and hydraulically efficient types of gates and valves. 

Although the use of needle valves for outlet works is greatly diminished, this type of 

valve cannot be ignored as many needle valves are presently in service and the valve is 

fundamentally an excellent regulating device. 

Figure 26 shows the principal stages of evolution for the needle valve from Ensign’s 

original type through the interior differential type. It will be noted that all these 

valves are hydraulically operated by reservoir water. This method of operation 

normally requires that the valves be disassembled at periods ranging from 2 to 6 years 

to remove accumulated scale. In some installations, such as Hoover Dam where the 

water has extremely high scaling characteristics, it is necessary to drain the water 

completely from the valve controls when not in use and to fill the Paradox control with 
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Fic. 26. Evolutionary types of needle valves. 

an oil, similar to kerosene, to avoid very frequent disassembly for removing scale. 

Obviously the relatively frequent diassembly for cleaning needle valves is costly and 

imposes considerable wear and tear on the parts. 

Figure 27 shows a typical installation arrangement and cross sections through an 

interior differential needle valve and a Paradox control. The valve is closed by 

admitting water pressure to chambers C and C; and connecting chamber O to drain 

through the Paradox control. To open the valve, water pressure is admitted to 

chamber O and chambers C and C; are opened to drain. The control stand serves only 

to position the spool valve in the Paradox control for opening and closing the needle 

valve hydraulically. The control stand has no capability or connection for producing 

direct mechanical movement of the needle. The Paradox control is a compensating 

type of valve which will hold the needle in any position. Rotation of the handwheel 

turns the internal threaded member and moves the spool up or down, depending on 

the direction of rotation. As the needle responds and starts to move, the rack-and- 

pinion drive in the valve turns the external threaded member and drives the spool in an 
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opposite direction from that produced by control-stand operation. Unless rotation of 

the handwheel is continued, the needle will stop when it has traveled a sufficient dis- 

tance to return the Paradox control spool to the neutral center position. Any 

tendency of the valve to creep either open or closed from the set position will be 

automatically corrected by the spool valve being moved up or down so that pressure 

is directed into the proper valve chambers to counteract the needle creep. 

Fundamental fluidway geometry to produce a noncavitating needle valve, and 

discharge curves for such a valve are shown in Fig. 28. In addition to the basic 

geometry and configurations shown, it is also important that the valve surfaces which 

will be in contact with high-velocity water be smooth and free of offsets (see Art. 24) 

to avoid cavitation. 

In the valve fluidway geometry it is essential that the downstream cone angle of the 

needle be less than the downstream cone angle on the body to avoid cavitation at high 

heads. On some early designs which were used for moderate heads, a divergence 

rather than convergence of these cone angles appeared to be desirable as the discharge 

coefficient was increased and cavitation damage was not excessive. However, when 

similar valves were used under the higher head at Hoover Dam, rapid and excessive 
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cavitation damage that required frequent and expensive weld repairs occurred. This 

problem resulted in hydraulic investigations being made and in the development of the 

fluidway geometry shown for a noncavitating needle valve. 

Another important detail in fluidway geometry is shown in detail A of Fig. 28. 

The principal feature illustrated by the detail is the sharp, well-defined orifice and 

spring point which is necessary for the needle-valve jet. The rounded seat as shown 

in the phantom outline will produce cavitation and should not be used. 

Although specially designed needle valves are being used successfully for discharge 

under submerged conditions, the conventional outlet-works valves are not usually 

suitable for such service. Outlet-works valves are normally installed completely 

above the downstream water surface, although operation with tail-water level to the 

horizontal center line can be tolerated. Needle valves should not be used for regula- 

tion within a pipe unless the operating chambers are designed to prevent the needle 

from slamming shut. Without proper design, reduced pressure on the needle surface 

can cause the needle to slam when nearly closed and set up undesirable and possibly 

dangerous water hammer. 
In the operation of needle valves it is important that all air be vented from the 

interior pressure chambers and the high point of the fluidway before the valve is placed 

in service. Failure to vent valves properly can result in severe hydraulic shocks. 

These shocks are due to the rapid expansion of air compressed in the valve chamber 

and to the sudden needle movement which may occur when a chamber under high 

pressure 1s opened to low drain pressure for operating the valve. A gooseneck over- 

flow having the high point above the maximum chamber elevation is usually provided 

to ensure that the operating chambers remain full of water. 

15. Tube Valves. The tests which were conducted by the Bureau of Reclamation 

to develop a cavitation-free needle valve were also largely responsible for the invention 

and development of the tube valve. As cavitation was occurring on the conical sur- 

face of the needle, it was reasoned that elimination of the conical needle would elimi- 

nate the cavitation problem. Although elimination of the conical needle tip avoided 

a cavitation problem, it also resulted in a considerable instability of the jet at open- 

ings of less than about 85 percent. This instability is characterized by the jet no 

longer remaining concentric with the valve orifice and by having the direction of dis- 

charge of the jet change position in an unpredictable pattern around the valve orifice. 

Except for creating some minor problems of spray from the discharge, the jet instabil- 

ity is not objectionable and does not pose any vibration or hydraulic problems. 

In free-discharge installations tube valves have given excellent service. Four 

102-in. special long-body tube valves which were installed in the lower tier of outlets at 

Shasta Dam have had very limited use because of some undesirable operating charac- 

teristics. The amount of spray in the outflow discharge is objectionable at the 

adjacent switchyard. One valve had a tendency to vibrate severely at openings above 

96 percent and some noise and rumble were evident in all valves toward the closed 

position of travel. Because of these operating characteristics and because the tube 

valves proved quite costly to build, the possible use of an alternative type of regulating 

gate was studied. The studies resulted in the development of the jet-flow gate which 

was installed in the middle and upper tiers of outlets instead of tube valves as originally 

planned. 

Because of the basic configuration, tube valves can be used to discharge under sub- 

merged conditions. In one such installation, made to bypass the pump turbine at 

Flatiron power plant, the Bureau of Reclamation found no evidence of cavitation on a 
42-in. tube valve after considerable operation. 

As shown in Fig. 29, the fluidway configuration of a tube valve is quite similar to 

that of a needle valve without a downstream needle tip. Only relatively small unbal- 
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anced hydraulic thrust loads exist on the cylindrical tube as compared with the large 

thrust loads on a needle valve. It is therefore feasible to operate a tube valve by a 

relatively simple mechanical drive to move the cylindrical tube longitudinally for 

controlling flow. It would also be possible to use a small oil cylinder for operation. 

The general seal and seat details, as well as discharge curves, are also shown in 

Fig. 29. In the design of tube valves no particular problems arise, except that an 

effective seal must be provided for the tube in the body bore. Both simple packings 

and water-pressure-actuated seals, as shown on detail A, have been used for the seal 

between the body and tube. Care must also be used to provide a well-defined control 

orifice between the tube and body seat as shown on detail B. 

Fic. 30. Phantom view of Howell-Bunger valve installation. (Allis-Chalmers Man- 
ufacturing Company.) 

16. Fixed-cone Valves (Howell-Bunger). The fixed-cone valve, which is more 

commonly known by the surnames of the inventors, C. H. Howell and Howard Bunger, 

has proved to be an excellent and widely used regulating valve. Although the primary 

use of the valve has been for free discharge into the atmosphere, the valves have also 

been used for submerged-discharge operation. Unless spray is objectionable, free 

discharge into atmosphere poses no particular problems; but for submerged discharges 

very careful design usually involving model testing is required. The basic arrange- 

ment and typical features of a Howell-Bunger valve installation are shown in Fig. 30 

and in Fig. 31, which includes a set of discharge curves. The discharge curves are 

based on a wide-open discharge coefficient of C = 0.85, in accordance with the 
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following formula: 

Q = CA VW/2gH 

where Q = discharge, cfs 

A = area of valve, sq ft based on nominal inside diameter 

g = gravitational acceleration of 32.2 ft/sec? 

H = net head, ft 

ll 
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By combining the constants the formula can be simplified and rewritten as shown in 

the following form in Fig. 31: 

Q = 5.354D2 /H (as shown on discharge curves) 

where D = nominal valve diameter, ft 

The expanding cone-shaped discharge pattern of Howell-Bunger valves does an 

excellent job of aerating the water and dispersing the energy. Where the resulting 

Vf 
mad a 

Fic. 32. Free discharge from 54-in. Howell-Bunger valve under 138-ft head. (Allis- 

Chalmers Manufacturing Company.) 

spray from this type of discharge is not objectionable, the valves are usually allowed to 

discharge freely into air, asshown in Fig. 32. Where the spray from a widely dispersed 

jet 1s not acceptable, a downstream hood is used to confine and redirect the discharge, 

as shown in Fig. 33. Because of the wide dispersion of the Jet, stilling basins are not 

normally used for these valves. In all installations it is important that adequate air 

be supplied to the region upstream from the jet. This requires large ducts on hooded- 

type installations. Because of the large air demands, the entrances to the ducts 

should be located and protected to avoid the danger of persons being sucked into the 

duct. 

The basic Howell-Bunger valve is composed of four essential elements: (1) the 

body, (2) a cylindrical gate member, (3) the seals, and (4) the operating mechanism. 

The inside diameter of the cylindrical portion of the body is the same as the upstream 

pipe or conduit to which it is attached by a bolted flanged connection. Jadial ribs, 

which are attached to the cylindrical portion of the body and which extend down- 

stream from the end of the cylindrical shell, support the concentric conical head on the 

end of the valve. The apex of the cone is pointed upstream, and the cone angle with 

respect to the center line of the fluidway is about 45 deg. Flow from the radial dis- 

charge ports, formed by the arrangement of the body cylinder, ribs, and cone, is con- 

trolled by a cylindrical gate member on the outside of the valve body. The mating 

surfaces on the body and cylindrical gate member are made of corrosion-resistant 

material. An operating mechanism moves the cylindrical gate downstream to cover 

the radial discharge ports in the body and close the valve. In opening the valve the 
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amount of discharge is governed by the varying area of the orifice between the cylindri- 

cal gate and the fixed cone as the cylinder is moved longitudinally. 

The upstream end of the cylindricai gate is provided with a seal which slides and 

seals on the exterior cylindrical portion of the body. The sealing surface on the down- 

stream end of the cylindrical gate is made of corrosion-resistant material and contacts 

the corrosion-resistant seat ring on the periphery of the conical portion of the valve 

body. The mating metal seats on the cylinder and cone are frequently made of stain- 

less steel to resist corrosion and cavitation damage. 

Ira. 33. 66-in. Howell-Bunger valve discharging at 265-ft head through a hood. (Allis- 
Chalmers Manufacturing Company.) 

Although hydraulic cylinders, bell cranks, and other types of operators are used 

to operate these valves, the twin-screw type of operator shown in Figs. 30 and 31 is 

most commonly used. 

Howell-Bunger valves are available in sizes from 8 to 108 in. Large-sized valves 

have been installed for heads up to 420 ft and smaller sizes for heads up to 900 ft. 

Special designs can be made to meet almost any size and head requirements. The 

relatively small force required to move the cylindrical sleeve permits manual operation 

up to about the 42-in. size; however, all sizes from 18 in. upward are available with 

motor operators. 

17. Hollow-jet Valves (Staats-Hornsby). The hollow-jet valve, which was 

developed at the Bureau of Reclamation, is also known by the names of the inventors, 

B. H. Staats and G. J. Hornsby. The hollow-jet valve is an excellent and widely used 

valve for regulating high-pressure outlets. The valve is designed to be used for free 

discharge into the atmosphere, and should not be installed where discharge under fully 

submerged conditions can occur. It is permissible, however, to operate the valve 

partially submerged provided the tail water is not higher than the center line of the 

valve. 

A typical outlet-works arrangement with a hollow-jet valve and a ring-follower- 

type guard gate upstream is shown in Fig. 34. For some installations the ring-follower 
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gate is installed on the same slope as the hollow-jet valve. Installing the ring-follower 

gate on a slope permits using a somewhat smaller enclosing building, but a vertical gate 

installation is simpler to install and easier to handle for maintenance. The hollow-jet 

valve is frequently mounted on trunnion supports so that it can be rotated easily to 

simplify handling and maintenance. 

A discharge-coefficient curve as shown in Fig. 34 may be used to compute valve dis- 

charges in accordance with the following formula: 

Q = CA V2gH 

where Q = discharge, cfs 

A area of valve inlet, sq ft 

g = gravitational acceleration of 32.2 ft/sec? 

H = total head (static plus velocity) at inlet flange of valve 

Fic. 37. Downstream view of 72-in. hydraulically operated hollow-jet valve for Navajo 

Dam. 

Essentially, a hollow-jet valve is half a needle valve in which the needle closure 

member moves upstream toward the inlet end of the valve to shut off flow. There is 

no converging fluidway on the downstream end of the valve body; consequently the 

flow emerges in the form of an annular cylinder which is segmented by the splitter ribs 

as shown in Figs. 35 to 37. The fact that the issuing jet is a hollow cylinder, as con- 

trasted with the solid jet of the needle valve, was the basis for adopting the name 

hollow-jet valve. 

The splitter ribs perform two functions. In addition to supporting the central 

structure which contains the needle, they also provide openings for admitting air into 

the jet interior. The admission of air to the interior of the jet is essential to avoid 

excessive subatmospheric pressures and jet instability. There is a considerable degree 
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Fie. 38. Four 96-in. hollow-jet valves discharging about 3,500 cfs each at Glen Canyon 
Dam. Note also the 30,000 cfs from the three sets of 7- by 10.5-ft slide gates being dis- 

charged over the tunnel flip bucket in the lower right of the picture. 

of air entrainment around the jet periphery, and an adequate supply of air must be 

provided to this region. The assurance of an adequate air supply must be carefully 

checked for installations where the valve is discharging into a tunnel. 

The discharge of hollow-jet valves is dispersed and aerated considerably more than 

that of a needle valve but not so much as that of a Howell-Bunger valve. As shown in 

Fig. 38, the discharging jet has a fairly clean, well-defined cylindrical shape and does 

not require a hood to confine the discharge and avoid spray dispersion. However, 

unless there is sound rock or a deep pool into which the valve can discharge, a stilling 

basin is usually required. 

A hollow-jet valve consists basically of a body, a needle, and the operating means 

for moving the needle upstream or downstream to vary the area of an annular orifice 

between the needle and body for controlling discharges. 

The general arrangement of a mechanically operated valve is shown in Fig. 35. 

Figure 36 shows a comparable hydraulically operated valve. Both types have similar 

needle and body configurations and have an inlet diameter equal to the conduit 

diameter. The principal difference lies in the method of operating the needle. 

In the mechanically operated valve it would be almost prohibitive physically and 

economically to design a screw-stem drive to withstand the total unbalanced hydro- 

static load on the end of the needle. The necessity for such design was avoided by 

admitting fluidway water pressure through ports in the needle face to the balancing 
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chamber in the valve to minimize the unbalanced hydraulic load on the needle. By 

properly locating the balancing ports on the face of the needle, it is possible to limit the 

unbalanced water load on the needle to approximately plus or minus 12 percent of the 

total water load on the needle at any opening. The resulting operating forces are not 

a problem and are low enough that manual operation can be used satisfactorily for 

valves up to 36 in. in diameter. Most valves, however, are supplied with motor- 

driven operators of a type which limits the maximum driving torque. 

The hydraulically operated hollow-jet valve was developed in 1958 by B. H. Staats 

at the Bureau of Reclamation, and has been used as the standard design since then. 

The principal advantages of a hydraulically operated valve using oil as the hydraulic 

medium are that it is simpler and more economical to build and requires less mainte- 

nance after installation. The successful operation of this type of valve is dependent 

upon making the cylinder and hydraulic system sufficiently oiltight that a mechanical 

system is not required to prevent the needle from creeping open from a set position. 

Successful operation of these valves at Trinity, Glen Canyon, and other dams has 

proved that needle creep, because of hydraulic-system leakage, is not an operating 

problem. To facilitate maintenance or replacement of the main packing on the 

operating plunger it is made readily accessible and requires only removing the cover 

on the plunger cylinder. 

The hydraulically operated valve eliminates the necessity of periodic disassembly 

of the valve for maintenance as was necessary for the mechanically operated valve. 

This disassembly was necessary primarily to remove water-deposited scale from the 

sliding surfaces in the balancing chamber to prevent damage to the valve seals. 

Inaccessible sliding surfaces which could collect scale have been entirely eliminated 

from the hydraulically operated valve and all sliding surfaces are lubricated by the 

hydraulic oil. For this reason major field disassembly for maintenance should rarely 

be required. 

The operation of the hydraulic-type valve is very simple and does not require a 

balancing chamber to reduce the hydrostatic thrust on the needle. Oil pressure is 

directed to chamber C to close the valve. When the conduit upstream from the valve 

is filled with water under pressure, the valve can be opened by releasing oil from 

chamber C. If no conduit water pressure is available, the needle can be moved to the 

open position by admitting oil pressure to the annular chamber O. 

The use of hollow-jet valves at openings of less than 5 percent may result in cavita- 

tion and damage downstream from the seat region and should be avoided if possible. 

No other cavitation, except that due to obvious surface imperfections in the valve 

fluidways, has been noted in these valves. As is the case with all surfaces over which 

high-velocity water passes, it is essential that the surfaces be smooth and have no 

pronounced offsets. 

Hollow-jet valves have been built in sizes from 24 to 96 in. The highest head 

valves are the 96-in. hydraulic-type valves which are designed for discharging under a 

535-ft head at Glen Canyon Dam. The 96-in. mechanical-type valves at Hungry 

Horse Dam are designed for a head of 460 ft. 

18. Sleeve-type Valves. To utilize the excellent energy-absorbing capabilities of 

vertical stilling wells, it is necessary to have a valve capable of regulating under fully 

submerged conditions. This led to the development of a sleeve-type valve by the 

Bureau of Reclamation. The basic regulating member is a cylindrical sleeve, and the 

valve is similar in some respects to the cylinder gate and to the Howell-Bunger valve. 

It differs in operation from the usual cylinder gate in that the flow is from, rather than 

into, a central pipe. It differs from the Howell-Bunger valve in that the sleeve is 

internal rather than external and in that the issuing jet discharges at 90 deg with 

respect to the axial center line of the sleeve rather than at about 45 deg, as is the case 
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with the Howell-Bunger valve. Both the Bureau-type sleeve valve and the Howell- 

Bunger-type sleeve valve are suitable for use in vertical stilling wells. Both types of 

valves embody the basic principle of the ‘sudden enlargement”’ and are designed to 

release the high-velocity discharge into an enlarged, water-filled chamber for dissipat- 

ing the energy. 

The installation and details of a typical Bureau-type sleeve valve are shown in 

Fig. 39. The outflow from the square stilling well is not under a large back pressure 

and either a conduit or open flume may be used. No air supply is required. Manual 

operation is suitable for valves up to about 36 in. in diameter, but motor operation can 

also be used if desired. Bureau-type sleeve valves have been made both with and with- 

out a central conical member mounted on the base plate. Various shapes and angles 

of central members have also been used to vary the discharge-rate characteristics. 

The valve discharge is controlled by moving the sleeve axially with the control- 

stand operator to vary the orifice between the sleeve and cone (or the base plate if no 

cone is used). The base plate, cone, and sleeve are usually made of stainless steel to 

provide corrosion and cavitation-damage resistance. The tip of the sleeve must be 

designed to provide a definite spring point for the issuing flow to avoid cavitation 

damage (see detail A in Fig. 39). 

Figure 40 shows a somewhat analogous vertical installation of a 17-in. Howell- 

Bunger-type valve which was made by the Allis-Chalmers Manufacturing Company 

for regulation under a head of 975 ft on the Tolt River Regulating Basin. This 

installation differs from the Bureau-type sleeve-valve installations in the shape of the 

stilling chamber and in the provision for air admission at the downstream periphery of 

the conical portion of the valve. 

Although the use of submerged valves in vertical stilling wells has been somewhat 

limited, the satisfactory results reported indicate that suitable valve designs are 

available and that more extensive use of this type of design is feasible. 

19. Butterfly Valves. The simple, rugged, and economical butterfly valve has 

stood the test of time. It is commonly used as the primary guard valve for turbines in 

power outlets, and frequently as the guard valve for regulating gates or valves in outlet 

works. Butterfly valves have also been used to some extent for regulating free dis- 

charges in outlet works. Standard valves in the small to medium sizes, built according 

to American Water Works specifications, are also widely used in water-distribution 

systems and outlet works. 

The principal problem in the design and use of butterfly valves has been the seals. 

The main difficulty in sealing a butterfly valve is due to the fact that for most valves 

the seal must be designed to provide a continuous effective seal around the trunnions 

and the periphery of the leaf. Numerous seal designs have been made to cope with 

the leakage problem. In some designs the seal has been offset from the trunnions so 

that a single circular seal ring can be used to avoid the problem of sealing around the 

trunnions. Most butterfly-valve seals, however, are designed to seal around both the 

leaf and trunnions. For a number of years butterfly valves generally used only 

metal-to-metal seals. One notable early exception to the all-metal seals was the 

inflatable rubber seal which was provided on the 27-ft butterfly valves for Conowingo 

power plant. 

The development and standardization of rubber-seated butterfly valves in the 

1950s resulted in widespread use of rubber seats and a large reduction in the use of 

metal-seated valves. However, for large or specially designed valves for high-pressure 

outlet works and penstocks, a basic metal seal is still widely used. Rubber inserts are 

sometimes added to metal sealing faces to reduce the seal leakage. 

The type of valve which is commonly used by the Bureau of Reclamation for large 

turbine guard valves is shown in Figs. 41 to 48. The valve illustrated has a 156-in. 
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seal diameter and is designed to operate under a maximum head of slightly over 400 ft. 

This design utilizes the conventional piston and crank mechanism for rotating the leaf, 

and is arranged so that all operating forces for the leaf are internal with respect to the 

valve unit. This arrangement avoids the problems of anchorage and alignment which 

are encountered when the operating unit and valve are mounted on the floor separately. 

Fic, 42. Shop assembly of 18-ft butterfly valve. 

Numerous types of operating units have been used for butterfly valves through the 

years. The crank arm was probably the first type used, and the crank or similar type 

of operator is still the most widely used. One novel and interesting operating unit was 

the hydraulic rotor drive, which was invented and developed primarily by Phillip A. 

Kinzie for use on the 120- and 168-in. turbine guard valves for Hoover power plant 

(see Fig. 44). Valves having this type of operator, as illustrated in Fig. 45, have many 

excellent characteristics. They are pleasing in appearance and very compact in terms 

of the torque delivered, and all operating forces are symmetrical and integral with 

respect to the valve unit. The operators have given very satisfactory service on the 

17 butterfly valves in Hoover power plant. The cost of building the rotor-type 

operators is considerably more than for conventional crank operators, and for this 

reason operators of this type have not been widely used. Unless space is at a consider- 

able premium and extreme compactness is required, as was the case for Hoover power 

plant, the rotor-type operator is not competitive economically. Improved types and 

knowledge of seals would probably permit a considerably more economical design of a 

rotor-type operator than was possible when the Hoover butterfly valves were designed 
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in 1933. In fact, a sté 

the rotor principle 

Usually no mechanical locking device is provided for the operating units on turbine 

guard valves, as such devices > proved to be unnecessary in either the open or 

closed positions. If it is desired or necessary to block the valve open or closed, 

shutting off the oil-line valves to the top and bottom of the cylinder provides a power- 

ful and effective locking method. Im sc ses where butterfly valves are used in 

olding method to ensure that unbal- 

f does not induce closure may need to be considered. 

me ca 

high-velocity outlet is 

anced turbulent flow past the | 

Fic. 43. Operating cylinder and crank arrangement for 13-ft butterfly valve. 

A mechanical lock and the providing of a piston and control system which are practically 

leakproof are two methods which can be used to lock a leaf in position. Another 
method is to rotate the leaf slightly beyond the open position (see section AA in Fig. 

41) so that flow-induced torque will tend to hold the leaf open rather than tend to close 

the leaf. In the closed position the trunnion friction from the water load on the leaf 

provides an effective brake on leaf movement. Arranging the leaf rotation so the 

bottom portion seats in the direction of flow results in a positive sealing torque on the 

leaf. The torque is developed by the differential pressure on the top and bottom 

halves of the valve leaf. 

The tendency of butterfly valve leaves to be self-closing is a hydraulic operating 

characteristic which is not too obvious from the general configuration and operation of 

the valve. The dynamic closing torque produced by the flowing water must be 
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considered for all butterfly valves in designing the operator. For valves which have 

relatively low velocities and high pressures, such as turbine guard valves, the dynamic 

closure torque is usually less than the torque required to overcome the seal and trun- 

nion friction as the valve seats. For valves which must be either opened or closed 

under conditions approaching free discharge, the dynamic torque becomes very large 

and nearly always governs the torque capacity of the operator. 

While formulas for the dynamic torque on butterfly valves are shown in various 

forms, the general relationships expressed in the following formula are usually inherent 

Fic. 44. Shop assembly of 14-ft-diameter butterfly valve for Hoover Dam. The late 
P. A. Kinzie, inventor of the novel hydraulic rotor used on these valves, is standing on 

the platform. 

in all: 

UT KeVe D3 

where 7 = operating torque, in. or ft-lb, depending on the units of the A factor 

K =a constant determined by the leaf position and the units of torque as 

defined for 7 

V = velocity of flow through valve, fps 

D = diameter of leaf, ft 

The constant K will vary somewhat with the geometry of various valves and is 

usually determined by test of a specific shape by the valve manufacturer. The maxi- 

mum value of K for free discharge will occur with the valve leaf about 20 deg from the 

fully open position. The variation of torque as the square of the velocity indicates the 
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need for care in determining what the maximum velocity may be to ensure adequate 

operator capacity is provided. For valves which are relatively close-coupled to 

turbines, the maximum turbine discharge is usually assumed for determining the 

velocity. For valves which are used to guard considerable lengths of exposed con- 

duits or penstocks, the assumption of free-discharge conditions which could oecur with 

a line break is usually used for determining the operator torque capacity. Free- 

discharge valves require the most operating torque. 
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Fra. 45. General assembly of the 10- and 14-ft-diameter butterfly-valve design used 
at Hoover Dam. 
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Normally, butterfly guard valves are opened and closed under no-flow pressure- 

balanced conditions; however, such valves are always designed for closure under flow 

conditions. One or two bypass lines are usually provided on guard valves for balanc- 

ing upstream and downstream pressures. Such bypasses frequently have a power- 

operated service valve and a manually operated guard valve. <A drain to carry off 

seal leakage should also be provided just downstream from the leaf. This drain 

should be of adequate size to remove the maximum expected seal leakage. Making 

the drain diameter about 5 percent of the leaf diameter will normally ensure ample 

drain capacity. 

The externally adjustable seal design shown in Fig. 41 has been used on a number 

of 13-ft valves for heads from 300 to 500 ft. Shop test leakages ranged from 3 gpm to 

a maximum of 15 gpm. Most of the valves were in the 5- to 10-gpm range. These 

leakages are well within tolerable hmits. Although higher seal leakage can be tolerated, 

leakage should preferably be less than 25 gpm to avoid excessive spray and paint- 

application problems downstream. Such leakages can be attained by careful work- 

manship on all-metal seals and are readily attained if rubber inserts are added to the 

metal seals as shown in section HH in Fig. 41. All-rubber valve seals can be made 

droptight; but as the leakage from seals of metal or of metal plus rubber can be toler- 

ated, the more rugged and durable metal seals are considered by many designers to be 

preferable for important primary guard valves. 

Section HE in Fig. 41 shows the typical seal and adjusting arrangement. It will be 

noted that the seal is basically a metal-to-metal seal and would function quite effec- 

tively even though the rubber insert in the leaf seal were lost. It is essential that the 

seal-adjusting arrangement provide both circumferential and radial adjustment of the 

seals. The conical-nosed screws X shown on detail D provide circumferential adjust- 

ment for butting the seal tightly against the trunnion. The push-pull adjusting 

screws Y as well as the unidirectional push screw Z provide radial adjustment of the 

seal. Except for the initial circumferential adjustment of the seal bearing on the 

trunnion, all final adjusting of the seal may be made with the seal under pressure. 

The junction between the circumferential and trunnion seals Is critical, and special 

care must be exercised to avoid excessive leakage. To avoid excessive leakage the seal 

design should theoretically be such that no leakage can occur. In fabricating such a 

seal, minor inaccuracies will usually result in some tolerable amount of leakage. Some 

of the complexity of seal design for butterfly-valve design is obvious from the foregoing 

description, but in addition, it should be remembered that the seals must also be able 

to accommodate leaf deflections. 

Butterfly valves are deceptively simple in appearance, but many complex hydraulic 

and mechanical problems are involved in design. A thorough study and under- 

standing of the problems, particularly the seals, should be made before attempting a 

design. 

20. Sphere Valves. The general name sphere valve is applied to valves haying a 

circular fluidway through the valve body which is approximately spherical in shape. 

Various trade-name designations are also used for such valves, and there are several 

different arrangements for the closure member. ‘Two of the commonly used arrange- 

ments are shown in Fig. 46. In the Type A valve, the cylindrical fluidway through 

the valve is an integral part of the rotating member and closure is effected by rotating 

the member 90 deg. In Type B, the circular fluidway is made an integral part of the 

body except for a narrow annular slot at one end. When the valve is open the slot is 

bridged by the surface of a hole through the spherical shell of the closure member. 

Closure is effected by rotating the spherical shell approximately 90 deg so that the 

solid bulkhead portion blocks the fluidway. 

Both types of valves in the open position have a fluidway which is essentially a 
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straight cylinder and has hydraulic losses approximately the same as would occur in 

an equivalent length of pipe. As practically no losses or flow disturbances are pro- 

duced by sphere valves, they are well suited for installations where a turbine and the 

guard valve are very close together and turbulence must be minimized. Such valves 

are also suited hydraulically for use as the guard valve for high-velocity outlet works. 
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Fig. 46. Sphere-valve types (type B shown by courtesy of the English Electric Company). 

Sphere valves can be readily sealed to provide practically droptight closures, even 

at very high heads. The sealing contact surfaces are usually made of corrosion- 

resistant metals such as bronze or stainless steel. Metal-to-metal sealing is the most 

common, particularly for high-head valves, but rubber on stainless-steel seals is also 

used. Most, but not all, seals are of the hydraulically actuated type which are 

retracted and not in contact during rotation of the valve. Hydraulic actuation of the 

seals by the water pressure in the pipe is used in some designs. In other designs an 

independent oil-pressure source is used for seal operation. 
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Although mechanical operators are frequently used on small valves, hydraulic 

pistons are used almost universally on the larger sizes as shown in Fig. 47. Normally a 

single operating cylinder powered by oil pressure is used, but sometimes dual cylinders 

powered by reservoir water pressure are used. The operating torques for sphere 

valves in which the central fluidway rotates will have dynamic torques which tend to 

close the valve, and which are similar in some respects to the torque characteristics of 

butterfly valves. Valves having spherical shell-type rotating members do not have a 

pronounced dynamic-closure torque characteristic, and the torque required for opera- 

tion will be governed principally by the trunnion friction. In the case of the rotating 

fluidway valves subject to high-velocity flow, the dynamic-torque characteristic must 

be considered as well as friction torques in determining operator capacity. 

Fic. 47. Shop assembly showing general arrangement of hydraulically operated sphere 

valve. (English Electric Company.) 

Sphere valves have been made in sizes considerably more than 10 ft in diameter 

and for heads in excess of 1,000 ft. Except for limitations imposed by shipping or 

manufacture, it appears that sphere valves could be made in any desired size and for 

practically any head. A large partially assembled valve is shown in Fig. 48. 

The use of sphere valves and other analogous types, such as plug valves, which 

have straight-through fluidways is increasing because of their high hydraulic efficiency 

and avoidance of turbulence in flows. The question arises at times as to why such 
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valves have not rendered the butterfly valve obsolete. The answer lies primarily in 

the overall economy of an installation. The value of the somewhat better hydraulic 

efliciency of the sphere valve must be evaluated against the lower weight and cost, as 

well as the shorter length and less diametral clearance required for a butterfly valve. 

Both types of valves have proved to be excellent and reliable guard valves. 

Fic. 48. Partial assembly of large sphere valve. (Allis-Chalmers Manufacturing 
Company.) 

HYDRAULIC DESIGN FACTORS 

21. General. The ideal outlet hydraulically would have (1) a perfectly shaped 

inlet, (2) a practically straight alignment, (8) smooth fluidway boundaries with no 

offsets, gate slots, or surface irregularities, (4) no cavitation, and (5) a discharge 

coefficient approaching unity. The practical factors of fluidway alignment, gating, 

and manufacturing limitations prevent attaining the ideal. However, in the design of 

outlets the ideal should be kept in mind to minimize the undesirable aspects of the 

practical factors which are involved. 

In the design of high-velocity outlets, the entrance shape, the fluidway alignment, 

and surface discontinuities such as gate slots are critical. Only some of the basic 

general requirements can be pointed out and discussed here. For more complete data 

and information, cited references should be procured and studied in detail. In addi- 

tion, publications of the Bureau of Reclamation, the U.S. Army Corps of Engineers, 

and the Hydraulics Division of the American Society of Civil Engineers are excellent 

sources of information on the hydraulic and equipment developments for outlet works. 
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Another very important source of information in the design of outlet works is model 

testing. While the basic quantities and overall flow characteristics of water can be 

readily calculated, the effect of various changes in boundary surfaces cannot be pre- 

dicted or determined mathematically with reliable accuracy except in cases which are 

geometrically similar and have been verified by repeated tests. Model testing of new 

types of gates and valves and of outlet-works arrangements should always be per- 

formed to provide a basis for predicting full-scale performance. Model tests are 

especially useful in determining and studying flow patterns, estimating air demand, 

determining hydraulic forces such as downpull on gates, avoiding fluidway geometry 

which could cause cavitation, and providing discharge-coefhicient and calibration 

information. 

22. Cavitation. Cavitation may be defined as the formation of vapor-filled 

cavities in a liquid at substantially constant temperature by a dynamic action which 

reduces the pressure in localized regions to the vapor pressure of the liquid. Cavita- 

tion in the flow of water through high-pressure outlets may occur without causing 

fluidway damage when the collapse of the cavities occurs within the fluid and away 

from the fluidway surfaces. When the cavities collapse near or against a fluidway 

surface, extremely high local pressures and stresses in the fluidway surfaces result and 

cause pitting and erosion of the surface. The accepted terminology for such pitting 

and erosion is cavitation damage, although it is often referred to improperly as 

“cavitation.” 

Cavitation is an important factor which must be considered in the design of high- 

velocity outlet works where the fluidway alignment and every surface discontinuity are 

potential sources of producing cavitation and cavitation damage. The basic design 

approaches for the avoidance of cavitation damage are as follows: 

1. Keep the fluidway alignment and boundary surfaces as straight and free of 

irregularities as possible. 

2. Hold the pressure gradient as high as possible, particularly at points of align- 

ment or surface boundary variations. 

3. Introduce air, if possible, at points where subatmospheric pressures exist in the 

flowing water. 

4. Provide definite and adequate spring points for flow separation, such as in a 

sudden enlargement. 

In addition to basic design approaches, the use of cavitation-damage-resistant 

materials, such as stainless steels or epoxy concrete, is also effective in many cases. 

Neoprene paint has also been used with some success. In fact, the use of resistant 

materials, although it does not eliminate the basic cause, appears to be the only satis- 

factory method of dealing with cavitation-damage problems for some conditions. 

Entrances, bends, flow-surface discontinuities and irregularities, and gate slots are 

critical points in the design of most outlet-works fluidways. These key points should 

be carefully studied and designed to minimize the dangers of cavitation. 

Any cavitation damage which develops on installations should be repaired 

promptly, as it is usually a self-aggravating type of damage, and relatively minor 

roughening can develop into very serious damage if not corrected promptly. Stain- 

less-steel welding carefully ground to remove surface irregularities is commonly used 

for repair of ferrous metals. Epoxy conerete is frequently used for repair of surface 

damage to concrete. 

As a key to determining the cavitation potential of various types of geometrically 

similar gates and valves, the following formula has been found to be useful: 

R= H. — Hyp 

Fh en 
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ll where K = cavitation index 

Hy = total head (static plus velocity head) in upstream conduit 

H» = static pressure head downstream from gate or valve 

Hyp = vapor-pressure head of water 

The incipient cavitation indexes K; which have been determined are as follows: 

Il 

Gate cvalvest ecb cs tes epee cosets come, serine, 2 Sent nt ati re a ae Ne me On Se 1.5 

Butterfly valves (discharging in a pipe at openings of more than 15 percent)....... 4 

23. Bellmouth Entrances. Bellmouth entrances commonly used for high-velocity 

outlet works may be any of four types: (1) circular, (2) rectangular, flared all around, 

(3) rectangular, flared top and sides, or (4) rectangular, flared top only. The four 

types of entrances are shown in Fig. 49. The use of properly shaped entrances is 

NOTE A: Formulas are for 
commonly used single 
elliptical curves. Compound 

curves are sometimes used. 

PLAN 

Gn . tof 2 2 
(0.50)? (0.150)? ' = SNA SI NO ai eS ye ee Sy - en oe 0 * oy / (50)? (0.50)? | 

(See Note A) 

ELEV. ELEV. ELEV. 

4-WAY FLARE 3-WAY FLARE 1- WAY FLARE 

CIRCULAR RECTANGULAR 

ENTRANCE TYPES AND FORMULAS 

PTs yk Anis Origin--— 

, : —» 

eee Face oo Elliptical Curve E 

FLOW r 

TYPICAL CURVE Let. 
° 

* Dimension - 0 s 

Circular Conduits: 0= Diameter 3B 
Rectangular Conduits: ® 

0= Conduit height for vertical curves. & 
0: Conduit width for horizontal curves. * 

Ire. 49. Entrance types and formulas for high-velocity outlets. (Rectangular outlet data 
from Corps of Engineers Tech. Mem. 2-428, Reports 1 and 2.) 

desirable in all outlet conduits. At high velocities it is imperative to use properly 

shaped entrances and to have appreciable back pressures in some cases to prevent 

cavitation. 

To operate satisfactorily, bellmouths for high-velocity flow must be both designed 
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and built properly. The curvature of the elliptically flared surfaces must not vary 

materially from the outline specified. It is important that there be no enlargement of 

the conduit immediately downstream from the point of tangency with the entrance 

ellipse, particularly when conduit pressures are low. Pressures in the zone can be 

critical and divergence of the conduit surfaces can cause flow separation and produce 

serious cavitation damage. There must be no pronounced waviness, and the entrance 

surface must be free of offsets, projections, or pronounced depressions. Surfaces 

should be smoothed by filling and grinding as necessary to remove irregularities. 

Special care must be taken in rectangular conduits to grind the corner welds or fillets 

smooth. 

Tests indicate that the normal gate-seat projections or gate slots on the face of an 

intake structure are not critical for entrance flows, provided they lie outside the 

tangency boundary of the bellmouth flare. Tests of rectangular entrances flared in 

four directions also indicate that having the entrance face of the bellmouth tilted at 

angles up to 10 deg with respect to the conduit center line does not affect bellmouth 

pressures significantly. It is probable that similar tilting of the entrance face would 

have little effect on circular bellmouths or on rectangular entrances flared in one or 

three directions. 

For circular bellmouths the following elliptical formula developed by the Bureau of 

Reclamation is commonly used and has given satisfactory service: 

ne y? 

(0.5D)? 7 (0.15D) 

where « = axis parallel to flow 

y = axis normal to flow 

D = diameter of pipe 

The Corps of Engineers! conducted tests on entrances flared in one, three, and four 

directions. The tests were made on a 20:1 model under heads to 15 ft for a prototype 

conduit size of 5 ft Sin. wide by 10 ft high, which gives a width-to-height ratio of 0.567. 

It has been assumed that profiles of jets through rectangular-shaped entrances of 

varying width-to-depth ratios would be similar and that the formulas can be used for 

other ratios; however, the accuracy of this assumption has not been verified by model 

or prototype tests. 

The reports indicate that single elliptical curves can be used for most cases, but for 

high heads and low back pressures compound curves are recommended. The terms 

high heads and low back pressures are not defined; but as a general criterion on the 

basis of indicated pressure gradients, it would appear desirable to use compound curves 

when the static conduit pressure at the downstream end of the entrance is less than 

about one-tenth of the velocity head. On this basis the approximate minimum back 

pressures for various conduit velocities for single elliptical curves would be as follows: 

ow 

Velocity, Back Pressure, 

fps ft of water 

0-50 Not required 

60 5 

80 10 

100 15 

120 23 

140 30 

160 40 

180 50 

200 638 

1 Report 1, Investigation of Entrance Flared in Four Directions, Tech. Mem. 2-428 CE WES, March, 
1956. Report 2, Investigation of Entrances Ilared in Three Directions and in One Direction, Tech. 
Mem, 2-428 CE WES, June, 1959. 
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For entrances flared in three or four directions which meet the velocity back- 

pressure criteria for single elliptical curves, the following formula may be used: 

ei Sane 
(DE ODS 

where x = axis parallel to flow 

y = axis normal to flow 

D = conduit height for vertical curves at top or bottom of conduit, or conduit 

width for horizontal curves at sides of conduit 

For conduits flared in three or four directions which do not meet the criteria for 

single ellipses, the following compound elliptical curves are recommended: 

Flared in four directions: 

(Upstream portion) (downstream portion) 
a y2 ia v2 y? z 

Dit @32pp ~ } pi * @ispy ~! 

Flared in three directions: 

(Upstream portion) (downstream portion) 

Top: Oye meen line arid A eee 1 (2D)? T 64D)? (2D): T (32D)? 
Rarer Pe y? af x2 y? 

ee pi @32p2~ 1 one Di * @16bDe~ | 

For rectangular entrances flared in only one direction, such as might occur in an 

entrance located between two training walls, a minimum flare of 1.5D is recommended. 

For entrances which are within the criteria cited for rectangular entrances with single- 

ellipse flares, the following curve may be used: 

oa y? 

G.5De! Gsp3 

For conditions where use of the foregoing formula is not appropriate, either of the 

following formulas may be used: 

a? y2 

@py * @D/3y ~ * 
(Upstream portion) (downstream portion) 

or se ee eas cae ey et 1 
(2D)? — (0.64D)?2 (2D)? (0.382.D)? 

Nore: The second curve is only slightly better than the first, which shows a small 

dip in the pressure gradient. 

24. Fluidway Surfaces. The necessity of having fluidway surfaces which are 

within acceptable limits of smoothness, waviness, and alignment becomes increasingly 

important as velocities increase and back pressures decrease. Laboratory tests on an 

abrupt sharp-cornered 54 6-1n. offset into the streamflow showed incipient cavitation at 

a velocity of only 29 fps under no-back-pressure conditions. Laboratory tests and 

prototype installations show that under higher velocities, offsets as small as 149 in. can 

produce cavitation and damage. 

It is especially important to have smooth surfaces immediately downstream from 

regulating gates and valves because an effective boundary layer has not developed in 

such regions. With the reestablishment of an effective boundary layer in the flow 

downstream from a gate or valve, the lower velocities near the boundary make 

irregularities in the fluidway surface less critical. However, it is not possible to predict 
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precisely where an effective boundary layer will be reestablished, or to determine the 

relative increase in permissible surface roughness. For these reasons, it is prudent to 

assume that an effective boundary layer does not exist and to treat all fluidway surfaces 

for some distance downstream from regulating gates and valves accordingly. Various 

criteria for treating such surfaces are contained in a publication by the American 

Society of Civil Engineers.! 

It is desirable that fluidway surfaces, particularly just downstream from gate or 

valve control orifices, have a smoothness of 250 win. or better. This degree of smooth- 

ness is readily attainable by machining a surface. The surface roughness of 

unmachined rolled-steel plate with the mill scale removed will also meet this degree of 

smoothness. Smooth-troweled or ground concrete surfaces can also be made to this 

degree of smoothness; however, as producing this quality of concrete surface presents 

problems in mass-concrete placement schedules, it is more common practice to provide 

metal linings for some distance downstream from gates or valves. Surface damage 

which occurs on metal surfaces can be readily repaired by welding and grinding. 

Damaged concrete surfaces can be repaired satisfactorily with epoxy concrete. Before 

making repairs of cavitation damage, the cause should be sought and removed if 

possible. 

Stainless-steel-clad plate liners are sometimes used to provide smooth surfaces in 

fluidways because of the additional cavitation damage resistance which stainless steel 

provides, and because it is not necessary to impair the basic smoothness of the plate 

with paint coatings. The use of stainless-steel fluidway surfaces is particularly 

desirable in the critical regions near a regulating gate where cavitation and damage 

are most likely to occur. 

Any waviness of a fluidway surface, particularly in the direction of flow, should be 

such that the waves are sweeping gradual curves. For machined surfaces the normal 

methods of finishing will produce surfaces without objectionable waviness. For fluid- 

way surfaces made of unfinished rolled-steel plates, care must be taken in the selection 

and fabrication of the plates to ensure acceptable flatness after manufacture and 

installation. As a general criterion, the flatness of fluidway surfaces, particularly in 

the direction of flow, should be such that the high point to high point on gentle sweep- 

ing waves is not less than 16 in. and that a feeler gage no thicker than 14¢ in. can be 

inserted under a 3-ft-long straightedge held in any position on the fluidway surface. 

This degree of flatness on welded-plate liner design can best be obtained by careful 

selection of plates for flatness and by performing the rib and flange welding carefully to 

minimize distortions. Experience shows that using 1-in.-thick plate and keeping the 

fillet welds on ribs between 346 and 14 in. avoids undue ‘‘cupping”’ distortion of the 

fluidway surface by the rib welds, and permits holding the plate flatness to the toler- 

ances specified without difficulty. The use of thinner plates is possible, but con- 

siderably more care is required in fabrication to avoid unacceptable distortion of the 

fluidway surface. 

Special care must be taken to avoid abrupt offsets in the fluidway alignment at 

flanged or other joints. Ideally the fluidway surfaces across joints should be straight 

and flush, but in practice this ideal is difficult to attain. Experience at Glen Canyon 

Dam with velocities of about 130 fps showed no fluidway surface damage downstream 

from joints offset outwardly from the flow by not more than !46 in. At !¢-in. out- 

ward offset, some damage oecurred, and at !4-in., considerable damage occurred. The 

foregoing data apply to joint offsets but do not apply to large offsets, such as sudden 

enlargements in fluidways. On the basis of these observations on an actual installa- 

tion, outward offsets in fluidway alignment at joints should be limited to about !4¢ in. 

1 Bau, J. W., Construction Finishes and High-velocity Flow, Proc. ASCE, J. Construction Div., 

September, 1963. 
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Offsets which exceed this dimension should be reduced to a maximum of 146 in. by 

grinding off the excess offset and fairing with adjacent surfaces in the same manner 

hereafter specified for offsets into the flow. 

An inward offset into the flow as small as 142 in. in a fluidway surface downstream 

from a joint can produce cavitation damage. Therefore, all projections into the fluid- 

way at joints should be ground flush and have the offset faired smoothly into the 

adjacent fluidway at a slope in accordance with the criteria in Fig. 50. It is also 

important that the junction of sloped surfaces with the normal fluidway surfaces be 

blended smoothly to avoid any marked outline of the intersection point. 

In addition to the foregoing general requirements for boundaries of high-velocity 

fluidways, there are several types of localized surface discontinuities which can cause 

FAIRING SLOPE RATIO 
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Vic. 50. Fairing-slope ratios for fluidway offsets. 
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damage. Paint on fluidways must be smooth. Fairly small ridges not parallel to the 

flow and localized projections on a painted surface can produce cavitation damage. 

For this reason painted surfaces should be checked to be sure that any discernible 

points, ridges, or pronounced roughness are removed after painting. Welding or 

casting fillets in the corners of conduits can likewise trigger cavitation unless ground 

smooth. 

Another surface defect which can produce cavitation damage under high-velocity 

discharges is the small void which occurs in the surface of concrete fluidways. Such 

defects (‘“‘bug holes’’) are caused by air bubbles in the concrete, and should be filled 

and finished smooth and flush to avoid the danger of being the focal point for cavita- 

tion damage when subjected to high-velocity flow. 

Manhole and pipe openings in fluidways should preferably be located in regions 

where the pressure gradient is well above atmospheric. In such regions the edges of 

holes need only be ground smooth to a small radius. Under conditions where the 

pressure gradient approaches atmospheric and velocities are 60 fps or more, manholes 

should be provided with a fairing surface which will be flush with fluidway surface. 

Piping connections in low-pressure-gradient regions should be faired into the fluidway 

very carefully using a liberal radius. 

25. Gate Slots. Gate slots disrupt the smooth boundary lines for fluidways. 

This disruption of boundary-surface continuity increases the losses, and if the slots are 

not properly designed serious cavitation and damage can result. For high-pressure 

outlets where the velocities are low and the back pressures are high, such as is the case 

for power outlets, only the losses are important. For high-velocity discharges with 

low back pressures, such as a free-discharge gate, the problems of flow and possible 

cavitation damage are critical. Only slots for high-velocity types of conduit gates will 

be covered. 

Figure 51 shows various methods which have been used to cope with the hydraulic 

problems created by gate slots in high-velocity outlets. The use of fillers which 

bridge the slots, such as the ring on a ring-follower gate, is one method. In the use of 

filler members, special care must be taken to be sure no part of the filler forms a sharp 

offset into the flow. For this reason it is good practice in such cases to have a slight 

outward offset on the upstream side of the leaf fluidway at the slot, and a similar offset 

in the body at the downstream side of the slot. These offsets must be sloped inwardly 

and faired smoothly to the basic fluidway surface dimensions. 

Another method of avoiding the problems of gate slots is to force a contraction in 

the flow so that the discharge jumps across the gate slots. This arrangement is used 

for jet-flow gates and on the Type A slide-gate slot as shown in Fig. 51. Problems 

sometimes arise where the jet impinges on the conduit walls downstream from the 

slots; but if adequate air is provided downstream from the spring point, experience 

shows that some paint erosion may occur but that no cavitation damage will occur in 

the impingement area. It should be pointed out that the deflectors ordinarily do not 

prevent water from entering the gate slots under all conditions, as the lateral spread of 

the jet at some gate positions while regulating will usually result in some flow imping- 

ing and entering the gate slots. Such impinging flows have not been found to be 

critical. These flows into the gate slots could be avoided by increasing the degree of 

forced contraction at the upstream face of the slot. This increase in contraction would 

further reduce the discharge capacity, which is the undesirable feature of the forced 

contraction design for coping with the problems of flow past gate slots. 

Another approach to the problem of gate slots is to set the size and geometry so that 

neither fillers nor jumps are necessary to avoid the hydraulic problems of high-velocity 

flows past the slots. The highly efficient Type B slide-gate slot shown in Fig. 51 

accomplishes this objective. 
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In general, the Type B gate slot should be made as narrow as possible, the upstream 

slot face should have a sharp (not rounded) corner at the fluidway, and the downstream 

corner of the slot should also have a sharp or only slightly rounded corner at the fluid- 

way. The outward offset of the fluidway at the downstream side of the slot should be 

within definite limits and should be sloped inwardly gradually and faired smoothly 

with the fluidway surfaces. 

The amount of slot offset is closely related to the slot width. Variations in the 

depth of the slot do not appear to be critical. In general the use of a downstream 

offset of about 0.075 to 0.1 of the slot width will be satisfactory. The slope of the 

converging surface from the slot offset to the nominal fluidway size should follow the 

criteria given in Fig. 50. 

It is especially important that there be no surface irregularities or imperfections in 

the regions of gate slots. This region is critical and merits special care to ensure that 

proper alignment and smoothness of the fluidway surfaces are maintained. 

The testing and development work for the various types of gate slots are covered in 

greater detail in the referenced publications.! 

26. Air Vents. Air vents fall into two basic categories: (1) those which act pri- 

marily as “breather” lines to vent or admit air during filling or draining a pipe, and 

(2) those which must deliver a continuous supply of air to a discharging gate or valve. 

Usually the problem is to determine the minimum size. 

In the absence of specifically determined requirements for the size of filling-draining- 

type air vents, making the air-inlet area from 14 to | percent of the area of the fluidway 

being vented provides a convenient “rule-of-thumb” guide. Vents should preferably 

not be controlled with valves and should be extended above the maximum water sur- 

face to ensure positive venting during filling and draining. The factors of vent-line 

length, pipe-filling rate, and allowable subatmospheric pressure in the pipe or penstock 

may require that larger vent lines be used. 

High filling rates for pipes and penstocks can produce very large water-hammer 

pressures at the time the fluidway is just filled if adequate air vents are not provided. 

To avoid water-hammer problems, the vent line should be made as large or larger than 

the filling line. Special care must also be used to fill pipes and penstocks slowly 

enough to vent all air during filling. If an appreciable volume of air is trapped during 

filling, the ultimate release of such pressurized air can cause disturbances approaching 

explosive violence. 

Where vents are provided of only suflicient size for venting during the normal 

filling-draining operations, closure of the upstream guard gate under emergency condi- 

tions may result in substantial subatmospheric pressures in a conduit or penstock. 

The low pressures may be principally around the throttling gate or valve and be due to 

the high-velocity flow patterns during closure, or the subatmospheric pressure may be 

general in character throughout the pipe and be due to the rapid outflow of water 

during the upstream gate closure. The occurrence of low pressures and cavitating 

conditions because of the flow patterns at a gate or valve during emergency closure is 

usually not critical, as the occurrence is infrequent and of short duration so that only 

minor paint damage will probably oecur. In the second case where a pipe is subjected 

to a considerable subatmospheric pressure throughout, a careful check should be made, 

particularly if the pipe is exposed, to be sure the low pressure is not sufficient to cause 

collapse of the pipe. 

The size of air vents required for gates and valves which regulate and discharge at 

supercritical velocity is dependent on the type of discharge and the general charac- 

teristics of the downstream flow. Air demand is produced by entrainment in the water 

1 Bureau of Reclamation, Hydraulic Lab. Rept. WY D-387: Hydraulic Characteristics of Gate Slots, 
Proc. ASCE, J. Hydraulics Div., 2224 HY10, October, 1959, and 2456, April, 1960. 
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AIR DEMAND DESIGN CRITERIA 

TERMINOLOGY 
Y=Water depth in feet at vena 

contracta. 
D=Height of gate opening in 

cues 
Curve A 

feet. 

Cg=Discharge coefficient. 
V=Velocity in feet per second. 
G=Gravitational acceleration = 

32.2 ft./ sec2 
H=Head across valve in feet. 

(For short conduits with 

fairly small losses,use the 
difference in head from the 
reservoir surface to the 

top of the vena contracta.) 
W=Gate width. 

Qj= Water discharge in cubic 
feet per second. 

Eero eave Saeiie Q= Estimated air demand in 

1 M@osceeie cubic feet per second. 
B=Ratio of estimated air 

demand to woter flow. 

Curve A- Kalinske and Robertson tests - Use where o hydraulic jump 
forms in the downstream conduit. 

Curve B- U.S. Army Engineers- Suggested curve for free surface flow 

1. Determine depth of water (Y) at 

2. 

3. Calculate discharge of water (Qy) 

4. 
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discharges. (No jump) 

AIR VENT SIZE DETERMINATION PROCEDURE: 

vena contracta 
Y=D(Cy)( gate opening) 

(See Note 1.) 
Calculate spouting velocity (V) 

V=V2GH 

Qw= (V)(Y)(W) 
Determine Froude number (F) at 

vena contracta 

F=V/VGY 
Evaluate (F-1) 

.Determine 8 on curves AorB using 

(F-1) 
Determine air demand (Q,) 

Qo =Qy8 

Air-demand design criteria. 

8.Determine vent area based on 

allowed air velocity. 

(See Note 2.) 

9.Check losses in vent to be sure 
they are less than 5 feet of 

water head. 

NOTES 

Note |. Use 0.8 for 45° gate bottom 
and 0.6 for sharp bottom 
lip. Assume gate opening is 
0.8. 

Note 2. Allowable air velocities range 
from 150 fps to 300 fps. 

(Based on data from Engineer Manual EM 1110-2- 
1602, Department of the Army, Office of the Chief of Engineers.) 
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and by the jet-pump effect which results from the drag between surfaces of the high- 

velocity water and the air. 

If a conduit fills downstream from a gate or valve, the air demand is governed by 

the amount of air which is entrained in the water and passes through the conduit. 

Comparison of prototype air demand with computed air demand based on curve A of 

Kalinske and Robertson in Fig. 52 shows good agreement, and it is recommended that 

this curve be used to calculate air demand for sizing vents in this case. 

When water is released freely and does not fill a conduit, the air demand is pro- 

duced by the jet-pump action of surface drag by the flowing water. Some entrain- 

ment will also exist. The condition of drag from free surface of water flowing to the 

exit of a pipe or conduit will produce considerably greater air demand than when a 

conduit fills. Although various studies have been made, no precise solution to the 

complex air-demand problem for free-surface discharges in conduits or tunnels has 

been developed. The Corps of Engineers suggests the use of various design assump- 

tions to arrive at the size of air vents.!_ These assumptions appear to be conservative; 

and although the sizes derived may not be precise, the calculations should produce 

alr-vent sizes which will be adequate. 

The Corps of Engineers method of computing air demand for rectangular gates is 

based on the observation that maximum air demand for free-surface discharges occurs 

at about 80 percent gate openings. Gate-contraction coefficients of 0.80 for a 45-deg 

leaf bottom and 0.60 for a sharp bottom lip are assumed. The cross-sectional area of 

the vent is based upon the assumptions that the calculated air demand can be delivered 

without requiring an air velocity of more than 150 fps or producing a pressure drop of 

more than a 5-ft water head. In most cases, the pressure drop will be considerably less 

than 5 ft. It may be necessary at times to exceed these assumed limits. At the dis- 

cretion of the designer, air velocities to 300 fps may be used. In such cases special care 

should be taken in evaluating vent-line losses and subatmospheric pressures for pos- 

sible conditions which could cause cavitation damage in the fluidway. Curve dataand 

procedures for computing air demand for free discharges either with or without a 

filled conduit are shown in Fig. 52. 

Under conditions where there is a high degree of entrainment in addition to the 

jet-pump demand, as would be the case with a fixed-cone-type (Howell-Bunger) valve 

discharging in a tunnel, the amount of air required will be quite large. No specific 

method of calculating the air demand has been developed for this mixed-flow condi- 

tion. Model tests indicate the advisability of providing large air vents, as air demand 

of more than double the water discharge was indicated in some cases where sub- 

atmospheric pressures were limited to about a 2-ft water head. Additional study and 

prototype tests will be necessary for establishing adequate criteria for mixed-flow air 

vents. Until definite criteria are established, it is suggested that air vents be provided 

which will deliver a volume of air at least equal to the volume of water discharged with 

air-vent velocities not exceeding 300 fps and negative pressures not greater than a 2-ft 

head of water. 

Because of the high velocities involved, airintakes should be located and protected 

with screens or grills so that human life is not endangered by the air rushing into the 

vents. 

27. Losses and Discharge Coefficients. In an outlet works the primary loss- 

producing elements which must be considered and evaluated to assure the required 

discharge are (1) trashracks, (2) entrances, (8) pipe friction, (4) transitions, (5) 

alignment or size changes, such as bends, junctions, expansions, or contractions, (6) 

gates or valves, and (7) exit losses. 

1“Hydraulie Design of Reservoir Outlet Structures,’’ EM 1110-2-1602, Department of the Army, 

Office of the Chief of Engineers. 
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Trashrack losses are usually quite small because velocities through the net area are 

usually limited to about 1 to 2 fps. Experience has shown that higher velocities 

frequently cause excessive trash buildup. The following loss values may be used: 

Velocity, fps Loss, ft 

1.0 0.10 

1.5 0.30 

2.0 0.50 

Only suitably shaped elliptical entrances are recommended for high-velocity con- 

duits. Based on the velocity head Hy in the conduit proper, the following values may 

be used for entrance losses: 

Circulanibellmouthsarpam ss aerate 0.05Hy 

Square or rectangular bellmouths......... Oclay: 

Any of the numerous well-known acceptable methods and formulas may be used for 

calculating pipe-friction losses. 

Transition losses will range from 0.1 of the change in the velocity head Hy for 

gradual contractions to 0.2 of the change in Hy for gradual expansions. For abrupt 

changes in cross section the value of 0.5 of the change in Hy will apply. The Borda 

loss is often used for sudden enlargements. For specific information on transition 

losses refer to hydraulic texts and handbooks. 

For alignment and size changes the loss coefficients for the various conditions may 

be calculated from the data available from hydraulic tests and handbooks. 

The free-discharge coefficients Cp based on the total head immediately upstream 

from the various types of gates and valves are about as follows: 

Slides matesy sats ssiee ceesee es tri in ea ceo a eer oe 0.95-0.97 

Ring-follower and ring-seal gates............. Nearly 1.00 

Jet=Wowe Pavesi casa cues rein ier ce at orormere 0.80-0.84 

Gylinderseates sine oe ere eo eee 0.80-0.90 

Needle -valviestern ct semen wie ore Gomes tes eae 0.45-0.60 

Dub es Wal vesi essa encny tewachensyce an cee eran a taste 0.50-0.55 

Fixed-cone valves (Howell-Bunger)........... 0.85 

Hollow-jet valves (Staats-Hornsby)........... 0.70 

Sleeve valves (submerged discharge).......... 0.85 

Butteriivevalwesict.««oseae pee een cael 0.60-0.80 

Sphere valves (full-diameter fluidway) 

Head loss through gates and valves at the ends of conduits may be determined by 

using the Cp of the gates or valves in the following formula: 

1 
H =(q5-1)4r 

The value of the exit loss is usually taken as unity based on the velocity-head loss with 

free discharge into atmosphere. 

EQUIPMENT DESIGN FACTORS 

28. General. The scope and variety of the designs used in high-pressure outlets 

preclude describing anything but some of the important fundamental structural 

factors and requirements which must be considered to ensure safe and effective designs 

for outlet works. 

For the gates and valves used in outlet works, safety and reliability are paramount 

considerations. Any failure of gates or valves is usually a major disaster, and it is far 

better to err on the side of overdesign rather than underdesign. It must also be kept 

in mind that the time for doing maintenance work or making repairs on outlet works is 

usually limited seasonally to periods when reservoir releases can be interrupted. For 
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these reasons outlet-works equipment should be as simple, rugged, and maintenance- 

free as possible, so that possible failures or operational breakdowns requiring 

unscheduled repairs or maintenance will be avoided. 

The useful life required for the equipment is another factor which must be con- 

sidered in selecting and designing gates and valves for outlet works. Such equipment 

should be selected and designed on the basis that, with proper maintenance, it will 

have the same useful life as the dam. This criterion will require a useful life of at least 

100 years in most cases and considerably longer periods in some cases. Designing 

gates and valves for short lengths of service life and assuming replacement in 50 to 

75 years have proved to be false economy. In addition to the reduced reliability of 

operation, the rising manufacturing and installation costs make replacement almost 

prohibitively expensive in 50 to 75 years, even though replacement is technically 

feasible. For these reasons the small additional incremental first cost to ensure a long 

life for equipment is basically a sound expenditure. 

As corrosion is one of the principal problems encountered in the life of gates and 

valves, corrosion-resisting materials, such as brass, bronze, stainless steels, and monel 

metal, are rather widely used for all critical areas which cannot be adequately or 

economically protected with paint. It should not be assumed, however, that the use 

of materials which are normally corrosion-free in atmosphere will solve the problems of 

corrosion when such materials are submerged in water. Special care and considera- 

tion must be given when such materials are used in gates and valves to avoid conditions 

and combinations which will result in serious galvanic corrosion. In general, mate- 

rials which are fairly close in the galvanic series are the most compatible. 

Another critical factor in the design of outlet works is the need for suitable means 

to install and maintain the gates and valves. Handling equipment and procedures 

should be considered and designed as an integral part of every gate and valve instal- 

lation. Failure to make adequate provisions for handling is dangerous and costly, as 

it will require the use of improvised means and inefficient procedures in the field. The 

lack of suitable handling equipment for servicing and maintaining gates and valves 

may also result in the work’s being done so infrequently that excessive damage by 

deterioration may result. In most cases the life of gates and valves can be prolonged 
almost indefinitely if adequate means and programs for servicing and maintenance are 

provided. 
29. Safety Factors, Stresses, and Friction Coefficients. The selection of safety 

factors and friction coefficients for gates and valves is a somewhat arbitrary design 

decision. Experience and testing provide some insight and basic guidance in setting 

these design factors, but the actual values used for design must also be tempered by 

prototype experience. In general, the use of rather conservative safety factors and 

friction coefficients is recommended because of the indeterminate structural, and 

variable operational, characteristics of gates and valves. The assurance that gates 

will operate and that there will be no structural failure in service is far more important 

than the slightly greater cost which may result at times from using conservative safety 

factors and friction coefficients. The discussion of safety factors and friction coeffi- 

cients here will be limited to the special cases where information is not readily available 

in texts or reference handbooks. 

In cases where specific codes or other accepted design criteria are not available, the 

following broad general rules are used by the Bureau of Reclamation for setting the 

design stresses for gates and valves: 

1. The allowable design stress in tension for the following general categories of 

materials is the lower value derived by applying the percentages given to the minimum 

yield and ultimate strengths of the materials: 



22-80 HIGH-PRESSURE OUTLETS, GATES, AND VALVES 

5 % of % of 

UES yield point ultimate strength 

Rolled or forged steel, mone! metal, or allied materials......... 40 25 

Rolled or forged steel and allied materials for bolts............ 25 1655 

Gas tveteel. \alnen eat e07 Gat vote ec cee so een arcane ee ener aa 33 20 

(Gp deiurcwrhd ol ole Mineman at Meigs SHOR eT eit Maoh cue. Soon eecpoCRepOTS Gm otk MOP ier Doe ee 1205 

C@astyiorsed om xolled brassior bronze stein elaine neon 33 M6e5 

2. The allowable compressive stresses for the foregoing materials are the same as 

for tensions except that the allowable compressive stress for gray iron is three times 

the allowable tensile stress. 

3. The allowable shear stresses for the foregoing materials are 0.6 of the allowable 

tensile stress, except that for gray iron the allowable shear stress is equal to the 

allowable tensile stress. 

Wherever practical in the design of gates fabricated of structural steel, the stress and 

fabrication standards of the American Institute for Steel Construction and the 

American Welding Society are used. The equivalent stress resulting from beam and 

skin-plate bending in a gate leaf of ASTM A36 steel is ordinarily limited to 20,000 psi 

maximum, so that any minor corrosion which may occur will not result in excessive 

stresses. 

The foregoing criteria are cited to give a general idea of the range of design stresses 

which have been found to be satisfactory. The criteria should not be considered as 

setting absolute values of stress for all cases. Variations in the precision with which 

stresses are computed and variations in material and fabrication reliability must also 

be considered for specific cases. In addition, quality of maintenance, the expected 

useful life, and the degree of ‘“‘caleulated risk’? which can be tolerated on specific 

installations must also be considered. 

In setting design figures for friction coefficients, the results determined by labora- 

tory tests must be used with caution. In checking friction coefficients in prototype 

designs, higher values than shown by laboratory tests are usually the case. For this 

reason friction coefficients which are somewhat higher than laboratory values are 

usually assumed for design purposes. The related factor of permissible bearing loads 

is also subject to considerably higher safety factors when setting permissible design 

stresses. 

Although individual cases may warrant variations in values, the following coefh- 

cients of friction and bearing stresses are cited as a guide, and are frequently used for 

gate and valve designs. 

1. Gate seats. Laboratory tests show sliding-friction coefficients as low as 0.15 for 

bronze on bronze or bronze on stainless steel, but prototype tests on unlubricated seats 

have shown apparent friction coefficients of shghtly over 0.50. For this reason 0.60 is 

recommended as a minimum friction factor for slide gates with unlubricated seats. 

Factors as high as 1.0 are used by some designers, but the 0.6 factor has proved to be 

adequate at numerous slide-gate installations which have been made by the Bureau of 

Reclamation. If a good grease-lubrication system is provided, and gates are used 

frequently enough to retain a reasonable amount of lubrication on the seats, a friction 

factor of 0.50 may be used. For ungreased seats, loads should be limited to 1,000 to 

1,500 psi. For well-greased seats, loads to 3,000 psi may be used. 

2. Bushings. Friction coefficients of 0.15 to 0.20 are adequate for commonly used 

bronze bushings which are properly protected and greased. The loads on the pro- 
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jected area of such bearings are usually limited to about 3,500 psi. For bronze bush- 

ings which have self-lubricating inserts, friction coefficients of considerably less than 

0.10 are consistently attainable in laboratory tests. Friction coefficients of 0.10 and 

bearing pressures to 6,000 psi are commonly used for prototype designs, after labora- 

tory verification of friction and load characteristics. 

3. Rolling resistance (friction). A conservative value frequently used for gate 

wheels and rollers is 0.01 for each rolling contact surface. 

4. Rubber seals. Rubber seals are rarely used where they must slide on seats 

under loads unless a friction-reducing material covers the rubber where the seal makes 

contact with the mating-seal seat. Brass has been widely used to clad seal contact 

surfaces and permits assuming a friction coefficient of 0.30 to 0.35. Where fluoro- 

carbon cladding is used on the contact surfaces of rubber seals, a friction coefhicient of 

0.15 may be assumed for design purposes. 

30. Basic Materials and Uses. The kinds and number of materials available for 

fabricating gates and valves are almost unlimited. This variety of materials makes 

possible the selection of a material having almost any desired properties. The great 

variety of materials available also creates the problem of selecting suitable and 

economical materials for gate, valve, and conduit designs. Selection of suitable 

materials is of critical importance to ensure reliability and long life for the equipment 

in outlets. 

The purpose of this discussion is to clarify the selection and use of materials for 

gate and valve designs, and to provide references to basic specifications, such as 

ASTM,! wherever possible. A relatively small number of basic materials is normally 

adequate for most designs. Normally the readily available, more economical, 

moderate-strength materials are used in preference to higher-strength materials, as 

extra thickness is an advantage for corrosion, and the shght extra weight is not usually 

critical. This practice does not apply, however, to the higher-cost corrosion-resistant 

materials. 

The commonly used specifications will be cited and the materials will be discussed 

under the following broad general categories: gray-iron castings, steel castings, steel 

forgings, rolled steels, stainless steels, nickel-copper alloy (monel*? metal), bronze and 

brass, and bolting materials. Except where otherwise noted all specification numbers 

refer to ASTM designations. 

Gray-iron Castings. A48, Gray-iron Castings. Castings ranging from 20,000 to 

60,000 psi tensile strength are available under this specification. The most readily 

available and commonly used castings are in the 30,000- to 40,000-psi classes. Anneal- 

ing is normally specified for castings to be machined. When higher strengths are 

required, cast steel is frequently used. Gray iron is commonly used for low- to 

medium-head ring-follower and slide-gate leaves, bodies, bonnets, and conduit liners. 

The material should not be used where gates or valves may be subjected to heavy shock 

loading or water hammer. 

Cast Steel. A27, Mild to Medium-strength Carbon-steel Castings for General 

Application; A148, High-strength Steel Castings for Structural Purposes; A487, Low- 

alloy Steel Castings for Pressure Service. Steel castings ranging in ultimate tensile 

strengths from 60,000 to 175,000 psi and yield strengths from 30,000 to 145,000 psi are 

available under these specifications. Carbon-steel castings (A27) having an ultimate 

strength of 65,000 psi and a yield strength of 35,000 psi in the annealed or normalized 

condition are readily available and are widely used for a variety of gate and valve 

parts. Where higher strength is required, A148 castings are used; and when hydro- 

static testing is required, A487 castings are frequently specified. 
) 1 American Society for Testing and Materials, 1916 Race Street, Philadelphia, Pa. 19108. 

2 Monel is the International Nickel Company copyright name. 
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Steel Forgings. A235, Carbon Steel Forgings for General Industrial Use; A237, 

Alloy Steel Forgings for General Industrial Use; A504, Wrought Carbon Steel Wheels; 

A105, Forged or Rolled Steel Pipe Flanges, Forged Fittings, and Valves and Parts for 

High-temperature Service; A181, Forged or Rolled Steel Pipe Flanges, Forged Fittings, 

and Valves and Parts for General Service. Specification A235 covers seven classes of 

carbon-steel forgings ranging from ultimate tensile strengths of 47,000 to 90,000 psi 

and yield strengths of 30,000 to 55,000 psi. For parts requiring higher strengths, one 

of the nine grades of alloy-steel forgings under specification A237 may be used. In 

general, forgings are used when the greater homogeneity of wrought steel as compared 

with cast steel is deemed essential for the safety of a part. 

Specification A504 is used for wheel-mounted gates which use wrought-carbon-steel 

wheels. Class AE, which has the entire wheel heat-treated and a rim hardness of 255 

to 321 Brinell, is frequently specified for gate wheels. 

Specifications Al05 and A181 are specified for rolled-steel pipe flanges which 

are used in the design of welded gates and hydraulic hoists. In pressure ratings above 

300 psi, manufacturers commonly produce the rolled flanges only to the A105 

specification. 

Rolled Steels. A29, General Requirements for Hot-rolled and Cold-finished Carbon 

and Alloy Steel Bars; A36, Structural Steel; A515, Carbon Steel Plates of Intermediate 

Tensile Strength for Fusion-welded Pressure Vessels for Intermediate and Higher 

Temperature Service. Specification A29, in addition to covering the general require- 

ments, lists a number of reference specifications encompassing practically all types and 

strengths of hot-rolled and cold-finished steel bars which might possibly be used in 

gate or valve fabrication. 

The most widely used steel in the “‘as-rolled”’ condition is covered by specification 

A36 for structural-steel shapes, bars, and plates. A386 steel has a minimum yield 

strength of 36,000 psi, and the ultimate strength varies from 58,000 to 80,000 psi. 

Normally the carbon content of this steel will not exceed 0.30 percent, although in 

some of the heavier plates a maximum of 0.33 percent is permissible. The weldability 

of this steel makes it ideally suited for fabricating all types of gates as well as other 

parts. No heat-treatment, except for stress relieving of welded parts which are to be 

machined, is used for this material. 

One of the four grades of the firebox-quality steel in specification A515 is normally 

used for welded valve bodies, hoist cylinders, and other parts in the pressure-vessel 

category. Steels having ultimate tensile strengths from 55,000 to 85,000 psi and yield 

strengths from 30,000 to 38,000 psi are available under this specification. 

Stainless Steels. A167, Corrosion-resisting Chromium-nickel Steel Plate, Sheet, 

and Strip; A176, Corrosion-resisting Chromium Steel Plate, Sheet, and Strip; A276, 

Hot-rolled and Cold-finished Stainless and Heat Resisting Steel Bars; A473, Stainless 

and Heat Resisting Steel Forgings; A461, Precipitation Hardening Alloy Bars, 

Forgings, Forging Stock for High Temperature Service; A264, Corrosion-resisting 

Chromium-nickel Steel Clad Plate, Sheet, and Strip. Stainless steels which are com- 

monly used for gates and valves fall into three general categories: austenitic chromium- 

nickel alloys in the 18-8 category; martensitic, straight chromium types having 11.5 

percent or more chromium; and the precipitation-hardening chromium-nickel alloys. 

The physical properties, corrosion resistance, and uses of these types vary considerably. 

In the austenitic stainless steels, Types 304 and 304L are frequently used where 

high corrosion resistance and moderate strengths are required. In the annealed state 

most Type 300 stainless steels have ultimate and yield strengths of 75,000 and 30,000 

psi, respectively. As higher physical properties require cold working, there is a 

considerable variation depending on the thickness of the material. 

In the martensitic stainless steels, Types 410 and 416 are widely used where high 

‘ 
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physical properties are more important than the higher corrosion resistance obtainable 

in Type 300 stainless steels. Types 410 and 416 steels are commonly used for gate 

rollers, links, tracks, and wheel rims. Rolling surfaces are usually heat-treated to a 

Brinell hardness of about 255 to 320. This steel is also widely used for other parts 

such as gate stems. By appropriate heat-treatment ultimate strengths of 120,000 psi 

and yield strengths of 90,000 psi are readily attainable with the 410 and 416 type steels. 

Of several grades of precipitation-hardening stainless steel under specification 

A461, Grade 630, which has a nominal composition of 17 percent chromium and 

4 percent nickel plus other elements, is widely used because of the excellent physical 

properties, the simplicity of heat-treatment, and the high corrosion resistance. Where 

higher physical properties and better corrosion resistance than is afforded by Type 410 

stainless steel justify an additional cost, Grade 630 is ordinarily used for gate rollers, 

links, and tracks. In Condition H1150 this grade has an ultimate strength of 135,000 

psi, a yield strength of 105,000 psi, and minimum Brinell hardness of 277. 

Specification A264 covers stainless-clad carbon-steel plates which are frequently 

used for gate parts and fluidway surfaces. Type 304 (18-8) stainless steel is most com- 

monly used as the cladding material for gates. A36 steel is commonly used for the 

carbon-steel backing, although other steels are also available if desired. In the use of 

stainless-clad carbon steel it is desirable that the cladding be at least 0.05 in. thick. 

It is necessary to use care in design to avoid joints with both the carbon and stainless 

steels in close contact while submerged in water. Such a condition can result in severe 

“crevice corrosion’ and damage to the carbon steel. This condition as well as pinholes 

from welding must be carefully avoided in designs which use stainless-clad plates. 

All types of stainless steels should be carefully cleaned to remove carbon-steel 

contamination from the surfaces and to ensure maximum corrosion resistance by passl- 

vation of the surfaces before being placed in use. 

Nickel-copper Alloy (Monel Metal). B127, Nickel-copper Alloy Plate, Sheet, and 

Strip; B164, Nickel-copper Alloy Rod and Bar; A265, Nickel and Nickel-base Alloy 

Clad Steel Plates. Although nickel-copper alloy is somewhat more expensive than 

stainless steels, the closeness to the brass and bronze alloys in the galvanic series and 

better corrosion resistance in saline waters justify the extra cost and make it pre- 

ferable to the stainless steels in some cases. It has been extensively used for gate 

stems and other parts which are submerged in water and are in contact with brass 

and bronze. 

Specification B127 covers a variety of conditions for plate, sheet, andstrip. Typical 

annealed properties are 70,000 psi ultimate and 28,000 psi yield strengths. In other 

conditions considerably higher strengths are available, but only as-rolled plate proper- 

ties of 75,000 psi ultimate and 40,000 psi yield strength would be of significance for 

usual designs. 

Specification B164 covers a wide variety of strengths which are available for various 

conditions and sizes. Hot-finished rounds are available to 12 in. in diameter with an 

ultimate strength of 80,000 psi and a yield strength of 40,000 psi. In the cold-drawn 

and stress-relieved condition, diameters to 4 in. are available with ultimate strengths 

of 84,000 psi and yield strengths of 55,000 psi. Although higher physical properties 

are attainable in smaller sizes because of the greater effectiveness of work hardening, 

gate stems and other parts are commonly made from materials having properties in 

the strength ranges cited. 

Specification A265 covers the cladding of carbon-steel plate with nickel-copper 

alloy. The basic general remarks which have been made about stainless-clad plate 

also apply to nickel-copper alloy. 

Bronze and Brass. B144, High-leaded Tin Bronze Sand Castings; B145, Leaded 

ted Brass and Leaded Semi-red Brass Sand Castings; B148, Aluminum Bronze Sand 
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Castings; B21, Naval Brass Rod, Bar, and Shapes. The leaded bronzes covered in 

specification B144 are primarily bearing bronzes. The most widely used in gate 

designs is alloy 3A, which is nominally an alloy of 80 percent copper, 10 percent tin, 

and 10 percent lead. This alloy is substantially the same as Society of Automative 

Engineers Standard 64 for Phosphor Bronze Castings. The material is widely used for 

bearings of all kinds. Bronze seats of this material in combination with mating seats 

of 18-8 stainless steel or nickel-copper alloy have nearly replaced the class C and D 

bronzes which were practically standard for nearly 40 years. Tests have proved that a 

substantial percentage of lead is essential for slide-gate seats which are not lubricated, 

and the use of higher-strength bronzes with lower lead content is not recommended. 

Experience shows that lubrication of gate seats is desirable regardless of the materials 

used. 
Alloy 4A in specification B145 (ounce metal) is widely used as a general-purpose 

low-strength corrosion-resistant material. Although it contains 5 percent lead, it 

should not be used as a bearing material except for very light loads. The ultimate 

strength of alloy 4A is 30,000 psi and the yield strength is 14,000 psi. 

Alloy 9A in specification B148 is an excellent structural bronze and is also suitable 

where a strong material is necessary for highly loaded, lubricated bearings. It 1s not 

considered so good a bearing material as leaded bronze and its use as a bearing should 

be limited to cases where need for high strength exists. The 9A alloy has an ultimate 

strength of 65,000 psi and a tensile strength of 25,000 psi in the as-cast condition. 

Because aluminum bronze is suitable for bearings and is weldable, it is generally pre- 

ferred to manganese bronze. Although higher-strength aluminum bronzes can be 

obtained by altering the composition and by heat-treatment, the resulting loss of 

ductility is undesirable. To avoid the increased stress-corrosion cracking which occurs 

with low ductility, the use of higher-strength bronzes should be avoided if possible. 

Specification B21 covers four alloys of naval brass which are available in a number 

of tempers. In general, avoidance of the ‘‘hard’’ temper is recommended to minimize 

the stress-corrosion-cracking potential. In the softer tempers the ultimate tensile 

strengths will range from 50,000 to 60,000 psi with yield strengths from 20,000 to 

27,000 psi. 

Bolting Materials. The Bolt, Nut, and Rivet Standards of the Industrial Fasteners 

Institute! list practically all the standards which apply to bolts, nuts, and the materials 

for their manufacture. In the fabrication of gates and valves, it is recommended that 

bronze or brass bolting be avoided for principal load-carrying connections, as experi- 

ence has shown that stress-corrosion failures in rolled alloys of copper and zine or 

aluminum frequently occur. Likewise, brass nuts have been known to split from stress 

corrosion. Such failures in stainless steel or monel are not common, and the use of 

these materials for heavily loaded, critical bolts is reeommended. 

31. Rubber Seals. One of the critical elements in the design of any gate or valve is 

an effective seal. In gates and valves which are of moderate size and can be economi- 

cally machined to close tolerances, various types of metal-to-metal seals have proved 

to be satisfactory. In large gates a seal which has the capability of accommodating to 

inaccuracies in gate alignment and seating surfaces is necessary to avoid very stringent 

and costly manufacturing tolerances. 

Rubber seals provide the necessary flexibility to meet the alignment problem. 

But coupled with flexibility there is also a need for strength at high heads, and this fact 

creates the contradictory requirement and problem of making seals which are both 

flexible and strong. Acceptable seals which meet these requirements reasonably well 

have been designed, but further research and development will be necessary to attain 

the ideal solution. 

11517 Terminal Tower, Cleveland, Ohio. 
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Two of the basic types of rubber 

seals for gates, the single-stem ‘music 

note” or “J’’ seal and the double-stem 

seal, are shown in Fig. 53. There are 

also numerous variations, such as the 

square bulb and different methods of 

attachment which have been developed 

from these basic designs. The bolt-on 

Seal-test rig showing double- Fig. 54. 

stem clamp-on seal being tested under 300- 

ft head. 

type of mounting, which involves drilling the rubber seal stems, is a satisfactory 

and common method of attaching seals. 

resistance to seals being torn from a gate in severe service conditions. 

on methods of mounting gate seals are also used. 

The bolt-on arrangement provides good 

Various clamp- 

The use of clamp-on mountings is 

increasing because more flexible and economical seal arrangements are possible. 

In the mounting of gate seals, it must be kept in mind that rubber displaces rather 

readily under pressure. For this reason spacers must be used to limit the compression 
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of rubber seals which are attached to gates with clamp bars. This arrangement is 

normally used for single-stem seals. For double-stem seals, spacers are necessary to 

ensure maintaining clearances to permit seal movement. Space must also be allowed 

for lateral displacement of rubber during clamping of seals as rubber has very little 

volumetric compressibility. 

The single-stem seals are commonly used for outlet bulkhead gates and stop logs 

which are normally closed under balanced-pressure no-flow conditions. Where 

greater strength and resistance are required for gates which are closed under flow, the 

double-stem seal is used. Single-stem seals are usually all rubber, but double-stem 

seals are normally molded with a cladding material on the contact surface. 

Brass cladding which is vulcanized to the seal during molding has been widely used 

on rubber seals. The principal reason for cladding seals is to reduce the high friction 

coefficient which rubber has on metal seal seats. The brass cladding also strengthens 

the seals and prevents distortion of the seal bulb into the clearance between the gate 

and seal seats. The disadvantage of the brass cladding on rubber seals is the loss of 

flexibility and capability for conforming to seating-surface imperfections. The 

reduced flexibility results in increased leakage. 

Developments and tests (see Fig. 54) indicate that rubber seals having the bulb 

portion clad with an opaque fluorocarbon reinforced with glass fibers have many 

desirable characteristics and may replace brass cladding. The fluorocarbon material 

has a much lower coefficient of friction than brass, and for this reason will slide and not 

bind on slopes which would damage brass-clad seals. Because the fluorocarbon 

material is relatively soft and flexible, the sealing capability is excellent. Although 

wear resistance 1s very good, special care should be used to be sure the seal seats are 

smooth and free of sharp projections which could cut and damage the relatively soft 

cladding material. The rigidity of fluorocarbon-clad seals is somewhat less than for 

brass cladding, but tests show that these seals may be used for heads to at least 200 ft. 

It is probable that fluorocarbon-clad rubber seals can be developed to withstand heads 

to more than 500 ft; but until further tests verify that use for higher heads is safe, 

brass-clad seals should be used for heads over about 200 ft. 

Single-stem seals are actuated directly by pressure on the bulb portion. For 

double-stem seals the use of control valves to admit reservoir pressure for sealing and to 

release sealing pressure when the gate was moving was common practice at one time. 

Although controlled actuation is still used in critical cases, it is commoner to have 

permanently open ports which admit reservoir pressure at all times to the space behind 

the seals. This design eliminates the complication of a seal control valve, but 

increases the friction which a gate must overcome for gravity closure. 

Rubber seals are normally molded from compounds of natural and synthetic 

rubbers but can also be made of a single type of rubber if desired. The use of cotton 

fibers or cords as reinforcement in rubber seals is not recommended, as experience has 

proved that deterioration of the cotton results in shorter life than rubber seals without 

such reinforcement. If reinforcement is absolutely necessary, the use of synthetic, 

rot-resistant fiber, rather than cotton, is recommended. 

Typical physical test! properties for rubber seals are as follows: 

Mensile-strenethiin es wane ssccace te arin a: meteors 3,000 psi (min) 

lon eatiO Deewana cer. rene eee eee re 450 % (min) 

Durometer hardness (Shore Type A)............ 60-70 

Wiatersabsorpt1onubiyew ier hime ine aera a aaeenent 5 % (max) 

Compressiony 6 but do mace eee Pace tee eee eee 30 % (max) 

Tensile strength after oxygen-bomb aging........ 80 % (min) of tensile strength 

1 Test methods for the various properties are described in the American Society for Testing and 
Materials Specifications D395, D412, D471, and D572. 
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This brief summary of critical design and operation of rubber seals covers only a 

few of the many types of seals which are used for gates. The technical journals and 

publications of leading seal manufacturers! provide further information on the design 

and manufacture of rubber seals. 

32. Gate Wheels. Three basic gate-wheel-mounting arrangements are shown in 

the gate-slot sections in Fig. 55. Hach type has some advantages and disadvantages. 

All types have been used on successful gate designs. 

The straddle-mounted type has the advantage of minimizing the required wheel- 

pin size. A small wheel pin permits the use of smaller wheels, because wheel-to-pin 

diameter ratios of about 5:1 are usually used for wheels with sleeve bearings. This 

ratio is used to keep the wheel-rotation forces small so that the gate weight will be 

enough to effect gravity closing. The straddle-mounted arrangement requires more 

complex gate-leaf framing and machining, and the need to remove the wheels for 

painting the wheel recesses makes maintenance more difficult. 
The pedestal-mounted type which has one or two wheels mounted on a pedestal 

simplifies the gate-leaf framing and machine work. The wheel-pedestal assemblies 

can be fabricated as identical units and be easily assembled and aligned on the gate. 

The pedestal arrangement poses more limitations on wheel diameters than other 

types, and may require using roller bearings where sleeve bearings might otherwise be 

used. 
The cantilever-mounted wheels provide a maximum of accessibility for inspection 

and maintenance. Cantilever-mounted wheels require fairly large wheel pins; con- 

sequently, antifriction bearings are frequently necessary. The framing for this type 

of mounting is comparable with the straddle-mounted type but the machine work on 

the gate is somewhat simpler. The units can be subassembled before being installed 

on the gates. The cantilever type requires an eccentric portion on the wheel pin, 

the same as straddle-mounted wheels do, to obtain proper alignment of the wheel tread 

faces. 

Both sleeve and antifriction bearings are used for the wheels on all three types of 

mountings. Sleeve bearings are usually used for the straddle-mounted type; either 

sleeve or roller bearings are used for the pedestal-mounted type; and self-aligning 

roller bearings are frequently used for the cantilever-mounted wheels. Sleeve bear- 

ings are usually of the self-lubricating types, although leaded bronze bearings are also 

sometimes used. It is usual practice to provide seals on the ends of the bearings to 

minimize the entrance of water and silt. 

When roller bearings are used on wheels, it is important that the bearing seals be 

effective, especially when gates are submerged for long periods of time between inspec- 

tion and servicing. In some cases the use of stainless-steel antifriction bearings, even 

at considerably higher cost, may be well justified to avoid rusting and bearing damage 

which could prevent closure of critical gates. 

In all cases the provision of grease fittings is recommended. Although not essential 

for lubrication of self-lubricating bearings, the grease performs the dual functions of 

lubricating and of filling the spaces around the bearing to help prevent the entrance of 

water and silt. This latter function is just as important as lubrication and justifies 
greasing all bearings. 

The curves and data given in Figs. 56 and 57 provide means for making a quick 

determination of wheel sizes after the loads have been established. The curves also 

will provide a pin size after the desired wheel-to-pin diameter ratio has been estab- 

lished. As the cited University of Illinois reference and other sources are readily 

1 Catalogues of standard ‘‘Gate Seals’’ and ‘‘Engineering Information and Specifications for Rubber 
Gate Seals,’’ Huntington Rubber Mills, Portland, Ore. 
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available for reference in making detailed calculations of permissible wheel loadings 

under various conditions, no detailed description of the procedure will be given. 

Typical track-base and anchorage details are shown for the various types of gate- 

wheel mountings in Fig. 55. The track and tee sections are frequently designed using 

data from the following sources: University of Illinois Bulletin 212, “Beams on an 

Elastic Foundation,’’! and Bending of an Infinite Beam on an Elastic Foundation. 

Example: Note: 

Load = 250,000 Ibs Internal shear stress 
Wheel /pin ratio = 5 is 43,000 psi, based 
Diameter = 25.75 in. on the University of 
Width = 4.75 in. Iinois Bulletin No. 212. 

Wheel - track width, in. Load, thousands of Ib 

Wheel diameter, in 

Fie. 56. Design chart for uncrowned 255 Bhn wheels on flat tracks. 

The foundation modulus k is calculated using the following formula in Biot’s paper: 

1 Eb4 I EB 

[SS AAS) pee ot) 

The shear Q, bending moment J/, and deflection y are calculated in accordance with 

the following formulas in M. Heyteni’s book: 

Q = —PD)z 
_ PCy 

ee 4) 
PXANe 

oar?) ts 

The cited references should be consulted for the meanings of the nomenclature in the 

1 HWeyrent, M., The University of Michigan Press, Ann Arbor, Mich. 

2 Biot, M. A., J. Appl. Mech., March, 1937. 
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formulas cited and calculation procedures. The allowable shear stress in the track 

would be the same as for the wheels if the Brinell hardness were the same. 

Rolled-carbon steel wheels similar to ASTM Designation A504 have been widely 

used on gates for about 30 years. The wheel treads on a number of gates show rather 

serious rusting and pitting, despite the use of paint, grease, and other protective tread 

coatings. In some cases the need for major refinishing and repairs is Imminent. 

Example: Note: 

Load = 250,000 Ibs Internal shear stress 

Wheel/pin ratio = 5 is 56,000 psi, based 
Diameter = 25.5 in. on the University of 

Width = 2.85 in. \linois Bulletin No. 212. 

Oo 

Wheel - tread width, in. 
Load, thousands of |b 

BAS 

Wheel diameter, in. 

Fre. 57. Design chart for uncrowned 302 Bhn wheels on flat tracks. 

Investigation of possible repair methods indicates that machining the outside 

diameters of the existing wheels and adding stainless-steel rims with a light shrink fit 

is the most desirable and feasible method of repair. The rim thickness should be 

great enough to contain the heavy shear forces under the Hertz area. Type 410 

martensitic stainless steel, with a Brinell hardness of about 255 to 320, and a precipita- 

tion-hardening alloy corresponding to ASTM A461, Grade 630, appear to be the most 

suitable materials for the rims. 

On the basis of past experience, the use of stainless rims for gate wheels should be 

considered for new designs where long life, reliability, and avoidance of future mainte- 

nance costs are of importance. Stainless steel has commonly been used for gate 

tracks because of their inaccessibility for repair. It is recommended that the stainless 

rims which are used to repair pitted wheels, as well as rims for new wheels, be made of 

the same stainless steel as the tracks to minimize the danger of galvanic corrosion. 

Some savings can be effected in new wheel designs having stainless-steel rims, by using 

cast-steel hubs instead of steel forgings. 
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33. Roller Trains. A typical roller-train design for a large, high-head gate is 

shown in Fig. 58. For large, multiple-section gates separate roller trains are usually 

mounted on each gate section as shown in Fig. 59. This design arrangement is 

simpler to fabricate and the flexibility at the gate-section joints permits each unit to 

distribute the loading to the embedded track much more uniformly than would be 

Seal assembly 

-, ~ Seal pressure 

Guard angle POG ty eae an 
~~Gate leaf eG i 

Stainless steel iV A> 1A! 
ligacKesees p@lesee i AO AANC Va Lisi 

y | 
tA ts | Rubber base - pata > 

rb ae 

ay 78 el 
GN 
1! Ay 
+ = 

Le) eae 
seal base’ 

Roller guides around Trash guard 
top and bottom of (Top only) 
roller tracks 

SECTION B-B 

Center links>-~___ 
Min. head radius = ; 
two roller diameters~ Stroddle 

= linkS-===43 

Rollers--- r 

Q pid 

van 7 Tact ‘ VIEW C-C 
ete SESS Esp NOTE: All roller train parts except = 4 
pusemaCnaiet: bushings are stainless steel. 

™~-----Gate leaf 

her-. Snap ring-. Washer <E P ring , 

| © 
c / 

Bushing 

SECTION D-D 

Square lock washer bent 
_ to lock split collar 

\,_.<Split collar, 

a pes 

Fell ERG ier support can be used =a 
to reduce catenary tension ALTERNATE 

SECTION A-A SECTION D-D 

I'ta. 58. Typical roller-train details and mounting arrangement. 



22-92 HIGH-PRESSURE OUTLETS, GATES, AND VALVES 

possible with roller trains extending the full height of a gate. The shorter roller chains 

are also an advantage in reducing the loading on the link bushings. 

Some early designs of roller trains caused trouble because the track radius for the 

top and bottom of the trains was made too small. Experience and the forces involved 

indicate that the radius should not be less than two roller diameters. The track 

radius may be a full semicircle or may be made in quadrants as shown in Fig. 58. ‘The 

quadrant arrangement is used for large fairly thick gate leaves so that the maximum 

length for vertical distribution of the leaf load to the embedded track can be obtained. 

Semicircular tracks at the ends of roller trains are commonly used on the smaller gates. 

Fic. 59. Lower half of 17.5- by 22.9-ft roller-mounted gate leaf for San Luis Dam in 

California. 

Another critical element in the design of roller trains is the link arrangement. The 

straddle-mounted link design illustrated, which requires two thicknesses of links, 

should be used in preference to other types of design. The balanced loading on the 

chain bushings and the avoidance of binding of the bushing on the roller trunnions 

result in smooth operation of roller trains and justify the additional cost for the 

straddle-mounted design. To ensure that roller trains will roll straight, it is essential 

that the link centers between a pair of rollers be practically identical. For this reason 

it is good practice to jig-ream the links in matching sets and mark them for selective 

assembly. 

To ensure even distribution of loading it is essential that roller diameters be held 

to as nearly a uniform size as is economically feasible. As a “rule of thumb”’ it is 



EQUIPMENT DESIGN FACTORS 22-93 

suggested that a tolerance of about 0.0002 times the roller diameter in inches be used 

asa tolerance. It is also important that the trunnions on each roller be substantially 

the same diameter to ensure that the rollers in a train will be parallel. 

Both self-lubricating bronze bushings and leaded-bearing bronze bushings have 

been used with success on roller trains. For the more heavily loaded chains the self- 

lubricating bushings are used. It should be noted that with straddle link-chain con- 

struction the bushing load is primarily the load of the chain and the principal friction 

is due to the knee action of the links as the chain travels around the curved tracks. 

Example 
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Fre. 60. Capacity chart for 255-Bhn rollers. 

The roller trunnions theoretically carry only the weight of the roller and serve to posi- 

tion the roller accurately in the chain bushings. Bushing tolerances must be closely 

held to ensure satisfactory chain operation. 

Two types of locking devices for holding the link and bushing assemblies on rollers 

are illustrated. Thestainless-steel snap ring is the simplest. The split collar which is 

held in place by bending over the four corners on a square washer is a more rugged and 

positive type of locking device. ‘This type is also more expensive but may be Justified 

in some cases. 

The rollers, tracks, and track bases for roller-mounted gates are designed on the 
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same basic principles and formulas used for wheel-mounted gates. The charts in 

Figs. 60 and 61 show allowable loads in relationship to hardness for various sizes of 

steel rollers. The type 410 martensitic stainless steel in a Brinell hardness range from 

255 to 320 is frequently used for rollers and tracks. The same type of steel is also used 

for the links. Precipitation-hardening steels are also used for rollers, tracks, and links. 

14 
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Ira. 61. Capacity chart for 302-Bhn rollers. 

As shown In the slot section in Fig. 58, the track on the gate is sometimes mounted 

on a rubber base to allow movement of the track for adjusting to the slope at the sides 

of the leaf. This arrangement eliminates the hazard of getting high edge loadings on 

the rollers, but special care must be used to confine the rubber so that it cannot flow 

from under the track. This added complication is justified only where large loads and 

end slopes make it infeasible to accommodate to the slope elastically by other types of 

design. 

Tests indicate that the force required to move an unloaded chain around a track is 

quite small, provided the catenary sag at the bottom end is not too tight. If the 

bottom rollers are supported on a guide track, the tension in the links due to catenary 

action can be eliminated. Arbitrarily assuming 20 percent of the roller train weight 



EQUIPMENT DESIGN FACTORS 22-95 

as the force required to move a roller should provide an ample operating-force allow- 

ance. The roller train and rolling friction forces plus the seal friction would be of 
primary importance in checking to be sure a gate will close by gravity. 

It is desirable that a trash guard be placed over the top of roller trains as shown in 

section AA, Fig. 58. Considerable damage has sometimes resulted when foreign 

articles get between the rollers and tracks. Movement of the roller trains results in 

crushing the material and damage to both the roller and track surfaces. 

34. Hydraulic Hoists and Operators. Although geared drives of the torque- 

limiting type are still widely used on many small- to medium-sized gates and valves, 

hydraulic operation has widely superseded the screw lift and geared drive units for 

large, high-head gates and valves. One of the big factors in this change through the 

years has been the need for higher hoist capacities and the ease with which such 

capacities can be attained with a hydraulic hoist. Other factors such as design sim- 

plicity, ease and flexibility of control, and operating reliability have also contributed 

to the increased use of hydraulic operation. 

Hydraulic hoists have been the standard operating method for slide gates for many 

years, but until relatively recently it was thought necessary to provide a mechanical 

device to hold a gate leaf in intermediate positions. When it was proved in the mid- 

1950s on the 7.5- by 9-ft slide gates at Palisades Dam that a hydraulic hoist with a 

packed piston was reliable for holding a gate leaf in any position for long periods of 

time with practically no movement, a whole new field of application was opened for 

the use of hydraulic hoists. Regulating gates of all types which had previously been 

limited to mechanical hoists, as well as hollow-jet valves, were redesigned for direct 

hydraulic operation. The requirement for mechanical latches was eliminated from 

new designs for gate hoists, and the use of existing latches to hold the intake gates 

open has been discontinued on some older installations. 

A typical hydraulic hoist for a penstock gate is shown in Figs. 62 and 63. The 

arrangement of similar hydraulic hoists for other types of gates is shown in Figs. 6, 11, 

and 14. Figure 36 shows a hydraulically operated hollow-jet valve, and Fig. 41 shows 

a conventional arrangement for operating a butterfly valve. 

Basically a hydraulic hoist consists of a cylinder, upper and lower cylinder heads, a 

piston, andastem. In Fig. 62 it will be noted that there is a hanger stud. This stud 

is provided primarily to hold the piston and stem within the cylinder during servicing 

and handling. The hanger stud is not engaged during normal hoist operation, and the 

gate is held in the fully open position by blocking the outflow of oil from the space under 

the packed piston. 

The piston is fitted with three hydraulic-type piston rings and also with a stuffing 

box having V-packing rings. The V-packing rings practically eliminate all leakage 

past the piston and permit holding the piston in any position for long periods of time 

when outflow of oil from the bottom cylinder connection is blocked. The piston rings 

serve as a reserve seal in case of packing damage, and will permit deferring repacking 

until a convenient time, as the leakage past good-quality hydraulic rings is quite low. 

Repacking the piston requires only removal of the upper head for access and does not 

require removal of the hoist. 

Pistons are made of bronze in the smaller sizes. Gray cast iron is frequently used 

for intermediate sizes and pressures to 1,000 psi. For large sizes and pressures above 

1,000 psi, cast- or welded-steel pistons are usually used. The outside diameter of steel 

pistons is always provided with an overlay of aluminum bronze, so that the finished 

piston will not score the smooth cylinder walls which are normally honed to a 16-uin. 

finish. Overlays are not normally provided on cast-iron pistons. 

Cylinders are usually fabricated from rolled-plate and forged-steel flanges. Small- 

sized cylinders are sometimes forged as a unit. In general, the standards of the 
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Fic. 63. Hydraulic hoist for 13.96- by 22.45-ft penstock intake gate at Glen Canyon Dam 
in Arizona. 

Unfired Pressure Vessel Code of the American Society of Mechanical Engineers are 

followed in the design of cylinders. Radiographic examination of all welds is required. 

All cylinders and cylinder heads are also required to pass a hydrostatic test of 150 

percent of design pressure. In multiple-cylinder hoists, the joints between the 

cylinders must be carefully matched for size, and any roughness which could damage 

the packing must be removed. Cylinder heads are usually made of cast steel although 

plates or fabricated heads are sometimes used. 

Piston stems in diameters to about 5 in. are usually made of solid stainless steel or 

nickel-copper alloy (monel metal). In larger sizes it is frequently more economical to 

\\ 

Via. 64. Split-collar-type stem coupling. 
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use a steel stem having formed sheets of these corrosion-resisting materials welded 

around the stem. The thickness of the corrosion-resisting sheath should always be 

enough so that if a leak should develop in a weld, the hoist pressure will not be sufficient 

to cause yielding and “ballooning”’ of the sheath where the stem extends outside the 

cylinder. 

Several types of couplings have been used for connecting the intermediate stems 

between the gate and hoist on intake gates. The clevis type was used originally but 

was rather expensive to make and cumbersome to connect and disconnect in the field. 

The split-collar type, shown in Figs. 62 and 64, was developed later and proved to be 

far less costly and more convenient to assemble and disassemble. For these reasons 

the split-collar-type coupling is preferred for all vertical-stem gates. This type of 

coupling is also used for gates on slopes of more than about 15 deg with the vertical, 

where the stem sections are aligned and supported on carriage brackets having wheels 

which run on tracks. 

Fic. 65. Hook-and-eye couplings on the penstock intake gate at Glen Canyon Dam in 
Arizona. 

For slopes to about 15 deg with the vertical, which are common on the curved 

faces of arch dams, the split-collar type of coupling poses some difficult assembly- 

alignment problems. The difficulty in getting the angularity accommodation required 

for coupling nonvertical-stem sections led to the development of the hook-and-eye type 

of stem coupling. This coupling is similar to the original clevis-type coupling but 

does not require the disassembly or manual handling of heavy parts for coupling the 

stems. See Figs. 62 and 65. The addition of skid pads on the loop of the hook 
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provides an easy method of holding the stems in alignment on aslope. As the load on 

the skid pads is light, a smooth concrete surface on the face of the dam provides an 

adequate bearing surface for the pads. 

It is recommended that the steel castings for both the split collar and for the 

hook-and-eye-type couplings be carefully checked for cracks or defects by suitable 

nondestructive methods, such as magnetic-particle testing. In addition, each stem 

unit with couplings attached should also be given a full-load proof test. 

For static seals the use of O rings is recommended. For sealing moving parts, 

V-type packings have given very satisfactory service and are recommended. As 

V-packings can be damaged badly by overtightening, conventional gland adjustment 

is usually omitted and the packings are preset to the proper degree of snugness in the 

stuffing box. Care should be taken to specify mica finish instead of graphite for pack- 

ings which are in contact with stainless steel and water. It is good practice to provide 

a wiper-scraper to remove foreign matter from exposed stems and prevent damage to 

the packing as the stem enters the cylinder. 

The design capacity of a hoist is usually determined by four elements: the weight 

of the parts to be lifted or lowered, friction forces, downpull forces, and an arbitrary 

design factor. The calculation of weight and friction forces poses no unusual prob- 

lems; but despite numerous tests which have been made, no really simple general 

method of computing downpull is available. Model tests provide the most accurate 

method of determining downpull for a given design. Although exact methods for 

computing downpull on the various types of gates may not be available, the various 

tests on specific gates and analyses which have been made do provide bases for making 

a reasonable estimate of the downpull forces for most cases.! 

In determining the hoist capacity required, it should be borne in mind that the 

weight, friction, and downpull are additive only for gates which are opened under 

unbalanced conditions. For guard gates which are closed, but not opened, under 

unbalanced conditions, friction subtracts from weight and downpull in establishing 

hoist capacity. 

Hoists are commonly designed for rated oil pressures of 1,000 or 2,000 psi, as 

pumps, valves, and other hydraulic operating-system components are readily available 

in these ratings. Selection of the pressure to be used for a specific design is largely a 

matter of judgment and of keeping the hoist size physically in balance with the size of 

the gate or valve structure. When hoists at 1,000-psi ratings require cylinders which 

are larger than desired, the design pressure should be increased to 2,000 psi or even to 

higher pressures if necessary to obtain required design features. 

After the estimated net operating capacity for a hydraulic cylinder has been calcu- 

lated, this capacity is usually multiplied by an arbitrary design factor of 1.83 to 1.50. 

The net area of the cylinder is then determined by dividing the total capacity by the 

rated design pressure. The arbitrary factor is added primarily to provide a pressure 

range for operating pressure-control devices. The factor also provides some margin of 

safety for variations in calculated oil-line friction losses and hoist capacity. For 

example, in a system rated for 1,000 psi the hoist cylinder pressure for the actual 

calculated load would be between 650 and 750 psi. The selection of an arbitrary 

design factor to use in a specific case is a matter of judgment based on the known 

factors for specific cases. In no case should the design factor be eliminated, and a 

1.25 factor is considered the minimum which is acceptable for good design. 

1 Warnock, J. E., and Howarp J. Pounp, Coaster Gate and Handling Equipment for River Outlet 

Conduits in Shasta Dam, Trans. ASME, 68 (3), Feb. 3, 1946. ‘‘Hydraulie Design of Reservoir Outlet 

Structures,’ Department of the Army (USA), Office of the Chief of Engineers, Engineer Manual, 
IM 1110-2-1602, August, 1963. Conears, Donan, Hydraulic Downpull Forces on High Head Gates, 
Proc. ASCE, J. Hydraulics Div., 85, November, 1959. Murray, R. I., and W. P. Simmons, Jr., 

Hydraulic Downpull Forces on Large Gates, U.S. Department of the Interior, Bureau of Reclamation, 

Research Rept. 4, 1966. 
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In case of doubt about hoist size, the use of a slightly larger cylinder diameter is 

the recommended prac 
‘apacity increase for an inch or two ona cylinder diameter is quite large. 

sizes of standard flange 

poor economy to save 

nonstandard flanges. 

practical factor which 

35. Hydraulic Operating Systems. 

valves require careful 

OIL TANK 

tice, as the incremental increase in cost is quite small and the 

The available 

s should be kept in mind in selecting a hoist cylinder size. It is 

an inch or two on a cylinder size at the cost of buying special 

The available sizes of standard hydraulic piston rings is another 

should be considered in selecting hoist sizes. 

The hydraulic systems for operating gates and 

coordination of the various hydraulic- and electrical-system 
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Iria. 67b. Wiring diagram with restoring cycle for gravity-closing guard gates. 

functions and components. A relatively small number of basic components are required 

for most systems, but care must be used in selecting and arranging the components to 

ensure proper system functioning. 

The basic components of hydraulic-electrical operating systems are the oil tank; 

filters; pumps with motors and starting equipment; flow-directing valves which are 

either manually, electrically, or hydraulically operated; a pressure-relief valve; piping; 

pressure gage; pressure-operated switches; and push buttons, relays, and other electrical 

equipment necessary for actuating and controlling the system. Figure 66 shows the 

schematic arrangement of a typical operating system commonly used for operating 

gates or valves which require the hoist piston to be positively driven in both directions. 

Figure 67 shows the schematic arrangement of an operating system for a gate that is 

opened by pumping but is closed by gravity when oil is bypassed from the underside to 

the top of the piston. The basic components in both systems are similar but the 

second type has the added complication of automatic operation to compensate for 

leakage and restore the gate to the fully raised position. Figure 69 shows a typical 

control-cabinet arrangement. 

Several factors in hydraulic operating systems are of criticalimportance. One of 

the primary requirements is that the system be clean. Special care must be exercised 

in the manufacture and installation of hydraulic systems to ensure cleanliness. Oil 

tanks should be properly painted or made of stainless steel to ensure cleanliness and 

avoid rusting. Tanks should be provided with sereened filler and breather openings. 

A filter with a sereen no coarser than 100 mesh should be provided in the pump suction 

line, and the use of pressure filters in the pump discharge line to remove particles above 

a 10-micron size is recommended. Provision should be made to drain water accumula- 

tions from the low points in the oil tank and the hoist cylinder. If filled with very 

light oil, hydraulie systems will work in cold ambient temperatures; but as a general 

rule, it is desirable to maintain ambient temperatures of 40 F or higher. When cold 

temperatures for winter operation will be encountered, the hydraulic hoist and operat- 

ing components should be protected by a heated enclosure. 
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Oil tanks should have a normal storage capacity equal to about three times the 

pump capacity in gallons per minute. Additional capacity must be provided for the 

volumetric displacement of the hoist stem and for temperature-produced volume 

changes. All return lines to the tank should be located below minimum oil level and 

be adequately separated from the pump suction by a baffle. 

Two motor-driven oil pumps are commonly provided for each operating system to 

ensure the operation of a gate or valve. In effect, this arrangement provides a work- 

ing spare which is immediately available in case one motor-pump unit fails. The 

single unit can be used until the faulty unit is repaired, as the only effect on the system 

is to double the normal pumping time. Electric motors are normally used to drive 

both pumps, but in some cases one of the pumps is driven by an internal-combustion 

engine to ensure operation where loss of power supply might be critical. The com- 

bined pump capacities are usually selected to operate hoists at a rate of about 1 fpm. 

Unless some other type of pump is definitely required and specified, vane-type 

pumps, which are usually less expensive than other types, are normally furnished for 

hydraulic systems. Vane pumps have proved to be very satisfactory and reliable. 

Solenoid-operated Four-way valve controlled 
pilot valve by pilot valve 

a 4 | 
Sequence valve- | \ Flow-control valve —— 

\ ‘Relief valve 

‘= Multiported mounting block 

Fia. 68. Hydraulic control valves assembled on a multiported mounting block. 

Subplate mounting-type valves are recommended for all four-way, relief, and 

similar types of valves which have spools or close-fitting operating elements. This | 

type of mounting facilitates installation or removal of valves and also avoids piping | 

strains which can cause malfunctioning of such valves. Figure 68 shows a multiported 

block which is large enough to accommodate subplate mounting-type valves on the top | 

and sides. Suitably located and arranged passageways which communicate between 

the valve ports are drilled in the block. This design arrangement is efficient and 
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compact, and eliminates a considerable amount of external piping. However, the 

return line from the relief valve must always be piped directly to the tank and never 

to the pump suction line. 

One important requirement in hydraulic systems is to have the piping joints oil- 

tight. The use of standard tapered pipe threads for high-pressure oil piping nearly 

always results in some leaky joints. If pipe threads must be used, specifying ‘‘dryseal’’- 

type threads is recommended. Various types of O-ring connectors, flared tubing 

connections, and socket-welded connections are most commonly used to ensure oil- 

tight hydraulic systems. Rugged, welded construction using socket-welding fittings, 

O-ring flange-type unions, and heavy-walled tubing is preferred for high-pressure 

piping above a 34-in. size on gate and valve hydraulic systems. For 34-in. and smaller 

sizes, standard hydraulic tubing and O-ring-type connectors are preferred. A smooth 

inner wall free of mill scale is essential for hydraulic-system pipes. To ensure this 

condition and provide piping which is easy to clean, cold-drawn, seamless steel tubing 

is frequently used for fabricating socket-welded piping. Hydraulic systems should 

always be tested to the full rated design pressure to check for leaks. 

The flow losses should be carefully calculated in hydraulic systems. Unless known 

conditions indicate otherwise, assuming an ambient temperature of 40 F and limiting 

losses to a maximum of 150 psi are recommended. 

Electrical control equipment, such as motor starters, relays, and breakers, which 

may be subject to arcing must be physically separated in control cabinets from the 

hydraulic system and mounted in a separate compartment to avoid fire hazard. Where 

complete separation of electrical equipment, such as motors and pressure switches, is 

not feasible, special care should be used to minimize fire hazards. It is desirable to 

provide a 75- or 100-watt heater in the electrical compartment of the cabinet to prevent 

moisture from condensing on the electrical equipment. Operation of the typical sys- 

tem shown in Fig. 66 is fairly simple and only a few aspects need clarification. To open 

or close the gate, the pump motor is started and the solenoid-operated four-way valve 

is shifted. When the gate reaches the open or closed position, the rise in pressure will 

actuate the pressure switch and deenergize the electric circuit. The gate may also be 

stopped at any intermediate position with the stop push button. 

The flow-control valve in the line to the bottom of the cylinder contains both a 

check valve and a pilot-controlled spool valve. When the gate is being opened, oil is 

pumped through the check valve to the underside of the piston. For closure under 

balanced-pressure conditions, no force is required to drive the gate leaf closed, and the 

weight of the gate leaf could cause a rapid outflow of the oil from the bottom of the 

cylinder. Under these conditions it is necessary to control the rate of outflow of oil 

from the bottom of the cylinder, so that the closure speed does not exceed the rate at 

which oil is being pumped to the top of the cylinder. This condition would result in 

flooding the oil tank. A controlled rate of closure is ensured by connecting the pilot 

line for opening the spool valve in the flow-control valve to the top of the cylinder. As 

pilot pressure to operate the spool valve and release oil from the bottom of the cylinder 

will not exist unless there is a positive pressure on top of the piston, any tendency of the 

gate to close faster than the pumping rate will cause the pressure in the upper cylinder 

to drop and close the spool valve. This feature ensures that the closure speed will be 

directly controlled by the pumping rate. This same basic arrangement is also used for 

preventing butterfly valves from slamming closed. 

Means of venting all air from a hydraulic system is necessary to avoid erratic opera- 

tion. Inthe general piping diagrams in Figs. 66 and 67 it will be noted that all the air 

vents are piped back to the oil tank. This arrangement is recommended as it is more 

convenient and positive than attempting to bleed air at open connections. 

The basic features of the gravity-closing-type hoist are shown in Fig. 67. To open 
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the gate, the oil pumps are started and the solenoid-controlled four-way valve is shifted 

so that the pump pressure under the piston will hold the remotely controlled bypass 

valve closed and cause the piston to rise and open the gate. When the gate is fully 

open, the pressure rise will actuate the pressure switch PSI and deenergize the electric 

Fie. 69. Typical control-cabinet arrangement. 

circuit. If leakage from under the piston allows the piston to lower enough that pres- 

sure is lost on the restoring-cycle pressure connection, pressure switch PS2 will restart 

the oil pumps and restore the gate to the fully opened position. 

To close the gate it is only necessary to shift the solenoid-operated four-way valve 

for releasing the pilot pressure on the remotely controlled bypass valve. This action 

will allow oil to flow through the bypass line from the bottom to the top of the cylinder 

and cause the gate to close. The closure speed is regulated by the setting of the 

throttle valve. Normally closing speeds are set at 15 to 20 fpm. 

With the gravity-closing system oil pumps are not required for closing and only 

shifting the four-way valve is necessary. In case of power failure the four-way valve 

an be readily shifted manually. These features permit gate closure with a complete 

loss of power and make the system ideal for guard gates. When used for penstock | 

guard gates, the solenoid valve and emergency closing electric circuit are frequently | 

powered by the 125-volt power-plant storage batteries to make the closure system 

completely independent of an outside source of a-c power. 

36. Oils and Greases. ‘The oil used in hydraulic systems should preferably be an | 

oil specially compounded for such use. If hydraulic oil is not available, good-quality 
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motor oils may be used. The use of high-viscosity oils should be avoided as the pres- 

sure losses in pumping heavy-bodied oil can be very high, especially at low temperatures. 

Hydraulhe oil which is specially compounded to inhibit rust formation, oxidation, 

and foaming should be used. Oils having the following physical properties have 

Fia. 70. 96-in. hollow-jet valves at Glen Canyon Dam in Arizona, showing control cabi- 
nets and piping for hydraulic operating systems. 

proved satisfactory in a great many installations operating under widely varying 

ambient conditions: 

Viscosity, SSU at 100 F....... 150 (approx) 

Viscosity 1ndexen aor aaa 90 (min) 

Pour point. rence ee ee —20F 

SAE 10W motor oil has viscosity and pour-point characteristics which are similar to 

those of this hydraulic oil and could be used as a substitute. In no case, however, 

should hydraulic and motor oil be mixed, and motor oil should not be used to replace 

small quantities of hydraulic oil which has leaked from a system. 

The greases used for slide-gate seats and bearings on wheel-mounted gates and 

butterfly valves should be waterproof, caletum- or lithium-base types. The grease 

should be fairly soft, preferably National Grease Lubricating Institute Grade 2. 

Sodium-base greases should not be used for lubricating submerged bearing surfaces. 

Hydraulic oils and greases having the properties specified can be obtained from 

practically all major oil companies. Such companies can also supply valuable infor- 

mation concerning special problems involving petroleum products. 

37. Paints. The question of which paint is best for protecting gates and valves 

is subject to a wide variety of changing ideas, opinions, and answers. Mbst paints 

which are used have some desirable and some undesirable characteristics. No attempt 

will be made to discuss the pros and cons of the various paints which are available. 

To provide some guidance for consideration in the selection of paints, a brief summary 

of some commonly used paints and painting practices which have produced good 

results will be given. 

A relatively small number of paint types have proved to be necessary for protecting 
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gates, valves, and outlet conduits. These paints are of three basic types: red lead, 

vinyl resin, and coal tar. 

Red-lead priming paints conforming to Federal Specifications TT-P-86c, Type I or 

Type IV! are widely used. Type II is used as a primer mainly on exterior surfaces 

which are subjected to normal atmospheric exposure and are not located in damp humid 

places. One or more coats of Type IV red-lead paint should be used as priming paint 

where exterior surfaces are located in highly humid atmospheres. NRed-lead paints 

normally should not be exposed to sunlight without protective color coats. Several 

coats of Type IV paint have been used as the entire protection for continuously sub- 

merged surfaces, but other paints are normally preferable. 

The vinyl-resin paints, VR-3 and VR-6,? have given excellent service. The VR-3 

is nominally a three-coat system producing a 5-mil minimum dry-film thickness. The 

three-coat system may be used for atmospheric exposures and for painting the interiors 

of oil tanks and other surfaces in contact with oil. For surfaces which will have alter- 

nate or continuous submergence in fresh water, four coats should be applied to provide 

a 6-mil minimum dry-film thickness. 

VR-6 paint is used for surfaces which are alternately exposed or submerged and for 

surfaces which require a smooth, durable paint coating. The minimum dry-film thick- 

ness for this system is 10 mils. The extra thickness and good abrasion-resistance 

characteristics of VR-6 paint provide a very durable coating, and make it a desirable 

paint to use where accessibility makes repainting difficult and costly. Typical appli- 

cations in this category are wheel- and roller-mounted gates, gate frames, intermediate 

gate stems, and stem couplings. ‘This paint is also used on the high-velocity conduits 

and the fluidway surfaces for hollow-jet valves. When used for high-velocity fluid- 

ways, the surface should be lightly sanded after the final coat to remove any roughness, 

laps, or slight protrusions which could start cavitation damage. 

Coal-tar enamel conforming to American Water Works Association Standard 

AWWA C203 is frequently used as the interior coating for penstocks and outlet pipes. 

When properly applied to pipes which are located in suitable environment, coal-tar 

enamel provides excellent long-life protection. 

When the enamel can be shop-applied by a spinning process, a glossy smooth 

surface having low hydraulic friction can be obtained. Because the enamel is thick 

and must be applied hot, smooth surfaces cannot be obtained by hand methods, nor 

can the enamel be readily applied to complex or irregular surfaces. Hand-applied 

coal-tar enamel should not be used in pipes where the velocity and pressure conditions 

are such that minor surface roughness might cause cavitation damage. Coal-tar 

enamel is commonly used in the higher pressure-gradient regions of outlet pipes. It is 

not used on gates or valves or on outlet pipes in high-velocity low-back-pressure regions. 

Enamel should not be used on pipe where temperatures above 150 F or below 0 F will 

be encountered. 

Coal-tar epoxy paint conforming to MIL-P-23236, Type I, Class 2, is widely used 

for painting all types of submerged metalwork. The paint is commonly applied by | 

spray or roller. Two or more coats to produce a 16-mil or greater dry-film thickness 

are used. Coal-tar epoxy-painted surfaces should be protected from extended expo- | 

sure to direct sunlight. This paint is generally used for painting ring-follower gates, 

shde gates, and other analogous types. It may also be used on wheel- and roller- 

mounted gates and other equipment provided direct exposure to sunlight will not occur. | 

As coal-tar epoxy paint can be hand-applied to produce a fairly smooth coating as com- | 

1 United States government specification. 
2U.S. Bureau of Reclamation specifications. 
3 United States Military specification. 
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pared with hand-applied coal-tar enamel, it is frequently used in hand-painted regions 

of conduits to minimize surface roughness which might cause cavitation damage. 

The preparation of surfaces for painting is of equal importance to the selection of 

good paint for long life. For all coatings on submerged surfaces, solvent cleaning, 

followed by blast cleaning to base metal using dry, hard, sharp sand or steel grit to 

produce a gray-etched surface, ismandatory. For Type II red lead the same prepara- 

tion may be used but solvent cleaning, followed by chipping, scraping, wire brushing, 

or commercial-grade grit or sand blasting, is acceptable. 

It is important to protect cleaned surfaces and apply paint before the surfaces 

become contaminated; otherwise recleaning must be performed. The surfaces must 

be free of moisture, and metal and air temperatures and other requirements recom- 

mended by the paint suppliers should be followed in applying paint. 

The small additional cost that may be entailed in using top-quality paints and in 

applying the paints correctly on properly prepared surfaces will be repaid many times 

by reduced maintenance and equipment-damage expenses. Careful adherence to 

practices prescribed by recognized authorities is recommended.! 

38. Operation and Maintenance. ‘The keystone of proper operation and long 

service life of gates and valves is adequate inspection and maintenance. Because of 

the rugged nature of the equipment, the need for periodic inspections and maintenance 

is sometimes overlooked. With a proper schedule of testing, inspection, and mainte- 

nance the useful life of such equipment is practically unlimited. Without such a pro- 

gram, gates and valves can be junk in 30 to 50 years. 

When gates and valves are installed, the operation should be carefully checked to 

be sure they work as intended. A schedule of testing should be established for check- 

ing the equipment periodically to be sure it continues to operate properly. The time 

interval for making such operational tests will vary with the nature, importance, and 

frequency of use of the equipment. Where no specific factors indicate otherwise, an 

annual operating check is recommended. It is also recommended that all gates and 

valves be given a full operating test after every major maintenance overhaul. 

During initial operation of gates and valves the performance should be carefully 

observed to check for possible malfunctions. The parts of the gates, valves, and 

conduits which are visible should be checked frequently for any evidence of paint 

defects or cavitation damage. Any damaged areas should be repaired. The cause of 

cavitation damage should be removed. Careful checking during initial operation may 

save costly major repairs later. 

No specific time interval for major inspection and maintenance work can be 

established for all cases, as there is a wide difference in the operation and characteristics 

of reservoir waters in different installations. Normally the period between major 

inspections and maintenance is about 10 to 15 years, but in some cases a shorter 

interval is necessary to avoid excessive deterioration. For this reason, scheduling the 

first major maintenance inspection is recommended after an outlet works has been in 

service about 5to 7 years. On the basis of the condition of the outlet at the first inspec- 

tion, a desirable interval for scheduling future maintenance of the equipment at a 

specific dam can be established. 

At the first major maintenance inspection, arrangements should be made to have 

all parts and surfaces of gates and valves accessible for checking. Painted surfaces on 

all gates, valves, and conduits should be carefully checked for deterioration and damage. 

All moving parts, such as rollers, wheels, and gate seals, should be checked. Shding 

surfaces on gate stems and seal seats should be inspected for deposits of scale from 

1'Paint Manual,’ U.S. Department of the Interior, Bureau of Reclamation. ‘Steel Structures 

Painting Manual,” vols. I and II, Steel Structures Painting Council. 
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the water. The normally inaccessible regions around regulating gates and valves 

should be checked for cavitation damage. 

Damaged paint should be repaired, or the surfaces should be completely repainted 

if necessary. Any other necessary repairs should be made. A careful record should 

be kept of all repairs for future reference and for establishing a periodic maintenance 

schedule. 
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Fic. 73. Jet-flow gate weight-estimating curves. 

39. Weight Estimates. Weight-estimating curves for various types of gates, 

valves, and associated equipment are shown in Figs. 71 through 79. These curves do 

not cover all types of gates and valves, and are based primarily on Bureau of Reclama- 

tion designs. The equipment produced by other design and manufacturing organiza- 

tions may vary considerably from the weights shown on the curves. Despite the 

variations which may exist, these curves do provide a consistent basis for making 

comparative estimates when various types of equipment are being considered in the 

design of an outlet works. Although the accuracy of the curves is sufficient to provide 

a valid comparison between types of equipment, the curves should not be used when 

precise estimates of actual weights are necessary. Precise weight estimates can be 



22-112 HIGH-PRESSURE OUTLETS, GATES, AND VALVES 

120 

100 

2 

‘o 80 
wn 

v0 
(sj 
12) 
wn 
= 

= 60 
x 

2 
© 

= 40 

20 

O 
20 40 60 80 100 

Inlet diameter, in. 
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40,000 NOTES: 

1. Nomenclature: 
Pere H= head to invert of outlet 

entrance 
20,000 X= nominal gate width (lateral 

distance between sealing 
points) 

10,000 Y= nominal gate height (vertical 
distance between sealing 
points) 

W= weight, |b per ft 

2.Curves apply to cases where H is 5,000 
more than 3Y 

4,000 

3,000 
3.Gate frame estimates: 

a. Assume height of 2.3Y for 
wheel- and roller-mounted 
gate frames. 2,000 

b. Assume height of 1.2Y for 
bulkhead gate frames. 

c. Add 100 |b per ft for each pair 

1,000 

500 

of tracks or quides above the 
top of gate frames. 

4. To use graph: 
a. Multiply head (H) by width (X) 

to determine the HX factor 
b. Where the HX factor intersects 400 

the desired curve, read the 

Weight per ft (W) of gate or frame height 
300 

200 

weight per ft (W) at left side 
of graph. 

N00 A 
300 500 1,000 

c. Multiply the weight (W) by the 
appropriate height to get the 
total gate or frame weight. 

2,000 5,000 10,000 20,000 

Head-width factor (HX) 

Fic. 75. Gate and frame weight-estimating curves for wheel-mounted, roller-mounted, 
and bulkhead gates. 
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Fic. 78. Weight-estimating curves for intake-gate hydraulic hoists. 

obtained only by carefully computing the weight of an actual design. In addition to 

the weight curves, tabulations of estimated weights are included for standard slide 

gates made from castings and for hydraule control systems. 

Estimated weights for standard cast-design slide gates, for 250-ft head, are shown 

in the following tabulation. The weights include the hoist but no upstream or down- 

stream conduit. 

Width* Height Weight Width Height Weight 

Qe2o P05) 6,500 5.0 5.0 35,000 

218 2.00 10,000 5.0 6.0 42,000 

iors) Smao 14,000 (0) 9.0 63 ,000 

S355) SD 17,000 6.0 Wald 58,000 

S05) 6.5 30,000 6.5 8.0 65,000 

4.0 4.0 25,000 625) 10.0 80,000 

4.0 50 28,000 

* Width and height in feet, weight in pounds. 
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Fia. 79. Intake-gate stem weight-estimating curves. 

For hydraulic operating systems having dual pumps and control components 

housed in a cabinet, the following tabulation of estimated weights may be used, pro- 

vided the control cabinet is located reasonably close to the hoist and the hoisting speed 

is about | fpm. For remote cabinets additional piping weights must be added. 

Cylinder diam, | Weight, || Cylinder diam, | Weight, 

in. Ib in. Ib 

12 1,800 24 3,000 

16 2,200 27 3,500 

20 2,600 30 4,000 
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SECTION 23 

FISHWAYS AT DAMS 

By R. Banys anp K. R. LEoNARDSON 

GENERAL 

1. Introduction. Fishways in dams or other hydraulic structures have a long 

history. Several hundred years ago, European engineers were designing fish-passing 

facilities as an integral part of dams, thereby recognizing the importance of conserving 

the salmon by allowing them to continue their upstream passage to their spawning 

grounds. 

Many states and countries have passed conservation laws protecting the anadro- 

mous fish whenever a dam is constructed. In the United States, the dams authorized 

under license by the Federal Power Commission may be required to provide fish- 

passing facilities. Where this requirement is part of the license, the design of the fish 

facilities and their operation will come under the control of Federal and state fisheries. 

Dams not licensed may also be required by state or local government authority to 

provide fish facilities. The layout, design criteria, and all features of the facilities will 

therefore be reviewed and subject to approval by governmental agencies. In many 

cases hydraulic-model testing is required to demonstrate the performance of proposed 

fishways. 

2. Migratory Characteristics. In order to understand better how fishways are 

designed, it is well to know the life cycle of the migratory Pacific salmon. 

Fully grown salmon, after spending 3 to 4 years in the ocean, return to the river or 

stream of their origin to spawn. These fish cease feeding upon leaving salt water. 

During the journey upstream to their spawning grounds, they live on the food that has 

been stored in their bodies in the form of fat. Some salmon travel hundreds of miles 

to reach their destinations. As they ascend their chosen river or stream, they may 

pass rapids, falls, and manmade fishways in dams, until they reach the place their 

migratory instinct tells them is the right spawning ground. There, the females with 

their tails dig nests in the gravel and deposit their eggs. Males immediately fertilize 

them with asperm-bearing liquid. Soon after that, the adult salmon die. For periods 

ranging from afew months to a year, depending upon the species, the young salmon 

start their downstream migration to the ocean. After maturing in the ocean, they 

return to the stream or river of their origin. 

3. Types of Fish-passing Facilities. There are many types of fish-passing 

facilities constructed to enable migrants to travel either downstream or upstream past 

hydroelectric plants or natural river barriers. These facilities can be divided into two 

major groups: upstream and downstream migrant-passing facilities. 

Upstream migrant-fish-passing facilities consist of the following types of fish- 

ways: fish ladders, fish locks or elevators, tramways, and trapping and trucking 

arrangements. 

To provide a safe passage downstream for the young migrating fingerlings across 

higher-head dams, several types of fish-passing facilities are in use. These facilities, 

in general, tend to collect the migrants in the forebay for safe passage to the tailrace. 

23-1 
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These facilities include fine-mesh screens of fixed or traveling type used to direct the 

fingerlings to a safe bypass system, louver deflectors, air bubblers, electrical fields, 

skimmers, and floating ‘‘gulpers.”’ 

The above-mentioned upstream and downstream migrant-passing facilities do not 

include all the existing tyres of passing facilities. Only the most commonly used 

facilities are mentioned. 

UPSTREAM PASSING FACILITIES 

4. General. Upstream fish-passage facilities are constructed to enable migratory 

fish, especially anadromous species, to travel past dams or natural obstructions in 

rivers. They are also installed near artificial propagation facilities, such as hatcheries 

and spawning channels, for the purpose of collecting and transporting the fish to these 

facilities. 

The need for upstream passage of anadromous fish is to permit them to migrate to 

those areas of a river where they spawn. The most valuable fish of this type is the 

salmon. Facilities intended for this species of fish and the steelhead (a rainbow trout 

which migrates to the sea) will be described in this section. 

Fish ladders are probably the most important and most used method to provide an 

artificial upstream fish passage. Their design is based on a fundamental charac- 

teristic of upstream migratory fish, which is to swim against the current of flowing 

water. They have been constructed at dams where great numbers of fish pass. The 

most elaborate system of fish ladders exists at nine dams on the Columbia River in the 

Pacific Northwest of the United States. 

A great deal of research on fish passage in ladders and attraction to them has been 

done and is continuously in progress. Fish-ladder design at present is still in a stage 

of development. Over a period of a few years certain design concepts have changed. 

Experience with operating ladders has also contributed very much to the planning and 

design of fish facilities. It is important, in fact absolutely necessary, to make use of 

such research and experience in design of ladders in order to obtain successful fish 

passage. 
5. Components. Fish ladders consist of several components. The basic com- 

ponents into which a fish-ladder system may be divided are (1) fish entrance, (2) fish 

passages, (3) fish exit, and (4) auxiliary water supply. The last of these, auxiliary 

water supply, has been omitted at some fish ladders. All the modern, large fish 

ladders on the Columbia River have very extensive provisions for auxiliary water 

supply. 

6. Fish Entrances. Fish entrances are basically openings through which water is 

discharged, generally under a head of 1 ft, in order to attract fish into the ladder or a 

collection channel. 

Three basic types of entrances arein commonuse. These are (1) weirs, (2) orifices, 

and (3) slots. 

The weir entrance consists of a steel gate automatically controlled to follow tail- 

water fluctuations. Usually the depth of water flowing over the weir gate will be 6 ft. 

The width of the weir will depend on the number of fish to be passed and may be as 

wide as 15 ft. Several weirs may be needed at a single ladder entrance in order to 

obtain a directional effect from the attraction water discharged. The discharge over 

the weir may be assumed to be flowing at an average velocity of 4 fps when a 1-ft head 

is maintained at the weir. Therefore, a 15-ft-wide entrance with a 6-ft depth of flow 
would require 360 efs (Fig. 1). 

An orifice entrance also consists of a steel gate automatically controlled to maintain 

its top above the water surface. The orifice, usually of rectangular shape, is sub- 

merged. The orifice should be a few feet below the tail-water surface. This type of 
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entrance is used in the powerhouse collection systems in hydroelectric plants on the 

Columbia River. Two orifice entrances have been installed above the draft tubes of 

each unit at Priest Rapids and Wanapum dams. It has been found that this type has 

effectively attracted fish. The common orifice-entrance discharge 1s 60 cfs under a 

head of 1 ft. 

A slotted entrance consists of a vertical slot through which water is discharged, 

usually under a 1-ft head. With rising tail-water levels an increasing flow of water 

has to be provided, because of the increase in area of flow. The width of the slot is 

sometimes made variable, although parallel sides are also effective, and is based on the 

number of fish to be passed. The smallest slot to be effective for salmon would 

probably be 1 ft wide where few fish are to be attracted. A more usual design would 

be about 4 ft wide (Fig. 2). 

Fia. 1. Priest Rapids, weir fish entrance. 

The fish entrances described above are obviously the openings through which the 

fish are attracted into the entrance structure. The fish must then proceed into the 

ladder or a transportation channel leading to the ladder. The entrance structure must 

serve another purpose, however. In a facility of modern design, far more water is 

discharged through the entrance openings to attract fish than is required for the fish 

ladder. The difference between these two flows must be provided in the entrance 

structure. This flow is called the auxiliary water supply. It may be taken from 

headwater and flow by gravity through a conduit leading into the entrance structure. 

Another method used either by itself or in addition to a gravity system is to pump 

water from the tailrace into the entrance structure. These auxiliary water systems 

are described in Art. 9. 
The method of addition of auxiliary water into the entrance structure is quite 

important. The two primary objectives to be attained are the proper placement and 

diffusion of the water into the entrance. Diffusion of the water is accomplished by the 

use of chambers in the floor or walls or by a combination of both. These diffusion 

chambers are located at the outlet of the auxiliary water-supply conduits. Extensive 

hydraulic-model testing has been done in order to ensure that the velocities at the 

outlets of the chambers are very nearly uniform. These studies have led to practically 

standard designs. Gratings are placed at the outlet surface of the diffusion chamber to 
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prevent fish from entering. They also provide more uniform flow distribution. The 

velocity through the gross area of the floor gratings is usually limited to 0.25 to 0.50 fps 

and the wall gratings to 0.50 to 1.0 fps. These low velocities generally eliminate any 

tendency toward fish attraction. The spacing of grating bars should provide a clear 

opening of 1 in. Smaller openings would cause clogging by debris, whereas larger 

openings may cause the risk of fish entrapment or less uniform velocity distribution. 

7. Fish Passages. At hydroelectric plants the fish passages consist of collection 

and transportation channels and the fish-ladder channel, which contains weirs or 

baffles. 
The collection channel in a powerhouse is located above the draft tubes and receives 

the fish that pass through the entrances. Water supplied to the collection and trans- 

portation channels is generally sufficient to maintain a velocity of 2 fps in order to 

induce fish to travel up the channel. Diffusion chambers are required in collection 

channels to supply water for the fish entrances. Each orifice entrance discharging 

60 cfs needs a diffuser with a gross area of grating of 240 sq ft (assuming mean velocity 

0.25 fps through grating). The collection channels in the Priest Rapids and Wanapum 

powerhouses are 15 ft wide. The minimum water depth in channels of this type is 
6 ft (Fig. 3). 

Fish ladders of many variations have been constructed and model-tested. The 

best type to adopt for a specific installation depends on many factors and must be 

given careful consideration. There exists no one type which is ideal for use at every 
situation. 

Some of the variables in ladder designs are the following: 

1. Dimensions, width and depth 

2. Slope 
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Fic. 3. Priest Rapids powerhouse, fish-collection channel. 

3. Type of baflle, weir or vertical slot 

4. Construction material 

Examples of a few fish ladders for passing Pacific salmon and steelhead are given 

below. 

Dam Width, ft Slope, horizontal to vertical 

Bonneville... . «cn 2 at 40 and 37 ft 16:1 

UE | Ca ei seo ons eae 24 16:1 

VOMRRORV a ncrch ot ee 30 16:1 

IM CIN @RY.sno-a eatete cnet 30 20:1 

Priest Rapids..... ee 20 and 16 16:1 

Wanepumiic. oem ous 16 10:1 

Wells cscvebaccrnn tes ona. ke 12 10:1 

| 

The slope on ladders at the newer dams has been increased to 10:1 from that used 

at older dams of 16:1. It appears that the steeper slope does not adversely affect fish 

passage. 

Weirs are constructed across the fish-ladder channel, and the water-surface drop at 

each weir is generally 1 ft. The lower weirs will become submerged during periods of 

high tail water. When this occurs, additional water must be added in the lower 
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portion of the ladder in order to provide velocities adequate to induce fish travel. 

This additional water is supplied by the auxiliary supply system through diffusion 

chambers in the lower portion of the ladder. 

Orifices are provided in weirs, and nearly all the fish swim through them. This is 

preferable because it reduces possible injury to fish jumping weirs and probably 

requires a smaller expenditure of energy by the fish. 

Newer designs of ladder weirs have baffles on the crest which reduce the overflow 

width of the weir. Earlier weir designs had an overflow crest extending across the 

entire ladder channel. The weir with baffle was developed by the U.S. Army Corps of 

Engineers for the Ice Harbor Dam fishway on the Snake River. Its hydraulic 

Ladder flow 
oe 

(Gras L,. “40'=0!! 

PLAN SECTION A-A 

© 1-6" 1-9" 

Orifice 

(typ.) 
Downstream Upstream “| a 

elevation elevation 

TRANSVERSE CROSS SECTION 

Fic. 4. Typical weir used in the fish ladder at Wanapum Dam, Columbia River, Wash- 
ington. 

characteristics have been advantageous, and this type of weir has been used at 

Wanapum and other dams (Fig. 4). 

The discharge over fish-ladder weirs where the water differential is 1 ft is very close 

to 4 cfs/ft of weir. The discharge through the orifice in these weirs may be determined 

by assuming a coefficient of discharge of approximately 0.8 (Figs. 5 and 6). 

8. Fish Exits. The fish-ladder exit is the upstream section of the ladder where 

fish leave the ladder and enter the reservoir of adam. The exit section is designed to 

perform the following functions: (1) to admit the correct discharge of water for the fish 

ladder, (2) to maintain this correct discharge during fluctuations of headwater levels, 

and (3) to protect the fish ladder from large debris by installation of trash racks. It 

has been found that a 6-in. spacing of rack bars does not impede fish travel. 

Two devices used to control the intake of water through the fish exit section are 

orifice walls and tilting weirs. The fish ladders at Priest Rapids and Wanapum dams 
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have the orifice-wall system, and their performance has been good as well as econom- 

ical. The orifice-wall concept is a fairly new development that probably originated 

in the Ice Harbor fish-facilities design by the U.S. Army Corps of Engineers. The 

purpose of these two systems is to maintain a constant discharge for the fish ladder 

when the headwater pool is fluctuating. 

The orifice-wall system consists of a series of fixed walls across the fish channel. 

Each wall has two orifices large enough to discharge the entire water requirement of 

the ladder section under the maximum head differential across each wall which will 

occur under the maximum headwater level. It is assumed that the differential, under 

any conditions, is equal at each wall. When the headwater level is less than maxi- 

mum, the head differential is also reduced across each orifice, which causes a deficient 

discharge. The deficiency is made up by drawing water from the reservoir through a 

conduit and discharging it through a diffuser immediately downstream of the last 

orifice wall above the fish-ladder weirs. The ‘make-up’’ water supply varies from 

Fic. 5. Priest Rapids, right-bank fish ladder. 

zero at maximum headwater to its maximum at low headwater. It is desirable to 

regulate this ‘“make-up”’ flow by use of an automatically controlled valve. 

The tilting-weir scheme has been installed at the McNary Dam. This system 

consists of weirs that are adjustable either manually or automatically to control the 

flow for the fish ladder as the reservoir level changes. 

9. Auxiliary Water Supply. The purpose of auxiliary water supply is to provide 

water in addition to the flow down the ladder, in order to attract fish into the entrances, 

and also to induce them to swim up the deeply submerged collection or transportation 

channels. The addition of this water supply has been briefly deseribed in Art. 6. 

A characteristic of auxiliary water (also called attraction water) is that the demand 

increases with rising tail water. This is partially due to greater water depths in the 

fish-transportation channels. Greater discharges are also required by the entrances. 

As mentioned previously, the two methods used to obtain auxiliary water are 

pumping from the tailrace and gravity flow from the headwater. The use of water 

supplied from headwater for large attraction discharges is economically justifiable only 

during periods of spill. The expenditure of energy to pump auxiliary water is less than 
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the energy lost by discharging an equal flow from headwater. In many fish facilities 

it is only necessary to pump the auxiliary water about 6 ft above tail water. 

Two types of pump drives have been used for the auxiliary water-supply pumps, 

electric and hydraulic-turbine-driven. In the latter, a small discharge from headwater 

runs the turbine, which in turn operates an axial-flow pump. Automatic controls, 

based on tail-water level, may be used to control the pumps. 

The distribution of water into a transportation channel and an entrance structure 

is accomplished by the use of either gates or valves or fixed overflow weirs, sometimes 

called chimneys. These weirs, set at graduated levels, feed variable discharge into the 

ladder with varying water depths. 

10. Fish Locks. The main use of fish locks is in Scotland and Ireland for passage 

of Atlantic salmon. A few fish locks have been constructed within some of the 

Columbia River dams; however, their use has been discontinued. Apparently the 

fish ladders also constructed at these dams handle fish passage more capably. This is 

probably because of the enormous fish run in the Columbia River. 

Fic. 6. Wanapum, left-bank fish ladder. 

The construction of fish locks in small rivers under certain circumstances may be 

more economical than fish ladders. There is not complete agreement, however, that 

the two would be of equal efficiency in fish passage. The success of locks with Atlantic 

salmon does not imply an equal success with Pacific salmon. 

The method of operation of fish locks is somewhat similar to navigation locks, with 

the exception that flow is maintained to induce fish into the chamber and out of it. 

Water is discharged through the chamber into tail water in order to attract fish into 

the lock. Then, the lock chamber is filled and the fish are induced to swim out into 

the reservoir by flow through the exit. Flow through the lock can be accomplished by 

the use of bypass pipes. The cycle is then repeated. The time for each cycle is 

variable. The success of the fish lock at a specific installation would depend on 

operating experience. 

11. Mechanical Methods of Fish Transportation. At dams in excess of 100 ft in 

height, the use of fish ladders is generally neither economical nor practical. In such 

cases, other means are used for fish passage: tramways, cableways, or tank trucks. A 

pipeline can also be used in combination with a tramway. 

Fish are carried in hoppers by tramway or cableway. The installation is designed 

so that fish swim into the hopper. The hopper is then transported to the reservoir or 

may be unloaded into a tank truck. 

Tank trucks are used to convey fish to either the reservoir or a hatchery. The 
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water in these tank trucks is aerated and may be refrigerated. The unloading device 

requires careful design to avoid injury to ripe female fish. 

12. Fish-barrier Dams. Fish-barrier dams are low weirs constructed across rivers 

to stop the upstream migration of fish. Immediately downstream of the weir a fish- 

entrance structure is located in a manner to attract fish. These fish will then be 

induced to swim into a fish ladder or hopper pools for eventual transport by tank 

trucks. A fish ladder of this type, for example, leads the fish directly to Cowlitz 

Salmon Hatchery 144 miles downstream of Mayfield Dam in Washington. 

The design criteria adopted for the fish barrier at the Cowlitz Salmon Hatchery 

were as follows: 

1. The height of the weir crest above tail water should not be less than 4 ft up to 

certain river discharges. 

2. The differential between headwater and tail-water levels should not be less than 

8 ft up to certain river discharges. 

3. Electrified field should be provided to prevent fish migration past the barrier 

dam. 

In some cases the headwater to tail-water differential is set at a 10-ft minimum. 

On the Baker River in Washington, a fish barrier has been constructed with a weir 

crest adjustable in height. 

DOWNSTREAM PASSING FACILITIES 

13. General. The protection of the seaward-migrating salmon from the spillways 

and turbines of high-head dams has become one of the most difficult problems to solve. 

Extensive studies have been made and are still being continued to find positive ways of 

deflecting or collecting these migrants in the forebay for a safe passage to the tailrace. 

Several methods, with varying degree of success, have been used in deflecting these 

migrants, the commonest of which are screens and louvers. 

At low-head dams it is unnecessary to divert them away from spillways and power 

intakes, and they are allowed to pass with comparatively low mortality. 

14. Screens. Various types of screens have been used in small hydroelectric 

plants, irrigation canals, or water-supply projects to divert or deflect the downstream 

migrants into a safe bypass. Some of them proved to be impractical because of large 

maintenance and operating costs or impingement of fish on the screens, others because 

of various biological reasons. Usually, screens should be used only where the flows in 

the river, creek, or canal are comparatively small. 

Until further studies and research prove it otherwise, no attempt is being made to 

install screens in the forebays of large dams. To exclude the fingerlings from the 

intakes or spillways of large dams, it would be necessary to utilize fine-mesh screens, 

maintaining them clean and providing the required screen area and approach velocities. 

Because of this large capital investment and the operating and maintenance costs 

involved, these types of facilities become economically prohibitive and are not being 

constructed on a large scale. 

Fish screens of many different types are being used today to deflect, divert, or 

screen the migrants within the small hydraulic structures. Some projects utilize fixed 

vertical wire-mesh sereens. In this case it is advantageous to provide a duplicate 

number of screens and slots for screen installation. When the screen panel becomes 

plugged, a second panel is installed and the plugged panel is removed to be cleaned 

with a high-pressure water jet. 

Another type of screen used is the rotating-drum screen. This type of screen is 

mostly used in irrigation intakes. However, in the Priest Rapids spawning channel 

rearing-pond control structure, a drum screen of 6 ft 0 in. diameter is operating to 
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screen the fingerlings out of the 25-acre rearing pond. The same purpose will be 

served by the same size of screen for the city of Tacoma’s large steelhead rearing pond 

near the Mossyrock Dam on the Cowlitz River. These wire-drum screens are self- 

maintaining. Floating debris is carried by the rotating drum and deposited down- 

stream of the screen. On the White River in Washington, screens of 14 ft diameter 

are used for fish diversion. 
Moving screens of the vertical type are being used in water-supply intakes. They 

are usually of standard design, consisting of an endless belt of wire-screen panels 

traveling upward on the upstream side and downward on the downstream side, and 

are manufactured commercially. Three screens of such type have been installed in 

the Cowlitz Salmon Hatchery pumping-plant intake for flows up to 200 cfs. 

Within the last several years screens of the perforated-plate type have been used to 

screen the fries or fingerlings quite effectively. In the Priest Rapids spawning channel, 

two perforated-plate screens, called “inclined planes,’’ with hole openings of 346 in. 

diameter spaced 1964 in. on center, have been operating successfully for flows up to 

100 cfs. Another has been installed in the city of Tacoma Swofford Valley rearing- 

pond control structure, to handle flows up to 25 cfs. 

One of the most important aspects in fish-screen design is the approach-velocity 

criterion. To allow fish either to swim across the screen or not to become impinged 

upon it, low approach velocity must be maintained. Where rotating screens of drum 

or vertical type are used, this becomes especially important. If the approach velocity 

is too high, these migrants, upon contact with the wire screen, could be carried over the 

top of these rotating screens. For the self-cleaning type of screen such as drum or 

vertical rotating screens, approach velocity should not exceed 1.5 fps. 

15. Louvers. A louver diverter or deflector is a fairly new concept used for down- 

stream-migrant collection. It was developed and improved within the last 15 years 

by J. E. Kerr of Antioch, Calif., D. W. Bates of the U.S. Fish and Wildlife Service, and 

R. Vinsonhaler of the U.S. Bureau of Reclamation. A louver deflector does not 

physically prevent entry of fish but only discourages them from entering. It consists 

of vertical, flat-plate steel bars, spaced at intervals of 2 to 4 in. apart, aligned at 

a very acute angle (10 to 15 deg) to the direction of flow with the exception of the flow 

through the bypass. The individual bars are aligned perpendicular to the flow. The 

water flow passes between the individual bars. The migrants, however, tend to avoid 

them and follow the line of the louvers and are diverted into a bypass opening at an 

apex of the louver angle that is connected to either pipes or conduits. Confined to a 

very small flow quantity and isolated from the main flow, the migrants can easily be 

diverted by pipes or other means into the tailrace. 

Louvers have been constructed and are operating in several installations within the 

United States and Canada with varying degrees of success. The first large-scale 

installation for flows up to 5,000 cfs occurred at Tracy, Calif., in the Delta-Mendota 

Canal. In this installation efficiencies of 93 to 100 percent were achieved by deflecting 

fish safely into the bypasses. At the Gold Hill hydroplant on the Rogue River in 

Oregon, louvers were arranged in inverted V pattern, with bypasses placed at the tip 

of each V. These louvers handle approximately 1,500 cfs flow. This design has an 

advantage of compactness and probably lower initial construction cost. A similar 

type of installation has been operating at the city of Tacoma Mayfield Dam power 

intakes on the Cowlitz River. These louvers were designed to divert fish into the 
bypasses for flows up to 12,000 cfs. 

Other louver installations occur at Puntledge River in British Columbia, Maxwell 

Irrigation Canal in Umatilla River, Oregon, and Robertson Creek on Vancouver 

Island, British Columbia. 

From tests conducted on existing louver installations and from past operating 
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experiences, it can be stated that louvers are not able to divert the migrants with 

100 percent efficiency and that minor migrant losses could therefore be expected. 

In louver operation one of the most serious problems involved is trash. Large 

debris can be intercepted by upstream trashracks, but small trash such as leaves and 

weeds generally collects on the louvers and requires frequent maintenance. 

ARTIFICIAL METHODS OF PROPAGATION 

16. General. Experience has shown that the survival rate of eggs deposited under 

natural conditions is extremely low. Mortalities may be caused by either incomplete 

spawning of females, flash floods, inefficient fertilization of eggs, pollution, predatory 

birds, or animals, and even cold weather. Methods, therefore, were sought by biol- 

ogists and engineers to increase the survival rate by artificial means, such as utilization 

of hatcheries and, within the last decade, use of artificial spawning channels. 

17. Hatcheries. Throughout the world hatcheries for various species of fish are 

in existence. This section, however, will deal only with salmon hatcheries operating 

in the Pacific Northwest. 

Salmon migrating upstream to spawn are trapped at the hatcheries and kept in the 

holding ponds until they become sexually mature. Their eggs are stripped, fertilized, 

and placed in incubation troughs containing clear flowing water. After the eggs hatch 

and the yolk sac is absorbed, these fries are placed in the rearing ponds, where they 

remain and are fed until released for seaward migration. 

To obtain significant results in the fry production, many facets of hatchery opera- 

tion have to be considered. Good water quality may control hatchery production. 

The dissolved oxygen content of the water must satisfy the biological requirements. 

If the water supply contains supersaturated nitrogen, artificial means should be used 

to eliminate it. Water-temperature requirements should range between 45 and 60 F, 

as the lower and upper limits. 

Dietary requirements for hatchery culture also play a significant part in the success 

of rearing fry. It has been found that hatchery-fed fish are chemically different in the 

natural environment and somewhat less able to survive than wild fish. Therefore, 

experimenting and research still remain to be done regarding dietary foods for artificial 

rearing of fish. 

Artificially raised salmon are also subject to a wide range of diseases. The majority 

of these diseases occur in water temperatures around 60 F or higher. ‘‘Warm-water’’ 

disease, known as columnaris, is quite prevalent and is a major problem on the 

Columbia River fish runs. Others, such as bacterial gill disease, tuberculosis, and 

external and internal protozoan diseases, are common among hatchery-raised fish. 

Methods of combating these various hatchery diseases are only partially effective, and 

much has to be done to find means of controlling them. 

Generally speaking, fish reared in hatcheries are less able to survive in nature than 

wild fish. However, since larger numbers of young fish are released from hatcheries, 

even with their high mortality rates the total production as a whole increases. Hatch- 

eries can be used as natural-production substitutes on rivers or streams supporting 

small salmon migrations and where rearing and spawning areas available are limited. 

18. Spawning Channels. Within the last decade, spawning channels have shown 

promise as a method for artificially increasing the salmon production. It is believed 

that fry produced in the spawning channels are as viable as the ones produced in nature. 

In the spawning channels, the fish spawn, incubate, and emerge into fries naturally. 

Environmental conditions within the channel, however, are improved and more stable 

thanin nature. Resembling natural streams, these channels are constructed such that 

spawning gravels are of only certain graded size; velocities, depths, and flow quantities 

are stable and considered optimum for spawning and egg incubation. Criteria used in 



23-12 FISHWAYS AT DAMS 

designing fall chinook salmon-spawning channels are as follows: 

1. Spawning-channel bottom area should provide approximately 60 sq ft per pair 

of fish. 
2. Width of channel should be in the vicinity of 25 ft. 

3. Average channel velocity should be held at 2.3 fps. 

4. Minimum water depth over spawning gravels should be 1 ft 6 in. 

5. Minimum depth of spawning gravels should be 2 ft 6 in. 

6. Provisions should also be made to incorporate, within the channel, fish resting 

pools at approximately 250- to 300-ft intervals. The resting pools should be designed 

to control water-surface elevations of the channel. 

Fic. 7. Priest Rapids spawning channel fish-sorting facilities. 

7. Minimum and maximum flows required in the channel are 25 to 100 cfs, 

respectively. 

8. The holding pool should be sized assuming 20 cu ft of volume per fish. 

The above-mentioned criteria were obtained from the Washington Department of 

Fisheries and were used as a guide in designing the Priest Rapids fall chinook-spawning 

channel on the Columbia River, constructed between 1963 and 1964. 

Other existing and operating spawning channels are Jones Creek Channel, on the 

tributary of the Fraser River near Hope, B.C., the McNary Dam channel, Rocky 

Reach Dam channel, both on the Columbia River, and the Robertson Creek channel 

on Vancouver Island near Alberni. There are many other channels either under 

construction or operating in Oregon, California, and British Columbia. 

Operation and maintenance costs of spawning channels in comparison with 

hatcheries are fairly low. Once the required flows within the channel are stabilized, 

little operation or maintenance is required. Most of the operating work is done during 

the periods of spawning and releasing of fry, where marking and counting of fries by 

weighing may be required. 

One of the problems encountered in spawning-channel operations is silting up of 

spawning gravels. Silt could deposit by either flooding, bank erosion, or wind action. 

Egg-to-fry survival has definitely been adversely affected by these phenomena. 
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Occasionally, ice jams within the channel may block the flow through gravels, thereby 

impairing the chance of egg survival. 

In maintaining silt-free gravels, one of the methods used has been a rake attached 

to a rubber-tired tractor. The tractor, traveling along the channel, lifts the gravels, 

and the channel flow washes the silt into the resting or control pools, from which it is 

easily removed. 

Egg-to-fry survival in artificial spawning channels is showing promise of success. 

Also, from what has been known, fry produced by artificial channels are as viable as the 

ones produced in nature. It is possible, therefore, that the survival to the adult stage 

of fry produced in artificial channels might be greater than in hatcheries (Fig. 7). 





SECTION 24 

HYDROELECTRIC PLANTS 

By J. C. Stevens anp Carvin V. Davis 

1. General. Sections 1 to 34, inclusive, are all more or less common to the subject 

of hydroelectric development. Multipurpose river-development projects may involve 

all water uses. Space requirements do not permit more than a broad treatment of 

hydroelectric-plant types with the approach made largely from the viewpoints of 

hydraulic design and project planning. 

POWER FROM FLOWING WATER 

2. Energy and Work. Energy is the capacity to perform work. It is expressed in 

terms of the product of weight and length. The unit of energy is the product of a unit 

weight by a unit length, 7.e., the foot-pound, the gram-centimeter, the kilogram-meter. 

Work is utilized energy and is measured in the same units as energy. The element 

of time is not involved. 

The energy of water exists in two forms; (1) potential energy, that due to position 

or elevation, and (2) kinetic energy, that due to its velocity of motion. These two 

forms are theoretically convertible one to the other. Energy may be measured with 

reference to any datum. The maximum potential energy of a pound of water is 

measured by its distance above sea level. 

The potential energy of a given volume of stored water with reference to any datum 

is the product of the weight of that volume and the distance of its center of gravity 

above that datum. For example, a rectangular tank of water of 100 sq ft surface and 

20 {t deep whose water surface is 100 ft above sea level has a potential energy of 

100 X 20 X 62.5 X 90 = 1,125 X 104 ft-lb. This potential energy cannot perform 

work until it is set in motion. If a stream flows out of that tank and connects with a 

pipe supplying water to a perfect turbine, 1,125 & 10‘ ft-lb of work may be performed 

by the turbine as the tank empties—the potential energy has been converted to 

kinetic energy. 

3. Power is utilized energy per unit of time, or the rate of performing work, and is 

expressed in horsepower, 550 ft-lb/sec, or kilowatts, 737 ft-lb/sec. The power from 

the tank of the preceding example will be at a decreasing rate because the head and 

flow diminish as the tank empties. Assume the outflow for the first second is 100 cu ft. 

The surface of the tank would be lowered 1.0 ft, and the center of gravity (head) of 

that 100 cu ft is 99.5 ft. The energy utilized in this first second, therefore, is 621,000 

ft-lb, or 1,130 hp. 

Now assume that a stream flows into the tank as fast as it is drawn off—a constant 

discharge of 100 cfs may then be passed through the turbine under a constant head of 

100 ft, for the surface is not lowered and a constant output of 625,000 ft-lb /see may be 

realized from our perfect turbine, equivalent to 1,136 hp, or 848 kw. 

The potential energy of a stream of water at any cross section must be measured in 

terms of power, in which time is an indispensable element. It is the weight of water 

passing per second X the elevation of its water surface (not center of gravity) above 

24-1] 
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the datum considered. The kinetic energy of a unit weight of the stream is measured 

by its velocity. It must also be measured in terms of power since velocity involves 

time. It is the weight per second times the velocity head, 7.e., the height the water 

would have to fall to produce that velocity. 

If the water of the preceding example were drawn off at a velocity of 10 fps, the 

surface elevation of the outlet channel would have to be V2/2g = 1.55 ft lower than 

that in the tank in order to produce that velocity and the kinetic energy would be 

6,250 * 1.55 = 9,650 ft-lb/sec. The total energy of a stream is the sum of its 

potential and kinetic energies. Thus the outlet stream has a total energy of 6,250 

Ib/see X 98.45 = 615,350 potential plus 9,650 kinetic, or a total of 625,000 ft-lb /sec 

of total energy. At the perfect turbine, all the potential energy has been converted to 

kinetic energy and the velocity head is 100 ft. 

Of course the perfect turbine does not exist. Some of the potential energy is 

converted into heat by friction and turbulence so that the useful part is less than the 

theoretical potential. | 

4. Energy Line. The energy head is a convenient measure of the total energy of a 

stream of constant discharge at any particular section. It is the elevation of the water | 

surface, potential energy, plus the velocity head, kinetic energy, of a unit weight of | 

the stream. Although every unit of the stream has a different velocity, that usually 

considered is the velocity head corresponding to the mean velocity of the stream.* If 

the stream is flowing in a pipe, the energy head is the elevation of the pressure line, 

or the height to which water would stand in risers, plus the velocity head of the mean 

velocity in the pipe. | 

A line joining the energy heads at all points is the energy line. The energy lines 

would be horizontal if the energy converted to heat were included. Energy converted 

to heat, however, is considered lost; hence the energy line always slopes in the direction 

of flow and its fall in any length represents losses by friction, eddies, or impact in that 

length. Where sudden losses occur, the energy line drops more rapidly. Where only 

channel friction is involved, the slope of the energy line is the friction slope. 

Figure | illustrates the principles of the foregoing example. The potential energy 

head of the water in the forebay without inflow or outflow is that of the center of 

gravity Z. With inflow and outflow equal, however, the potential energy head is H. 

As the water passes into the canal, a drop of the water surface equal to the velocity 

head in the canal V,?/2g must occur. At the entrance to the pipeline, an entrance 

loss h; is encountered as well as an additional drop for the higher velocity in the pipe. 

At any point in the pipeline, the pressure head h, will be shown in ariser. The energy 

head at any point is the pressure head plus the velocity head, and the line joining the 

energy heads is the energy line. The energy lost (converted to heat) is the sum of 

friction, entrance, bend, and other losses in all the conduits, including the turbine and 

draft tube. The useful energy is that of the power developed by the turbine. The 

sum of the useful energy and the lost energy must equal the original potential energy. 

* Owing to the variable velocity distribution, an energy coefficient should be applied to the velocity 

head of the mean velocity in order to determine the true energy head. That is, 

V2 
He = Ce— 

2g 

If the velocity distribution is known, the energy coefficient may be found from 

3 Cae foida 

AV3 

where » is mean velocity through the elementary area dA and V is the mean velocity for the stream 

= Q/A. This coefficient is always positive. In straight conduits of established regimen, it may vary 
from 1.02 to 1.10; at bends or where otherwise disturbed, it may reach a value as high as 2.0 or greater. 

Because of the lack of knowledge concerning velocity distribution, it has generally been ignored. 
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5. The Bernoulli theorem expresses the law of flow in conduits. For a constant 

discharge in a closed or open conduit, the theorem states that the energy head at any 

cross section must equal that at any other downstream section plus the intervening 

losses. Thus above any datum 

WG 
Li a = 2 

29 

V2? 

2g 
Simla (1) 

In Fig. 2, Z is the elevation of a free water surface above datum whether it be in a 

plezometer tube or a quiescent or moving surface of a stream, V is the mean velocity, 

h. the conduit losses between the two sections considered, and e the energy head above 

the chosen datum. 

Obviously Z may be made up of a number of elements such as elevation of stream 

bed or pipe invert above datum k, pipe diameter D, depth in open channel y, or pressure 

7 
' Center of dT Gy on 
gravity? 

Vv ae 

energy 

Energy losses 

© Friction incanal 
@ Entrance fo penstock 

H| ©) Loss in penstock 
® Loss in scro// case 

© Loss in turbine 
© Loss in draft tube 

Fie. 1. Energy relations in a typical hydroelectric plant. 

head above crown of pipe h. Frequently k and h are measured to the center line of the 

pipe, but if the pipe is large a distinction is necessary. 

6. Head. ‘There are several heads involved in a hydroelectric plant which are 

defined as follows: 
Gross head, simultaneous difference in elevation of the stream surfaces between 

points of diversion and return. 

Operating head on the plant, simultaneous difference of elevations between the 

water surfaces of the forebay and tailrace with allowances for velocity heads. 

Net or effective head on the turbine has different meanings for different types of 

development as follows: 

1. For an open-flume turbine, the difference in elevation between (1) headwater in 

the flume at a section immediately in advance of the turbine plus velocity head and 

(2) the tail water plus velocity head. 
2. For an encased turbine, the difference between (1) elevation corresponding to 

the pressure head measured at entrance to the turbine casing plus velocity head at the 

same point of measurement and (2) the elevation of the tail water plus velocity head 

at a section beyond the disturbances of exit from draft tube. 

3. For an impulse turbine, the difference between (1) elevation corresponding to 
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the pressure head at entrance to the nozzle plus velocity head at that point and (2) the 

elevation of the lowest point of the pitch circle of the runner buckets (to which the 

jet is tangent). 

Strictly speaking, the various heads above are the differences in energy heads. For 

the gross head, the velocities in the stream are generally disregarded, as are the velocity 

heads in the tailrace for the operating head. The net head, however, is important in 

determining efficiency tests of a turbine in its setting; hence it is important to use the 

difference in energy heads at entrance and exit of the setting. 

The net head includes the losses in the casing, the turbine proper, and draft tube, 

for they are charged to the efficiency of the turbine. 

Datum plane y 

(a)- OPEN CONDUIT 

Center /ine of pipe 

&2 

Datum plane 

(b)- CLOSED CONDUIT 

Fie. 2. Energy relations in open and closed conduits. 

Formulas for the net head of the three cases above are as follows: 

For one cased reaction wheel, 

V,2 2 

ha (n+ 50) - (44+) = 4-4 (2) 

where Z, = elevation of pressure head at entrance of turbine casing 

Vi = mean velocity at entrance of turbine casing 

Z. = elevation of tail water at draft-tube exit 

V2 = mean velocity in the draft tube at its exit 

é, and e, = the respective energy heads 

For an open flume setting of a reaction wheel, the expression is the same as in (2) 

but the quantities have shghtly different meanings: Z; is the elevation of water surface 

in the open flume just upstream of the turbine, V; the mean velocity in flume at that 
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section, Z, the elevation of water surface in the tailrace at draft-tube exit, and V2 the 

mean velocity in the draft tube at its exit. 

For the impulse turbine, 

v2 
2g a 

he Zi aE ap. Z. (3) 

in which Z; = elevation of pressure head at entrance to nozzle casing 

V. = velocity at the same point 
Z, = elevation of the lowest point of the pitch circle of the runner buckets 

The elevation of the lowest point of the pitch circle above tailrace and the velocity head 
in the tailrace are lost as there must be clearance above the tail water for the runner 

to revolve. 

7. Efficiency. Efficiencies of elements composing a hydroelectric system are all 

measured as the ratio of energy output to input or of useful to total energy. 

No element is perfect; its functioning involves lost energy (conversion to heat). 

The efficiency of a plant or system is the product of the efficiencies of its several 

elements; thus 

E, = E.E,.E, EVE Ea (4) 

where E, is the overall system efficiency made up of the product of the several effi- 

ciencies of the conduits—canal, penstocks, tailrace, #.; turbines, including spiral case 

and draft tube, #,; generators, including exciters, #,; step-up transformers, /,,; trans- 

mission lines, #); step-down transformers, Hz. Formula (4) expresses the overall effi- 

ciency from the river intake to the distribution switches at the substation. To this 

could be added the efficiency of the distribution system, even to the customer’s meters, 

his hghts, water heaters, ranges, motors, etc. 

For a constant discharge, the hydraulic efficiencies of the several elements can be 

expressed in terms of elevations or head above a given datum, and since that datum 

may be arbitrary such efficiencies will have different values depending upon the datum 

of reference. If all such efficiencies were referred to sea level, plants at low levels 

would have higher efficiencies than those at higher altitudes. Such a condition is, of 

course, intolerable. In effect, the efficiency of an element is the ratio of (1) total 

energy less losses to (2) total energy, but the datum of reference must be stated. 

For purposes of illustration, the following analysis is presented. For the head- 

works of a system, there is a loss through the control gates in passing from stream to 

canal, and the efficiency becomes 

V 2 

Zi lis = 

ae AER Tat (5) 
4 Lo : 

For the canal, the loss is mostly channel friction: 

V;? 
Saas = 

Be eh : waa: (6) 
A+s- 

“9 

For the penstock, the loss is entrance and pipe friction: 

P Ve LA 
“J et = 

ae a @) Zyta OU” 
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For the turbine, the loss is entrance, friction, impact and eddies in casing and draft tub, 

V2? 
Zat =~ 
eee (8) Pema ac 

t 2g 

For the tailrace, the loss is eddying at draft-tube exits and channel friction, 

2 

Z,+ ye 
2 ae 9 
V2 a ea ( ) 

Las ae 
29 

In the foregoing expressions, Z represents elevation of water surface and e of energy 

heads above datum, subscript ; refers to the head of the canal below control gates, f to 

forebay, ¢ to the entrance of the turbine, d to the draft-tube exit, and r to the river at 

its junction with the tailrace. 

Z, is the elevation of the normal river surface at the intake before water enters the 

canal (river velocities are neglected), and as this may vary, the canal gates are manip- 

ulated to hold a given elevation in the canal intake for a given discharge. The effi- 

ciency of the headworks may therefore be variable even for a constant discharge. 

The elevation of the water surface at the head of the tailrace (exit of draft tube) Za 

may also be affected by the river stage, and this is reflected in variation in the efficiency 

of theturbine. The efficiencies of all the other elements will be sensibly constant for a 

constant discharge if canal, racks, etc., are kept clean and in good order. 

Turbine efficiencies are specified for certain flows under certain heads and speeds 

and obviously must not vary arbitrarily with an arbitrary datum. The datum of 

reference is therefore considered to be moved to the water surface just downstream 

of the draft-tube exit where major turbulences have subsided. 

The expression in Eq. (8) therefore must be modified by introducing a power head 

that represents the useful energy output of the runner and is determined by tests; thus 

be Ip» 

V? Vae\ & —e @E)-@e) g 29 

becomes the correct expression for the efficiency of the turbine and setting under 

constant discharge, the datum of reference being the water surface of the tailrace at 

exit of the draft tubes. 

With the preceding notation, the efficiency of the entire plant may be expressed 

independently of an arbitrary datum; thus 

(10) 

hp Ze. (11) 

velocity heads in the river at the headworks and at its junction with the tailrace being 

neglected. 

The term effictency is not often used for plant elements other than the generating 

equipment. It has been given here merely to illustrate the relationship of each 

element to the whole in this regard and to show the effect of the datum of reference on 

indicated efficiencies. In practice, the lost head in each such element is found and 

deducted from the gross head to obtain the net power head. 

The efficiency of generators is generally greater the larger the unit, but it too 

depends upon the load carried. The efficiency of transformers increases rapidly with 
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capacity and load within certain limits, whereas that of transmission lines increases 

with capacity but decreases with load. 

The overall efficiency of a plant is the product of the instantaneous efficiencies of 

its several pieces of equipment referred to the gross head on the turbines. It obviously 

varies with capacity of units, head, load, and the number of units in service. Plant 

efficiencies are not always observed and frequently involve many complexities. In 

general, the plant efficiency is the ratio of the energy output of the generator to the 

water energy corresponding to the gross head (difference of forebay and tailrace levels) 

and that discharge through the turbines that results in the maximum efficiency, or it 

may be for that discharge and load for which the indicated efficiency of the turbine is a 

maximum. In any case, it should be clearly defined. 

8. Power Formulas. A cubic foot per second of water at 62.5 lb/cu ft falling 8.8 ft 

is equivalent to | hp and falling 11.8 ft is equivalent to 1 kw; therefore 

Theoretical hp = 2 (12) 

kw = we (13) 

If H is the efficiency of the plant, the power that can be realized is given by 

hp = & E (14) 

kw = ae E (15) 

In the expression, # is the plant efficiency and h is the head on the turbine defined 
by Eqs. (2), (3), or (4) as may be appropriate. 

Useful energy is generally measured in terms of kilowatthours, occasionally in 

terms of horsepower-hours. Where the discharge and head are constant, 

hp-hr = 88 Et (16) 

a Me a 
kwhr = i18 Et (17) 

where ¢ is the time in hours for which the flow and head are constant or for which 

@ and h are average values. When the flow and head vary materially, the period 

considered is divided into smaller time intervals for which they are sensibly constant. 

The horsepower-year and the kilowatt-year are terms sometimes used for power 

sales. On a 100 percent load factor the relationships are 

1 hp-year = 0.746 kw-year = 8,760 hp-hr = 6,540 kwhr 

9. Classifications of Power and Energy. Power from any particular plant may 

be limited by the capacity of the installed equipment, available water supply, head, 

and storage. There has, in the past, been much confusion in the definitions applied 

to the various classes of power and energy. The terms “‘firm capacity”’ and “‘depend- 

able capacity” are interchangeable. For example, Creager and Justin! * define the 

firm capacity of a hydroelectric plant as that portion of the total installed capacity 

which can perform the same function on that portion of the load curve assigned to it as 

alternative steam capacity could perform. 

The Glossary of Important Power and Rate Terms, Abbreviations and Units of 

Measurement, 1949, prepared by the Federal Inter-Agency River Basin Committee 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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under the supervision of the Federal Power Commission, states: “Dependable capacity 

may be defined as the load carrying ability for the time interval and period specified 

when related to the load to be supplied.” 

Other definitions found in the Inter-Agency Glossary are as follows: 

Firm Power. Power intended to have assured availability to the customer to meet 

his load requirements. 

Primary Energy. Hydroelectric energy which is available from continuous power. 

Secondary Energy. All hydroelectric energy other than primary energy. 

Surplus System Capacity. The difference between assured capacity and the system 

peak load for a specified period. 

Dump Energy. Energy generated that cannot be stored or conserved and is beyond 

the immediate needs of the electrical system producing energy. 

The capacity of a power plant is not easily defined. Nameplate capacity or rated 

capacity of a turbine is usually given in horsepower for a given head, discharge, and 

speed at which the best efficiency obtains. Obviously each of these quantities may 

vary within definite limits. The rated capacity of a-c generators is usually stated in 

terms of definite speed, power factor, and temperature rise and is usually given in 

kilovolt-amperes. Each of these quantities may also vary within definite limits. 

The IEEE definition of generating station capacity is “the maximum net power 

output that a generating station can produce without exceeding the operating limit of 

its component parts.” The station or plant capacity can therefore be determined for a 

given station. It may be stated for a peak load over a given period as 15 min or 1 hr 

or for a continuous load. It would be higher for short periods than for continuous 

service if storage regulation exists but is hmited by the temperature rise of generators. 

Until the station capacity has been fixed, the various factors having to do with capacity 

cannot acquire definite meanings. Where the capacity of a plant has not been fixed, 

it is customary to take nameplate capacity of generators as the plant capacity, which 

is often called installed capacity. 

The average load of a plant or system during a given period of time is a hypothetical 

constant load over the same period that would produce the same energy output as the 

actual loading produced (IEEE). 

The peak load is a maximum load consumed or produced by a unit or a group of 

units in a stated period of time. It may be the maximum instantaneous load or a 

maximum average load over a designated interval of time. 

The maximum average load is generally used. In commercial transactions involv- 

ing peak load, it is taken as the average load during a time interval of specified duration 

occurring within a given period of time, that time interval being selected during which 

the average power is greatest (IEEE). 

The load factor is an index of the load characteristics. It is the ratio of the average 

load over a designated period to the peak load occurring in that period. It may apply 

to a generating or a consuming station and is usually determined from recording power 

meters. We may thus have a daily, weekly, monthly, or yearly load factor; it may 

apply to a single plant or to asystem. Some plants of a system may be run continu- 

ously at a high load factor, whereas variations in load are taken by other plants of the 

system, either hydro or steam. Hydro plants designed to take such variations must 

have sufficient regulating storage to enable them to operate on a low load factor. 

They are often called peak-load plants. Operating on a 50 percent load factor, there 

must be sufficient storage to enable such a plant, in effect, to utilize twice the inflow for 

half the time: on a 25 percent load factor, the plant should be able to utilize four times 

the inflow for a quarter of the time, etc.—the lower the load factor, the greater the 

storage required. 
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As applied to the consumption of power, the load factor is the ratio of the average 

to maximum demand during any given period. It may apply to a single motor, an 

industrial plant, a city, or a consuming system. The maximum demand may be the 

highest consumer load during a 5-, 10-, or 15-min interval, the average of the two 

highest 5-min intervals, or otherwise as fixed by the management or by regulatory 

bodies. It is usually determined from a demand meter or taken from a graphic 

wattmeter. The period usually considered is a month for purposes of billing, although 

the sale rates of power are often based on the yearly load factor of the consumer. 

The capacity factor is a measure of plant use. It is the ratio of the average load to 

the plant capacity. It may be computed for a day, month, year, or any other period 

of time. When the peak load just equals the plant capacity, the capacity factor and 

load factor are obviously the same. If the maximum demand is less than the plant 

capacity, the capacity factor may be either greater or less than the load factor, 

depending largely on the load factor itself. 

The utilization factor is a measure of plant use as affected by water supply. It is the 

ratio of energy output to available energy within the capacity and characteristics of 

the plant. Where there is always sufficient water to run the plant at capacity, the 

utilization factor is the same as the capacity factor. A shortage of water, however, 

will curtail the output and may either decrease or increase the utilization factor accord- 

ing to the plant load factor. These several factors can be determined for any plant by 

analyzing past performance. They may also be forecast approximately by a complete 

analysis of stream flow and plant characteristics. 

WATER CONDUCTORS 

10. General. A hydroelectric development includes in some form a water-diverting 

structure, conduit to carry water to the turbines, the turbines and governors, gener- 

ators, control and switching apparatus, housing for the equipment, transformers, and 

transmission lines to distribution centers. In most cases, a forebay or a surge tank 

is provided in which head regulation is effected. Trashracks and gates are placed at 

the head of penstocks. Connected to the waterwheel cases are the draft tubes which 

utilize the head below the wheels, recovering the kinetic energy of the water without 

undue losses. The draft tube delivers the water to the tailrace, through which it is 

returned to the stream. 

11. The Forebay. The purpose of a forebay is to store water rejected when the 

load on the plant is reduced and to supply water for initial increments of an increasing 

load while the water in the canal or pipeline is being accelerated. Therefore, a forebay 

is essentially a storage reservoir at the head of the penstocks. It may be a canal, such 

as shown by Fig. 3 for the Box Canyon project on the Pend Oreille River in the state 

of Washington, and by Fig. 4 for the Brownlee project on the Snake River in Oregon.’ 

A canal-type forebay should be sized carefully to minimize losses and to equalize 

the flows into the turbines. Hydraulic-model tests are usually required. 

12. The Intake. Intake structures vary widely depending upon the type of plant. 

In sharp contrast are the intake tower for the Watauga project (Fig. 5), the submerged 

intake for the South Holston project, TVA (Fig. 6), the intake structure at Fontana 

Dam (Fig. 7), and the integral intakes and powerhouse structures shown by Figs. 20, 

21, 23, 24, and 26. 

The South Holston intake (Fig. 6) is a concrete chamber which houses a 15-ft- 

diameter butterfly valve. This valve controls the flow into a tunnel approximately 

1,200 ft long leading to a power plant containing one 35,000-kw unit acting under a 

rated net head of 180 ft. This intake chamber is completely submerged under all 

operating conditions. The roof of the chamber would be cut away during maximum 

drawdown should it become necessary to remove the butterfly valve. 
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The Fontana intake (Fig. 7) leads to water passages and structures which are built 

to accommodate three 67,500-kw generating units. These operate under a rated head 

of 330 ft. A short concrete transition leads from the 19 ft 21% in. high by 11 ft O in. 

wide rectangular opening at the gate to a 14-ft-diameter steel-lined penstock. Each 

intake gate is of the tractor type. These gates are approximately 27 ft 10 in. high by 

16 ft 6 in. wide and close openings which are 20 ft 10 in. high by 11 ft 6in. wide. The 

reservoir serves as the forebay for a plant of this type. 

The cylindrical-type intake should be given consideration at sites which do not 

provide sufficient room for more conventional types of structure. The cylindrical 

intake, in general, would consist of one or more large-diameter concrete cylinders with 

intakes located around the perimeter at such depths as may be required for control and 

Fic. 3. Forebay, Box Canyon project, Pend Oreille River, state of Washington. 

regulation. One or more tunnels, preferably through the abutments, would convey 

the water from the bottom of the intake cylinders to the turbines. 

The cylindrical intake is adaptable to high-head structures. Because the cylinders 

are in direct compression, relatively thin walls and nominal steel reinforcement are 

factors which reduce construction costs. 

An interesting application of a cylindrical intake is shown by Fig. 8.3 A large 

concrete cylinder serves as an intake, a powerhouse, a spillway, and an irrigation-outlet 

structure. 

13. Trashracks. Trashracks used in hydroelectric generating stations consist 

essentially of vertical or shghtly inclined steel bars placed parallel to each other and 

spaced uniformly to permit the use of rakes. Bars are supported in water passages 

by horizontal supports which transmit loads developed by the flow, especially when 

partly clogged by trash, into side members or horizontal supporting beams. 

By way of example, Fig. 7 also shows the arrangement of the trashracks and gates 

for the Fontana hydroelectric plant. These precede three 14-ft-diameter steel-lined 

intake conduits leading to the units in the powerhouse at the foot of the dam. The 



WATER CONDUCTORS 24-11 

Hoist 
2,200 (5 Normal structure 

W.L.2077 

ONION Se an ENG 
high by 

20'0''wide 

=<Normal 

HW.L 
Nt =| E 2077 2,000b ST 2 i 

L POWER INTAKE ELEVATION eine ee eB 
% 124-ft-diam penstock — ett L036 ee a) Se ee) 2 een 2 ae 

1.900 ae Penstocks Nos. {and 4 530 ft long 
é ‘ a Penstocks Nos. 2and 3 523 ft long 

eee O 50 100 150 200ft 
1,800 

PISS Ze SECTION THROUGH POWERHOUSE AND INTAKE 
Normal T.W.L. 

1800 

™1950 
(eles SS VSS 
\\, cS | 

_—" 

= —~Powerhouse intake —_ 225° 

|daho LOSS =e / 
Ne) OS 

,Y, 

: 7 i 
‘SS = \ <06 ~ fe) / ») 

ccess roa 196 x S/ | 
= LB ) b fie ii ee \ z —<S LQ / pa eeyit ; 

c, > x SR AB fd ntl Ve. ee) BNA ee? ON —1825 SS ae ESS OS NSS fy, i fond pan Pectea f aw 2) \ a ae 
( A take GQ /) we ie femporary-ml} 77 8° - BES KK NFA . AL 

// 71790 cofferdam |/ \ AN Qk 1 
= ye Diversion — YY | 

/ intake CW AN = a 
II WAY “ALY 

/ ti WN Sa 
fells Oe nai) Se iat e V 

/ |Le+Temporary XS 
ok II [ecotedan Be 

DN eer Zo 
z XS 

Zz 

} / f +™~ 

PEP Wy555S Contours in feet 
ON yo Ags 

Fig. 4. Brownlee powerhouse and intake. (Water Power, April, 1957, pp. 140, 141.) 



24-12 HYDROELECTRIC PLANTS 

2O-ton pillar crane 

Wa yp El. /998.0 

HW. EI. 1959.0 
? *£/ 1954.0 

E/. 1825.0 

“ Minimum HW 

E/. /8/5.0 

Trashrocks 

El. 1790.77 

¢ 18.0. lined 
funne/ 

<«— 0.0/6 slope 

Fic. 5. Intake tower, Watauga project. 

Vocuum relief 

~~ 

= aes /atake access SS ~ 

Air vent 

Fira. 6. Intake chamber, South Holston project. 

powerhouse contains two 67,500-kw units with provision for a third. These units 

operate under a rated head of 330 ft. Each discharges 2,600 cfs at rated head and 

capacity. 

Each of the three trashrack structures is supported on a concrete cantilever slab 

which projects 22 ft 2 in. from the face of the dam. In plan, the trashrack structure is 

of semicircular shape with a 13 ft 0 in. outside radius. The circumference of the semi- 

circle is subdivided into four straight panels, framed by concrete columns with concrete- 

beam bracing. The column and beam structure has a total height of 97 ft, of which 

the lower 48 ft has the racks in the panel openings and the upper 49 ft is an extension 

for withdrawal ‘and maintenance of the racks with the top 14 ft above minimum 

drawdown. 

In the corner columns of the four panels, 7-in. guide channels are embedded. 

Four rack sections fit into each panel, each 12 ft 119 in. high by 8 ft 4 in. wide. The 
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Fig. 8. Cross section through the circular power station showing the arrangement for 
handling flood discharges. 

vertical rack bars are 4 by %¢ in. and the horizontal supporting members are 6 by 34 in., 

spaced to give openings 6 in. wide by 2 ft 4in. high. The concrete structure is designed 

for a differential head of 10 ft and the steel rack sections are based on a differential 

head of 5ft. The maximum velocity through the net trashrack area is 2.4 fps. 

The head loss through trashracks is mainly due to the flow contraction at the entry 

and the sudden enlargement of the area at the exit from bar spaces. Among the many 
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Fra. 9. Head loss in trashracks, values of factor AK for various bar shapes. 
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CROSS SECTION 

Crown end 

. Minimum clear 
—opening d, | 

SECTION A-A 

Band 

end = Maximum clear 

opening a4 

ECTION B-B 
DEVELOPED OUTLINE OF DISCHARGE ° 

OPENING BETWEEN RUNNER BUCKETS 

Fie. 10. Location of minimum clear opening in a Francis-type runner. 
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formulas for calculating head loss, the one developed by O. Kirchmer on the basis of 

experiments at the Munich Hydraulic Laboratory is in widespread use: 

48% | 
Is = TK (;) 5p sin a (18) 

“ 

in which h, = loss of head through racks, ft 

t = thickness of bars, in. 

b = clear spacing between bars, in. 

Vo = velocity of approach, fps 

g = acceleration due to gravity 

a = angle of bar inclination to horizontal, deg 

K = a factor depending on bar shape in accordance with Fig. 9° 

The losses determined from this formula apply to clean racks. 

The spacing of the vertical or inclined rack bars depends primarily on the size and 

type of turbine to be protected and is also influenced by the size of the trash. In 

some localities an abnormally small spacing may be required by fish-conservation 

agencies. 

se i 
og y | 4 Ob 

\nB ae cane 8 9e% mel 
De AN era c = mv <a Se eel 
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Bee © pe men 

Hee Misia denn PCat Pening 
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(= oie 
eS.0 2 
See alt 

[ae 16} O te 

'D = is as 

mt oO) i 
12%, o 

E 
Sie 16 Af, /, 

2. 

°o 12 
10 20 30 40 50 60 70 80 90 100 

Specific speed 

Kia. 11. Experience data for approximate determination of clear openings in Francis 

runners. 

The rack bars are usually spaced so that the clear opening between them is not 

greater than the smallest fixed opening in the water passages of the turbine. In 

Francis turbines, the smallest fixed opening is located in the runner and is the shortest 

distance between the buckets or vanes of the runner, as is indicated by Fig. 10. 

Figure 11, which shows experience data for the approximate determination of clear 

openings in Francis turbines, may be used for preliminary investigations. Figure 12 

shows the maximum recommended length of rack bars between lateral supports or 

stiffeners, as limited by vibration characteristics related to bar thickness and velocity 

through the net area. To avoid objectionable vibration, the length limits shown 

should not be exceeded. 

Interesting innovations in design have resulted from the requirements for trash- 

rack structures for high dams. For example, the state of California is now (1968) 

building the 770-[t-high embankment-type Oroville Dam in north-central California. 

The intakes for this dam will convey water to the turbines of a 644-megawatt under- 

ground powerhouse. 

A major innovation in the power-plant system is the intake structure shown by 

Fig. 13.57 

In addition to performing the usual functions of an intake for a hydroelectric 
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Laterally unsupported length of bar, in 

{ 2 3) 4 3 © 7-8 SiO 15 20 

Velocity through net area of racks, fps 

Fria. 12. Recommended limits of laterally unsupported length of steel rack bars to avoid 
vibration. 

project, this structure is also intended to allow temperature control of the water 

through the power plant to meet agricultural and fish-conservation requirements. 

The intake consists of two parallel, rectangular channels, approximately 650 ft in 

length open at the top and situated on a 1.9: 1.0 slope along the side of the ridge com- 

prising the left abutment of the dam. Figure 13 shows the general arrangement and 

Fig. 14 shows a photograph of the racks. It was found more economical to construct 

these racks of stainless steel. The trashracks system consists of 824 flat panels 

Fig. 13. Oroville Dam, general view of trashracks. 
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supported on 180 segmental arches. Temperatures of the tail water will be controlled 

by 26 shutters, 13 on each channel. These shutters consist of 40- by 44-ft fixed-wheel 

gates. The shutters span temperature levels which vary as much as 25 F between 

controlled reservoir levels. 

The intake and trashrack arrangement for the 400-ft-high Mangla Dam§ (Fig. 15) 

on the Jhelum River, West Pakistan, completed in 1967 by the Water and Power 

Development Authority, offers an interesting example of cage-type racks operating 

on the face of an embankment-type dam. 

The 450-ft-wide intake structure is divided by contraction joints into five reinforced- 

concrete monoliths with each containing a power intake, as shown by Fig. 15. The 

gate opening of each power intake is 18 ft wide and 36 ft long on a slope of 1.0 on 2.5. 

The gate openings are followed by radius bends which showed a loss from intake to 

tunnel of 0.20 velocity head in the tunnel or approximately 0.62 ft at the design dis- 

charge of 10,000 cfs. 

Kia. 14. Oroville Dam trashracks, shop assembly. 

Each intake screen provides 3,000 sq ft net area and consists of !9-1n. galvanized 

mild steel bars at 6-in. centers designed for 60 percent of the yield at a differential head 

of 10ft. The supporting members of the bars are designed for a head of 20 ft. 

14. Penstocks. Penstocks are designed to carry water to the turbines with the 

least possible loss of head consistent with the overall economy of the project. The 

various losses which occur between the reservoir and the turbine—trashrack, entrance, 

pipe friction, valves, and fittings—are discussed elsewhere (Secs. 2, 3, 22). Where 

there is an elbow in the penstock just ahead of the turbine and a reducer is required, 

minimum losses will usually result from shaping the elbow to serve also as a reducer. 

The most economical penstock will be the one in which the annual value of the 

power lost in friction plus annual charges such as interest, depreciation, and mainte- 

nance will be a minimum. The variables entering the problem are (1) daily variation 

of flow through penstock, (2) estimated load factor over a term of years, (3) profile of 

penstock, (4) number of penstocks, (5) materials used in construction, (6) diameter 

and thickness, (7) value of power lost in friction, (8) cost of penstock installed, (9) cost 

of piers and anchors, (10) total annual charges of penstock in place, and (11) maximum 

permissible velocity. 

It is extremely difficult to express these variables in a comprehensive formula, 

although several attempts have been made to do so. An interesting study by 
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Sarkaria‘ resulted in a simple empirical formula, which applied to penstocks embedded 
in gravity intakes: 

0.43 

Di AAA = (19) 

in which D = economical diameter of penstock, ft 

P = rated horsepower of turbine 

H = rated head of turbine, ft 

This formula is applicable primarily to power plants with Francis- and propeller- 

type turbines and gives fairly reliable results for penstocks 5 ft or more in diameter. 

By way of example, assume the following data for a steel penstock embedded in a 

gravity intake having a height of approximately 350 ft: 

BLVD CEGLACUT DLN Gtr den rn tn toe ea EN No een re ane ae Francis 

VEC Ca Ca im mrrttect whe wath ceca ae eee Oe tee era H = 280 ft 

FRG LOC Deaths acre mas vey epee aes A Ve ene. he P = 155,000 

Heng tno tas veelupenstocka ames wsmiicienacstaies ati) ae L = 300 ft 

Average allowable stress in penstock plate......... 15,000 psi 

TOME Ce MOTE NE Vee tn oeeai ary en nase tary: easier eee eet . 90% 

load factor for power demand.,:5.../...0.0.9... 60% 

INET VE ANY Ib Chi HOMME MON op ooo baa eee an an 50 years 

Using Eq. (19), it will be found that D = 19.4 ft. 

By going through a very lengthy investigation, which compared increases in 

construction cost with the capitalized value of power lost, it was determined that the 

economic diameter would lie somewhere between 19 and 20 ft. Figure 16 shows 

penstock velocities in selected existing plants having a wide range of heads. 

Losses in bifurcations, which are usually located a short distance upstream from 

the control valves, may best be determined from model tests. Few prototype per- 

formance data are available. Hydraulic-model tests revealed that the maximum 

head loss for the bifurcation ahead of the Mangla turbines (Fig. 17) was approximately 

0.40(V2/2g).8 The practice of the Corps of Engineers, U.S. Army, is to estimate 

bifurcation losses at 0.15(V2/2qg) and trifureation losses at 0.50(V2/2g). The results 

24 

nm (6) 

m 

ae) 

Penstock velocity 

(in per cent of free discharge velocity) 

@ 

S 

O 100 200 300 400 500 600 700 800 900 1000 

Rated head (in feet) 

Vic. 16. Penstock velocities at full turbine discharge. [Existing plants. 
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of a model study for a large trifurcation used in connection with the Round Butte hy- 

droelectric project, Oregon, are shown by Fig. 181928. A 23-ft-diameter penstock was 

trifurcated into three 13 ft 7 in. diameter sections which feed three Francis turbines 

having a combined power capacity of 247,050 kw. With all tubes flowing and the 

flow equally divided, the head loss at maximum discharge varied from about 0.38(V?/29) 

to 0.53 (V 2/29). 
Prototype tests were made to determine the hydraulic losses in the wye branch 

which divided the flow of the Chelan Station power tunnel.!! A 2-mile-long 14-ft- 

diameter concrete-lined pressure tunnel converges below the surge tank to a steel-lined 

14-ft-diameter penstock which divides through a bifurcation into two 12 ft 6 in. 

diameter water passages leading to the turbines. The head loss at this bifurcation, 

under full-flow conditions, was approximately 0.50(V2/2g). In the foregoing, except 

the Round Butte trifurcation, V is the average velocity in the penstock before the flow 

is divided. 
15. Turbines and Pumps. Reference should be made to Sec. 26 for a compre- 

hensive presentation of the hydraulics of hydraulic machinery. 

©) 4 Power intake 

Hemispherical 
concrete 
bulkhead 

5 4 Tunnels 

at Wye branches 

Inlet valves 

Turbo alternators 

oe ae GS Pressure relief / 
irrigation valves 

Fic. 17. Mangla Dam, West Pakistan, diagrammatic hydroelectric scheme. 

16. Draft Tubes. The draft tube is usually a very essential part of a turbine 

installation. It supplements the action of the runner by utilizing most of the energy 

remaining in the water at the discharge from the runner. 

The draft tube is designed as a diverging discharge passage connecting the runner 

with the tailrace. It is shaped to decelerate the flow with a minimum of losses so 

that the kinetic energy remaining in the flow at discharge from the runner may be 

efficiently regained by conversion into the suction head, thereby increasing the total 

pressure difference on therunner. This regain of kinetic energy is usually the primary 

function of a draft tube. 

The draft tube frequently serves a second purpose, that of regaining static suction 

head in cases where the runner is located above tail-water level. When the vertical 

distance of the runner above tail water is well within an atmospheric head and when 

the outlet of the draft tube is sufficiently submerged to assure a water seal, the negative 

static draft head on the runner is added to the positive head from headwater to make 

up the total static head on the turbine. Although an atmospheric head is nearly 34 ft 

of water at sea level, the static draft head should never exceed 15 ft, and even this 

should not be reached except during low-water conditions of short duration with units 

of low specific speed and relatively high heads. 

Draft tubes are not used with impulse wheels, and the head from the nozzle to 

tail water is necessarily lost. 
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Energy Relations. Using the tail-water level as datum, we can write the Bernoulli 

equation for the draft tube thus: 

dee Genet ni ates NG? 
2, + 2.3p; + 29 = 2g +h, +h; (20) 

where Z; = elevation of turbine exit above tail water equivalent to the draft head 

pi = gage pressure, psi, at turbine exit 

V, = velocity at turbine exit 

V2 = velocity at draft-tube exit 

V; = velocity in tailrace beyond disturbance from draft-tube exit 

hy = friction loss in draft tube 

h; = eddy loss at draft-tube exit 

For the vertical-tube type, the exit velocity head is lost, 7.e., hi = v22/2g. For 

the elbow or symmetrical type, some of the exit velocity is preserved in the direction 

I 

pay oO oO oO | 

Center tube Left tube Right tube 

Q, cfs per tube 

O2 10s) 0 Oe CST On, 

K 

All tubes flowing; 
flow equally divided 

Fic. 18. Coefficient of loss, penstock trifurcation. 

of flow in the tailrace; hence it may be considered as a sudden enlargement in a conduit 

for which the loss is 

(Yo = WA 
a (21) h; 29 

The right-hand member of Eq. (20) is a relatively small quantity, usually not over 

2ft. The exit velocity from the runner will depend on the specific speed of the turbine 

and may be anywhere between 20 and 40 fps; hence the greater V,, the less the draft 

head, for the absolute pressure at the inlet to the draft tube cannot be less than the 

vapor pressure of water and should be substantially more. 

The most efficient draft tube is a vertical tapered pipe expanding at the rate of 

about 8 deg central angle and approximately 4 to 5 inlet diameters in length. Rarely, 

however, is there space for such a tube, and the elbow-type draft tube is generally used. 

The design of the draft tube is usually supplied by the turbine manufacturer and is 
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an integral part of the turbine in determining turbine performance. Cavitation and 

pitting on the underside of runner blades may result with low-head high-specific-speed 

units if the draft head is too great or the rate of expansion too rapid. 

The negative pressures at the head of the draft tube may be computed from Eq. (20). 

17. The Tailrace. A careful study of tailrace conditions should be made. The 

first step is to obtain records showing the discharges at different elevations of tail 

water. Usually, downstream gages should be established to show the effects of pro- 

jecting ridges which may influence tail-water elevations. The removal of such ridges 

may increase the operating head. 

Elevated or chute spillways, located near the powerhouse, may erode deep plunge 

pools in the riverbed. Deposits of the eroded material downstream may raise the 

tail-water levels with a resultant loss of power. 

A study of the hydraulics of the tailrace should reveal whether tail-water levels 

will become either lower or higher throughout the years of operation. A degrading 

tailrace usually results from the fact that the structures block the supply of deposits 

from the river upstream from the dam. Under those conditions, the river below the 

dam may continue to erode. In some cases this erosion has progressed to a point 

where the draft tubes have become unsealed. Reference to Fig. 19, a cross section of 

the Gavins Point powerhouse, will show the differences in tail-water levels which have 
been anticipated because of degradation. 

Dams and power plants located in narrow gorges have been known to create tail- 

water problems. The concentration of spillway discharges may have several adverse 

effects: for example, tail-water levels may be raised by high hydraulic Jumps. Result- 

ing high-velocity eddies may undermine the canyon walls to a point where large rock 

falls will be deposited in the riverbed. This could result in a serious loss of head at the 

powerhouse and create a costly maintenance program. 

A comprehensive study of tailrace conditions usually requires a coordination of 

hydraulic-model tests, hydraulic and power-output analyses, geological studies, and 

cost and economic-feasibility studies. 

POWERHOUSE STRUCTURES 

18. Classification. Powerhouse structures may be classified under five general 

types: (1) integral intake; (2) separate powerhouse constructed at the toe of the dam; 

(3) separate powerhouse structure connected to the intake by either penstocks or 

tunnels; (4) underground powerhouse; and (5) low-head powerhouse. Falling within 

these are plants which may be classified as indoor, outdoor, and semioutdoor. Typical 

examples of each are described. 

19. The Integral Powerhouse. Representative of this type is the Wanapum power- 

house (Figs. 20 and 21). This project is located on the Columbia River near the center 

of the state of Washington.!2. The substructure is of mass concrete and the intake and 

semispiral case are of reinforced concrete. The superstructure 1s formed by the intake 

concrete wall, a downstream reinforced-concrete wall and a structural-steel roof deck. 

The reinforced-concrete intake roof is supported by the end walls and two intermediate 

piers in each bay. There are three wheeled gates, each 42 ft 6 in. high by 20 ft wide, 

one for each intake opening of one unit. Trashracks are designed for a maximum flow 

velocity of 4 fps through the gross area. Gates are provided for emergency or service 

closure of one unit. Draft-tube gates are provided for the emergency closure of two 

units. The powerhouse will contain, ultimately, 16 generating units and an erection 

bay. Generators are rated 87,500 kva at an 0.95 power factor, 13.8 kv, 60 eyele, 

85.7 rpm. The turbines are of the vertical-shaft adjustable-blade propeller (Kaplan) 

type rated 120,000 hp at an 80-ft net head. 
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Fic. 21. Wanapum powerhouse (1963), 830-mw development on Columbia River, 
Washington. 

Fira. 22. Gavins Point Dam and powerhouse, Missouri River, Yanktown, 8.D. (Courtesy 
of Corps of Engineers, U.S. Army.) 

The Gavins Point powerhouse on the Missouri River (Figs. 19 and 22) also is of 

the integral-intake type with an indoor powerhouse. The power installation consists 

of three vertical-shaft adjustable-blade Kaplan turbines having a 54,000 rated hp at 

48 ft net head operating at a speed of 75rpm. At 0.95 power factor the generators are 

rated at 33,845 kw. The intake roof is supported by the side walls and two inter- 

mediate piers. As shown by Fig. 19, provision has been made in the design to aecom- 
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modate substantial changes in tail-water elevation resulting from the degradation of 

the stream bed. 

Representative of practice in outdoor plant design is the Idaho Power Company’s 

Lower Salmon station on the Snake River, Idaho, shown by Fig. 23. This plant is 

composed of four units, each of 15,000 kw capacity, operating under an average head 

of 56.5 ft. Three are driven by fixed-blade propeller turbines and one by a Kaplan 

turbine. Operating and service bays are located below the deck. The transformers 

are located on a deck downstream from the gantry crane. A metal housing is provided 

for the generators, thus eliminating the conventional superstructure of the indoor type. 

In the early stages of development, it was thought that the outdoor type would 

not be suitable for severe climates. This notion has been largely dispelled by the 

Idaho Power Company. Temperatures at the Lower Salmon Station vary from 

15 F below zero to 115 F. 

Fra. 25. Moses-Saunders hydroelectric plant, St. Lawrence River. (Courtesy of New York 
State Power Authority. Uhl, Hall, and Rich, Consulting Engineers.) 

The Moses-Saunders project (Figs. 24 and 25) on the St. Lawrence River is a 

notable integral-intake structure with a modified outdoor-type powerhouse. This 

structure was built jointly by the New York State Power Authority and the Hydro- 

electric Commission of Ontario.!*:!4 

The Moses-Saunders plant is located a short distance above Cornwall, N.Y., and 

connects the Canadian mainland with Barnhart Island. With it has been constructed 

a control dam which connects Barnhart Island with the United States mainland. 

The powerhouse is approximately 3,200 ft long and contains 32 generating units. 

The turbines are of the fixed-blade propeller type and are rated at 79,000 hp each, 

at 81 ft head and a speed of 94.7 rpm. Three-phase 60-cycle generators are rated at 

60,000 kva at 0.95 pf. 

The intake and substructure form an integral dam and powerhouse which provide 

waterways for the 32 turbines. The powerhouse is divided into 82 blocks each of 

which is 80 ft long. Each intake passage is subdivided by two intermediate piers into 

three water passages. 

Representative of semioutdoor design is the Kentucky power station structure 

(TVA) shown by Fig. 26.!° This type combines some of the features of both the 
outdoor and indoor types. The generator room at Kentucky is 30 ft high, which is 

ample to clear the Kaplan head on the unit. The station houses four 32,000-kw units 
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with provision for a fifth. The generators are driven by Kaplan adjustable-blade 

units which operate under a rated head of 48 ft. The head varies from a maximum of 

58.5 ft to a minimum, during maximum flood conditions, of 6 ft. 

20. Separate Powerhouse Constructed at Toe of Dam. Brief descriptions of three 

plants will illustrate the wide range of designs which fall under this classification: 

(1) the Karadj project, (2) the Hartwell project, and (3) the Kainji project. 

The 600-ft-high Karadj Dam is located on the Karadj River about 25 miles from 

the city of Teheran, Iran. It was completed in 1961 by the Karadj Water and Power 

Authority, a division of the Plan Organization. Figure 27 shows a section of the dam 

and powerhouse and Fig. 28 a view of the powerhouse. 

The powerhouse, an indoor-type structure, houses two Francis turbines rated at 

55,230 hp at a head of 482.3 ft and a speed of 333 rpm. The generator rating is 

40,000 kw. 

Scale 10 0 10 20 Feet 
es = = —— | 

KAPLAN TURBINE : 

44000 hp @ 48 feet gross head, 
TW 305,78.3 rpm. 

Max efficiency and best speed 
@ 5/ feet head. 

Gantry| Crane 

¢ Distribufor E/ 300: 

Min TW Ef 30. 

TYPICAL SECTION SECTION A-A 

Fig. 26. Semioutdoor plant, Kentucky Dam, TVA. 

The units are spaced 36.1 ft center to center. Provision is made for the later 

installation of a third unit. Steel-lined, 8 ft 6 in. diameter penstocks connect the 

intake, as shown by Fig. 27, with reducers which lead to 86.6-in. spherical-type turbine 

inlet valves. 

The 200-ft-high Hartwell project, located on the Savannah River, Georgia, was 

completed in 1962 by the Corps of Engineers, U.S. Army. Figure 29 shows a section | 

through the dam and powerhouse and Fig. 30 shows a view of the powerhouse. The 

dam and intake are of the conventional gravity type. An outdoor-type powerhouse 

contains four generating sets. The Francis-type turbines are rated 91,500 hp each |} 

at 170 ft head. The generators are rated at 66,000 kw each. ‘The speed is 100 rpm. 

The units are 68 ft on centers. 

The Kainji project (Fig. 31) is located in northern Nigeria on the Niger River.'® | 

The powerhouse 1s located at the toe of a conventional-type gravity intake. Initially 

the powerhouse contains four 80-mw generating sets. Provision has been made to 

increase the installation to 12 sets totaling 960 mw. 

Each machine is contained in a separate block 78 ft wide. The rectangular intakes | 

are divided by central splitter piers. The openings are controlled by fixed-wheel gates | 
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Fic. 27. Section of arch dam and powerhouse (Karadj). 
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Kia. 28. Karadj powerhouse, Karadj River, Iran. Plan Organization, Karadj Water and 

Power Authority. 
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16 ft wide by 34 ft 10 in. high. These rectangular intakes lead to 28-ft-diameter steel- 

lined penstocks. The draft tube from each turbine divides into two passages, each 

28 ft wide by 16 ft deep at the draft-tube gate position. 

Four Kaplan turbines, each rated to develop 110,000 hp at a net head of 97 ft, are 

designed to operate over a gross range between 77.5 and 135ft. Each turbine contains 

six stainless-steel blades. The blade-tip diameter is 21 ft 2 in. The turbines are 

encased in plate-steel spiral cases. 

475:00 
Normal O 10 20 30 40 50 1O0Oft 

max.465:0}. é ae 

LY Virrrig7s) 

ashy 
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PTY tail water 350-0 
qe 
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cugailery ~. i) 
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| \tail water 328-0 

I] 
ve } 

shaft 

aU Il 
His, :* 2 

Fig. 31. Kainji power station. 

21. Powerhouse Connected to Intake by Tunnels and Penstocks. The Appalachia 

powerhouse (Fig. 32) offers an interesting example of thistype. A concrete dam 150 ft 

high, a tunnel nearly 8 miles long, and a powerhouse containing two 37,500-kw units 

operating under a 360-ft rated head are principal elements of the project. The units 

are spaced 44 ft center to center. 

The substructure and outside walls of the superstructure are of concrete to levels 

above maximum tail-water elevation. The remainder of the superstructure consists 

of structural-steel framework with concrete floors and tile or concrete walls. The 

layout and design of the powerhouse were substantially influenced by the provision 

for tail water at elevation 882.17 

The draft tube is of the plain elbow type. It has two outlet openings separated 

by a 4-ft-thick center pier. At the bottom of the runner, the draft tube is 8 ft 7 in. in 

diameter; at the discharge end it has a total clear width of 21 ft 9 in. and a height of 

9ft8in. The velocity head at the draft-tube exit at full gate discharge is 1.02 ft. 

Cork-tar mastic is placed over the spiral case in the unit block and also over the 

upper half of the penstock where it goes through the east wall ef the powerhouse. 

Between the unit block and the east wall, only the lower part of the penstock is 
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embedded in concrete. These arrangements allow the penstock and the spiral case 

to expand and contract freely without causing undue stress in the concrete. Where 

the station is located at the toe of a dam, it is usual practice to provide a contraction 

joint between the dam and the powerhouse substructure. A flexible joint should be 

placed in the penstock where it crosses this contraction Joint. 

The Robert Moses Niagara power plant, completed on the Niagara River in 1961 

by the Power Authority of the State of New York, is a medium-head plant of this type. 

Figure 33 shows a section through the plant and Fig. 34 shows a view from the down- 

stream side. The structure is of the semioutdoor type. The plant is about 1,840 ft 

long and contains 13 unit blocks. The total installed capacity is 1,950,000 kw. 

The Francis-type turbines are rated at 210,000 hp each at a net head of 300 ft. 

The normal operating head is 305ft. The throat diameter of the runner is 205 in. 

Welded-steel penstocks, approximately 462 ft long, connect the intake with the 

turbines as shown by Fig. 33. An upper elbow reduces the penstock from 28 ft 6 in. 

to 24 ft diameter. A lower elbow reduces it from 24 to 21 ft diameter at the spiral 

case extension. 

The three-phase 60-cycle 150,000-kw generators operate at 120 rpm. The diam- 

eter of the stator frame is 40 ft. 

GENERATOR ROOM 

LIGHTING b-¢ UNiT Alp cond 
JUL} BOAKD_ ROOM { ouct 

min TW (1 unit) 
Ei 8380 
SSSS=S=S== 

~  E/ 835,42) 

Fic. 32. The Appalachia powerhouse. Left: Section through 



POWERHOUSE STRUCTURES 24-33 

22. The Underground Powerhouse. Underground power plants are usually built 

in locations where the cost of excavating the caverns required to house the generating 

and electrical equipment will be less than that of constructing a powerhouse of another 

type. Where foundation conditions permit, the underground plant has many advan- 

tages at certain sites. For example, where space is lacking, as in a narrow gorge, to 

accommodate the structures, this type may be used to advantage. In some situations 

an additional advantage is obtained by cutting across one or more river bends with 

the tail tunnels and thus increasing the head on the plant and removing the tailrace 

from the influence of the spillway discharge. 

Brief descriptions of two stations, the Kariba Gorge in Rhodesia and the Ambuklao 

in the Philippines, will illustrate the features of this type. 

The Kariba Gorge project is located on the Zambezi River at a point where it flows 

through a narrow gorge some 250 miles downstream from Livingstone, Rhodesia. The 

project was built by the Rhodesian government and completed in 1960.'5!2 The 

scheme comprises a double-curvature arch dam 420 ft high and an underground power- 

house on the right bank designed to accommodate six hydro generating units, each 

of 100 mw capacity. The dam will raise the dry-weather water level in the river about 

350 ft. Figures 35 and 36 show, respectively, a general plan and a cross section of 

the powerhouse. 

The right-bank powerhouse is the first stage of power development. Provision 

has been made on the left bank to construct a future second stage. 

The first stage consists of a concrete-lined underground machine hall 468 ft long, 

75 ft wide, and 132 ft high and an adjacent transformer hall which is 537 ft long, 

55 ft wide, and 60ft high. Hach turbine is supphed through an independent horizontal 

" 
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Fic. 33. Section through the Robert Moses Niagara power plant. (Courtesy of New York 

State Power Authority. Uhl, Hall, and Rich, Consulting Engineers.) 

Fic. 34. Robert Moses Niagara power plant. (Courtesy of New York State Power Author- 

ity. Uhl, Hall, and Rich, Consulting Engineers.) 

intake leading to a concrete-lined 20-ft-diameter vertical pressure shaft. Flow into 

these shafts is controlled by sector gates. Below elevation 1,780 the flow is carried 

to the turbines by vertical 17-ft-diameter steel-lined shafts. 

Water is returned to the river by three tailrace tunnels, each 950 ft long and having 

an equivalent diameter of 34ft each. Tailrace surges are controlled by 66-ft-diameter 

surge chambers. 

The Ambuklao project, located on the Agno River near the city of Baguio in the 

Philippines, was completed by the National Power Corporation in 1955. The project 
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consists of a 430-ft-high rock-fill dam, a gated overflow spillway, low-level outlets, and 

the power features shown by Figs. 37 to 40, inclusive.?° 

A submerged 23-ft-diameter circular intake, shown by Fig. 37, has an operating 

platform placed at minimum drawdown level. A horizontal 23-ft-diameter concrete- 

lined horseshoe power tunnel connects the intake with a steel-lined manifold from 

which three 8.5-ft-diameter penstocks lead to the valve chambers shown by Fig. 38. 

Each chamber houses a 102-in.-diameter butterfly valve and an 84-in.-diameter 

rotary valve. The butterfly valve serves as a guard for the rotary valve which is used 

in normal service. The valves control the flows to 7 ft 6 in. diameter steel-lined 

penstocks which make a 90-deg vertical turn and continue straight down to the spiral 
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Fic. 36. Kariba Gorge powerhouse, vertical section showing arrangement of powerhouse 
and transformer hall. 

case inlets. The steel liners are designed to take full internal pressure plus 23 percent 

of static head due to water hammer. The velocity in the penstocks is 15.1 fps at the 

rated discharge of 667 cfs per unit and 17.3 fps at the maximum discharge of 763 cfs. 

The turbines are of the horizontal-shaft Francis type and are housed in cast-steel 

spiral cases embedded in concrete. The rated capacity of the turbines is 34,500 hp 

operating at 360 rpm under a net head of 505 ft. The corresponding generator rating 

is 25,000 kw. The turbines operate under a range of net heads varying between 380 

and 572 ft. 

The unit center lines are radial, as shown by Fig. 39. This arrangement permits 

the conical draft tubes to converge radially to the tailrace tunnel. 

The concrete-lined tailrace tunnel is circular in section and 16.4 ft in diameter. 

It is 7,110 ft long and discharges, after crossing two river bends, about 5 miles down- 

stream from the damsite. This extension increased the operating head on the plant 

by about 180 ft. The invert slopes upwardly from the draft tubes to assure the sub- 

mergence of the turbines at low tail water. When the tunnel is flowing 0.90 full under 

the full plant discharge of 2,290 fps, the average velocity in the tunnel is 11.50 fps. 

23. Low-head Plants. Many run-of-river stations such as Kentucky (Fig. 26) 

fall under this low-head classification. Improvements in the tubular-type generating 
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units have resulted in the utilization of low heads which heretofore have not been 

economically feasible to develop. 

The low-head hydroelectric stations on the Mosel River, Germany and France, 

illustrate a type of river development which may receive more attention in the 

future.?! 
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Iria. 37. Intake tower, Ambuklao project. 

Figure 41 shows a map and profile of the Mosel River projects and water levels. 

The accompanying table in Fig. 41 shows some of the principal data for the 14 plants 

in Germany. It will be noted that the heads vary from 4 to 9 m. 

The lowermost station at Coblenz (16 mw) is of conventional design with vertical- 

shaft Kaplan sets as opposed to the horizontal-shaft tubular sets used in the more 

recent stations constructed farther upstream. 

The Trier station No. 10 (Fig. 42) illustrates the advantages of the tubular type. 

In addition to being a very low structure, with its roof only 2.4m above the maximum 
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Fic. 38. Valve chamber, Ambuklao project. 
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(a) 

Pond Rated ea Geecaie Gross Construc- 

Station No. | elevation, | discharge, cee s output, tion 

m m3/sec ad mane gwh dates 

Coblenzinaneericne 1 65.00 380 5.3 16.0 65.0 1941-1951 

Dehmen << cx. deen as 2 72.50 380 7.5 16.2 81.6 1960-1962 

Vii den uy ast een: 3 79.00 380 6.5 12.8 66.0 1963-1964 

Bia el ees gan ten ney 4 86.00 380 Ul) 14.72 71.6 1963-1964 

St. Aldegund (Neef).. 5 93.00 380 7.0 14.4 T2uo 1962-1964 

inkirehy..7..ccataseee cat 6 100.50 380 Tew 1655 81.7 1964-1965 

LZEwnsen 2. sate ee ne 7 106.50 380 6.0 12:2 Claw 1962-1964 

Wintrich. 6.1... 064 8 114.00 380 TaD) i ear 87.0 1964-1965 

(Detzem nee area 9 123.00 380 9.0 23.0 UnVile S} 1960-1962 

PHIOE, ..) 25 Bpceeaat o 10 130.25 380 Te 16.5 79.5 1959-1961 

Grevenmacher....... 11 136.50 165 6.3 v.05 38.8 1963-1964 

IPalzems ccasc ages 12 140.50 150 4.0 4.1 19.6 1963-1964 

(6) 

Fia. 41. (a) Map and profile of Mosel River. (b) Principal features, Mosel plants. 
(Water Power, July, 1965.) 

flood level of 132.31 m, the Trier station is much more compact longitudinally than a 

plant incorporating conventional Kaplan sets. At Coblenz, for example, the four 

vertical Kaplan units occupy a total length of 68.8 m, whereas the tubular sets at Trier 

are accommodated in only 45m. The amounts of concrete used in the power stations 

were 25,100 cu m at Coblenz and 17,200 cu m at Trier. 

24. Economic Design. Overall station economy must be the objective of the 

designer in selecting the size and spacing of the units, the elevation of the runner in 
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a 132-31 Flood 

as 

ET SD A OE RS ee 

-ytll2 30 

Fie. 42. Cross section through 
generating set. 

Shallow setting 

Deep setting 

Fia. 43. Comparison of deep and shallow settings. 

relation to tail water, and the specific speed. In order to achieve minimum station 

cost, the turbine setting must be tailored to the particular site and cannot be estab- 

lished by statistical or empirical methods. This is illustrated by Fig. 43,22 which 

shows a somewhat exaggerated comparison of alternate deep and shallow settings for 

an integral intake and powerhouse substructure. In other words, the whole structure 

acts as a dam and both the overall proportions and the stability are affected materially 

by the choice of setting. For the same head, the same power, and the same margin 

of safety against cavitation, a relatively deep setting, with respect to tail water, means 

both deeper excavation and more expensive structures. This additional cost, how- 

ever, is offset in part by a higher allowable operating speed which results in smaller 

physical dimensions and lower costs for the turbines and generators, and relatively 

less WR? will be required for a given degree of speed regulation. 

The shallow setting, on the other hand, minimizes excavation and the structures. 

A slower operating speed, however, results in larger physical dimensions and costs 

for the generating units. The choice, therefore, will lle somewhere between the deep 

setting shown on the left of Fig. 43 and the shallow setting shown on the right. Where 

the rock is at low depth, the natural selection would be the smaller size, high-speed 

turbine, and conversely where the rock occurs at higher levels. For most sites, 

comparative estimates of several settings will be required to achieve the optimum. 
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It must be emphasized that the selection of the most economical turbine-generator 

set may not result in minimum overall powerhouse cost. 

oP WN 
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SECTION 25 

PUMPED STORAGE 

By Ricuarp D. Harza 

1. General. Pumped storage may be defined as any system which by means of a 

pump stores energy for use at a later time. By far the most important development 

in terms of energy stored is that in which water is pumped to an elevated reservoir for 

later use through turbines, and this is the type of development which is described here. 

It is appropriate to mention that many hydraulic machines, including hydraulic tur- 

bine governor actuators, involve ‘accumulator circuits,’ which are actually a minia- 

ture form of pumped storage utilizing compression of air. 

The most obvious question about pumped storage is: why do it? Why build a 

power plant that actually consumes more energy than it produces? To appreciate 

the function and value of pumped storage consider the three basic factors common to 

all industry: production; inventory (warehousing, etc.); and sale or delivery. Produc- 

tion may be seasonal—as in agriculture—or it may be at a steady rate to achieve 

maximum efficiency. And sales or delivery may be at a steady or at an unpredictably 

changing rate, depending on many factors including human preference, the weather, 

changes in market conditions, etc. Hence it is the inventory-warehousing function 

which matches the production rate to the consumption rate. Note that inventory- 

warehousing does cost money and does not produce goods, yet it is amply justified 

because of the value it renders in reconciling production to consumption. Before 

pumped storage, the electric power industry was unique in that at any split second 

production exactly equaled consumption plus associated losses. Thus pumped storage 

has effected a major economic change in the electric utility industry by introducing 

the inventory-warehousing function into the business at a point between power gener- 

ation (production) and distribution (consumption). 

In operation, a pumped storage plant will consume excess energy from a large 

electric utility power system during periods when such energy is available. Then the 

pumped storage plant will deliver a part of this energy back into the system during 

maximum demand periods. Thus, low-value ‘‘off-peak’’ energy is converted into 

high-value “on-peak’’ capacity and energy. 

There are many ways in which a pumped storage scheme can be developed in 

connection with conventional hydroelectric resources. All pumped storage schemes 

involve pumping water from a lower reservoir to an upper reservoir, and one of the 

most important types of pumped storage plant has always been the purely recirculating 

type in which the same water is reused during each cycle. The principal types of 

pumped storage schemes known today can be classified under four headings, as shown 

in Fig. 1: recirculating (“pure pumped storage’) type, multiple-use type, water- 

transfer type, and tidal-power type. It is possible to combine these basic schemes in 

a great number of different ways, and some of the most complex hydro developments 

involve pumped storage features, as will be described later in this section. 

The extent of pumped storage use is very widespread, and almost every industrial- 

ized nation can boast at least one such installation. 

2. Principal Elements of Pumped Storage Developments. Because of their use of 

25-1 
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water, pumped storage schemes comprise the same major elements as conventional 

hydro power developments such as dams, reservoirs, spillways, conduits, and power 

plants. However, in pumped storage the emphasis on these elements is considerably 

different. 

UPPER RESERVOIRS AND DAMS 

The upper reservoirs of pumped storage projects fall into three general categories: 

Multiuse type 

Water - transfer type 

Tidal type 

Fic. 1. Types of pumped storage development. 

normal stream-valley reservoirs (Smith Mountain type), off-channel high-valley reser- 

voir (Ffestiniogg type), and hilltop reservoirs (Taum Sauk) type. The first two types 

of reservoirs are normal in hydraulic practice and do not require special treatment 

here except to point out that all embankment slopes (and natural earth slopes at 

reservoir edges) must be stable under the very rapid and frequent drawdown conditions 

to which they will be subjected. 

Large hilltop reservoirs are quite distinctive structures which are found only in 
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connection with pumped storage projects. The design of hilltop reservoirs is generally 

determined by hilltop geology, hilltop topography, and quick-drawdown effects. 

Geological conditions on hilltop areas generally include deep natural drainage, low 

groundwater, and deep weathering of soil and rock. Natural forces of gravity and 

weathering may cause progressively opening cracks in hilltop cap rocks as the adjacent 

process of valley formation tends to relieve stresses in and remove support from the cap 

rocks. Obviously, the ring dams which form hilltop reservoirs must be so situated 

that their foundations are absolutely stable. Sometimes this requirement reduces 

available storage capacity for a given height of embankment when the embankment 

cannot be located near the edge of the hilltop. Only careful geological studies and 

complete analyses of stability of embankments and foundations can resolve this prob- 

lem. For economic reasons ring dams are always built from material excavated from 

the hilltop in such a way that the borrow pits become part of the reservoir capacity. 

ANY 
AC 5 | 

Roadway 
ramp 

Penstock tunnel 

to Seneca power station 

Fig. 2. Plan of Kinzua upper reservoir. 

Because of the limitation of borrow area, and because of the deeper rock weathering 

on hilltops, a composite dam cross section including both rock fill and earth fill usually 

results. 

3. Shape of Reservoirin Plan. Many shapes have been tried, but these categories 

dominate: circular, rectilinear, and kidney shape. Obviously the ideal economic 

shape for a reservoir on a flat surface is circular, because this gives the minimum 

excavation and embankment volume required to develop a given reservoir volume. 

Simple geometry shows that compared with a circular layout (on a flat surface) a 

square shape would require 12 percent more embankment length for the same storage, 

and an equilateral triangle would require a 28 percent increase in length. Actually, 

it has been found that even in relatively rough and irregular terrain, the circular (or 

ellipse) shape can often be the most economic solution. An example of the circular 

shape is shown in Fig. 2. If a circular layout can be positioned on the existing topog- 

raphy so that the maximum variation in embankment height is less than 1 to 2 percent 
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of the developed length of embankment, then a circular layout may be the best solution. 

For a circular reservoir of 2,400 ft diameter, this would permit topographic height 

variation for short distances under the center line of the embankment of 150 ft. The 

noncircular shapes may be found necessary because of property lines, roads, or extreme 

irregularity of topography, but in most cases the starting point of upper-reservoir 

layouts should usually be a circle. Reentrant corners and angles are to be avoided 

because of the loss of reservoir volume without accompanying savings in embankment 

length. 

4. Embankment Slopes and Reservoir Linings. Hmbankment slopes are neces- 

sarily determined by consideration of stability, and the trend is toward steep inner 

slopes, full impermeable lining of reservoirs and embankment faces, and elaborate 

drainage systems under the linings. Steep inner (wetted) slopes are particularly 

desired where heavy ice may form on the upper part of the embankment during draw- 

Fic. 3. Photo of Taum Sauk upper reservoir. 

down and cause damage to the membrane of lining material. Economy of design also 

encourages steep slopes. At the Taum Sauk upper reservoir a 10-{t vertical parapet 

wall was designed and built on the crest of the embankment to gain additional storage 

capacity (Fig. 3). Various impermeable lining materials have been employed in upper 

reservoirs including concrete (both poured and pneumatically placed), earth, and 

bituminous concrete. The bituminous linings have proved to be remarkably water- 

tight, durable, easily maintained, and generally successful. The watertightness can 

be ascribed to three things: the extremely low permeability of properly designed, 

dense (less than 2 percent voids) bituminous concrete; the effective hot sealing and 

lapping of joints; and continuity, plasticity, and flexibility of the hning. With thelow 

leakage and effective underdrainage which can be achieved in bituminous concrete 

liners, uplift failures of membranes or embankment due to trapped leakage water and 

quick-drawdown operation can be avoided. It should be noted that some difficulties 

(which also serve to indicate the extreme impermeability of bituminous concrete) have 

been experienced when air trapped in the foundation rock and earth on the flat part of 

the reservoir bottom has raised large ‘‘bubbles’’ in the bituminous liner because of a 

sharp drop in barometric pressure shortly after placement of the liner. For this 

reason, adequate drainage (for both air and seepage water) must be provided under all 

flat and sloping parts of the bituminous hner. Some Huropean upper reservoirs 
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include elaborate underdrainage collection and measuring with accessible galleries and 

numbered collection drains covering the entire reservoir area. 

The bituminous concrete itself is usually two layers (2 to 3 in. total thickness) 

laid on a prepared subdrain and working surface as shown in Fig. 4. Often a top seal 

coating is applied which contains asbestos fibers and is very rich in bitumen. This 

seal coat protects surfaces exposed to air and sunlight against weathering and further 

seals the joints, which are carefully staggered between the two basic layers. 

5. Spillways. Spillways are not usually required on mountaintop ring dams. 

Normally, a double protective system to shut down pumps automatically when the 

water level reaches a safe limit provides adequate protection against overtopping of a 

dam by excess pumping. On certain projects where overtopping might cause unusu- 

Fie. 4. Placing upper-reservoir bituminous lining at Vianden. 

ally severe damage, spillways have been required (in addition to the normal measures) 

to direct any possible pumped overflows into “safer’’ areas. One example of this is 

the Kinzua project where a fuse-plug type of upper-reservoir spillway has been 

provided. Details are shown in Fig. 5. 

6. Embankment Structures. All pumped storage mountaintop reservoirs to date 

have had embankments as the water-storage structures. Both rock-fill dams and 

earth-fill dams have been used. Economics usually dictate use of cut-and-fill opera- 

tion and full utilization of whatever construction materials exist on the mountaintop. 

Frequently, the embankment is designed to be free-draining, and it requires a separate 

impermeable inner lining. At best, mountaintop reservoirs are expensive structures 

in terms of cost per acre-foot of storage. Thus, the upper reservoir at Kinzua required 

about 1 cu yd of embankment for each 4 cu yd of storage volume created, and together 

with its appurtenances it cost about $1,000 per acre-foot of storage. 

7. Conduits, Valves, and Gates. Conduits for pumped storage schemes are 

similar to those for conventional hydro schemes, but certain special matters must be 
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considered with pumped storage. Economy requires that, whenever possible, the 

main conduits be utilized for flow in both directions. Therefore, all elements of the 

conduit must be designed to accommodate flow in either direction. This is partic- 

ularly important in manifolds and bifurcations, but it also applies to intakes, transi- 

tions, valves, gates, and all other elements. Tunnels seem to be preferred to exposed 

penstocks for pumped storage applications. This is doubtless due chiefly to economic 

consideration, but it also reflects the danger of penstock freezing, which could occur 

during an inactive period of pumped storage operations. It is interesting to note that 

some very high conduit velocities are under consideration for American pumped 

storage schemes. These contemplated velocities range up to 25 fps and are the result 

of a calculated sacrifice of efficiency in order to save capital investment in the pumped 

storage facility. Such efficiency losses can be tolerated in the pumped storage plant 

because it is designed for low-load-factor operation which is often in the 12 to 20 percent 

range. 

Gates and valves utilized in pumped storage schemes are of the same basic type as 

used elsewhere. Roller gates and cylinder gates are common for the upper intake 

structures, although a number of American schemes will entirely omit the upper intake 

gates and have a simple, nongated “morning-glory”’ type of intake. Air-inlet valves 

in exposed penstocks to prevent collapsing are standard. Some pumped storage 
schemes utilize bypass values at the turbine to reduce overpressure. 

In connection with pumped storage plants employing separate pumps and turbines, 

both the hydraulic elements will be protected by individual guard valves. The valves 

for the pump will generally be of the needle-valve type in order to permit throttling 

operations for starting and stopping pumps. The turbine is generally protected by a 

rotary valve or plug valve. 

8. Draft Tubes. An important part of the conduit system in reversible-unit 

pumped storage plants is the draft tube. This must be designed for flow in both 

directions and therefore must have trash racks to protect the units while pumping. 

The usual case calls for a conventional elbow draft tube, but variations are starting to 

appear in American practice; for instance, the “double-draft tube’? which is being 

used at the Kinzua project to permit draft-tube flows during generating to pass 

either to the reservoir area of the Allegheny Dam or to the tailrace area. The latter 

operation is used to obtain additional energy when downstream discharge can be 

scheduled. This draft tube is highly unconventional in design; as shown in Fig. 6, it 

consists of a vertical truncated cone with a center splitter cone, the draft-tube cone 

being supported on 12 solid steel columns of 3 ft 1 in. height. 

9. Penstock Valves. Modern American practice calls for large, spherical valves 

immediately upstream of the spiral case where they can be serviced by the powerhouse 

crane. Some of these valves are of unprecedented size and weight, the largest to date 

being the 114-in. valves weighing 130 tons each (without operators) at Kinzua. These 

valves pose considerable problems in powerhouse layout and design because of their 

huge size (length 10 ft 9 in., height 15 ft, width 18 ft 4in.). For this reason, a Belgian 

engineer, M. Greindl, has proposed reversible pump-turbines incorporating a cylinder 

valve into the turbine assembly and completely omitting other penstock valves of the 

conventional spherical type. 

10. Powerhouses. Powerhouses for pumped storage projects resemble con- 

ventional hydroelectric powerhouses, and they may be located on the surface or under- 

ground. Pumped storage plants often require more extensive valving and auxiliaries. 

For instance, most reversible pumped storage installations require complete tail-water 

depression systems. In American practice, pumped storage power plants are often cut 

into the hillside of the lower reservoir area. A horizontal power-tunnel section leads 

to a sloping or vertical penstock shaft which reaches the upper reservoir. Normal 
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reversible pump-turbines require a substantial submergence for pump operation, this 

submergence usually being in the range of 30 to 50 ft below minimum water level. 

Reversible pumps and pumps of high specific speed require deep submergence (as much 

as 150 ft at Cruachan), and this tends to favor underground powerhouse layouts. 

An important consideration is aesthetics, and many steps are being taken to avoid 

unsightly or unharmonious outside appearances. Again, this favors underground 

power plants in scenic areas such as Hudson River Highlands (Cornwall plant) and 

Cruachan in the Scottish Highlands. 

11. Lower Reservoirs. Lower reservoirs usually present the planner with fewer 

problems than their upper-reservoir counterparts. A lower reservoir is generally on a 

natural stream and may well be an existing reservoir built for flood control or other 

To upper reservoir 

29-Mva 
generator 2 200-Mva 

Generator-motors 

(Allegheny 
River) 

Butterfly valve 

Fia. 6. Section of Kinzua double draft tube. 

purposes. Lower reservoirs may have considerable catchment areas, and the expense 

of constructing an adequate spillway can be one of the major costs of the lower 

reservoir. Lower reservoirs tend to occupy valuable bottomland; so the cost of land 

acquisition and possible utility relocation is usually greater than for upper reservoirs. 

In recirculating pumped storage plants, make-up water to cover leakage and evapora- 

tion losses must generally come from natural inflow to the lower reservoir. 

A number of unusual types of lower reservoirs have been proposed in addition to 

reservoirs on natural streams, although as yet no projects have been developed 

involving such novel lower reservoirs. In England and Taiwan pumped storage 

schemes are proposed using the sea as a lower reservoir. (All tidal schemes would do 

the same.) A scheme using Lake Michigan as a lower reservoir has been proposed, as 

has a scheme utilizing a disused mine in Ohio for a lower pumped storage reservoir. 

An urban drainage and pollution-abatement scheme under study for the Chicage area 

would use large galleries tunneled in hard rock 700 ft below the city as a pumped 

storage lower reservoir. It is of interest to note that the daily circulation of the 

partially contaminated storm-sewer water in pumped storage operation would have a 

beneficial effect from the standpoint of pollution abatement and raising the level of 

dissolved oxygen in the water. 
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MACHINERY 

12. Reversible Pump-Turbines. These machines are covered in a separate section 

of this handbook under Turbines. 

13. Separate Pumps and Turbines. The most frequently used machinery arrange- 

ments in all pumped storage projects completed to date (1968) are the separate pump 

and turbine assemblies common to European practice. An example of this arrange- 

ment is shown in Fig. 7. The trend today seems to be toward the reversible pump- 

turbine machines for reasons of economy, but the predominance of existing installations 

of separate pump and turbine installations to date indicates the great value of this 

arrangement. Separate pumps and turbines operate on opposite ends of a main shaft 

which has as its center a motor-generator which turns constantly in one direction. 

The constant speed and single direction of rotation permit very convenient and swift 

changeover between pump and generating modes. Asshown in Fig. 8, this full change- 

over can be accomplished automatically in less than 2 min. When operating in the 

generating mode, the pump is brought quickly up to speed in the unwatered condition 

by the small synchronizing turbine on the main shaft; then an automatic coupling 

device connects the pump to the shaft of the motor-generator which is already at 

synchronous speed; the pump is watered; the pump shutoff valve is opened slowly and 

pumping starts; the turbine valve is closed; and the turbine is dewatered and it spins 
in air or vacuum during the pumping operation. 

PLANNING FOR PUMPED STORAGE 

14. Growth of Pumped Storage. Although pumped storage in Europe has experi- 

enced rather steady, progressive growth since its initial introduction in the late nine- 

teenth century in Germany, it is only since 1960 in the United States that it has shown 

important growth trends. As of 1968 (Table 1), there are 15 major pumped storage 

projects in the United States in operation or under construction. These plants 

aggregate 3,765 megawatts of electrical capacity. The National Power Survey, pub- 

Tasie 1. Pumprp STrorRAGE IN THE UNITED Srarzs, 1967, 

COMPLETED OR UNDER CONSTRUCTION 

‘ Date of Generating 
Project name 5 - 

operation capacity, megawatts 

Rocky iver m@ODMea arise cee er 1929 a 

IBUGHana Ms ML Oxia veces weeny aaamete tons 1950 12 

Hlatirony Coloma slrgciese ee 1954 8 

FAT Wialaeen IN: Gr vcceccon pan ater eels ee 1956 59 

SS WISLOM ING Nerynrie cient vee 1961 240 

DE Vbh ceipoh Wb lcs MWY KOE ros comic al cecemcn nie o 1963 350 

Smith Mountain, N.C........... 1965 132 

MardsrGuecicsiNuwta cypress ries 1966 337 

@abineereeker Colones wenuencitas 1967 325 

Mrrddya Qnyel satve entecuses cranes 1967 800 

TMibermaleay @alittwce vie cavle vis ciate 1968 60 

Opole, Calis accrue ope vues ees 1968 261 

Sar LAS COMIN, cate thalhenice cumin 1968 424 

PGI IUIG OE Benes) lene ies Wid ea eae 1969 300 

Keowee-Toxaway, S.C........... 1971 450 

3,765 
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25-12 PUMPED STORAGE 

lished by the Federal Power Commission in 1964, shows the projection of future 

pumped storage installations in the United States, indicating that 19 million kw will be 

installed by 1980, at which time pumped storage capacity would constitute 5.4 percent 

of the total electrical generating capacity in the nation. In view of this marked 

growth tendency, it is in order to review the principal considerations concerned with 

planning for pumped storage. 

15. Supporting Electrical Generating System, Daily Peaking Service, and Seasonal 

Water Demands. Pumped storage is not a prime mover by itself but rather depends 

on other sources of generation to provide the power which pumped storage can store 

for later use. This fact rather severely limits the amount of pumped storage capacity 

which can be installed in any electrical generating system and at the same time can be 

considered firm generating capacity. The three things that pumped storage can do 

are: first, store energy during one part of the daily or weekly cycle for subsequent daily 

peaking; second, store energy during one part of the seasonal hydrological cycle for use 

during later parts of the season; and third, store water during one part of the seasonal 

hydrological cycle for use (and possibly basin transfer) during the season. 

The first of these—daily peaking service—constitutes by far the largest use of 

pumped storage projects. Such installations are generally associated with generating 

systems that are dominantly or entirely thermal generation, with only a small hydro- 

electric component. Such systems are found in the flatter parts of Europe, that is, the 

northwestern part of Europe and the British Isles, as well as in the Eastern and 

Middle Western parts of the United States. Examples of seasonal energy storage are 

to be found in mountainous countries such as Switzerland and Austria, which are pre- 

dominantly hydroelectric. Examples of seasonal water storage are to be found in arid 

areas where the value of water deliveries is great enough to justify elaborate water 

storage facilities, such as in California. 

16. The Physical Site. Once the hydrological-system and power-system con- 

siderations have indicated the possibility for pumped storage installations, the next 

most important consideration is that of physical site. In general, the physical site 

should provide a head in the economical range, which is generally considered to be that 

adequately covered by reversible machines of economical size and speed. The opti- 

mum range would then be between 400 and 1,200 ft of head. Constant progress in 

reversible pump-turbine design is now permitting consideration of higher-head sites. 

Thus a 1,750-ft head at the Montezuma project in Arizona is now being planned (1968). 

Other important considerations for the physical site involve utilization of existing 

facilities and economics of water conductors. The most important single considera- 

tion for water conductors is that of total length. That is, the shorter the pressure 

conduit, the more economical the project. The pumped storage planner seeks sites 

with steep slopes which will shorten the water-conductor distance between the upper 

and lower reservoirs. The ratio of water-conductor length to head can vary anywhere 

from 2 up to 10. The optimum ideal ratio would-be 1, wherein the upper reservoir 

was located directly over the lower reservoir, and several projects involving mines or 

specially created caverns have been proposed which would realize this unity ratio. 

The other site considerations common to hydroelectric plants also apply to pumped 

storage planning, and these include foundation conditions, transmission distance, 

sources of construction materials, effect of climatic conditions, etc. 

17. Existing Project Facilities. Often a dominant consideration in planning 

pumped storage is the existence of transmission facilities or river reservoirs which can 

be incorporated into the pumped storage project, thus substantially reducing project 

costs. One of the larger inducements in the Eastern United States in recent years to 

construction of pumped storage has been the existence and development of hydro- 
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electric and other multipurpose reservoirs which, when built, became the key factor in 

making an associated pumped storage development economically feasible. The Kin- 

zua project, the Muddy Run project, and the Tocks Island project fall into this 

category. 

18. Evolution of Machinery. This factor has had a great effect on pumped storage 

planning. The greatest single breakthrough was the reversible pump-turbine per- 

fected in the 1950s and 1960s, although originally used at a much earlier date. A bold 

example of the first large-capacity reversible pump-turbine was the Taum Sauk 

installation of the Union Electric Company, where two 175-megawatt units were first 

operated in December, 1963. The possibilities of higher-head single-stage pumping 

have been developed rapidly with the reversible pump-turbine. Previous to the 

reversible-pump-turbine development, the maximum pumping head for a single-stage 

pump was generally considered to be in the range of 600 ft. There are now installa- 

tions of single-stage reversible pump-turbines more than double this amount, and 

technology is constantly pushing up the head possible for reversible-pump-turbine 

installation. The perfecting of microwave and other remote-control techniques has 

permitted the planning of unattended pumped storage plants, and this has greatly 

enhanced their economic attractiveness. 

19. Economic Comparisons with Alternative Power Sources. Although pumped 

storage planners have been accused of eying attractive pumped storage sites with the 

zeal of visionaries, it is almost without exception the case that cool and impartial 

economics must justify pumped storage developments. This fact necessitates com- 

plete analysis and comparison of a proposed pumped storage development with all 

possible alternative sources of the same electrical or water storage service. In general, 

sources of electrical peaking power would be from older existing thermal units; newly 

built steam units such as gas-turbine units; diesel units; and in some cases utilizing the 

demand-responsive characteristics of the more modern design of nuclear plants. If 

water storage for seasonal flow regulation is the primary purpose of a proposed pumped 

storage project, then alternative projects for cost-comparison studies would include 

groundwater storage, water storage in gravity-fed reservoirs, and reuse of existing 

water resources. 

20. Economic Analyses. In the opinion of the author, the best form of economic 

analysis for a proposed pumped storage plant includes comparison with alternative 

installations and system fuel costs considering the alternative installations. For 

daily peaking the three greatest advantages for pumped storage will generally be 

found to be: first, low capital cost; second, ability to bring full power onto the line 

quickly (usually in less than 10 min); and third, progressively decreasing generating 

costs as lower-cost pumping energy becomes available in the system in future years. 

The greatest disadvantage to pumped storage is usually the lhmitation on energy 

availability from it. In those pumped storage installations which involve water 

transfer and seasonal distribution of water service, the economies of daily peaking will 

assume less importance, and the economics of water service will tend to dominate. It 

should be noted here that in certain pumped storage installations there are side uses 

which may have an influence on the economic decision. Such items would include 

potential use of upper reservoir for municipal water supply and, in certain cases, 

marginal flood-control benefits attributable to the pumped storage installation. At 

Keowee-Toxaway (South Carolina), a major consideration for an initial hydro and 

pumped storage installation of 610 megawatts is that its 18,400-acre reservoir will pro- 

vide a future cooling pond for up to 7,000 megawatts of nuclear capacity to be added 

to the Duke Power Company system in future years. The present-worth value of this 

future cooling-pond benefit has been estimated to exceed $2 million in this case. 
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EXAMPLES OF MODERN PUMPED STORAGE PRACTICE 

21. Example A. San Luis Project—Pumped Storage in Water-conveyance System. 

A modern example of the incorporation of pumped storage into a major long-distance 

water-conveyance system is the San Luis pumping generating plant, a joint facility of 

the U.S. Bureau of Reclamation and the California Department of Water Resources. 

This plant, scheduled for operation in early 1967, essentially provides for seasonal off- 

channel storage of surplus waters being transferred from northern to southern Califor- 

nia. Reversible pump generating units are employed, and off-peak pumping as well as 

on-peak generating will be used to the maximum extent consistent with the water- 

delivery schedule. A more detailed description of the plant follows. The pumping 

generating facility is housed in an outdoor powerhouse structure, approximately 480 ft 

in length by 90 ft in width and 110 ft in height. This is located in the left abutment of 

the San Luis Dam, a 78 million cu yd earth-fill structure. The plant will house eight 

vertical-shaft pump-turbine generator units. The pump-turbines are of the Francis 

type and have elbow draft tubes and spiral cases with fixed-stay vanes and no wicket 

gates. To accommodate the very large variations in operating heads ranging from 

100 to 327 ft, the pump turbines are designed to pump or generate at either 120 or 150 

rpm. Each unit will pump 1,375 cfs at 290 ft of static head at a speed of 150 rpm. 

Each unit will also, when generating, pass 1,640 cfs at the rate of 197 ft and a speed of 

120 rpm. Each turbine is fitted on the upstream side with a butterfly valve, and each 

pair of units is further protected by a fixed wheel gate at the reservoir end of the high- 

head conduit tunnel. 

The reversible motor-generator units are rated at 63,000 hp for motor operation 

and 150 rpm and 0.95 power factor, and are rated for 34,000 hp for motor operation at 
120-rpm unit power factor. The generators are the synchronous type and will operate 

at 13.8 kv as generators and 13.2 kv as motors. Rated output of each generator will 

be 53 Mvaat unity power factor and 150 rpm, or 34 Mva at unity power factor and 120 

rpm. The motor-generators are designed to operate at 150 rpm as synchronous con- 
densers. For starting of the pumps, the electrical across-the-line starting system will 

be used, and this can be employed either with water in the impeller zone or in the 

unwatered condition. 

In operation, the surplus wintertime water in the north portion of the California 

aqueduct will be pumped from the San Luis forebay into the San Luis upper reservoir, 

a 2 million acre-ft seasonal storage facility. To the maximum extent possible, 

pumping will be done during off-peak hours. Later, during the irrigation season, 

water will be released from this San Luis reservoir back into the California aqueduct 

for transfer south. The stored energy will be reclaimed by the generating function of 

the pump generating plant. 

22. Example B. Kinzua Pumped Storage Project. The Kinzua pumped storage 

project in northwestern Pennsylvania is basically a recirculating pumped storage 

project but has an additional flow-through hydro power feature to utilize the hydro 

potential of allowable downstream releases. The project, as shown in Fig. 9, is built 

in connection with a U.S. Army Corps of Engineers flood-control dam located on the 

Allegheny River. The project comprises the following elements: (1) low-head intake, 

(2) power plant, (3) high-head tunnel conduit, and (4) upper reservoir. The lower 

intake structure built in the pool of the Allegheny Dam permits flow in either direction 

between the Allegheny Reservoir and the power plant. This intake structure contains 

two fixed-wheel-type vertical gates, one for each of the conduits. These gates are 

capable of withstanding unbalanced pressure against either face of the gate, and each 

gate can be operated by hydraulic hoists. One closure bulkhead is provided which can 

operate in separate slots upstream of the intake gate. An interesting feature in 
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connection with the lower intake is the two temperature-controlling bulkheads, which 

are provided to permit the withdrawal of low-temperature water for downstream 

release from various levels within the reservoir. Low-head conduits of 15 ft diameter 

lead from the lower intake to the power-plant structure. The power station itself 

houses two reversible pump-turbines and their associated motor-generators. In the 

generating direction the rated capacity of each of these units is 175 megawatts. A 

smaller pure hydro unit of 30 megawatts is included in the plant. Unit 1 nearest the 

Allegheny Dam is a pure recirculating unit and can handle water only between 

Allegheny Reservoir and the upper reservoir. Unit 2 in the center of the power plant 

can perform a similar function. In addition to this, it is also capable of drawing water 

from the upper reservoir and discharging into the Allegheny River downstream of 

Kinzua Dam. Thus, there is additional head benefit at times when water may be 

Fia. 9. Artist’s conception of Kinzua project. 

released downstream, in connection with the low-flow-augmentation operations of 

Allegheny Dam. Unit 3 operates only in a generating direction, receives its entire 

water supply from the upper reservoir, and discharges only into the Allegheny River 

downstream of the dam. ‘This unit is sized to pass the basic 500-cfs minimum down- 

stream release specified by the Corps of Engineers. 

An additional function of the 30-megawatt Unit 3 is its starting duty. This unit 

provides a starting torque for the reversible units when they are being started in the 

pumping mode. The generator-motors will be started one at a time by connecting the 

armature of each to the armature of the Unit 3 generator at standstill. Using separate 

excitation the Unit 3 turbine will accelerate its generator and the electrically connected 

motor of the larger unit in synchronism up to rated speed. The time to bring the 

pump to operating speed will be less than 5 min. 
The high-head conduit connects the pumping plant and the upper reservoir. On 

the horizontal run of approximately 2,300 ft, this conduit has 10 percent slope and is 

concrete-lined with an inside diameter of 22 ft 4 in. As the high-head conduit 

approaches the river valley it is steel-lined to take unbalanced pressures under the 



25-16 PUMPED STORAGE 

reduced rock cover. At this point the diameter is reduced to 21 ft 6in. A vertical 

run leads up to the morning-glory-type intake in the upper reservoir. 

The upper reservoir is located about 800 ft above Kinzua Dam and horizontal at a 

distance of approximately 2,000 ft from the dam. The upper reservoir is circular in 

plan, is fully lined with bituminous concrete, and is serviced by a single morning-glory- 

type intake. Over this intake a 100-ft-diameter flat-plate vortex suppressor is 
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Fre. 10. Smith Mountain daily loading diagram. 

provided to prevent vortex action which might draw in floating ice to the turbines 

during generating direction under adverse weather conditions. The upper reservoir 

contains an emergency spillway equal in capacity to the pumping capability of the two 

reversible units. The 6,000-acre capacity of the upper reservoir provides for 11 hr of 

continuous generation at full capacity. The 325-megawatt Kinzua project will be 

connected into an electric-utility power pool which contains more than 15 million kw 

total capacity and will have more than 1 million kw of pumped storage capacity at the 

time Kinzua is tied into the pool. 

23. Example C. Smith Mountain Project. Smith Mountain project is an excel- 

lent example of the multiuse pumped storage project. It consists of two dams in 
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tandem on the Roanoke River. By pumping backwater to the upper reservoir for 

reuse, the installed capacity of this project, which has been studied previously as a 

straight hydro two-stage development, was increased by a factor of 10. The total 

installed capacity of the project is 440 megawatts, of which 40 megawatts is in con- 

ventional hydro at the lower dam at Leesville. Provision is made for a fifth reversible 

140-megawatt unit. Figure 10 illustrates how the Smith Mountain operation of 

pumping during off-peak and generating during on-peak hours fits with its intertied 

system of operations. It is noted here that the existing hydro generation of the system 

is accorded even higher position on the peak generation than is the pumped storage 

which came at a later date. By using weekend pumping, pumping energy is sufficient 

to ensure a firm peaking energy of 2 million kwhr per day. 

Fic. 11. Lewiston pumped storage plant (background) and the Robert Moses hydroelec- 
tric plant (foreground). 

A unique feature of the Smith Mountain project is the configuration of the power 

plant containing the reversible pump-turbine units with the 235-ft-high arch dam. 

Free-standing penstocks incorporating two 90-deg turns lead from a high-level intake 

on the dam face to the turbine units. This permits the release downstream of reservoir 

surface waters containing adequate dissolved oxygen for fish and wildlife requirements. 

24. Example D. Lewiston Pumped Storage Project. This project is an excellent 

example of a low-head daily-peaking pumped storage project operating in connection 

with a large conventional hydroelectric plant. Thus, while the rated pumping head is 

only 85 ft, the effective generating head is 389 ft (75 ft at the Lewiston pumped storage 

plant plus 314 ft additional at the 2,190-megawatt Robert Moses hydroelectric plant 

located immediately downstream, as shown in Fig. 11). 

Both these plants are on the American side at Niagara Falls, and by treaty larger 

flows can be diverted from the falls for power use at night than during the day. 

Although this treaty provision protects the scenic values of the falls, it results in the 

availability of the largest power flows at off-peak nighttime periods. Essentially the 

purpose of the Lewiston pumped storage plant is to reconcile the treaty flow pattern 
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with the electrical-system demand pattern, and in this sense it is a special-purpose 

installation. 

The Lewiston pumped storage plant contains 12 motor-generators directly con- 

nected to 12 reversible hydraulic pump-turbines. Each electrical unit is rated at 

37,500 hp as a motor and at 20,000 kw as a generator operating at 112.5 rpm in either 

operation mode. Rated discharge of each pump is 3,400 cfs, 85 ft net head. Pumps 

are started ‘“‘across the line.’”? The plant, which includes a highway bridge on its 

lower deck, cost about $300 per kilowatt installed at Lewiston or about $30 per 

kilowatt installed at Lewiston and Robert Moses plant combined. 



SECTION 26 

HYDRAULIC MACHINERY 

By Lewis F. Moopy! ann THapprus Zowsk1 

HYDRAULIC TURBINES 

1. General Classification. Hydraulic power-generating machines, or hydraulic 

prime movers, comprise most broadly the following: the early types of water wheels 

including the so-called current wheels utilizing the velocity of an open stream and 

gravity wheels, such as overshot, breast, and undershot wheels utilizing the elevation 

head of water, which are now obsolete; positive-displacement motors, utilizing 

pressure without significant effects of changes in the fluid velocity, such as recipro- 

cating or rotary displacement motors which are used mainly in fluid-power applica- 

tions other than water-power development; and hydraulic turbines. Turbines involve 

in their action a continuous transformation of the potential energy of the fluid into 

kinetic energy (and in reaction turbines a subsequent reconversion) and a conversion of 

kinetic energy, or of both kinetic and potential energy, into useful work. Turbines are 

the only prime movers of importance in modern hydraulic power development and are 

the only class that will be considered here. 

Hydraulic turbines are divided according to their hydraulic action into two main 

classes: empulse turbines and reaction turbines. These terms should be regarded as 

names, having no special hydraulic significance in differentiating between their actions 

but being firmly established in general usage. 

Impulse turbines are represented in modern practice by the Pelton-type water 

wheel, illustrated in Figs. 1 through 4. In an impulse turbine, all the available head 

is converted into kinetic energy or velocity head in one or more contracting nozzles 

(Fig. 4) by which the water is formed into one or more free jets before acting upon the 

runner. Throughout its action in the runner the water flows with free surfaces in 

buckets which it only partly fills, its flow thus being similar to that in an open channel. 

During this action, the water is in contact with the air, and although the Pelton wheel 

is provided with a housing to prevent splashing and to guide the discharge, this housing 

contains air usually at atmospheric pressure, through which the water discharged 

from the buckets falls freely into the tail water. 

In reaction turbines, the entire flow from headwater to tail water takes place in a 

closed conduit system, being laterally constrained on all sides. At the entrance to the 

runner, only a part of the available head is converted into kinetic energy, a substantial 

part remaining in pressure head which varies throughout the passage through the 

turbine. The flow thus resembles that in a closed pipe system. In all modern forms 

of both impulse and reaction turbines, the water in entering the runner exerts upon it a 

force in the direction of flow, termed in hydraulics an impulse; and at discharge from 

the runner, it exerts a reaction opposite to its direction of flow. 

Reaction turbines are represented in modern practice by two principal types, the 

Francis turbine, illustrated in Figs. 5 to 10, and the propeller turbine, illustrated in 

1 Deceased, April, 1953. This section has since been revised, updated, and supplemented for the 
Third Edition by Thaddeus Zowski. 
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Fic. 1. Impulse turbine (Pelton type) rated 12,000-hp, 2,490-ft net head, 600 rpm. Typi- 

eal horizontal-shaft single-jet arrangement with single overhung runner. Straight-flow 

nozzle with external needle servomotors. (Allis-Chalmers Mfg. Co.) 
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Figs. 11 to 18. Propeller turbines are subdivided into fixed-blade and adjustable- 

blade types; the latter are represented primarily by the Kaplan-type turbines. 

Intermediate types, such as diagonal-flow turbines, have also been developed. Adjust- 

able-blade diagonal-flow turbines, known also as Deriaz-type turbines, came into 

commercial service in 1957. 

Reaction turbines may operate with inward, outward, axial or mixed flow through 

the runner (these directions referring to the velocity components in a meridional 

plane, a plane containing the runner axis), and the general theory outlined later can be 

Fic. 2. Shop assembly of horizontal-shaft single overhung runner double-jet impulse 
turbine rated 28,000-hp, 1,580-ft net head, 450 rpm, for Paucartambo plant of Cerro de 
Pasco Corp., Peru. Runner with detachable buckets bolted on in pairs. (Three units by 

Allis-Chalmers Mfg. Co.) 

applied to any of these cases. In the Francis turbine, the flow passes inwardly 

through a circular series of wicket gates, pivotally adjustable for regulation and 

forming contracting passages in which a part of the head is converted into velocity 

head. The streams issue from the wicket gates in a direction having both radial 

inward and tangential velocity components. The streams then merge within the 

space between the wicket gates and runner and form a continuous ring of revolving and 

inwardly progressing water. ‘The water then enters the runner passages in which the 

radial component of motion is gradually turned between the hub and outer band into 

the axial direction, while the tangential or whirl component is gradually deflected by 

the vanes until at discharge from the runner only a small whirl component remains. 
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The flow then passes through a draft tube which by means of gradually increasing 

cross-sectional areas reduces the velocity, thus reconverting a large part of the | 

residual kinetic energy remaining in the runner discharge into effective head, which is 

utilized through a reduction in the static pressure against which the runner discharges. 

In the propeller turbine, the flow through the runner is axial in the meridional 

plane as it passes through the annular throat section of the water passage between the 

runner hub and discharge ring. The runner has relatively few blades, usually 

between three and ten, with free outer ends revolving within the stationary discharge 

ring with as small running clearance as is practical. The relative velocity between 

Fria. 3. Impulse turbine runner (Pelton type) with buckets cast integrally with the hub. 
(Allis-Chalmers Mfg. Co.) 

the blades and water is high, and undergoes comparatively little change as the water 

passes through the runner. In this last feature, the propeller turbine approaches the 

action in an impulse turbine in which the relative velocity remains practically constant 

in its passage through the runner buckets. 

An important subdivision of the propeller turbine is the Kaplan adjustable-blade 

turbine in which the individual runner blades are pivotally mounted in the hub so that 

their inclination may be adjusted during operation, by governor action, simultaneously 

with the adjustment of the wicket gates, to meet changing power demands and 

changes in head. The blades are adjusted by means of a mechanism which connects 

them with aservomotor. Theservomotor is usually operated by oil pressure admitted 
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Pia. 4. Straight-flow-type nozzle with internal needle servomotor for Pelton-type impulse 
turbine. (Hscher Wyss Ltd.) 

from the governor through a blade control valve which is actuated from the wicket- 

gate movement by means of a cam and causes the runner-blade inclinations to cor- 

respond to the positions of the wicket gates. 

Reaction turbines have been applied commercially for heads up to 2,205 ft.} 

Impulse turbines of the Pelton type have been used for heads up to 5,800 ft.2 Pro- 

peller turbines have been employed for heads up to nearly 290 ft. 

Except for small installations under low heads, reaction turbines are equipped 

1 Francis turbines for the Rosshag power station, Austria; 58.4 Mw each under 672-meter maximum 

net head; built by Escher-Wyss and Maschinenfabrik Andritz, Austria. 

2 Impulse turbines at the Reisseck plant, Austria, 31,000 hp, 5,800-ft head; built by Charmilles, 
Geneva. 

’ Kaplan turbine at the Nembia plant, Italy, 18,000 hp, 288.7-ft (88-m) maximum head, built by 

Franco Tosi, Milan. 
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with spiral casings, these being usually of circular section and constructed of cast steel 

or plate steel. In low-head plants (less than about 100 ft), the spiral casings are 

usually of partly rectangular section, formed in the concrete substructure of the 

powerhouse. For small installations under very low heads (about 30 ft or less), open- 

flume settings have been used, the runner and wicket gates being placed in an open 

rectangular or partly spiral flume into which the free surface of headwater extends. 

The foregoing statements regarding the absence of free surfaces exposed to air in 

reaction turbines should be qualified to this extent: many high-speed Francis and 

Fic. 5. Francis-type runner for one of the turbines rated 204,000-hp, 179-ft net head, 
100 rpm for the Smith Mountain Dam powerhouse. Runner fabricated by welding weighs 
285,000 lb and has outside diameter exceeding 246 in., requiring splitting upon completion 
into halves for shipping. (Baldwin-Lima-Hamilton Corp.) 

propeller turbines are equipped with automatically controlled valves for admitting air 

to the water passages in or near the runner during part-gate or light-load operation. 

This permits a portion of the flow to approach open-channel or free-jet characteristics, 

but the action takes place within completely enclosed spaces and the pressure of the 

air in the flow is not atmospheric. This admission of limited quantities of air improves 

the operation of Francis turbines under small loads, and the air is shut off progressively 

and automatically as the wicket gates are opened. In fixed-blade propeller turbines, 

air admission is frequently advantageous nearly up to normal gate opening. 

Impulse turbines are regulated by needle nozzles, two types of which are shown in 
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Figs. 1 and 4. The straight-flow nozzle eliminates the disturbance of the jet caused 

by curvatures of water passages in an elbow-type nozzle. Since the flow in the 

penstock cannot be suddenly:altered for quick regulation because of its great inertia, 

the needle nozzle is usually supplemented by either a jet deflector or an auxiliary 

nozzle. Upon load rejection, the governor acts immediately to bypass a part of the 

jet by means of either the deflector or auxiliary nozzle so that a part of the flow is 

removed from acting on the runner, after which a slow-closing action controlled by a 

dashpot permits the needle to close slowly while the deflector or auxiliary nozzle is 

simultaneously withdrawn from action. 

Fia. 6. Francis-type runner for one of the Garrison Dam power-plant turbines rated 
90,000-hp, 150-ft net head, 90 rpm. Runner is one of the largest cast in one piece in the 
United States. Outside diameter 223.5 in.; weight 150,000 lb. (Baldwin-Lima-Hamilton 

Corp.) 

In reaction turbines having long penstocks, as in high-head installations, pressure 

regulators or relief valves are applied to bypass temporarily part of the flow from the 

turbine casing to the tailrace during quick closure of the wicket gates, in order to avoid 

too rapid deceleration of the penstock water column with consequent undue rise in 

pressure due to inertia effects or water hammer. Dashpot control permits the sub- 

sequent slow closure of the relief valve to minimize loss of water. Pressure regulators 

of several forms, principally of the angle-needle-valve type with matching energy 

absorbers, are in use. More recently, the Howell-Bunger conical hollow-jet-type 

valve has been applied to this service because of its relative simplicity combined with 

economy and good energy-dissipation capability. 

For economical utilization of low heads up to about 50 ft, special axial-flow tur- 

bines of the tubular type have been developed. Conventional-type turbines with 

their spiral or semispiral cases and elbow-type draft tubes involve considerable costs in 
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the structural features of the powerhouse because of the relatively large water passages 

needed to pass sufficient flow through the machines to develop significant power out- 

puts under the low heads. This results in powerhouse structures which have large 

dimensions relative to the available head. Tubular turbines, by straightening the 

flow through them from forebay to tailrace, confining it to a substantially axial 

direction, and placing the shaft axis in a horizontal or slightly inclined position, enable 

the use of a more compact and simplified powerhouse structure. Furthermore, the 

straight axial flow enhances turbine performance, permitting increased operating speed 

Fic. 7. Shop assembly of Francis turbine rated 115,000-hp, 440-ft net head, 180 rpm, for 

Hoover Dam power plant. Welded-plate-steel spiral casing with pressure regulator. 

(Allis-Chalmers Mfg. Co.) 

and output, thereby reducing the size and cost of the machinery for a given output. 

The extensive research and development work on axial-flow turbines of the tubular 

type since their introduction in Europe in 1936 has produced highly efficient machines 

which are adaptable to an increased range of operating conditions, thereby opening up 

new prospects for economical development of low-head power sites and of tidal power. 

Tubular turbines are a development of an idea originated and patented in 

America in the early 1920s by L. F. Harza, and utilized subsequently in a number of 

European low-head installations. The original design approached the ideal axial-flow 

machine by passing the water through a rim-type generator, which had its rotor 

attached to the periphery of the runner blades. Initial mechanical difficulties due to 

water leakage and excessive frictional losses in the water seals were overcome in later 
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designs. Fifty-four of the modified units have been operating under remote control 

in Germany for many years (the first unit for more than 25 years) without undue 

maintenance problems. A more recent development is the bulb-type! turbine in 

which the generator is placed in a bulb-shaped watertight steel housing located in the 

center of an enlarged water passage (Fig. 17). Many variations of the bulb-turbine 

design, with generator driven by the turbine either directly or through gears, have 

been built and put into successful service. Bulb turbines built as reversible machines, 

with the generator designed so it can also operate as a motor to drive the turbine as 

a pump, are used in the world’s first large-scale development of tidal power on the 

Rance River estuary in France, where 24 bulb pump-turbines are installed (Fig. 73) 

Fria. 8. Shop assembly of welded-plate-steel spiral case for one of Francis turbines rated 

73,000-hp, 115-ft net head, 100 rpm for the Oxbow power plant of the _ Idaho Power Com- 
pany. Casing inlet diameter 23 ft. (Newport News Shipbuilding and Dry Dock Co.) 

The presence of the bulb-shaped generator housing in the center of the water 

passageway of the bulb-type turbine requires an enlarged water passage around the 

bulb; in this respect the bulb unit falls short of the earlier tubular design with rim 

generator, which virtually achieved the pure axial-flow-design objective. A type 

of tubular turbine developed in America and known by the copyrighted name of 

“TUBE” turbine avoids the use of a bulb in the water passageway and uses a con- 

ventional horizontal-type generator located outside the water passages where it is 

fully accessible.2 By inclining the turbine-generator shaft, the generator can be 

placed above the water passageway without requiring deep excavation for the draft 

tube (Fig. 18). Comparative-cost studies for several low-head projects in America 

have shown that TUBE units offer a significant improvement in the economy of low- 

head installations. 

1Casaccr, S. X., and E. E. Cuarus, ‘‘The Bulb Turbine,’’ ASME Paper 64-WA/FE-27, 1964. 
Barrreaay, C. L., and H. Wippern, ‘Tubular (Bulb) Turbines,’’ Escher Wyss News, No. 3, 1962. 

2 Mayo, H. A., Jr., ‘‘Tube Turbine Units and Their Application,’ ASME Paper 65-WA/FE-12, 

1965. 
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2. Effective Head, Power, Efficiency. Figure 19 illustrates diagrammatically a 

reaction turbine supplied by a penstock and discharging through its draft tube into 

the tailrace. The turbine proper is, according to standard practice, taken to begin at 

the entrance to the turbine casing and to end at a section of the tailrace just beyond 

the physical end of the draft tube. The turbine thus comprises the casing, distributor, 

runner, and draft tube. The interdependence of the actions of the draft tube and the 

runner requires that the draft tube be considered an integral part of the turbine. 

The effective head under which the turbine operates corresponds to the difference 

between the total energy contained in the water immediately before its entrance into 

the turbine and immediately after discharge from the turbine. 

Fic. 9. Shop assembly of nonembedded parts of a Francis turbine rated 210,000 hp at best 
efficiency, 300-{t net head, 120 rpm, for the Robert Moses Niagara power plant. (Baldwin- 
Lima-Hamilton Corp.) 

If we remember that an amount of water weighing W lb falling through a vertical 

distance H is capable of delivering WH ft-lb of work, an amount of head may be 

considered either as an elevation H above some selected datum of reference or as 

specific energy, 7.e., an amount of energy in foot-pounds per pound of water flowing, 

or WH/W. If a gage glass is connected to a piezometer orifice in the penstock 

adjacent to the inlet of the turbine casing, the potential energy in the water entering 

the turbine will be represented by the height to which the water rises in the gage glass. 

To this must be added the velocity head corresponding to the kinetic energy in the 

entering flow. This corrected elevation may be thought of as a virtual elevation 

equivalent to that of still water in a large forebay feeding the turbine directly. In 
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the same way, on the tailrace side the tail-water elevation must be corrected by adding 

the velocity head at the point of measurement to give an equivalent still-water 

elevation representing the total energy remaining in the water at discharge from the 

turbine. The difference between these two equivalent elevations represents the 

effective head H; or in the words of the ASME Test Code for Hydraulic Prime Movers, 

PTC 18-1949: 
“The effective head on the turbine shall be taken as the difference between the 

elevation corresponding to the pressure head in the penstock at the entrance to the 

turbine casing and the elevation of tailwater, the above difference being corrected by 

aac 

f 5 ; 
4 » by clot L, 

Sees, sy 
k i] ra i 4 4 } 
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Fia. 10. Sectional elevation of 210,000-hp turbine for the Robert Moses Niagara power 

plant. (Seven turbines by Baldwin-Lima-Hamilton Corp., six turbines by Newport News 

Shipbuilding and Dry Dock Co.) 

adding the velocity head in the penstock at the section of measurement and subtract- 

ing the residual velocity head at the section of measurement in the tailrace.”’ 

If the specific weight of the water is w lb/cu ft and the quantity passing through 

the turbine is Q cfs, the power available due to wQ lb of water falling H ft is wQH 

ft-lb/sec, and the available horsepower, or water horsepower, 1s 

wQH 

550 
PR = (Ge) 

Not all this power can be delivered through the main shaft of the turbine to the 

electrical generator or other driven machine, because a portion is lost in hydraulic 
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resistances and eddies within the turbine, in leakage around the runner, in frictional 

losses such as disk friction on a Francis runner crown and in bearing and seal friction 

on the shaft. By calling the turbine efficiency e, the delivered or brake horsepower is 

550 @) 

3. Fundamental Principles of Turbine Action. Relative and Absolute Velocities. 

In the simple inward-flow reaction turbine shown schematically in Fig. 20 the 

water passes through the contracting passages between the guide vanes from which it 

issues in an oblique direction having both radial and tangential components with 

respect to the turbine axis. When the water reaches the entrance tips of the runner 
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—ring * Air pipe for \ 

toil water 
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Fic. 11. Sectional elevation of 79,000-hp, 81-ft net head, 94.7-rpm fixed-blade propeller 

turbine for the St. Lawrence Power Dam powerhouse. Runner diameter 240 in. (Hight 

turbines by Allis-Chalmers Mfg. Co.) 

vanes (buckets), it has a velocity Vi. Now consider the velocity both with respect to 

the stationary system and with respect to the revolving runner; the first, denoted by 

Vi, represents the motion as it would appear to a stationary observer and is termed 

the absolute velocity. The second, denoted by v, represents the motion as it would 

appear to an observer riding around on the runner and is termed the relative velocity. 

V, and v are related by forming a vector triangle with w1, the linear velocity of the 

corresponding point on the runner, here the runner-vane entrance tips. All velocities 
will be expressed in feet per second. 

This relation may be understood by considering the movement of a particle in a 

small time interval At. Suppose Fig. 20b represents a plane revolving with the runner. 

A particle starts at a and moves to b, ab being the relative motion, or the motion as 

it would appear to an observer moving with the runner. If we now change our point 
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of view to that of a stationary observer, the particle is seen to have started at a and 

moved to c, while the point 6 on the runner has moved from 6 to c. Thus be is the 

movement of the runner and ac the absolute motion of the particle. The absolute 

motion ac is thus seen to be the resultant of ab and be. The velocities are propor- 

tional to the movements in the given time, so that thé absolute velocity V; is the 

resultant of the relative velocity v; and the linear velocity of the point of reference 

on the runner, w, the three forming a closed triangle. A similar relation applies 

at the exit from the runner, where v is the exit velocity relative to the runner, wz 

Fic. 12. Model of turbine and generator for Priest Rapids power plant. Kaplan-type 
turbine rated 114,000 hp, 78-ft net head, 85.7 rpm; runner diameter 284 in. (Ten units by 

English Electric Company Ltd.) 

the linear velocity of the exit point on the runner, and V» their resultant, the absolute 

velocity of discharge from the runner. Since uw; and wz are the circumferential 

velocities of two points on the same runner, they are proportional to their radial 

distances from the axis of rotation 

2rr,N 2rroaN 

je mer ee Saar 0 (3) 

and w,/u2 = 11/r, N being the rotational speed, rpm, and 7; and rz the radii, ft. 

It is convenient to extend the system of notation to include the angles of the inflow 

and outflow triangles and the tangential components of the velocities, or the whirl 

components. These designations are shown in Fig. 20c. The direction of v», 7.e., the 
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angle 82, is the direction imparted by the runner vanes at discharge, so that 62 is 

substantially the inclination of the discharge portion of the runner vane. Similarly, 

when the turbine is running at its proper speed, the direction of v, should closely con- 

form to the direction of the runner vane at the entrance, to avoid “shock”’ or eddy 

formation. 

Force and Torque Relations. Let us now consider the forces exerted on the runner 

by the impulse and reaction of the entering and leaving water and the moments of 

Fie. 13. A runner, shaft, and head cover assembly being lowered into the turbine pit of 
one of the 114,000-hp Kaplan turbines in the Priest Rapids powerhouse. Weight of 
assembly 750,000 lb. (Hnglish Electric Company Ltd.) 

these forces upon the runner. At every point of the outer periphery of the runner, 

a cylindrical surface containing the entrance edges of the vanes, the flow enters with 

a velocity Vi, and every stream element comprising a flow of dq cfs exerts upon the 

runner a forward force or impulse w(dq) Vi/g, according to the momentum principle or 

that of the impulse of a jet. The tangential component of this force is everywhere 

[w(dq) Vi/g] cos o1, or in our notation w(dq)Vui/g, and its moment acting on the run- 

ner is [w(dq) Vui/g]ri. Hence the total moment of all the entering water 1s wqVwiri/g, 

in which q is the total quantity of water passing through the runner per second. 

Similarly, at discharge from the runner, the total moment of the backward reaction 
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Fic. 15. Diagrammatic arrangement of the blade-operating mechanism, oil-supply head, 
and cam-operated blade-control valve of a Kaplan-type turbine. (Allis-Chalmers Mfg. Co.) 

of the leaving water all the way around the inner periphery 1s wgVu2r2/g. Hence the 

net turning moment exerted on the runner is (wqg/g)(mi1Vui — r2Vuz2); and this is 

balanced by the resisting torque, due to the useful load on the shaft, and mechanical 

friction. If g = Q — Qz, in which Qz is the leakage loss, or flow that bypasses the 

runner through the clearance spaces, and e, is the volumetric efficiency (Q — Q1)/Q, 

we can put g = e.Q. 
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Fire. 16. Diagonal-flow adjustable-blade runner of the 30,500-hp, 180-ft net head, 300- 

rpm Deriaz-type turbine for the Culligran power station of the North of Scotland Hydro- 
Electric Board. (English Electric Company Ltd.) 

This moment when multiplied by 27N/(60 X 550) gives the horsepower trans- 

mitted from the water to the runner; and this power multiplied by the mechanical 

efficiency em, to allow for the losses in bearing friction and in seal friction on the shaft, 

is equal to the power delivered by the shaft to the generator or other driven machine, 

7.e., the delivered or brake horsepower. Hence, 

2rNwQerem ; V ae wQHe 

60 X 550g (1¥a — 72V ua) = “5G 

If we subdivide the efficiency into volumetric efficiency e,, mechanical efficiency en, 

and hydraulic efficiency e;, then e = e.é€mex; and if we remember that 277,.N/60 = wi 
and 2rr.N /60 = w», the preceding relation becomes the Euler formula, 

UwiVur — U2Vue = gen (4) 

This is a relation of major importance in turbine design and analysis. ! 

The foregoing moment equation may be applied to the case of the flow in a vane- 

free space, such as the flow in the casing, in the transition space between the guide 

vanes and runner, and in the draft tube. 

1 Bxcept in small turbines and those of the low-speed type, the bearing friction and seal friction are 

of small proportions, amounting usually to only a fraction of a percent, and the leakage loss seldom 

exceeds 1 or 2 percent, so that in the region of specific speeds greater than about 30 the hydraulic effi- 

ciency e, will exceed the turbine efliciency e by an amount seldom greater than 1 or 2 percent, 
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Consider the equilibrium of the ring of water occupying the doubly hatched 

annular space shown (Fig. 21) in a conduit bounded by surfaces of revolution. The 

space is free of vanes. 

The moment exerted by the water entering and leaving the annular space must be 

equated to zero, for there are no vanes to resist it or to abstract power. Since steady 

flow is being considered, constant with respect to time, any moment exerted on the 

TAILWATER 

Fig. 18. TUBE turbine unit of 33,800-hp capacity at 26-ft net head (32.3-ft rated 
head), 60/514.3 rpm for the Ozark Lock and Dam powerhouse of the U.S. Army Corps 
of Engineers. Runner diameter approximately 315 in. (Five wnits by Allis-Chalmers 

Mfg. Co.) 
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free mass of water within the annular space would accelerate it indefinitely and destroy 

the balance of forces essential to steady flow. Hence in this case, 

os Via —1Via) = 0 

and T1Viur = T2Vue2 

If the flow enters at some radius 79 with tangential velocity Vio, then V, at any 

point is given by 

ou a, rVu = roVu0 = (a constant) @ 
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z.e., the whirl component of the velocity varies inversely as the radius. This is the 

vortex law, or the principle of constancy of moment of momentum. 

Although the principles just derived have been demonstrated for a purely radial 

inward-flow runner, they are equally applicable to the usual Francis runner (Fig. 22) 

in which the flow lines in the meridional section curve from a radial toward the axial 

lice, PALL 

direction. Here the inflow and outflow triangles for a given flow line cannot be drawn 

in one plane or surface; but the outflow triangle must be constructed, as in the case 

shown, on the development of a conical surface tangent to the flow line at the runner 

exit point 2. The preceding relations, however, apply unchanged. 

Head or Energy Relations. It is also useful to trace the head or specific energy 

relations governing the flow by applying the Bernoulli theorem. With reference to 

Fig. 23, imagine a piezometer connected to the space at the entrance to the runner, 

at point 1, recording the pressure head hp:. By taking the surface of tail water as 
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Fic. 24a Fic. 24b 

datum, the elevation of point 1 is z;. The velocity at this point is V; and the velocity 

head V,2/2g. Hence the total dynamic head at 1, or the specific energy of the water 

flowing into the runner at this point, is hp: + 2: + Vi?/2g. Of this energy or head, a 

certain portion hy is lost in surface friction and eddies in the runner, another portion 

is transmitted to the runner to drive it against its useful load, and the remainder is the 

total dynamic head at point 2. The amount of head transmitted to the runner is the 

total foot-pounds per pound of water flowing, or 

wqHer, 
= He, 

wq 

so that the Bernoulli formula takes the form 

V.2 V.2 
ho ba + yo — hn — Hen = ips + 22 + 5 (6) 

This is the Bernoulli formula expressing the energy balance with respect to the 

stationary system. 

We can also imagine ourselves to be moving with the runner and can write the 

Bernoulli formula as it applies to the relative movement of the water in the runner. 

Let us first briefly review the principles of hydrostatics governing liquid at rest 

relatively to a rotating system turning uniformly about a vertical axis. In the open 

tank shown (Fig. 24a) rotating n revolutions per second, containing water with a free 

surface, a particle in the surface is subject to a downward force W, its weight, and a 

centrifugal force Wu?/gr, wu being the linear circumferential velocity of a point in the 

rotating system at radius r. Since the water is in equilibrium, at rest with respect 

to the tank, the resultant of the forces acting on the particle must be normal to the 

free surface, there being no force to resist motion along the surface. Hence the angle 

of inclination 6 of the surface is such that 

Wu? wu? _ dy 
ee Wgr gr dr 
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dy — 4n°n?r 

dr 
is the differential equation of the surface curve. Integrating this, between y = 0 

and y = y, 

rdr 
2 2 

sich types wes as will be clear from the sketch. Putting w = 2xrn 

CL i el 
bas 29 a 29 (7) 

which means that the surface is a paraboloid of revolution and the elevation of any 

point in the surface above that at the axis is equal to the velocity head corresponding 

to the linear velocity of the system at the point considered. 

Now consider a pipe system such as shown (Fig. 24b), carried by the revolving 

tank and with water flowing with steady flow from one small tank into another through 

a pipe, revolving with the system. Let us write the Bernoulli formula between 

sections | and 2 of the pipe in terms of the relative velocities v; and v, of the flow in the 

pipe. Since a particle in the free surface of water at rest with respect to the large 

tank has no tendency to move relatively to the rotating system, it is the elevation of 

water above this surface which measures the head available to produce flow. Hence 

it is only necessary in applying the Bernoulli formula relatively to the system to 

replace our usual horizontal datum plane by a paraboloidal datum surface coincident 

with or parallel to an actual or imaginary water surface corresponding to the speed of 

rotation. That is, instead of the elevation heads z; and z2, which would apply if the 

system were stationary, we must use 

U2 U2? 
ee wa a and a eee B77 

Our Bernoulli formula then becomes 

ui? vi? Uy? Vo? 
ba (a ee =n + (4 - es 

This form of the Bernoulli formula for a rotating system applies directly to the 

turbine runner passages. By treating sections 1 and 2 as points on the revolving 

runner, it is clear that the pressure heads hp; and hp: merely measure intensities of the 

static pressure and are the same for points just outside the runner or just within it, 

or the same whether the observer is stationary or imagined to be moving with the 

runner. There is no need to introduce between points 1 and 2 on the runner any 

term representing the extraction of energy or the performance of work beyond the 

friction and eddy losses hr within the passages, because between these points no 

relatively moving element is interposed. Hence we can write for the runner, 

Oe One U2? , V9? Z 
Rete Neto en ey La et evans Gay Pro (8) 

If we subtract this from the Bernoulli formula previously written with reference to 

the stationary system 

2 V2 V 
hp + & + 3g hy — Hen = lpr + 22 + 2g 

we obtain 

Wiehe hie eS ope 
= oh 9) 2g Dg He; (9) 

This is a useful relation connecting the absolute and relative velocities of the water, the 

velocities of the runner, the effective head on the turbine and its hydraulic efficiency. 
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If we now insert the trigonometric properties of the vector velocity triangles 

v2 = Vy? + wi? — 2uiVi cos ay = Vi? + us? — 2u1Via 

and Vo2 = Vo? + U2? — 2u2Ve2 COS ao = Vo? + Uo? — 2u2eVue 

we obtain 

2u1Viur aa 2u2V us 
= He;, 

29 
or U1Vur — U2Vue = gHe, 

the same relation as previously derived from the balance of moments. 

The foregoing principles are the fundamentals of turbine theory and should make 

clear the force relations and energy transformations involved and serve to explain 

the action. Although they are important in turbine design, the application of turbines 

to the conditions in a power installation and the problems of the user of turbines 

can be best handled by means of another series of principles based on dimensional 

relations and the laws of dynamic similarity, which will now be outlined. 

4, Principles of Dynamic Similarity for Turbines. Consider a series of homol- 

ogous turbines, or turbines that have geometrically similar water passages. Then 

imagine these to be operated under various effective heads. Any one of these turbines 

may of course be operated at various speeds; but there is one best speed at which the 

maximum efficiency will be developed, and if the design is correct this will be the 

designed speed or normal speed. 

We have seen that at the proper speed the direction of the runner vanes at the 

entrance must agree with the relative direction 8; of the entering flow. At any other 

speed, the flow will part from one side or the other of the vane, leaving an eddy- 

filled space which consumes energy and converts velocity head into heat, which is 

not utilized hydraulically. Hence only one fixed shape of inflow triangle is permissible 

to avoid this so-called shock loss. 

In the same way, at discharge from the runner there is one relation between the 

velocities that is most favorable, and any other will be inconsistent with the highest 

efficiency. The important element here is the residual velocity head remaining in 

the water leaving the runner V»?/2g. A considerable portion of this, usually an 

amount of the order of some 80 percent, can be reconverted into effective pressure 

head by deceleration in the gradually enlarging draft tube, but it is inherent in the 

deceleration process that an appreciable part of this energy must be lost. Conse- 

quently, it is important that V2 be held near a minimum value. The smallest value 

of V2 would be secured by discharging the water perpendicularly to the surface of 

revolution generated by the discharge edges of the runner vanes, because the entire dis- 

charge must pass through this area and can do so at minimum velocity when the 

velocity is normal to the area. However, there are also internal losses in the runner, 

and the conduit friction or resistance of the vane surfaces must also be minimized. 

This frictional loss is closely proportional to the relative velocity head v.2/2g. The 

optimum condition requires the sum of these two losses to be a minimum and results 

in a small angle (90 deg — a») of the absolute velocity of discharge Vo, this angle in 

most cases having values of 5 to 15 deg. 

It is thus seen that for correct operation the shapes of the two vector velocity 

triangles are fixed and the angles must be kept unaltered. The values of the velocities 

may change but allin the same proportion. The scale of the triangles may be altered, 

but all velocities must retain the same ratios to each other. Thus if the velocity Vi 

is doubled, w: must also be made twice as great and the speed of the turbine N must 

be doubled also, and all the remaining velocities will be increased in like ratio. 

If a turbine of given geometric form is built in any size and operated under any 
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head, we will suppose that the speed N has been adjusted to conform to a fixed shape 

of each velocity triangle. It would be reasonable to assume that the efficiency would 

then remain unaltered and independent of turbine size or head; but this conclusion is 

subject to a relatively small correction from the fact that the frictional losses may not 

vary 1n exact proportion to the velocity-head and eddy losses, as is well known in the 

case of pipe flow. As is known, to preserve strict dynamic similarity for conduit flow 

so that the flow patterns will be identical, the viscous forces must remain proportional 

to the inertia forces, which is possible only when the Reynolds number remains 

constant. This is considered to be of little importance in turbine calculations, 

because turbine conduits are large, even in the usual sizes of laboratory models, the 

velocities are high, and the surfaces exposed to the flow are relatively rough, so that the 

Reynolds numbers fall far beyond the region of the Reynolds critical velocity and the 

turbine passages fall into the class of rough conduits, in which the flow is completely 

turbulent and viscous forces are negligible. On the basis of this reasoning, variations 

of head on a given turbine should have negligible effect on the efficiency, a conclusion 

that seems to be in agreement with test data for turbines of usual sizes. There is a 

factor, however, that does effect the efficiency, namely, the lack of complete geometri- 

cal similarity. The similarity does not extend to the surface texture of the conduit 

walls, where there is more nearly a constancy of the degree of absolute roughness than 

of relative roughness necessary to complete homogeneity. 

Consequently, the losses in hydraulic wall friction will not remain proportionately 

constant with change in size of turbine. However, the change in efficiency due to 

this cause is comparatively minor, and its effect on the validity of the relations about 

to be developed has been found to be negligible. In a later section, methods of 

correcting efficiencies for the effect of turbine size will be given. 

If we assume that the efficiencies of homologous turbines of differing sizes and 

operating under different heads will remain substantially constant, or that the tur- 

bines are truly homologous even as to surface roughness, and assume that each 

turbine is operated at its correct speed for its size and head so that the velocity 

triangles will also be homologous, then all velocities will have a constant ratio to any 

one velocity selected as a reference value. Hence the relation between relative and 

absolute velocities derived above 

Ge = Oe se Che WP = Dee sR Oe 

29 2g Bees 

can be expressed as constant X V12/2g = He,; so that if e, is substantially constant, it 

is seen that for correct similarity of operating conditions the velocity head corre- 

sponding to any velocity must be kept in constant ratio to the effective head on the 

turbine. The flow through the turbine will then follow the same laws as the flow 

through a nozzle, for example. These conclusions give us the following rules of simi- 

larity for turbines. 

Any velocity head must vary as the effective head on the turbine V?/2g « H. 

Any velocity must vary as \»/H; V « H” (considering g as always practically the 

same). 

The discharge must vary as velocity X area, Q « VA « H’*D?, where D denotes 

any representative dimension of the turbine, such as the runner-throat diameter. 

(Any conduit area A varies as the square of the linear dimensions.) 

Power output varies as QH; P « H’®D?H « D?H”?, 

Since the velocity wu of a point on the runner must vary in proportion to the other 

velocities, vu = tDN/60 and u « H’*, Hence the turbine speed, rpm, varies as w/D 

and N « H’”/D. 
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These relations are convenient for use in the application of model tests to deter- 

mine the expected performance of a large unit of the same design or to transfer the 

results obtained in one turbine to another of homologous form. For example, if a 

model of throat diameter D develops power P under a head H when running at a speed 

N, we can write 

P « D?H%®% or P = P,D?H” (10) 

in which P, is the power that would be developed by a homologous turbine of 1 ft 

throat diameter under 1 ft head as can be seen by putting D = 1 and H = 1 in the 

last relation. Knowing P, D, and H, we can compute P; from the model tests. Then 

a homologous turbine of D’ throat diameter operating at the proper corresponding 

speed under a head H’ would develop a power of P’ = P,D’?H’%, The proper speed 

can be found by the use of the relation u « H”, or u = (const) H”, and using the 
customary notation the constant is called ¢ +/2g, so that 

u = (6 V/29)H¥ = $ V2gH (11) 

z.e., ¢ is the ratio of the circumferential velocity of a point on the runner to the 

theoretical spouting velocity of the water, \/2gH. Then ¢ may be computed from the 

model test and must remain the same for the large unit, 7.e., 

A) «DN xD'N’ 
? = \/agH ~ 60 \/2g HY 60 »/2g H's 

from which N’ is found. 

5. Specific Speed. Modern practice in turbine design rests on the firm basis of 

actual results secured on laboratory models and large units, and each experienced 

manufacturer has available such test records for an extensive series of designs of 

progressively varying characteristics, each giving satisfactory performance. No 

matter how elaborate the method of design based on theory, no important installation 

would be carried out without confirming the calculations by tests on a model or closely 

similar field installation. The complexity of the flow conditions and the manifold 

factors involved make this procedure the sole source of assurance as to successful 

performance of the installation and also make it the most economical and timesaving 

method of design. Modified and radically new designs are continually being pro- 

duced, however, and a sound theoretical basis of design cannot be dispensed with in 

favor of exclusively empirical methods. 

One of the problems that arise early in planning a new hydroelectric project is the 

selection of the proper type of turbine and its proper speed to suit the given conditions 

of power capacity and effective head. This step has been greatly simplified by a 

relation of basic importance, which has systematized the entire field of turbine design 

and performance and in modified form also covers the field of pumps, and is applicable 

to hydraulic machinery in general. ‘This is the specific-speed principle. 

This may be viewed as a combination in a single expression of the foregoing princi- 

ples of similarity and amounts to a definition of the rotary speed of the turbine N in 

dimensional form, the dimensions used being not the fundamental dimensions of 

length, mass, and time but those entering into the usual turbine problem, namely, 

head and power output. 

We have just found that P « D?H’ when N « H%/D. From the first expres- 
sion, D « ./P/H%, and inserting this in the second, N « H’%H%4/./P « H%/~/P. 

By putting this in the form of an equation instead of a proportionality, 

H% 

VP 
N = (a constant) 
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To determine the constant, it is necessary only to put the head and power each 

equal to unity, from which it is seen that the constant is the speed (in revolutions per 

minute) of a homologous turbine of such size that it would develop 1 unit of power 

under 1 ft head. This is called the specific speed and is denoted N:;, so that the 
fundamental relation is simply 

HY 

VP 

N, is a constant for all geometrically similar turbines of any size under any head, 

each being operated at its proper speed corresponding to the head and size. 

If the type or design is changed, we have another series of homologous turbines 

with a new value of the constant. WN, is therefore a quantity that sets forth in a 

single numerical value the inherent ability of a given form of turbine to develop speed 

for a given power and head; or if the expression is squared and solved for P, it is seen 

that N,? represents the power capability of the design at a given head and speed. 

Specific speed may be briefly defined as the speed of a homologous 1-hp turbine 

under 1 ft head. It is of course unnecessary actually to build a 1-hp model to find 

the value of N,, for it can be readily computed from the tests of any size of model or 

installed unit by inserting the actual head, horsepower, and speed from the test in 

V/P 
HY 

(12) 

N,=WN (13) 

Since the NV, value remains constant for all turbines of the same design, we can 

find the corresponding speed of another homologous turbine from Eq. (12) in which 

P and H will be those for the new installation. 

In the metric system of units, with head expressed in meters, power in metric 

horsepower, and speed in rpm, the specific speed is 4.446 times the value with head 

expressed in feet and power in English horsepower units; with head expressed in meters 

and power in kilowatts, the specific speed becomes 3.813 times the value with head in 

feet and power in English horsepower units. 

In a multiple-runner turbine, the specific speed is usually expressed as that of a 

single runner; and in a multiple-jet impulse wheel, the specific speed is normally 

based on the power of a single jet. 

The entire field of turbines can be classified on the basis of the specific-speed values. 

This classification can be extended to include not only other prime movers such as 

steam turbines and gas turbines, but also such other hydrodynamic machines as 

pumps, centrifugal and axial-flow compressors or blowers, fans, aircraft and marine 

propellers. We shall here limit our consideration to hydraulic turbines. 

As might be expected, there are some forms and proportions in turbine design that 

are particularly favorable to high efficiency with a corresponding range of specific 

speed values. Specific speeds that are abnormally high or low as compared with this 

normal range naturally entail impaired efficiencies. 

Since for a given power capacity and head the actual speed is directly proportional 

to the specific speed, as shown by the specific-speed formula, and since high rpm 

results in reduced diameters and weights of the driven machine, and to some extent 

of the turbine itself, and also in reduced size and cost of the powerhouse structure, 

there is from economic considerations a strong attraction toward higher and higher 

specific speeds, even at the expense of some sacrifice in efficiency. It should be 

recognized, however, that in hydroelectric developments the major portion of the cost 

is usually in the dams, reservoirs, headworks pipelines, transmission lines, and similar 

fixed works and only a small portion in the powerhouse and machinery; so a saving in 

first cost of the latter elements must be justified in comparison with the sacrifice in 
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earnings on the whole project entailed by a reduction in efficiency. In most cases a 

considerable increase in specific speed will be beneficial only when the impairment in 

efficiency is slight. These considerations are of special importance in low-head 

installations, where the actual speeds are low and the machinery large. The con- 

tinual demand for the highest possible speeds has resulted in a wide range of specific 

speeds being available without significant sacrifice in efficiency, as seen from the curves 

of turbine efficiencies obtainable at various specific speeds (Fig. 25). The curves have 

been drawn to represent typical values of peak efficiencies attained under favorable 

conditions by modern large turbines of good design, where efficiency tests were con- 

ducted in accordance with generally accepted test codes. The curves are not intended 

to show the maximum efficiencies obtainable, as actually a growing number of large 

well-designed turbines are reported to have attained peak efficiencies exceeding those 

shown by the curves. However, the curves may serve as a guide which indicates the 

peak efficiency that can reasonably be expected in a new installation of medium- to 

large-sized turbines under favorable conditions. It will be noted that, over a wide 
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Fig. 25. Typical peak efficiencies of various turbines in relation to specific speed. 

range of specific speeds, peak efficiencies in the range of 92 to 94 percent may reason- 

ably be expected under favorable conditions. 

In any turbine, as the gate opening is changed and the power output thus altered, 

the specific speed continually changes; there are two particular values of the specific 

speed for a given unit which may be taken as representative. The usual numerical 

value used in classifying turbines is the specific speed at the rated capacity or guar- 

anteed power under the normal head for which the unit is designed. This may be 

called the rated specific speed. Except in the case of high-specific-speed Francis and 

fixed-blade propeller turbines, it is usual to have the point of highest efficiency occur 

at a power somewhat less than full rated load; the specific speed corresponding to the 

power at maximum efficiency may be called the nominal specific speed. The curves of 

Fig. 25 are based on the rated specific speeds. 

The curve of efficiency vs. power output for a given turbine operated at varying 

gate opening has different characteristic forms for various turbine types and specific 

speeds, as illustrated in Fig. 26. The Pelton-type impulse wheel, having very low 

specific speeds, gives a flat-topped efficiency curve with high part-load and over load 

efficiencies and only small impairment of efficiency over a wide range of nozzle open- 

ings and outputs. The low-specific-speed Francis turbine has similar characteristics. 

Both types are therefore suitable for plants serving to regulate a power system and 

taking the load variations. High-specific-speed Francis turbines show poor part-load 
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efficiencies and little overload capacity beyond the point of maximum efficiency; 7.e., 

they have a sharply peaked efficiency curve and are therefore best suited to operation 

under block load or within a narrow range of outputs. This characteristic is further 

intensified in fixed-blade propeller turbines. In run-of-river plants, such as low-head 

developments with limited pondage, where under reduced demand the unused flow 

is wasted over the spillway, the low part-gate efficiencies are of little consequence. 

When a high degree of regulation is of importance in low-head plants, high part- 

gate and over-gate efficiencies may be secured in high-speed propeller turbines by 
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Fig. 26. Turbine-efficiency variation with load for turbines of various specific speeds 

making the runner blades automatically adjustable in response to changes in the 

wicket gate openings, under governor control. This is the method of operation of the 

Kaplan type of turbine, which is capable of giving an efficilency-power curve of even 

more favorable form than low-speed Francis or Pelton units. Another advantageous 

characteristic of propeller and Kaplan units is their ability to operate under reduced 

heads while maintaining good power output, a fortunate property for low-head 

developments to which these types are suited, for such developments are usually 

subject to wide head variations. 

In plants having high heads even a low specific speed in combination with the high 

head will usually give a reasonably high rpm. On the other hand, with low heads and 

large unit capacities, a low specific speed would result in extremely low rpm, very 

large diameters of turbine and generator, and large powerhouse structures. Conse- 

quently, high-specific-speed types are particularly desirable for low-head plants. 
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In selecting the specific speed suitable for a given head, cavitation requirements 

are usually the controlling consideration, and this subject will now be taken up. 

6. Cavitation. Let us write the Bernoulli formula for the draft tube of the tur- 

bine (Fig. 27) between section 2, at the outlet of the runner to section f, the point of 

final discharge into the tailrace, and take the tail-water surface as datum level. Then, 

by calling the elevation of section 2 above tail water H, (the static draft head) and 

expressing all static pressure heads as absolute pressures, H,2 denoting the absolute 

pressure head at 2 and H, the pressure head of the atmosphere, 

V2 V ,;2 

Hat Hy bee = Hn He 
g g 

in which Hz is the loss of head in eddies and friction within the draft tube and V; the 

final discharge velocity in the tailrace. 

The total loss of energy is the internal loss plus the final residual velocity head 

rejected into the tailrace, Vy2/2g. If the effective head on the turbine varies, and if 

the rotational speed of the runner is always adjusted to suit the head so that ¢ remains 

constant, V2 will remain at constant angle of obliquity a2 to the plane of section 2 and 

its axial component will remain in fixed ratio to V2; and from the principle of continu- 

ity of flow, the velocity at any point in the tube and that at section f will likewise 

remain in fixed ratio to V2. From the principles of similarity, the eddy losses within 

the tube and the final outflow loss V;?/2g will then always be directly proportional to 

V22/2g; if we make the reasonable assumption that the flow is completely turbulent, 

we can also take the frictional losses proportional to the velocity head at any point or 

to V22/2g. The total loss can then be put equal to K(V2?/2g), K being a constant 
coefficient for a given turbine. 

Then the Bernoulli formula gives 

2 2 
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lola = Jély = (Ul = 18) == WE Sis, 



HYDRAULIC TURBINES 26-31 

Now the head representing the total kinetic energy of the flow entering the draft 

tube is V2?/2g; it is the purpose of the draft tube, by gradually decelerating the 

velocity, to reconvert as much as possible of this kinetic energy into effective pressure 

head in order to reduce the back pressure H,2 against which the runner discharges. 

The efficiency of the draft tube can therefore be expressed as 

_ V8/2g = K(V2"/29) _ 
€d V22/2g 1-—K 

so that the equation for H,: becomes, simply, 

BN ieee | pene (14) Gi a s €d 29 

H,. represents the average pressure head at the runner discharge. But on the 

runner vanes (blades) there will be a higher pressure on the vane faces and a lower 

pressure on the back surfaces; it is this pressure difference that drives the runner 

around and develops mechanical power on the shaft. Pressures at local points in 

section 2 will therefore alternately exceed and fall below the average pressure H,»; at 

some local point on the back of a runner vane the pressure will fall below H,»; and at 

the local point of minimum pressure we shall call the absolute pressure head H,. The 

pressure difference H,2. — H,, the local pressure drop, is due to the flow through the 

turbine and under dynamically similar conditions is proportional to the effective head 

producing the flow, 7.e., the effective head on the turbine, H. Hence we can write 

Hy. — Hn = K.-H, where K, is a constant coefficient for a given turbine, its value 

depending on the particular shape of the vanes. The absolute pressure head at the 

point of minimum pressure in the turbine is then 

Fae 
filpy == Il 1G Jel =) lel — 1k Ss ag KOE, 

29 

If we consider that when hydraulic similarity is preserved, by keeping the runner 

speed in proper relation to the head, V2?/2g is proportional tou H, we can combine the 

last two terms and put 

2 

a ate + K.H = oH 
2g 

in which o is a constant coefficient for a given turbine (or for any geometrically similar 

turbine) operating at a given ¢. Then we have 

lékn = Tels = Jah, = Glél (15) 

Now suppose that both headwater and tail water are progressively lowered by 

equal amounts. The effective head H will remain constant, but H, will increase so 

that H, will be progressively lowered. ‘There is, however, a limit to the possible 

reduction of H,. When H,» reaches the vapor pressure of the water, the point at 

which the water boils, the pressure can go no lower as long as water is present as a 

liquid. Beyond this amount of reduction, the water cannot exist as a liquid. When 

H,, is reduced to this limiting value H,,, the vapor pressure head, the water begins to 

boil and the passages become partly occupied by vapor cavities within the flowing 

stream. The formation of these vapor-filled cavities in the stream is called cavitation. 

When the pressure at some point in the turbine reaches the vapor pressure, critical 

conditions ensue and the turbine becomes subject to the undesirable consequences of 

cavitation, namely, erosion (known as pitting) and noise and vibration of the machine 

and surrounding structures. When the extent of the cavitation increases, an impair- 
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ment of power and efliciency results. This phenomenon is not limited to turbines 

but may also occur in pumps and in stationary conduits at points of low pressure and 

high velocity, as for example in sluiceways through dams. The guarding against its 

occurrence is a vital consideration in the selection of type and specific speed of a 

turbine and in fixing the runner elevation in relation to tail water. 

The cavitation phenomenon can be explained as follows: Consider the flow through 

a turbine runner where the total draft head is excessive and where there is a failure of 

the vane (blade) contour to conform to the natural flow lines, because the curvature is 

too sharp for the pressure and velocity conditions. At such a point in the runner, 

usually on the back of the vanes near the discharge orifice and near the outer periphery, 

where the relative velocity is high, the flowing stream parts from the vane surface and 

leaves a void filled with eddies; and when the absolute pressure is reduced to the vapor 

pressure, this void or cavity becomes filled with water vapor, air, and other gases. 

As the flow continues downstream, the static pressure rises again and then 

exceeds the vapor pressure. Moreover the flow in large conduits at high velocities is 

never actually steady but is turbulent and subject to continual variations of velocity 

and pulsations of pressure. Hence, when a particle of the flowing hquid reaches a 

point where the local pressure just attains the vapor pressure limit, at one instant the 

particle will be under this pressure and vaporize, forming a cavity filled with vapor; at 

the next instant, the pressure will rise above the vapor pressure and the vapor will 

suddenly condense and return to liquid, producing a collapse of the cavity and an 

explosion or, more strictly, an zmploszon. This action is not confined to the larger 

cavities but extends into the pores of the metal. The water rushing in to fill the 

collapsed cavity will also enter the vapor-filled pores until instantaneously stopped by 

the bottom surface of the pore, where water-hammer action takes place. This is 

capable of producing pressure intensities on the areas of the same order as the tensile 

strength of the metal, and under the continual repetition of the shocks, the metal fails 

locally under fatigue and small particles are irregularly broken away, giving the surface 

a peculiar spongy appearance. The action, called pitting, is thus believed to 

be primarily mechanical, as just described; it was formerly thought to be mainly 

chemical, in the nature of rusting, or electrolytic; but it can be produced in wood, 

concrete, and even in glass, which points to a mechanical origin as outlined in the 

preceding theory. 

It should be possible to prevent pitting by avoiding the occurrence anywhere in 

the turbine of a local pressure head so low as to approach the vapor pressure of the 

water. This method of avoiding cavitation and pitting has been found from experi- 

ence to be effective. 

In the formula for the minimum local pressure, we find that the critical point at 

which cavitation occurs is given by putting H,, = H,,, the vapor pressure head, so 

that 

eG eo Lilo — Jil 
leh = 18h, = lth; = weal and Ce = Wi 

in which go; is the critical sigma, or the value of o at which the undesirable effects of 

cavitation begin. We can call Ha — Hy» = Hy the height of the barometric water 

column, or the height to which water may be drawn up in a water barometer. Then 

= fee 

H 
Cc (16) 

This is the Thoma formula for the critical value of the dimensionless ratio called the 

Thoma cavitation coefficient (known also as the Thoma cavitation number, factor, or 

parameter). 
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It will be readily perceived that if a turbine in a given plant is installed with exces- 

sive draft head H,, 7.e., too high a setting of the runner in relation to tail water, so that 

the actual plant sigma is lower then the critical sigma o., then portions of the water 

passages will be occupied by vapor instead of liquid. The stream areas and the lines 

of flow will be changed, and the principles of similarity will fail to apply, for we have 

no longer preserved complete geometrical similitude of the flow. 
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Fic. 28. Typical test curves of efficiency, unit power, and unit discharge vs. cavitation- 
coefficient sigma, showing evidence of cavitation at the critical value of sigma. 

This gives us a method of determining the numerical value of a, for a given turbine. 

A homologous model may be tested by progressively increasing Hs while keeping H, 

N, and all other factors constant. So long as no cavitation occurs, the conditions of 

similarity will continue to be satisfied and no significant change in efficiency, power 

output, or discharge will occur. A drop in any or all of the quantities therefore indi- 

cates a departure from conditions of similarity, and the sigma at which the first 

significant drop in one of the quantities occurs is usually considered the critical sigma 

for the particular turbine. Figure 28 illustrates the method, utilizing the curves of 

efficiency e, unit power /?;, and unit discharge Q,, plotted against ¢.! To provide for 

cavitation-free turbine operation, we must be sure that in the actual installation the o 

1 Curves of this type have sometimes been descriptively called ‘sigma break'’ curves. 
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for the plant is not less than this «- but exceeds it, some margin being thus allowed 

against cavitation. 
It is possible in making the cavitation tests to vary H instead of Hs, the turbine 

speed N being always kept such that ¢ remains constant. We can then plot the values 

of e, Pi, and Q; against o as abscissa, as before. 

The shape of the cavitation test curves in some instances is such that it becomes 

difficult to establish precisely the points of drop in the quantities without the influence 

of individual judgment. Several different rules, based on somewhat varied criteria, 

have been devised for determining the critical sigma from the cavitation test curves, 

as illustrated in Fig. 28. One of the commonly used criteria establishes the critical 

sigma as that value of sigma, for decreasing values of sigma, at which the power drop 

AP, from the constant value is 1 percent. Another criterion establishes critical sigma 

as the value of sigma at which the efficiency drop Ae is a given amount, arbitrarily 

chosen by some as | percent of the constant value. Others have chosen a somewhat 

more conservative efficiency drop of 0.5 percent as the criterion, on the premise that 

the drop in the efficiency curve is often more acute than the drop in power and dis- 

charge. A proposed supplement to the International Code for Model Acceptance 

Tests of Hydraulic Turbines, Publication 193, First Edition, 1965, of the IEC! 

included a basis for determining the cavitation limit by use of a “standard sigma”’ 

value o; of the model, established by the intersection of the horizontal line of constant 

efficiency with the strongly dropping straight line along which the test points for sub- 

stantially developed cavitation tend to align themselves. The proposed IEC basis 

provided further for determining the cavitation limit of the full-scale turbine by adding 

to the a; of the model a margin Ac based on experience acquired from model tests and 

their correlation with field cavitation data. It is quite evident that general agree- 

ment on a standard method of determining cavitation limits has yet to be reached, 

though progress toward standardization is being made. 

The most reliable basis for determining critical sigma and the allowable value of 

H, for the actual setting of a turbine is obtained by supplementing the cavitation tests 

on a homologous model with field-experience data from plants where pitting has 

actually occurred at certain values of sigma during operation. Since the most serious 

result of cavitation is pitting, we are most concerned with the value of o where pitting 

begins. Some turbines are known to operate without measurable loss of power or 

efficiency but to develop distinct pitting; evidence of pitting is therefore a primary 

index of detrimental cavitation in field installations. The earlier phases of cavitation 
may usually be detected by audible indications such as the onset of cavitation noise. 

7. Selection of Type and Speed of Turbine. Since the critical sigma and degree of 

resistance to cavitation of a particular turbine are greatly affected by its design, so that 

two turbines of the same specific speed may differ considerably in this respect, a 

cavitation test on a homologous model supplemented, if possible, by actual field 

experience from a nonpitting homologous installation is needed if a new installation 

is to be carried out safely without using a considerable margin in the value of the plant 

sigma, and therefore in the value of H,. 

Such information is of special importance in selecting Kaplan and fixed-blade 

propeller turbines for which the critical sigma is greatly dependent on the particular 

design, especially on the proportional blade area of the runner. Ample blade area is 

necessary to keep sigma within reasonable limits. In the absence of definite informa- 

tion, a fair degree of guidance for estimating the safe sigma may be obtained from 

curves based on pitting experience and available cavitation tests on representative 

turbines of various specific speeds. 

The critical sigma of turbines is greatly dependent on their specific speed; therefore, 

1 International Electrotechnical Commission, Geneva, Switzerland (affiliated with ISO). 
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values of critical sigma of turbines of normal or conventional design plotted as a 

function of NV. provide a basis for plotting curves which are useful for preliminary 

selection of turbines. Figure 29 shows the range of critical sigma values found in 

practice for two of the principal types of reaction turbines. The existence of a con- 

siderable range of critical sigma values for each value of specific speed and type of 

turbine is due to variations in the cavitation characteristics of individual runner 

designs and also due to differences in the relative opening of the turbine wicket gates 

at which the rated capacity is obtained in individual cases. The curves shown in 

solid lines represent minimum values of plant sigma recommended as a guide for 

preliminary selection purposes. At these values of plant sigma, turbines of normal 

design, which are intended to develop their rated capacity at or near full gate opening, 

can reasonably be expected to have a small margin of safety against detrimental pitting 

or objectionable noise due to cavitation. The recommended minimum plant sigma 

vs. NV. curves represent the following empirical equations: 

1.8 

0.006 + 0.55 ( Ns ) for Francis turbines te 100 
Na \?° ‘ 

¢ =0.10 + 0.30 (5) for Kaplan turbines 

These curves are necessarily only approximations. If, in using them to determine 

static draft head for preliminary purposes, a reasonable margin of safety is desired, it 

is good practice to reduce the calculated static draft head by about 3 ft for Francis 

turbines and about 4 ft for adjustable-blade propeller turbines, to allow for some 

variations in runner characteristics and, especially in the case of regulating units, to 

allow for some transient pressure variations in the draft tubes of such units. For 

fixed-blade propeller turbines, plant sigma values about 5 to 8 percent lower than those 

indicated for Kaplan turbines may usually be used. 

Although Fig. 29 is useful as a general guide, it should be recognized that specific 

speed is not a precise index of the cavitation characteristics of a runner, because 

different runners of the same specific speed may have substantially different values of 

peripheral speed coefficient @ and unit power P;. A high unit-power runner has a 

relatively high discharge with consequent high velocity of flow through it. Since the 

velocity of flow strongly influences the cavitation conditions in the runner, unit power 

may be considered a better criterion than specific speed for determining the allowable 

value of plant sigma.! Therefore, in selecting the allowable static draft head for 

preliminary design purposes, it is advisable to supplement the approximate determina- 

tion, based on data which relates critical sigma to specific speed, by using available 

data, such as published in the foregoing reference, which relates critical sigma values 

to unit power. 
Using the N, relation, the Thoma formula for cavitation coefficient, and curves 

relating cavitation coefficients to Ns, a preliminary selection of type, speed, and draft 

head of a reaction turbine can be made for any installation. 

Other factors, such as form of efficiency curve, may also influence the selection, 

but the specific speed and draft head must be in proper relation to the effective head on 

the plant, if satisfactory performance and life of the vital parts are to be assured. 

Since the designer of a hydroelectric plant usually wishes to avoid undue depth of 

excavation for the powerhouse foundation, a fairly large value of H. is usually desired. 

On the other hand, the engineer of the turbine manufacturer is faced with the vital 

necessity of limiting H, in accordance with a safe value of sigma and at the same time 

providing as high a specific speed as is feasible, in the interest of economy in cost of 

turbine, generator, and powerhouse. The economy secured by increase of specific 

55 
1“ Hydraulic Turbine and Draft Tube Settings,’’ Edison Electric Institute Publication 55-9, 1955. 
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speed is so substantial and indeed necessary, in the case of low-head plants where the 

machinery is relatively large, that it becomes advantageous to adopt high-specific- 

speed turbines, and to secure the necessary plant sigma by setting the runner below 

the tail-water elevation, thus using a negative value of Hs. 

An initial solution of the problem of selecting type, Vs; and N, can be obtained from 

the chart of Fig. 30. Here the limits of NV, vs. head are shown for several values of H,, 

calculated from the values of recommended plant sigma in Fig. 29. 

For vertical Francis turbines, H, is to be measured to the lowest point of the runner 

vanes or buckets; for propeller turbines, H; is measured to the mid-height of the runner 

blades at the outer tips or runner periphery. This basis was used in constructing the 

curves of plant sigmas (Fig. 29). In the case of horizontal-shaft units, H. should be 

W nN 

W 

WN oO 

nN ~o 

loc} 

my HN — 

ine) BSS 

~N W 

Hy Height of barometric water column in feet N N 

ips) 

pe) oO LS ISS S 

0 (000 ~=©2000 3000 4000 5000 6000 7000 8000 9000 10,000 
Elevation of plant above sea level in feet 

Fic. 31. Height of barometric water column Hy, corresponding to atmospheric pressure at 

various elevations above sea level and various water temperatures. 

measured to the upper end of the outlet diameter and not to the shaft center line, 

since the point of minimum pressure will be at the upper side of the water passage. 

The chart is based on a value of Hy of 32.8 ft, corresponding to plants located at or 

near sea level and with water temperatures not exceeding about 80 F. For plants 

subject to higher water temperatures, the value of H, must be reduced to allow for the 

increased vapor pressure. For plants to be erected at higher elevations, H, must be 

reduced to allow for the corresponding decrease in atmospheric pressure H,; this 

correction may be obtained from Fig. 31. 

For Francis turbines, the lines of the chart plotted for several representative values 

of draft head H, correspond to an equation for N; obtained from the empirical equa- 

tion for recommended minimum plant sigma and the Thoma formula, as follows: 

Ns i. 32.8 — H, 

100 ie H 
¢ = 0.006 + 0.55 ( 
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from which 
32.8 — H, : 0.555 

Sunilarly for Kaplan turbines, the lines on the chart plotted for several represent- 

ative values of H, correspond to an equation for Ns; obtained from the empirical 

equation for recommended minimum plant sigma and the Thoma formula, as follows: 

N; \?> _ 32.8 — H, 
1007 H 

¢ = 0.10 + 0.30 ( 

from which 
oO6 of ae 0.4 

WN. & 1619 (2% » 0.10) 

The actual NV used for a specific installation in. a hydroelectric plant must be a 

synchronous speed for the generator. For 60-cycle frequency, N = (7,200/n), in 

which n is the number of poles in the generator, which must be an even integer. For 

50 cycles, used in Europe and South America, NV = (6,000/n). 

To illustrate the use of these principles, let us apply them to a typical problem and 

select the type, speed, and draft head of a turbine rated 206,000 hp at or near full gate 

under a net head of 310 ft, to drive a 60-cycle generator. It is assumed that the plant 

is near sea level and that it is desired to provide for a possible water temperature of 

80 F. 
From the chart of Fig. 30 the Ns value representative of present normal practice 

for a net head of 310 ft is approximately 46. This corresponds to a Francis-type 

turbine of high attainable efficiency as seen from the curve of efficiencies in relation to 

Ns; in Fig. 25. The permissible speed of the unit is 

Hs 310% 1,301 
ES AD esc 1 206,000% ~ 7° 453.9 

= 131.8 rpm 

The nearest synchronous speed that does not exceed this is 

7,200 7,200 
N = 6 Doleee 128.6 rpm 

Then the JN, at rating will be 

453.9 
N, = 128.6 1,301 44.8 

The recommended static draft head H, (referred to the lowest point of the runner 

buckets in a vertical Francis-type turbine) is read from the chart as approximately 

—9ft. The numerical value calculated from the equation of recommended minimum 

plant sigma and the Thoma formula is 

. N.\'8 _ Xs Cae 4 
o = 0.006 + 0.55 (a3) = 0.006 + 0.55 100 = 0.136 

H, = H, — cH = 32.8 — 0.136 X 310 = —9.4 ft 

In the event the plant is to be located 1,000 ft above sea level, H, would be 31.6 ft 

and the recommended draft head would be 

H, = 31.6 — 0.136 X 310 = —10.6 ft 

In the field of impulse turbines, experience has shown that, as in other turbines, low 

specific speeds must be used for very high heads and the use of high specific speeds 



26-40 HYDRAULIC MACHINERY 

must be limited to low heads. This is consistent with the NV; curves for Francis- and 

Kaplan-type turbines. 

In Fig. 30, the NV, values for Pelton-type impulse turbines at various heads and for 

various numbers of jets per turbine may be used as a guide reasonably representing 

maximum values used in present normal practice. 

8. Characteristic Proportions of Turbine Runners. Figure 32 shows the typical 

forms of runner corresponding to various specific speeds. The three runners are 

plotted to the same scale, the dimensions being consistent with a constant output 

under a constant head, so that the figures 

show the great change in dimensions of a 

turbine of a given capacity involved ina 

change of specific speed. Since under a 

constant head the actual rpm is directly 

proportional to the specific speed, the 

values of V, shown are a direct indication 

of the comparative speeds at which the 

various types would operate at a given 

power and head. Evidently, for exam- 

ple, a high-speed Francis turbine substi- 

tuted for a propeller turbine would require 

a much heavier runner and larger turbine 

and would run only about one-half as 

fast, a generator of nearly twice the di- 

ameter of that needed for the propeller 

turbine being required. If a Pelton-type 

impulse wheel were substituted for the 

propeller turbine, it would require an 

enormous increase in dimensions and 

would run at a speed of the order of about 

one-fiftieth of that of the propeller unit. 

The wide range of specific speeds 

available is obtained by altering the de- 

sign proportions. Thus for a very low 

specific-speed Francis turbine, a large 

entrance diameter D, is used (see Fig. 32) 

and a small throat diameter D, the 

breadth B of the distributor being small. 

The disk friction on the runner hub and 
Hie. 32 shroud ring and the leakage loss through 

the runner clearances are high, and the 
maximum efficiency is somewhat less than for a more normal specific speed; but the 

efficiency remains high for part loads and overloads, and the efficiency curve is flat 

and of favorable form for operation under widely varying load demands. 

Increase in specific speed requires the reduction of D, to suit a higher rpm without 

going to a peripheral velocity wi out of proportion to the water velocities corresponding 

to the head. To accommodate the required quantity of flow, B must be increased 

to compensate for the reduced diameter and thus to maintain a proper entrance area. 

For a high-speed Francis turbine, D, becomes smaller than D, the runner vanes are 

large and are usually given a complex spoon formation, and the high relative velocity 

of the vanes through the water involves high surface friction. The restriction in D to 

suit the high rpm involves a high value of the kinetic energy discharged from the run- 

ner, and the performance becomes greatly dependent on the ability of the draft tube to 

N,=/44 
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regain as much as possible of this energy. Still higher specific speeds have been made 

possible by the development of the propeller turbine in which the shroud-ring friction 

is eliminated; the runner vanes become nearly flat blades inclined at a small angle to 

the tangential direction and have a high relative velocity through the water. These 

blades are few in number, usually four to eight, and of reduced length in the direction 

of flow, so that they normally overlap each other but little or not at all, their surface 

friction thus being kept from reaching inordinate amounts. 

At the lower end of the specific-speed range, reduction below the speeds of low- 

speed Francis turbines is effected by going to partial admission; 7.e., instead of admit- 

ting water all the way around the runner periphery, it is admitted at only one to six 

points; and to reduce the friction and turbulence of the entering flow, this admission 

takes place through circular contracting nozzles equipped with adjustable needles for 

regulation, forming the flow into undisturbed jets with little loss of head. The most 

important and valuable feature of the Pelton-type wheel is the use of free jets, sur- 

rounded by air, and all the space in the runner not occupied by the flow is filled with 

air. The pressure through the runner space is not appreciably reduced at any point 

below the atmospheric value, and the possibility of cavitation is greatly reduced. 

Although the proportions of turbines may be varied somewhat according to the 

choice of the designer, the general characteristics for any given specific speed are fairly 

determinate in ordinary practice, and the curve sheet of Fig. 33 gives values con- 

sistent with normal design and high efficiencies. The design calculations are carried 

out for the point of best efficiency, the velocity triangles being drawn, the runner vane 

angles fixed to suit the relative velocity at the runner entrance, and the areas of the 

discharge orifices of the wicket gates and runner vanes calculated so that at each point 

the velocity multiplied by the area and a coefficient of discharge is equal to Q, the 

discharge. 

The coeflicient of discharge of the wicket gates is nearly unity, and that of the run- 

ner outlet is usually of the order of, say, 0.85 to 0.90 but is dependent on the charac- 

teristics of the design. The most important magnitude controlling the discharge and 

therefore the power capacity is the outflow area of the runner, which is carefully 

checked during manufacture to ensure its conformity to the design calculations and to 

the value corresponding to the test model. Space does not permit the covering of the 

extensive subject of turbine design, but it is hoped that the general principles and 

approximate proportions will prove helpful to users of turbines. 

The percentage of rated load at which the point of best efficiency is taken will 

depend largely on the requirements of the installation but is limited by the attainable 

turbine characteristics; in the absence of definite requirements, average figures for 

usual conditions may be taken within the approximate limits given in Fig. 34. The 

corresponding ratio of NV, at best efliciency to the NV, at rated capacity, at given head 

and speed, varies directly as the square root of the power, 

N, at best efficiency _ Ne at best efficiency 

N, at rated capacity P at rated capacity 

Kaplan and impulse turbines permit a wide degree of flexibility in this respect, and 

the values adopted will be governed largely by the plant conditions. The turbine 

builders usually allow about 5 or 6 percent margin in power beyond the guaranteed 

rated capacity to provide a range for governing and a margin for variations of actual 

from computed performance. 
9. Pelton-type Impulse Wheels. In considering the design proportions of Pelton- 

type impulse wheels, space does not permit the inclusion of the complex subject of 

bucket design, and we shall limit ourselves to the determination of the leading dimen- 



26-42 HYDRAULIC MACHINERY 

sions of the wheel or runner and the jet. The most important dimensions are the pitch 

diameter D of the runner and the diameter d of the jet after it has reached its vena 

contracta, after which its diameter remains practically uniform until it enters the 

buckets. Both diameters are expressed here in feet. The diameter ratio (D/d) is an 

important factor and is the principal one in fixing the specific speed. We shall con- 

sider the most common type of Pelton wheel, that with a single jet, and shall consider a 

£0 

19 

1.8 

1.7 

1.6 

. . cael . 

Francis turbines Propeller turbines 
a lbs 

0 
0 10 20 30 40 50 60 70 80 90 100 110 120 130 140 150 

Specific speed at point of best ef ficiency, Ns=N ee 

Fic. 33. Approximate runner proportions of reaction turbines of various specific speeds. 

singlerunner. Naturally the effective specific speed of a unit having two single-nozzle 

runners or a single runner with two nozzles will be 1.41, or ~/2 times the specific speed 

of the single-nozzle runner, for the specific speed is proportional to the square root of 

the power. The pitch diameter of the runner is defined as the diameter of a circle 

tangent to the center line of the nozzle and jet; and the characteristic ¢ is the ratio of 

the velocity of the runner at the pitch diameter to +/2gH, H being the effective head. 
Before proceeding with the discussion of the Pelton-type wheel, the effective head 
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should be defined. The following definition is quoted from the ASME Test Code for 

Hydraulic Prime Movers, PTC 18-1949: 

“". . the effective head shall be taken as the elevation corresponding to the pres- 

sure head in the turbine inlet pipe immediately upstream from the nozzle if the pipe 

supplies only one nozzle, or immediately upstream from the upstream wye or branch 

diverging to the nozzles and furnished as part of the turbine if the pipe supplies more 

than one nozzle, plus the velocity head at this point, minus the elevation of the lowest 

point of the pitch circle of the runner buckets. The pitch circle is that circle which is 

tangent to the axis of the power jet.” 

This is the effective head on the machine and is the amount properly chargeable 

against it; if the tail-water level were brought up to the point where it would just clear 

the buckets, then, by disregarding the negligible depth of buckets beyond the pitch 

circle, it would be the available head at the powerhouse. Actually, however, the 
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Fic. 34. Best efficiency load in percent of rated load. Shaded bands show approximate 
ranges found in practice; the curves show average values useful for preliminary purposes. 

normal tail-water level must be some distance below the wheel to provide sufficient 

clearance between the runner and tail-water surface under all operating conditions, 

including those of high tail water occurring during periods of flood or surges in the 

tailrace. Hence there is always a free drop between runner and tail water which is 

entirely lost. Operation of the discharge passage as a draft tube, creating partial 

vacuum in the runner discharge pit to regain the head lost between the runner and the 

tail water, has not been found generally practical, because of the complications in 

regulating the free-water level and the relatively small amount of head thus saved in 

comparison with the high heads usually available at impulse-turbine installations. 

Furthermore, experiments have shown no perceptible gain attributable to draft-tube 

action through reduction of windage loss of the runner rotating in partial vacuum. 

To allow development of the maximum head in impulse-turbine installations 

subject to considerable variation of the tail-water surface above normal level, it is 

sometimes economically justified to provide tail-water depression systems utilizing 
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compressed air.1 In those cases, the impulse runners are set with the necessary 

minimum clearance above normal tail-water level and this clearance is maintained 

during periods of higher tail water by admitting compressed air to the runner housing 

and discharge pit, which must be made airtight. 

It should be pointed out that in comparing the installation efficiencies obtainable 

from impulse and reaction turbines, the impulse-turbine efficiencies should be dis- 

counted to allow for the free fall from runner to tail water, in order to obtain compar- 

able values, because the reaction turbine is charged with the head down to tail water 

in computing its efficiency as already defined. 

The water discharges from the nozzle under the effective head H, and the discharge 

is Q = C, \/2gH (1/4)d?, C, being the coefficient of velocity of the jet and d the 

diameter of the jet (vena contracta) and not that of the nozzle orifice. The horse- 

power is P = wQHe/550, and the linear velocity of the runner is rDN/60 = ¢ / 29H, 

so that D = 60¢ \/2gH/xN. Expressing d in terms of (d/D), we have 

_ ( d\ 60¢ V2gH 
v ©) NN ao 

We then have 
wHeC, x { d\? (60)?¢?2gH 
SS a) 

Pee page one js) N? ee) 
and collecting the constant terms 

_ (60) 2w (2g) ‘ (4) HY 

= "550 Xap ND) We 2) 
Hence for geometrically similar units operating at correct speeds, 7.e., at constant ¢, 

P = (const)H’?/N2, or N = (const)H%/./P. This is merely the specific-speed 

relation already derived from general considerations, or N = N,H’4//P. The 

specific speed is then 

VP Ny WwW € 34 Vv eC, ? 

Ne = Nig 0 Nisa, 8) ya 
and putting w = 62.4 and 2g = 64.3, 

= ar : N, = 129.3 VeC, D/a (20) 

It will be noted that homologous wheels of any size under any head, when running at 

their proper corresponding speeds and disregarding slight changes in relative friction, 

will have the same efficiency, C,, ¢, and D/d. 

Hence this analysis shows that the factor N; as just derived is a quantity that 

remains constant for a given design regardless of size or head. This fact specifically 

verifies the applicability of the specific-speed principle to impulse wheels, a conclusion 

that could have been foreseen since the original derivation was general. The last 

expression is, however, useful as showing the influence of the various factors on the 

value of N. 

The value of C, is subject to little variation in well-designed needle nozzles and 

can be taken as 0.97 to 0.99 as a good approximation. The following table gives 

typical values of ¢ for average practice: 

ING aibibestietia.m cst 2 3 4 5 6 a 

Dicng oa Rhee ae ata aes 0.48 0.465 0.45 0.44 0.433 0.425 

1 Dawson, P. B., “Multi-jet Impulse Turbines,’ ASME Paper 64-WA/IPE-24, 1964. OstmR- 
WALperR, J., Tailwater Depression of Multi-jet Impulse Turbines, Water Power, September, 1966. 
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With the aid of this table and the preceding formulas, the approximate leading 

dimensions D and d may be readily computed. 

It will be noted that ¢ varies slightly, and since the efficiency does not vary greatly 

for moderate values of specific speed, it is seen that the specific speed is mainly depend- 

ent on the diameter ratio D/d. A convenient approximation can be obtained, for 

normal values of Ns, say 2 to 5, by using an average efficiency of 0.88 and an average 

¢ of 0.46 and a C, of 0.98, which give approximately 

yo oe 
D/d 

A normal diameter ratio, favorable to highest efficiency, is D/d = about 18 to 12. 

This corresponds to NV, of about 3 to 4.5. Good efficiency is obtainable with D/d = 

about 27 to 7, corresponding to N, of about 2 to 8. Higher specific speeds involve a 

sacrifice of efficiency to an increasing extent. 

With low specific speeds, the buckets can be cast separately and attached by lugs 

and bolts to the wheel hub (Fig. 2) or to a demountable rim, for easy replacement in the 

event of wear. With higher specific speeds, the buckets are large and closely spaced 

and must be cast integrally with the hubs (Fig. 3). 

10. Scale Effect. By scale effect is here meant the effect of size of turbine on 

its efficiency, in a series of homologous turbines. 

In the earlier section on dynamic similarity, it was noted that if the water passages 

in a turbine are considered to fall in the class of rough conduits, as termed by Karman 

and Prandtl, with high Reynolds numbers, the flow may be considered to be com- 

pletely turbulent and the viscous forces negligible, so that the surface-friction losses in 

a given turbine may be expected to vary directly with the velocity heads and, there- 

fore, with the effective head on the turbine. Hence a given turbine should have a 

substantially constant efficiency when operated at its proper speed under various heads. 

It was also noted, however, that so-called homologous turbines of different actual 

dimensions, geometrically similar in design and proportions, are not completely 

homologous with respect to the surface roughness. The variation in degree of relative 

roughness with change of size of turbine will cause a small, but appreciable, variation 

in the proportion of the effective head lost in hydraulic friction; therefore, the effi- 

ciency will change somewhat with change of size. 

Of course, the hydraulic friction is not the entire source of loss ina turbine. There 

is also mechanical bearing friction, which, however, is very small in units of usual size, 

although appreciable in a laboratory model; and there are eddy or velocity head losses 

due to the final kinetic energy loss at the exit from the draft tube and at points of 

sudden enlargement in the turbine, as at the outlet from the wicket gates and runner 

where the vane thicknesses cause small eddy spaces at their ends. Such enlargement 

and outlet losses will tend to bear a fixed ratio to the velocity heads and therefore to 

the head on the turbine and consequently represent an unvarying element of propor- 

tional loss, not causing any change in efficiency. 

In undertaking the formulation of the effect of change of size on efficiency, a sense 

of proportion makes it clear that any elaborate formulation would be uncalled for. 

In efliciency tests of turbines, there is a wide range of possible error in both the field 

and laboratory, owing, for example, to the difficulty in measuring the water quantity; 

and field measurements of efficiency are subject to considerable possible errors of the 

order of a percent or more even in well-conducted tests. In comparing the efficiencies 

of an installed unit and model, or even of two installed units of different size, there is 

rarely exact or complete geometrical similarity. Moreover, the proposed formula will 

be applied to model tests in different laboratories, and each laboratory will have a 

slightly different scale of efficiencies. Since the complexity of the factors involved 
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in the problem makes a completely rational solution impractical, and the solution 

must be in part empirical, the degree of approximation involved in the data which 

must be relied upon will justify only a simple formulation of the desired relation. 

As a first simplification, we shall not attempt to separate consideration of the 

various sources of loss, but shall treat all the losses in bulk and assume them to vary 

in the same manner, although not to the same degree, as the hydraulic friction, which 

will be considered to be of the same nature as pipe friction. Calling hz the total loss 

of head in the turbine, and putting the efficiency as 

ee nee 

H H 

we can write l—e wie 
H 

and using the Darcy formula for pipe friction: 

‘ee ee 

in which LZ is an equivalent length of water passage, d the effective diameter of an 

equivalent pipe, and f a variable coefficient which is a function of the Reynolds number 

and of the relative roughness of the surfaces. As noted above, we can reasonably 

discard the dependence on Reynolds number. As a simple functional relationship 

we can use the well-established exponential relation between f and d, which has been 

found practically satisfactory for pipes over a wide range of sizes, namely, 

const 

a qr 

giving the exponential formula hy, = const(L/d!*”)(V2/2g) for a given material or 

constant absolute roughness. 

The value of (1 + n) for pipes has been evaluated by many authorities, with values 

ranging from 1.25 to 1.383 and even to 1.4. 

Considering the effect of the nonfrictional losses, the value (1 +n) = 1.25 was 

initially proposed as a good probable approximation, or n = 14. We then have 

Ae const L V? 9 

dn d2gH ey 

In two homologous turbines operating under dynamically similar conditions, 

distinguishing the values for one of them by the subscript 1, 

1 — Cia (const /d,”) (Li /d1) (V1?/2gH1) 

l—e (const /d”) (L/d) (V2/2gH) 

From their geometrical similarity L1/d; = L/d; and for dynamic similarity with 

the turbines operating at the proper corresponding speeds V,2/2gH, = V?/2gH, so 
that 

1 AG = d we 

eta) 22 
Here d and d; are the equivalent diameters representing the water passages. ‘The 

ratio d/d, is merely a ratio of two corresponding linear dimensions and can be repre- 

sented by any convenient characteristic lengths, such as the throat diameters. 
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From the comparison of field tests of large units with model tests, the average 

value of nm was found to be approximately 14 rather than 14, for general application. 

The formula is therefore 

Ci ee 2 
a i) e2) 

When the efficiency e of a model is known, the efficiency e; of a full-sized homol- 

ogous turbine can be readily calculated from this formula. Equation (23) has become 

generally known as the Moody formula for turbine-efficiency step-up. The step-up 

formula apples only to reaction turbines; for impulse-type turbines, which have very 

small frictional losses and frequently have more disturbed jets in large units than in 

models, an increase in efficiency with size cannot always be counted upon. In some 

cases, field efficiencies of impulse turbines were found to be slightly lower than model 

efficiencies. The Moody formula has been found to be reasonably applicable to 

centrifugal pumps under certain conditions, but its general application to pumps is 

limited since the relation between small and large pumps is not usually the same as 

that between model and full-sized turbines. 

The efficiency step-up by the Moody formula 

sea =o [1 -(B)" 
is based on the maximum efliciency point of the model (peak of the efficiency hill) and 

the efficiencies of the full-sized turbine at all points are customarily obtained by 

uniformly adding to the corresponding model efliciencies the same increment Ae as for 

the point of maximum efficiency. 

The Moody formula has been found to give somewhat excessive efficiency step-up 

between models and large modern turbines, especially Kaplan adjustable-blade and 

fixed-blade propeller turbines. Consequently, it has become common practice to 

apply only a part (about 0.6 to 0.75) of the Moody step-up to propeller turbines. 

Purchase specifications for Kaplan and fixed-blade propeller turbines in America now 

usually specify application of two-thirds of the Moody formula step-up in correcting 

the model efficiency to that which may be expected from the full-sized turbine. The 

trend in recent specifications for large Francis turbines, particularly those operating 

under relatively low to medium heads, is also toward application of two-thirds of the 

Moody step-up. 

Although the efficiency of homologous reaction turbines changes rather consistently 

with change in size, their power output has not been found to change quite so con- 

sistently from proportional power, that is, proportional to the squares of the diameters 

and to the three-half powers of the heads. Therefore, it has become usual practice in 

America, when performance guarantees for full-sized turbines are to be verified by 

means of homologous model tests, to require that the model efficiency be corrected by 

the step-up formula, but that the principles of similarity be applied without correction 

to power. 

Other forms of efficiency step-up formulas are used in various countries, and such 

formulas may be found in some of the national test codes for hydraulic turbines; space 

does not permit citing them here. However, it is of interest to note that the Inter- 

national Code for Model Acceptance Tests of Hydraulic Turbines, Publication 193, 

First Edition, 1965, recommends the use of the Moody formula for Francis-type 

turbines and the Hutton formula for Kaplan and fixed-blade propeller turbines, unless 

some other formula has been specified or agreed upon in advance. The applicable 
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Hutton formula is 

— 2x SOY (z) 
ane 

(24) 
Il fs} w + (=) ~v 

I 

is) |S 
a, 

| do 
ere 

RS 

es 

SS 

where R = turbine Reynolds number = VD/» = (2gH)”D/» 

vy = kinematic viscosity of the fluid, sq ft/sec 

11. Combined Operation of Several Turbine Units. When there are several 

units in a station, the question arises as to the best distribution of the station load 

among the units to give the best attainable station efficiency for any value of the 

station load. The notion was formerly held by some operators that with a number of 

similar units the load variation should be carried by one unit, while the other units 

are permitted to run at their points of best efficiency. This assumption is in error, 

and by a simple principle the best distribution can be readily prescribed for any load 

and between like or unlike units. 

In stations having a small number of units and subject to considerable variation 

of load demand, the best solution of the problem of selection of units is frequently 

ll 

o 

KW, y KW, 

Q, Qe 

Fic. 35 

the combination of one unit having a flat efficiency curve, such as a Kaplan or mod- 

erate specific-speed Francis turbine, with several high specific-speed turbines, the first 

unit being used to take the greater portion of the load variations. 

Consider a plant containing two unlike units A and B. Curves are plotted giving 

the kilowatt output of the generator of each unit vs. the water quantity used at 

various gate openings, as shown in Fig. 35. 

Suppose the units are running with discharges Qa and Qz and generator outputs 

KWa4 and KWs, respectively. 

Let us find whether some other division of a given total quantity of water @ for 

the station will produce a greater total output AW, and let us determine the best divi- 

sion of load to give a maximum total output for a given total @. Put the total 

discharge Q = Q4 + Qz with Q given and constant and Q4 and Qs varying, and the 

total output KAW = KW4+ KWz. Using, say, Qa as the independent variable, we 

should havedKW/dQa4 = 0, for maximum KW; or (dKW4/dQ4) + (dKWep/dQa) = 0. 

Now to maintain Q constant, an increment of discharge dQ4 of unit A must be bal- 

anced by an equal decrement —dQz, of the discharge of unit B, or from the first equa- 

tion above dQ4 = —dQs. Hence, 

dKkKWa dKWe, 

dQa dQs 

dKWa _dKWs 
dQ dQs 

—a() or (25) 
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Therefore, for best economy the two units must be operated at points of equal 

slope on their output curves, as indicated in the figure. Since the same relation holds 

between any two units, as between A and a third unit C, all units in a station should 

be operated at any time at points of equal slope of their output vs. Q curves. 

Tf all the units in a station are exactly similar, having identical curves, they must 

consequently share the load equally. Of course, as soon as the load drops to the 

extent of the capacity of one unit, it should for best economy be shut down completely 

and the load redistributed among the remaining units. It is assumed here that the 

curves are convex upward, the usual form. If one or both have concave portions, the 

preceding solution may correspond to a minimum rather than maximum output, and 

such cases require further consideration, the distinction between maximum and mini- 

mum being determined from the second derivative. 

A method used by the late Prof. Pierre Danel will help to visualize this problem. 

Suppose curve sheet B is drawn on tracing paper, inverted, and placed over curve A 

with corresponding axes parallel, as in Fig. 836. At point 1 where the curves intersect, 

unit A is delivering KW 4 with discharge Q4 and unit B is delivering KW, with a dis- 

charge Qp,, so that the total output KW 

is the vertical height of the combined dia- 

gram between the two base lines and 

the total discharge Q is the horizontal 

width of the combined diagram between 

the vertical axes. The same relation 

holds for any other intersection as at 2, 

and so long as the curves intersect this 

relation is satisfied. 

To obtain maximum output for a 

given Q, we can move curve B upward 

until the two curves are just tangent, as 

shown dotted. For maximum economy, 

the units must therefore be operated at 

point 3, the point of tangency, the gates 

being adjusted so that the units discharge Fia. 36 
the corresponding quantities. At this 

point 3, the curves have a common tangent, so that the units are operating at points of 

equal slope on their output-Q curves, as previously found. This method can readily be 

applied to special cases, such as curves with concave portions. The method can also 

be applied to a plant containing three unlike units, in which case the AW vs. Q char- 

acteristics of two units are first combined, then matched with that of the third unit. 

PUMPS 

12. General Classification. Pumps are machines that convert mechanical energy 

into hydraulic energy, a process which is the reverse of that of prime movers. Con- 

sidered broadly, pumps comprise classes corresponding to those mentioned under 

prime movers: gravity lift, such as chain pumps, rarely used; displacement pumps, of 

the reciprocating type or piston pumps, or rotary as in lobed-wheel pumps and blowers 

or gear pumps, in which the fluid is moved without change in velocity in the spaces 

between intermeshing rotors or gear teeth from a point of low pressure to one of high 

pressure; and pumps that utilize the reversed reaction-turbine process, involving trans- 

formations between pressure head and velocity head and conversion of mechanical into 

hydraulic energy. 

Only the last class will be considered here. There is no conventional name for this 

class as a whole, which includes centrifugal pumps (Figs. 37 to 42), in which the flow 
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through the runner or impeller is radially outward, and axial-flow propeller pumps 

(Figs. 54 and 55). Mixed-flow or diagonal-flow pumps, intermediate between these 

types (Figs. 49 to 53), are included under centrifugal pumps as a subclassification. 

Centrifugal pumps thus correspond to Francis turbines with reversed flow direc- 

tion, and propeller pumps correspond to propeller turbines reversed. It must not be 

mistakenly inferred that a turbine of normal design can be arbitrarily reversed in 

direction of rotation and employed as a pump; the changed conditions require funda- 

mental changes in form so that the designs are essentially different. It is possible, 

however, to design a reversible machine with special design characteristics so that the 

same machine will operate as either a pump or turbine (see Reversible Pump-Turbines, 

Arts. 18 through 22). 

Fic. 37. Shop assembly of single-suction vertical-shaft centrifugal pump rated 72,000 

gpm, 384-ft head, 9,000 hp, 400 rpm for Lamiero pumping station in Brazil. (Three units 

by Allis-Chalmers Mfg. Co.) 

The form of centrifugal pump most frequently used is the simple combination of an 

axial inlet or suction pipe, a radial outward-flow impeller, and a volute or spiral casing. 

Usually no stationary guide vanes are used at either the inlet or outlet. The impeller 

tranforms mechanical energy into both pressure head and velocity head in the 

fluid, and the volute casing, often supplemented by a diverging conical discharge pipe, 

acts as a diffuser which gradually decelerates the flow velocity and converts most of the 

velocity head into pressure head at the discharge flange of the pump. Some special 

forms of pump use guide vanes at the entrance; and in some forms of multistage pumps 

used for high heads and small quantities of fluid and thus involving low specific speeds, 

the volute casing is replaced by discharge guide vanes or diffusion vanes, which provide 

decelerating passages between them. Such an arrangement is sometimes rather con- 

fusingly called a turbine pump, and it evidently corresponds in its relation of elements 

to a reversed Francis turbine, although as previously noted, the forms of the elements 
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must be quite different from those of a turbine. Diffusion vanes are sometimes used 

in single-stage pumps (Fig. 38) and particularly in axial-flow propeller pumps of high 

specific speed (Figs. 54 and 55). 

Pumps of small and moderate sizes are commonly arranged with horizontal shafts, 

and a wide range of sizes may be secured from the pump manufacturers as standardized 

or stock products with known performance characteristics as determined from shop 

tests. A common arrangement is with double-suction impellers, equivalent to two 

single-suction impellers placed back to back and made as a single casting; this arrange- 

ment gives balanced end thrust on the shaft (Figs. 40 to 42). 

= a 
| 
| 

Ita. 38. Section of one of six pumps for Grand Coulee, rated 65,000 hp, 1,350 efs each, 

310-ft head, 200 rpm. (Pelton—Byron Jackson.) 
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Fic. 39. Single-suction single-stage horizontal-shaft low-specific-speed pump. (Allis- 
Chalmers Mfg. Co.) 
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Fic. 40. Double-suction single-stage horizontal-shaft split-casing pump. (Peerless 
Pump, FMC Corp.) 
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For low and moderate heads and large capacities, as in water supply, drainage, 

_nd irrigation systems and condenser pumps, high specific speeds are needed, and here 

mixed-flow and propeller pumps are used often of large size and in vertical-shaft 

single-suction units. For low-head pumps required to operate under a widely varying 

head, adjustable-blade propeller pumps have been used to a limited extent. These 

are similar in construction to Kaplan turbines, but without the simultaneously 

adjustable wicket gates of the turbine. 

At the other extreme requiring very low specific speeds, as in high-lift pumps such 

as mine drainage, deep-well pumps, and boiler-feed pumps, the method of placing a 

number of pumps in series is adopted, as many as 10 or 12 stages being frequently 

employed. The successive impellers are often placed in a single casing containing the 

proper water passages and forming a single multistage unit. Byron Jackson Pumps, 

Inc., have built some small pumps for oil-field application which have more than 

200 stages. 

Fre. 41. Double-suction single-stage horizontal-shaft split-casing pump. (Jngersoll- 
Rand.) 

13. Head, Power, Efficiency. The head against which a pump operates, called 

the total head, and here designated by H, is defined by the ASME Test Code for 

Centrifugal Pumps, PTC 8.1-1954, as follows: 
“Pump total head (#) is the energy imparted to the liquid by the pump, expressed 

in foot-pounds per pound of liquid. It is the algebraic difference between the dis- 

charge head and the inlet head: H = ha — hs.’’ 

The definition is thus seen to be the same in substance as that of the effective head 

on a turbine. 

This can be expressed as 
Z Va? V2 n= (ta 2) (Heb 8) 

in which Hypa is the absolute discharge pressure head in feet, Hy; the absolute suction 

pressure head in feet (both with respect to a fixed datum elevation), and Vg and V, the 

discharge and suction velocities in feet per second. 

When the suction pressure is measured close to the impeller and the flow direction 
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is not controlled by fixed guide vanes, the centrifugal pressure due to rotating flow may 

cause serious error in the gagereading. This is particularly pertinent to vertical-shaft 

pumps in open sumps (Fig. 54) having short inlet passages. In such cases the total 

head should be taken as the reading of the discharge gage plus the velocity head at the 

gage section plus the elevation of the gage zero above the free-water surface in the 

pump. 

The water horsepower is also defined exactly as for turbines, whp = wQH/550. 

The efficiency of a pump is the ratio of the water horsepower, which is the useful work 

Fic. 42. Double-suction double-volute-type centrifugal pumps at Howard Avenue 
pumping station, city of Milwaukee. Each rated 50 mgd at 190-ft head and 40 mgd at 
220-ft head; driven by 2,000-hp 600-rpm water-cooled synchronous motors. (Allis- 
Chalmers Mfg. Co.) 

delivered, to the energy supplied to the pump by the shaft of the driving motor, or the 

input horsepower, bhp: 
whp wQH 

C= ip oui (26) 
14. Fundamental Principles. The principles are the same as those explained 

above in the corresponding section for turbines. When applied to pumps, they take 

the following form. Referring to Fig. 20a, the subscript ; will now represent the con- 

ditions at entrance to the impeller, and » those at discharge; and that figure will 

represent the pump action if the subscripts ; and » are interchanged and all velocity 

directions reversed (Fig. 43). 

If the same force and torque relations as developed for turbines are applied to 

pumps, the net turning moment exerted on the impeller is (wq/g)(T2Vu2 — 71Vui); 

where g is the quantity of water flowing through the impeller. Here Q, the discharge 

from the pump, is equal to g minus the leakage loss Q; through the clearances, and we 

can put Q = eq, e» being the volumetric efficiency, e, = Q/(Q + Qx). The turning 

moment on the impeller multiplied by 27N/(60 X 550) gives the shaft horsepower 

multiplied by the mechanical efficiency em to allow for bearing and stuffing box friction. 
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Fig. 43. Relative and absolute velocities in a pump impeller. 

That is, 
wQH 

™ 550e 
eI ee oV. Cy is = 9 = 60 x 55069 (reaVue — T1V ur) €mbhp e€ 

Introducing as before 27Nr2/60 = uz and 27N7r1/60 = wi, this relation becomes 7 

U2V ue 5 UwVus = em 

ErG é 

and if we put € = @,€mex, in which e;, is the hydraulic efficiency, we have the Euler 

formula for pumps: 
gH 

er 
U2 Vue thy Even = (27) 

This corresponds to Eq. (4) for turbines. For the usual centrifugal pump having no 

guide vanes at the entrance to the impeller to give initial whirl (Fig. 38) or having 

guide vanes to prevent initial whirl, V,; = 0 and 

The amount of head corresponding to the energy transmitted from the impeller to 

the water is wgH /wqe, = H/en, and the Bernoulli formula applied to the pump, with 

reference to the stationary system [corresponding to Eq. (6) for turbines], is 

V2 H Ve2 
her + @i + 39 —hi -F Ze = hyg +22 + lg (29) 

Equation (8) applies unchanged to pumps, viz., 

ee ee ey epee oes 8 ‘p | L 29 29 L = Mp2 Zo 2g 29 (8) 

and subtracting this from Eq. (29), we have 

Va ae + U2? Vi? — v2 + wu? H : 

2g 29 ep ($0) 

which corresponds to Eq. (9) for turbines. 
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Equations (27) and (28), although forming a sound basis for pump design, cannot 

be applied without taking account of some important distinctions. Vy. in Eq. (28) 

is the actual tangential velocity of flow and cannot be taken from an apparent velocity 

triangle constructed from the vane angle. If the impeller contained an infinite num- 

ber of vanes, the relative direction of discharge could be properly taken as the direction 

of the vanes, and the discharge velocity could be taken as uniform around the circum- 

ference. Actually, with a finite number of vanes, the pressure intensity adjacent to 

the driving face of a vane is necessarily greater than that in the region of the rear sur- 

face of the preceding vane; and the velocity heads of the flow on opposite sides of an 

impeller channel therefore differ correspondingly but in reversed order, and the veloc- 

ity is not uniform across the channel. Also although the flow adjacent to the vanes 

has rotational momentum effectively imparted to it, the portion of the flow intermedi- 

ate between the vanes is less effectively acted upon and its flow lines near the discharge 

periphery of the impeller tend to approach the free path corresponding to a free vortex. 

Allowances for these considerations must be made by applying a coefficient (usually 

Via. 44. Actual and apparent flow. 

of the order of 0.7 to 0.8) to represent the ratio of actual momentum imparted to that 

realizable with an infinite number of vanes; 7.¢., the apparent V,. is multiplied by the 
coefiicient K. 

The following method for evaluating K, for radial- and mixed-flow pumps with 
overlapping vanes, has been developed by L. F. Moody with the cooperation of the 
Worthington Corp. 

In Fig. 44 the dotted triangle represents the apparent flow based on the angle 6.’ 

of the impeller vane. The solid triangle represents the actual flow based on the angle 
6. of the true average direction of discharge from the impeller. The meridional 
velocity component Vs, or the radial component in a radial-flow impeller, remains 
unchanged, so that the actual flow triangle differs from the apparent triangle by a shift 
of the vertex parallel to w. through the distance Vg. The actual whirl component 
V2 1s calculated from the Euler formula 

U2Viug = WV = gH 
€h 

Va may be regarded as a differential velocity added vectorially to the apparent 
triangle to bring it into conformity with the actual triangle, changing the apparent 
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whirl component V2’ into the actual whirl component V,,2 of the absolute flow. The 

ratio Vuo/Vue' = K, the conversion coefficient. With an infinite number of vanes 

VighiseZerovand he —1 le 

The torque on the impeller 

me (eV =a) 

may be equated to the average pressure difference between face and back of a vane 

multiplied by Amer, the vane area projected in a meridional plane, and by its mean 

radius r, to its center of gravity, and by the 

number of vanes n. If the pressure difference 

corresponds to a differential pressure head Ah,, 

4 (r2Viue a TV a) >= wa merrm Ah» 

Since Va is a velocity, representing transverse 

flow in the circumferential direction across a vane 

passage from vane to vane, the corresponding 

velocity head V,?/2g must correspond to a pres- 

sure head difference between the face of one vane 

and the back of the preceding vane, that is, Ahp. 

We can therefore put Vqa?/2g = (C/2) Ah, in 

which C is a coefficient to be determined by test 

for any given type of impeller. 

For normal operation with zero initial whirl 

Va? -_ G Gg fo Vue 

29 29) AmnexTm 
Vara) and 

and putting g = AperVm2 in which Ayer is the 

peripheral area of the impeller normal to Vn», 

equal to 2mr2.B — (vane thickness correction), we have 

CA er 12 
V. — =e = V. oV. 2 

4 n Amer Tm pls 

Here A per?2 and A mer?'m are the static moments of the two areas about the impeller axis. 

Then since K = Vuo/Vu2' = Vu2/(Vue + Va), we have 

ae ae bed per Ue m2 

: Ps n A mer lm Vue 

; Pt me gH 
and Vuz ous 

A common practice combines (Ke,) in a single coefficient sometimes called the mano- 

metric coefficient which we denote A» (see Fig. 59). 

The hydraulic efficiency « may be estimated from the complete pump efficiency ¢€ 

by an empirical relation: 

1—e 

1 + 14g V/10,000,000/N scQ 
l1—eg,= 

in which N gq is the specific speed based on gallons per minute and Q is in gallons per 

minute. In a double-suction pump both Ns¢ and Q are to be taken for the complete 



26-58 HYDRAULIC MACHINERY 

pump. The coefficient C, from an analysis by Osborne! of test data of the Worthing- 

ton Corp., may be taken as C = 0.4 as a satisfactory average. 

No attempt will be made here to cover the detailed methods of pump design, 

because excellent designs are available for a wide range of specific speeds, and pumps of 

satisfactory performance are standard products of the leading pump manufacturers. 

Attention will therefore be directed to the selection and application of pumps for 

various conditions of use. 

15. Specific Speed. The principles of dynamic similarity explained in the case of 

turbines are equally valid when applied to pumps; and if a series of homologous pumps 

of various sizes are operated against various heads, we can say here as we did for tur- 

bines that P « D?H%® if each pump is operated at its proper speed for its size and head 

so that N « H’2/D. This leads to the same specific-speed relation as for turbines. 
However, this is not so convenient a relation in the pump field as another, which will 

beusedinstead. In specifying or designing a pump, the quantities in which we are most 

interested are not horsepower, head, and speed but discharge, head, and speed; 7.e., 

pumps are rated according to discharge capacity rather than power requirements. 

We shall therefore obtain a more convenient relation if we deal with Q instead of P. 

By applying the same principles of similarity as before @ « D?H’® when N « H’2/D. 

Eliminating D, we have 

H' 34 
N« fo = 

J/Q/HA VQ 

If this is expressed as an equation instead of a proportionality, 

HY 

VQ 

By putting H equal to 1 ft and Q equal to 1 cfs, the constant is seen to be the speed, 

in revolutions per minute, of a homologous pump of such size that it would deliver 

1 cfs against 1-ft head. This is taken as the specific speed of a pump and is commonly 

denoted V,. When it is desired to apply both specific-speed functions in the same 

problem, this new specific speed, based on quantity, may be distinguished by using 

the notation V,,. This specific speed is equally applicable to turbines, although not 

so convenient in most turbine problems as the specific speed based on P. By express- 

ing turbine specific speeds as V,,, a comprehensive chart can be drawn showing both 

turbine and pump characteristics on a single diagram. When not otherwise noted, 

N, will be used in this discussion to mean specific speed based on quantity, when deal- 

ing with pumps. 

As in the case of turbines, this new N, (or Noq) is a constant for all geometrically 

similar pumps of any size and head, each being operated at its proper speed corre- 

sponding to the head and size. The type of pump can therefore be determined by 

inserting its values of Q, H, and N in 

N = (const) 

NVQ — (31) 
and finding its Ns. 

Some inconvenience, in centrifugal-pump calculations, results from lack of stand- 

ardization of units of discharge. The United States pump industry customarily 

expresses the discharge capacity of standard or commercial-type pumps in gallons per 

minute (gpm). The Hydraulic Institute, a trade association of pump manufacturers 

in North America, has adopted gpm as the standard unit of pump discharge for deter- 

1 Osporne, W. C., A Method of Calculating the Degree of Flow Deviation at the Discharge of 
Centrifugal Pump Impellers, ASME annual meeting, Nov. 26—Dece. 1, 1950. 
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Fia. 46. Characteristic curves of a Pelton—Byron Jackson model pump tested at Cali- 

fornia Institute of Technology for Metropolitan Water District of Southern California. 

mining specific speed. However, for large pumps, cubic feet per second (cfs) and 

million gallons per day (mgd) are often used as units of capacity. Specific speed 

stated on the basis of quantity in gallons per minute is 

Ne=N ave, (32) 

This value of V, will be distinguished here by the symbol Nyg. To convert Nyq into 

N, (or Neq), the following conversion factors are used: 7.48 U.S. gal = 1 cu ft; 

7.48 < 60 = 449 gpm = 1 cfs. 

NV Ora ON 
AN Gi ee H%4 4/449 H%4 

The specific speeds here employed will be the values for a single-suction single- 

N ¥ \/ Qepm Ns«@ 

mie: 

stage pump. Thus the quantity to be used in figuring the Ny for a double suction 

pump is that for only one-half the double impeller, or one-half the total @ of the unit. 
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For a multistage pump, the head to be used in figuring N, is the total head of the unit 

divided by the number of stages. 
We shall also use for pumps the specific speed for the point of best efficiency, which 

should be the point of normal operation. Figures 46 and 47 show the efficiency and 

head characteristic curves for pumps of moderate specific speed and high efficiency. 

As in the case of turbines, there are forms and proportions of pumps favorable to 

high efficiency, corresponding to a particular range of specific speeds; and abnormally 
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Fic. 47. Characteristic curves of a Worthington model pump tested at California Institute 

of Technology. 

high or low specific speeds require abnormal proportions and are accompanied by 

impaired efficiencies. Figure 48a indicates the trend of maximum efficiencies, 

obtained in nearly every case from tests of large-capacity pumps. Small-capacity 

pumps and those of the usual commercial sizes cannot be expected to approach these 

values, since, just as in the case of turbines, efficiencies increase with an increase in 

dimensions. Comparative tests of homologous pumps have shown that an efficiency 

step-up formula of the same general form as the Moody turbine efficiency step-up 

formula 

aces | 1— é a dD, 
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may conveniently be applied to pumps, if the proper value of exponent n is used, as 

explained further in Art. 17 under Model Tests. To show approximately the effect of 

size, in terms of capacity, on the efficiencies of commercial pumps, Fig. 48 is given. 

The curve of Fig. 48a will serve to indicate the region of specific speeds most favorable 

to high efficiencies and the comparative effect of variations of N;. It will be noted 

that below a specific speed of 50 (cfs units) or 1,000 gpm units the efficiencies drop 

rapidly. This is mainly due to the absence of data for large pumps in this region. 

The efficiency of a radial-flow centrifugal pump of given unit capacity is practically 

unaffected by subdividing its inlet and changing from single-suction to double-suction 

Me COUPLING 

KINGSBURY 
—3- THRUST 

BEARING 

CARBIDE -—48 8 IMPELLER 
BEARING 7 

aid 

Fic. 49. Mixed-flow volute pump rated 70,000 gpm, 34.3-ft total head, 349 rpm, for a 
municipal sewage-treatment plant. Sketch shows one of bearing arrangements used in 
pumps of this design. (Baldwin-Lima-Hamilton Corp.) 

design, so that for a double-suction pump of this type the specific speed in Fig. 48a is 

based on the total unit capacity. 

For very high heads and small quantities to be pumped, as in boiler-feed pumps or 

mine pumps, the specific speed would work out far below the values for normal design 

and good efficiency, even when extremely high-speed driving motors are used. Instead 

of attempting to develop the head in a single impeller, the head is subdivided in a num- 

ber of stages, and several pumps are placed in series, either as separate units or as a 

series incorporated in a single unit and with all the impellers on one shaft and within a 

common casing. For example, if s stages are used and the specific speed of the entire 

unit is V, = 4/Q/H”", the specific speed of one stage corresponding to a single impeller 

will be increased to Nui = N[>/Q/(H/s)"*| = s°4Ns, which can be increased to a value 
that will fall within the range of good design and normal proportions. For instance, 

suppose the specific speed for the total H and Q of a pump taken as a unit works out at 
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a value of 10, which would require abnormal design and low efficiency. By using a 

number of stages such as 9, the specific speed of an individual impeller would be 

increased to 10(9)%* = 52, which is within the region of normal design and good 

efficiency (see Fig. 48a). 

On the other hand, the specific speed of a pump unit may be increased by placing a 

number of impellers on the same shaft arranged to pump in parallel. If the number of 

impellers in parallel is n, the specific speed of the unit will be 

N. = N VnQ/H* = Na Vn 

where Ns; is the specific speed of a single-suction impeller. Thus the specific speed of a 

double-suction pump, having a double impeller, will be Vs = N(4/nQ/H") = 1.41Na. 

Fic. 50. Three 54-in. vertical-shaft mixed-flow pumps at Hyperion sewage-effluent plant 
of city of Los Angeles. Pump rating: 125,000 gpm at 64-ft head, 2,500 hp, 360 rpm. 
(Allis-Chalmers Mfg. Co.) 

The value of the specific speed to be used in determining the form and characteristics 

of the impeller is that corresponding to one stage and single suction, which is the value 

used in the curves shown here. 

Another reason for using a number of stages in a high-head pump is the desire 

not to exceed about 500 or 600 ft head per stage to avoid abrasion or wear of the parts 

exposed to high velocity; and frequently the head per stage is limited by cavitation 

requirements. The various design proportions of a pump may be expressed as 

functions of the specific speed. The impeller diameter, for example, can be fixed from 

Uy = 2nrxN/60 =  r/2gH; and Fig. 59 indicates reasonable values of @ as a function 

of N,. 
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16. Cavitation. The same reasoning as set forth in Art. 6 for turbines applies 

equally to pumps, including the Thoma formula for the cavitation coefficient sigma 

o = (MH, — H,)/H, the criterion of cavitation. By plotting the sigma values of pumps 

as a function of specific speed, a basis is obtained for preparing charts corresponding 

to those given for turbines. An example of such charts is shown in Fig. 60 in which 

the solid line was drawn to indicate the approximate lower limit of sigma values for 

single-stage single-suction pumps with overhung impellers. 

Fig. 51. Vertical-shaft mixed-flow volute pump rated 157,000 gpm, 36-ft total head, for 
condenser water circulation in nuclear-powered Dresden Station of Commonwealth 
Edison Co. (Baldwin-Lima-Hamilton Corp.) 

The Hydraulic Institute has sponsored extensive studies of experience data 

accumulated by various pump manufacturers. Values of sigma were plotted against 

specific speed and the zones of safe and dangerous operation from the standpoint of 

cavitation were delineated. On the basis of these data, which indicated that, for any 

given total head and suction condition, the specific speed of the pump should be kept 

below a certain value to avoid cavitation, the Hydraulic Institute prepared a series of 

charts indicating the recommended limits of specifie speed. The charts, reproduced 

here in Figs. 61 to 64, show the relationship between the total pump head and the 

recommended upper limits of specific speed under various conditions of suction lift 

and suction head. The first chart (Fig. 61) applies to double-suction single-stage 

pumps. The second chart (Fig. 62) applies to single-suction single-stage pumps with 

a shaft through the eye of the impeller. The third chart (Fig. 63) applies to single- 
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(6) 

Fia. 52. Impeller of diagonal-flow adjustable-blade Deriaz-type pump rated 2,200 cfs, 

125-ft total head, 120 rpm, for Mile 18 Pumping Plant of U.S. Bureau of Reclamation. 

(a) Blades fully opened. (b) Blades closed. (Three pumps by English Electric Company 

Ltd.) 

suction overhung-impeller pumps. The types of pumps covered by these three charts 

find application principally in the medium- and high-head range. From a comparison 

of the first two charts against the third, it can be seen that for pumps in which the 

shaft extends through the suction space, the reduction of the effective eye or throat 

area due to the shaft requires a reduced specific speed, dependent on the size of the 

shaft and consequently on the head. The fourth chart (Fig. 64) apples to single- 

suction mixed-flow and axial-flow (propeller) pumps; these types of pumps are applied 
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advantageously for low-head pumping. All four charts are based on pumping clear 

water at a temperature not exceeding 85 F at sea level. The charts are intended to 

apply to the normal rated operating conditions, on the assumption that the pump at 

rated conditions is operating at or near its point of maximum efficiency. Since 

pumps are normally applied for rated conditions near their maximum efficiency point, 

their rated specific speed is usually sufficiently close to the specific speed at point of 

best efficiency. However, when a pump is expected to operate at greater than normal 

discharges, as in cases where the operating head is subject to considerable variation, 

lower specific-speed values should be used. 

Fic. 53. Shop assembly of one of two condenser circulating pumps for Joliet Station of 
Commonwealth Edison Company. Impeller and top plate of other unit in foreground. 
Pump rating: 230,000 gpm at 30-ft head, 212 rpm. (Allis-Chalmers Mfg. Co.) 

The Hydraulic Institute specific speed—limit charts are revised from time to time to 

reflect advances in pump design. The charts have gained wide acceptance as a guide 

by pump manufacturers, users, and consulting engineers. The usual standard or 

commercial-type centrifugal mixed-flow and axial-flow pumps may be selected within 

the limits shown on the charts with reasonable assurance of freedom from cavitation 

under the conditions indicated. Values exceeding these limits should be used only for 

specially designed pumps. 

The values of suction lift and suction head used in the charts are measured by 

pressure gage at the pump suction flange, corrected for velocity head, and referred to 

the elevation of the shaft center line for horizontal pumps, to the center line of the 

pump casing for vertical double-suction pumps, and to the entrance eye of the first- 

stage impeller for single-suction vertical centrifugal and mixed-flow pumps. For 
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vertical-shaft axial-flow (propeller) pumps, the suction lift or suction head is measured 

to the mid-height of the impeller. 

With reference to Fig. 65, h, is the height of water column in a gage glass con- 

nected to the pump suction pipe at a point z ft below the shaft center line. h, must 

be increased by the velocity head in the suction pipe at the section where the gage 

is connected. The top of the water column so corrected is the elevation of the 

equivalent or virtual sump elevation shown by the dashed line. The value of H, 

referred to the pump axis is therefore H, = z2 — (hp + 0,?/2g). When the pump 

operates under positive suction pressure, this is termed suction head, which is merely 

—H,. Inapplying the specific speed—limit charts to large horizontal-shaft installations, 

(Water level- discharge chamber 

Fig. 54. Axial-flow propeller pump with diffusion vanes. (Byron Jackson Pumps, Inc.) 

it is advisable to figure the suction lift or suction head in the large pump to the upper 

side of the impeller entrance diameter rather than to the shaft center line. 

The Thoma cavitation formula ¢ = (H, — H,)/H is usually expressed for pump 

application in the form ¢ = H,,/H, in which H,, is the excess of the absolute suction 

head above the vapor pressure, or the net positive suction head. The net positive 

suction head can also be introduced into the specific-speed relation. By using H,, 

instead of H in the specific-speed formula, a useful parameter called the “suction 

specific speed”’ is obtained: 

giN “Out 
Hyy*4 

The suction specific speed expresses the combination of suction conditions which, 

if kept constant, will give similarity of flow and cavitation in pumps which are geomet- 
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92-in-diam propeller 
pump 

Francis turbine 
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Axial-flow propeller pump, direct-driven by hydraulic turbine, for supplying 
fish attraction water to fish-passing facilities at Wanapum hydroelectric power station. 
Rated 1,000 cfs total combined discharge of pump and turbine with pool-to-pool static 

(Baldwin-Lima-Hamilton Corp.) heads of 6 ft on pump and 60 ft on turbine. 

rically similar in the suction passageways and in the low-pressure portions of the 

impeller. The suction specific speed and the Thoma cavitation coefficient are related 

as follows: 

= Ay _ (NV Qepm/'S)% 
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The solid line of Fig. 60 corresponds to a value of S of 8,990 or in round numbers 
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17. Shop and Model Tests of Pumps.! Shop Test on Full-sized Pump at Full Head. 

In order that a shop or laboratory test should correctly predict the results to be secured 

in the field installation, the setting as well as the pump proper should be duplicated. 

On the intake side the setting includes the passage between the impeller and a point in 

OT, = = 

TEEL WORTHINGTON 

Fic. 56. Shop assembly of 10-in. six-stage barrel-type boiler-feed pump; driven by 

9,700-hp, 5,500-rpm auxiliary turbine. (Worthington Corp.) 

Fig. 57. Twelve-stage boiler-feed pump rated 685 gpm at 4,270-ft head, 3,500 rpm. 

Driven by a 1,000-hp motor through a fluid coupling. (Allis-Chalmers Mfg. Co.) 

the supply piping or sump where the velocity head is so low that variations in passages 

beyond that point will have a negligible effect. On the discharge side it includes the 

passage between the pump casing and the point where the guaranteed head is to be 

1 Based in part on data contained in ‘‘Standards of the Hydraulic Institute,’’ Centrifugal Pump 
Section, copyright 1965 by Hydraulic Institute, New York. 
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measured. To represent true pump performance, the discharge head should be 

measured, both in the shop or laboratory and in the field installation, in a straight 

section of discharge pipe a sufficient distance beyond the pump discharge flange to 

permit the flow to reach substantially normal distribution across the section of meas- 

urement, and thus to provide a “smoothing section” to overcome the distortion of flow 

caused by the pump volute or by a discharge elbow. 

Fic. 58. Hight-stage split-casing pump. Diffuser-vane type. (Ingersoll-Rand.) 

iO 40 80 120 160 200 

Specific speed Ng- “32 
Fic. 59. Typical design factors for radial-flow centrifugal pumps. 

If the shop or laboratory test is made at the same head and speed as the field 

installation, then, in the absence of a cavitation test, the suction head or lift must be 

the same if the atmospheric pressure and water temperature are the same. If the 

atmospheric pressure or water temperature is different, the suction head or lift must be 

such as to give the same cavitation factor o = (Hy, — H;)/H,in which Hy = Hy — Hyp, 

the atmospheric pressure head minus the vapor pressure head of the water correspond- 

ing to its temperature. 4H, is the net suction lift = z2 — (hp + Va?/2g) as in Fig. 65; 

and H is the total pump head. 

If, however, cavitation tests have been made on the pump and it has been estab- 
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lished that the sigma of the installation is substantially in excess of the critical sigma 

throughout the range of operation, then if the sigma for the shop or laboratory tests is 

also kept well above the critical sigma, its exact value is of no significance. 

suction lift) 

Critical si 

20 30 40 50607080 100 200 300 400 500 
VQ 

Specific speed (Q in cfs) Ng =N —S& 
H*4 

Fig. 60. Approximate limits of cavitation-coefiicient sigma at various specific speeds for 
single-stage single-suction pumps with overhung impellers. 

Example: A four-stage boiler feed pump rated at a capacity of 400 gpm is to operate against a total 

head of 900 ft, handling water at 250 F and running at 3,550 rpm. The suction gage pressure is to be 

21 psi in a 4-in. suction pipe, at the elevation of the pump axis. The pump is to be tested in the shop 

under full head and at the same speed, handling water at 80 F. What suction head or lift should be 

applied in the shop test to make it correctly represent the field conditions? 

The first condition is that the specific speed must be the same in the shop and the field operation, 

which will be secured with the head, speed, and capacity the same in both cases. The second condition 
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is that the cavitation factor sigma must be the same in shop and field operations, to make the suction 

conditions in the shop test representative of the field conditions. Calling 

JE hay Ay Hs Ha Ap Hs 

in which Hw is the ‘“‘net positive suction head,” or the excess of the absolute suction head over the 

vapor pressure head, then o = Hs,/H. 

In this example, from steam tables, at 250 F the specific volume of the water is 0.017 cu ft/lb, the 

specific weight is w = 1/0.017 = 58.8 lb/cu ft, and the vapor pressure is 30 psi absolute. The suction 
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Fig. 61. Hydraulic Institute, upper limits of specific speeds, double-suction pumps, 
handling clear water at 85 F at sea level. (Reprinted from ‘‘Standards of the Hydraulic 
Institute,” 11th ed., copyright 1965 by the Hydraulic Institute, 122 Hast 42nd Street, New 
York, N.Y. 10017.) 

pressure head is hp = (21)(144)/58.8 = 51.4 ft, the pipe velocity Va is 10.2 fps, and the velocity head 

is 1.6 ft, so that Hs = z — (hp + Va2/2g) 0 51.4 1.6 53.0 ft (or 53 ft positive suction 

head). 

Hence He; = Ha Ev H; ((14.7 30) /58.8](144) + 53.0 = 15.5 ft. The head per stage is 

H = 900/4 = 225 ft, ando = H»/H = 15.5/225 = 0.069. 

To maintain the same o in the shop test with the water temperature 80 I and the vapor pressure 

0.5 psi, Hs» = oH must remain the same and the suction lift must be 

Hg = Ha =] Hyp = As» 

_ (14.7 — 0.5) (144) 

62.3 
15.5 32.8 15.5 17.3 ft 

Shop Test on Full-sized Pump at Reduced Head. When laboratory or shop lmita- 
tions such as available power preclude full-head tests, reduced-head tests are permis- 
sible and are in general closely representative of tests at full head. However, in tests 
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at reduced power the relative loss in mechanical bearing friction and stuffing-box 

friction may be increased (an effect which may be appreciable in small pumps); and 

the hydraulic friction losses may be relatively increased when the Reynolds number 

for the water passages is reduced (an effect which may be appreciable in small pumps 

of low specific speed). It is recommended that when reduced-head tests are used as 

acceptance tests, the guarantees specify the test head, and that the performance 

guarantees be based on the reduced-head conditions. 

Total suction head 4,000 5 ft 

for single-suction overhung-impeller pumps 

INS a (e) (eo) 

Specific speed, Ng 

o oO ro) 

700 
600 400 200 400 70 5O 30 20 

H=total head, ft (first stage) 

Fie. 62. Hydraulic Institute, upper limits of specific speeds, single-suction shaft through 

eye pumps, handling clear water at 85 F at sea level. (Reprinted from ‘‘Standards of the 

Hydraulic Institute,’ 11th ed., copyright 1965 by the Hydraulic Institute, 122 Hast 42nd 

Street, New York, N.Y. 10017.) 

In any such reduced-head test, two conditions must be maintained: the operating 

speed must be such as to keep the specific speed the same as in the field installation, 

and the cavitation sigma must be the same. As noted, however, if it has been 

established by cavitation tests that sigma is substantially in excess of the critical 

sigma, then the second requirement is unnecessary. 

In order to maintain hydraulic similarity with the field operation, the capacity Q: 

for the test and the test speed V; must be reduced below the installation capacity @ 

and speed JN, respectively, in the ratio 

steep eee 
Q H 

where H, and H are the pump heads for the test and installation, respectively. 
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for single-suction shaft through eye pumps 

Specific speed, Neg 

600 400 200 400 70 50 SORcO 
H= total head, ft (first stage) 

Fic. 63. Hydraulic Institute, upper limits of specific speeds, single-suction overhung 

impeller pumps, handling clear water at 85 F at sea level. (Reprinted from ‘‘ Standards of 

the Hydraulic Institute,’ 11th ed., copyright 1965 by the Hydraulic Institute, 122 Hast 42nd 

Street, New York, N.Y. 10017.) 

Bxample: With the same field conditions as in the preceding example, the shop test on the same pump 

is to be made at a reduced head of 720 or 180 ft per stage with water at 80 F. What capacity, speed, 

and suction lift or head should be used in the shop test? 

From the above relations, the capacity to be used in the shop test is 

Qi =Q Ne = 400 \382 = 358 apm 
225 

The speed to be used in the shop test is 

Ni = N \= = 3,550 +/0.8 = 3,170 rpm 

The specific speed will now be the same in shop and field: 

woke V400 _ , 358 
3,550 : 

HY (225)*4 (180) %4 

To keep the cavitation factor the same in shop and field, we found in the preceding examplec = 0.069 

and Hs = Ha — Hyp = 32.8 for the shop test. Then for the shop test 

Hs = Hy — oH, = 32.8 (0.069) (180) = 20.4 ft 

To reproduce the field conditions, the shop test must therefore be run with a suction lift of 20.4 ft. 
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Fia. 64. Hydraulic Institute, upper limits of specific speeds, single-suction mixed- and 

axial-flow pumps, handling clear water at 85 F at sea level. (Reprinted from ‘Standards 
of the Hydraulic Institute,” 11th ed., copyright 1965 by the Hydraulic Institute, 122 East 

42nd Street, New York, N.Y. 10017.) 

Model Tests. In cases involving pumps of large size, model tests are of great 

utility. Even when it might be feasible to test the large pump in the shop, a model 

may often be tested with greater accuracy and thoroughness; and by adopting a 

standardized size of model for various pumps, properly comparable performances can 

be secured. Model testing in advance of final design and installation of a large unit, 

as standard procedure, not only provides advance assurance of performance but 

makes alterations possible in time for incorporation in the prototype. It is not 

essential that the model test head be the same as that in the prototype. Although the 
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current Eleventh Edition of the Hydraulic Institute Standards requires that the model 

test head be not less than 80 percent of the prototype head, there are differences of 

opinion concerning this requirement, because the necessity of performing the pump 

model test at no less than 80 percent of prototype head has not been clearly sub- 

stantiated either by theoretical considerations or by comparisons of performance data 

from tests of models and their full-sized prototypes. There is evidence indicating that 

reliable results can be obtained with test heads no greater than about 50 to 65 percent 

of prototype head. 

The model should have complete geometric similarity with the prototype, not 

only in the pump but in the intake and discharge conduits as specified for tests 

on full-sized pumps. The model should be run at such speed under the test head that 

the specific speed remains the same as that of the installed unit; and if cavitation tests 

are not available, the suction head or lift should be such as to give the same sigma 

value as in the installation. 

If corresponding diameters of model and prototype are D, and D, respectively, 

then the model speed NV, and capacity @, under the test head H, must agree with 

the relations 

Ny -De Ji Qi ay Ne See eS ae Wee and = 
N dD, H Q D H 

In testing a model of reduced size, the above conditions being observed, complete 

hydraulic similarity will not be secured unless the relative roughness of the impeller 

and pump casing surfaces is the same. With the same surface texture in model and 

prototype, the model efficiency will be lower than that of the larger unit; and greater 

relative clearances and shaft friction in the model will also reduce its efficiency. 

The efficiency of a pump model can conveniently be stepped up to the prototype 

by applying a formula of the same general form as the Moody formula used for 

hydraulic turbines 

The exponent n should be determined for a given laboratory and given type of 

pump on the basis of an adequate number of comparisons of the efficiencies of models 
and prototypes, with consistent surface finish of the models and prototypes. The 
Standards of the Hydraulic Institute state that the values for the exponent n have 
been found to vary from zero when the surface roughness and clearances of the model 
and of the prototype are proportional to their size, to 0.26 when the absolute roughness 
is the same in both model and prototype. Experience data accumulated from con- 
tinued research and testing by leading pump manufacturers have enabled them to 
narrow the range of n values applicable to their individual laboratories and methods of 
finishing the surfaces of models and prototypes. Some manufacturers have found 
from tests of centrifugal-pump models and prototypes that the use of an exponent of 
1g = 0.20, as used for hydraulic turbines, is reasonably justified; others have found 
that the average value of the exponent applicable to their test results is about ily 
7.5 = 0.13. Some European manufacturers consider an average exponent of 1/6.5 
reasonably justified for general pump application. In any case, it is apparent that, 
because the Moody step-up applies only to the friction losses, which are relatively 
small in pumps of modern design, reasonable differences in the value of the exponent 
have rather minor effect on the calculated efficiency of the prototype. 

When model tests are to serve as acceptance tests, it is generally recommended 
that the efficiency guarantees be stated in terms of model performance, rather than in 
terms of calculated prototype performance. In the absence of such provision, the 
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efficiency step-up formula and the numerical value of its exponent should be clearly 
specified, or agreed upon in advance of tests. 

In pumps of high or medium specific speed, and in models of reasonable size, with 

correct relative clearances and with impeller and diffuser surfaces of smoother finish 

than in the larger prototype, a close approximation to the prototype efficiency may be 

secured if the model bearing and stuffing-box friction is minimized by a special design. 

In such models, operated under a head which is not too low, the Reynolds number of 

the flow passages is high enough to cause completely turbulent flow and to make 

viscous forces negligible and the Reynolds number without effect. In such cases 

little increase in prototype efficiency over model can be counted upon. 

Not all pumps are well adapted for model testing. In installations in which 

free-water surface phenomena may affect the performance, complete hydraulic simi- 

larity prescribes constant Froude number, which requires a constant ratio of pumping 

head to the linear dimensions of the pump. To keep sigma the same, it is necessary 

to reduce the barometric pressure in the same ratio by enclosing the whole setting in a 

closed chamber. These conditions apply, for example, when a limited depth of free 

sump surface over the suction inlet may cause prerotation, or vortices drawing air 

into the pump. In pumps such as condensate pumps intended to operate under 

cavitating conditions, when vapor separation produces free surfaces within the pump, 

it is recommended that the pumps be tested in their full size at full head and speed. 

Example: A single-stage pump to deliver 200 cfs against a head of 400 ft at 450 rpm and with a 

positive suction head, including velocity head, of 10 ft has an impeller diameter of 6.8 ft. The pump 

being too large for a shop or laboratory test, a model with 18-in. impeller is to be tested at a reduced 

head of 320 ft. At what speed, capacity, and suction head should the test be run? 

Applying the above relations: 

Da/A 6.8 ft ~ [320 
5 = 9 

NSN Nee Tete Nagorno 
Di \ AGING A OSU RN en are 

OQ Q (3) 7] 200 (53 400 8.73 cfs, or 3,920 gpm 

To check these results, the specific speed of the prototype is 

JQ 9 
, ae) 20) = 71.2 in the efs system 

HH“ 40074 

and that of the model is 

Na = 1,825 vss = 71.2 (or 1,510 in the gpm system) 

The cavitation factor for the field installation, assuming a water temperature of 80 F as a maximum 

probable value and Hy = 32.8 ft as in the first example, will be 

Hi = ie 3258. LO 
i = 400 = 0.107 

which should be the same in the test. With the water temperature approximately the same, 

_ He = Ba 
“7 Ay 

and Hs Hy — oH = 32.8 (0.107)(320) = —1.45 ft 

Hence the model should be tested with a positive suction head of 1.45 ft, to reproduce the field conditions. 

Test of Full-sized Pump or Model at Increased Head. Under some conditions it 

may be desirable to carry out shop or laboratory tests at a higher head than the 

installation head. This may be due, for example, to the limitations of test motors or 

electrical frequency. A more usual cause may be the inability to provide sufficient 
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suction lift in the shop. The required sigma can then be obtained by an increase in 

the pumping head instead of an increase in suction lift. 

Cavitation Tests. The critical value of sigma at which cavitation begins can be 

found by running the pump at constant specific speed and varying sigma by progres- 

sively altering the relation between suction lift and pumping head. The efficiency 

and the head corrected for constant speed can then be plotted against sigma. The 

point where the curves break away from the horizontal, as sigma is reduced, indicates 

the critical sigma. For pumps of abnormal design and those which are to operate 

close to or beyond the recommended limits of Figs. 61 to 64 cavitation tests are of 

great importance, sometimes of greater importance than accurate efficiency tests. 

Three typical arrangements are shown for determining the cavitation characteristics 

of pumps (Fig. 66). 

(a) (e) 

Fic. 66. Arrangements for determining pump cavitation characteristics. 

In (a), the pump suction pipe simply draws from a sump in the form of a well in 

which the surface level can be varied in elevation over a fairly large range, thus 

varying the suction lift. 

In arrangement (6), the suction is taken from a sump of fixed surface level through 

a throttle valve followed by an enlarged pipe forming a stilling chamber and contain- 

ing screens or baffles to dissipate the turbulence from the throttle valve and to distrib- 

ute the flow evenly, so that the pump takes a flow free from undue turbulence. 

In arrangement (c), the pump is in a closed circuit in which the absolute pressure 

level can be drawn down to any desired extent without changing the pump head. 

REVERSIBLE PUMP-TURBINES! 

18. General Classification. Definition. A pump-turbine is a dual-purpose 

hydraulic machine that combines the functions of a pump and a turbine in a single 

machine; it is in a class distinct from both the pump and the turbine. Pump-turbines 

1 By Thaddeus Zowski. 
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are represented in current practice mainly by the reversible-type machine which 

operates in one direction of rotation as a pump and in the opposite direction of rotation 

as a turbine. Although pump-turbines of the nonreversible type have also been 

developed, they have not yet gained wide acceptance, and relatively little operating 

experience is available thus far from such machines. 

Fia. 67. Cutaway view of Francis-type pump-turbine and generator-motor. (Allis- 

Chalmers Mfg. Co.) 

Classification. Pump-turbines may be divided into three principal types analogous 

to those of reaction turbines and pumps: 

1. Radial-flow or Francis type (Figs. 67 through 70) 

2. Mixed-flow or diagonal-flow type (Fig. 71) 

3. Axial-flow or propeller type (Figs. 72 and 73) 

The diagonal-flow and propeller types are subdivided into fixed-blade and adjust- 

able-blade types. _Pump-turbines are also classified according to the position of their 

main shaft as vertical-shaft and horizontal-shaft machines, and according to the 

number of stages as single-stage and multiple-stage units. 

The Origins of Present Designs. The operating principle and possibilities of the 

reversible pump-turbine have long been known, but were not put into practice until 

the early 1930s, when the first two known reversible pump-turbine installations 

involving relatively small machines were placed in service in Europe. These were 

followed by two larger reversible pump-turbines installed in Brazil, one of which was 
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of European manufacture (J. M. Voith) and was placed in service in 1939; the other 

was of American manufacture (Allis-Chalmers) and was placed in service in 1940. 

Subsequent extensive research and development work on reversible pump-turbines by 

the American hydraulic turbine industry produced designs of economical machines 

having good performance characteristics. The development of the reversible pump- 

turbine has greatly extended the field of economic development of pumped storage 

projects, because of the substantial saving in the cost of hydraulic machinery, valves, 

penstocks, and power-station structure that can be achieved in most cases by using 

single-unit reversible machines instead of separate pumps and turbines. The econ- 

omy and good performance of this type of machine resulted in the adoption of reversi- 

ble pump-turbines for a number of large installations in North America, beginning 

with the reversible Francis-type unit of Allis-Chalmers design and manufacture, which 

SY 

- a 

lia. 68. Impeller runner of I'rancis pump-turbine for Hiwassee plant of TVA. Kated 

83,000 hp at 190-ft net head as a turbine, 3,900 cfs at 205-ft total head as a pump, 105.9 
rpm, Impeller-runner diameter 266 in. at distributor center line. (Allis-Chalmers 
Mfg. Co.) 

was placed in service at the Flatiron power and pumping plant of the U.S. Bureau of 

Reclamation in 1954. All pumped storage projects in North America since that time 

have utilized reversible-type pump-turbines. 

19. Basic Performance Relationships. Interrelation of Pumping and Turbine 

Performance. Since areversible pump-turbine is both a pump and a turbine, a definite 

relationship exists between its pumping and generating capacities. Selection of a 

pump-turbine for a proposed installation ordinarily begins with the determination of 

the desired generating capacity at minimum net head. Establishment of the generat- 

ing capacity for a machine of given type and specific speed substantially determines 

the pumping capacity also. Similarly, if a pumping capacity is established for a 

specified total head, the generating capacity for the corresponding turbine net head is 

also fixed within relatively narrow limits. The relationship of performances can be 

modified only slightly by design changes. Therefore, the prospective purchaser of a 

pump-turbine should not attempt to specify requirements rigidly fixed for both pump- 

ing and generating, unless he has had opportunity to study adequately the model-test 
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data of pump-turbine manufacturers, or performance data from applicable existing 

installations. 

Cavitation, Setting, and Speed. The operating duties of a pump-turbine are 

inherently less favorable from the cavitation standpoint when pumping than when 

generating, because head losses associated with flow through the suction-draft tube in 

the pumping direction always act to decrease the available net positive suction head. 

Furthermore, pump-turbine impellers are generally more sensitive to cavitation than 

turbine runners designed for the same specific speed. To avoid cavitation when 

pumping, it is necessary to set a pump-turbine lower in relation to tail water than 

would be required for turbine operation alone. As in the case of conventional turbines 

the selection of an appropriate specific speed for a pump-turbine depends not only on 

its operating head but also largely on the setting in relation to tail water; essentially, 

pees 
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Fra. 69. General relationship between head, pump specific speed at point of best efficiency, 
and suction head of Francis pump-turbines. 

it depends on the depth below tail water to which it is practical to submerge the pump- 

turbine. To utilize relatively high specific speeds and consequently smaller, more 

economical machines with higher operating speeds, pump-turbines require considera- 

bly deeper settings than turbines. Figure 69 shows the general relationship between 

pump total head, pump specific speed, and suction head of Francis-type pump- 

turbines. The chart is an approximation intended only as a general guide for pre- 

liminary purposes. It is based on a value of H, — H, = 32.0 ft and a suction specific 

speed S = 10,000 at the point of best efficiency (with discharge expressed in gpm 

units). The suction head refers to the lowest point of the impeller-runner blades of 

vertical-shaft pump-turbines. 

The economics of pumped storage generally require that the pump-turbines have 

high efficiency both as a pump and as a turbine. It is also desirable, from the stand- 

point of design and cost of the generator-motor, that the pump-turbine have the same 

speed of rotation in both directions of operation. However, the hydraulic design of 

reversible pump-turbines with fixed blades is such that the point of best efficiency 
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occurs at a higher value of peripheral-speed coefficient when pumping than when 

operating as a turbine. This means that, for operation of such machines at a single 

rotative speed, the head for pumping should preferably be lower than the head for 

operation as a turbine. Unfortunately, except in unusual installations, the effect of 

head losses in the penstock and related water-supply and discharge conduits is such 

that, for a given gross head, the total pump head will generally be higher than the net 

head during turbine operation by approximately twice the head losses for flow in one 

direction. However, through careful hydraulic design of reversible machines with 

fixed blades, the difference in heads required for optimum efficiency in both modes of 

operation at a single speed can be reduced appreciably. By use of adjustable blades, 

the best efficiency points for pumping and generating can be substantially brought 

together. 

Transient Behavior. The operation of a pump-turbine involves hydraulic transient 

phenomena capable of producing substantial pressure variations at the machine and 

in the hydraulic system of upstream and downstream water conduits. For proper 

design of a pump-turbine installation, and for the selection of the most suitable 

governor time and amount of inertia in the rotating masses (WR?), a thorough study 

must be made of the transient conditions following power failure when pumping and 

following load rejection when generating. Both conditions should be examined, 

because maximum water hammer and maximum speed changes could be caused by 

either power failure or load rejection. To analyze the transient behavior of thesystem, 

the complete hydraulic characteristics of the pump-turbine must be known. These 

characteristics are conveniently represented by a type of chart introduced by Theodor 

von Karman and commonly known as the four-quadrant characteristics. A complete 

four-quadrant characteristic shows the various possible combinations of head, dis- 

charge, and torque or power in the following regions of operation: (1) pump operation; 

(2) energy dissipation with rotation in the pumping direction and flow in the generat- 

ing direction; (8) turbine operation; (4) energy dissipation with rotation in the turbine 

direction and flow in the pumping direction. The first three quadrants usually suffice 

for transient analysis of pumps, but reversible pump-turbines with adjustable wicket 

gates in some cases have been found to enter into a portion of the fourth quadrant 

during closure of wicket gates under runaway speed conditions. 

Valuable information concerning methods of water-hammer analysis, design 

practices, and problems encountered after construction of pumped storage projects 

was presented at the winter annual meeting of the ASME, November, 1965, and 

published under sponsorship of the Fluid Transients Committee of the Fluids Engi- 

neering Division of ASME.! 

20. Francis-type Pump-turbines. General Design Characteristics. Radial-flow or 

Francis-type single-stage reversible pump-turbines are being applied for operating 

heads from about 75 to 1,300 ft. The continuing development of their design may 

extend the upper limit to 1,700 ft or more. It is evident that the overall range of 

heads for which Francis pump-turbines are applied approaches that for which con- 

ventional Francis turbines are used. The upper limit exceeds the usual maximum for 

single-stage centrifugal pumps of conventional design. 

Francis pump-turbines, though basically similar in construction to Francis turbines, 

differ from them significantly in the hydraulic design of their principal components. 

For a given head and power output, the reversible machine will be larger and will 

usually be set lower in relation to tail water than a conventional Francis turbine. 

Since it has been found that a good centrifugal pump will perform well as a turbine in 

the reverse direction of rotation, but a good Francis turbine will not perform satisfac- 

torily as a pump, the impeller runner of a reversible Francis pump-turbine is designed 

‘International Symposium, Waterhammer in Pumped Storage Projects, ASME, New York, 1965. 
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essentially as a pump impeller rather than as a turbine runner. It has fewer blades 

than a Francis turbine runner, and the blades usually wrap around from throat to tip 

diameter by more than 90 deg, sometimes up to about 180 deg (Fig. 70). A con- 

ventional turbine runner, because of relatively short blades, is not well adapted to 

efficient deceleration of flow in its water passages, or to the cavitation requirements, 

when it is operated in the reverse direction for pumping. The ratio of tip to throat 

diameter of a reversible impeller runner is substantially larger than for an equivalent 

turbine runner. The relatively large tip diameter, approximately equal to that of an 

equivalent pump impeller and approximately 1.4 times that of an equivalent Francis 

Fic. 70. Partially completed impeller runner of Francis pump-turbine. Blades being 
welded in assembly mounted on welding positioner. (Baldwin-Lima-Hamilton Corp.) 

turbine runner, is necessary to obtain efficient diffusing passages and to reduce the 

velocity-head component of the total energy discharged from the impeller runner; it 

also provides a head-discharge characteristic favorable for starting of pump operation. 
The spiral case of a pump-turbine usually has its volute sections on a larger base circle 
than the casing of a centrifugal pump for the same rating. Since the impeller runner 

is larger than an equivalent turbine runner and the casing of a pump-turbine is larger 

than that of a pump, the resulting overall dimensions of the reversible pump-turbine 
are larger than those of either the equivalent turbine or the equivalent pump. 

Because of the comparatively large tip diameter of the impeller runner, the 

Francis pump-turbine inherently has a lower runaway speed than a Francis turbine. 

Its runaway speed is generally in the order of 80 percent of that of the corresponding 
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turbine. A further significant characteristic inherent in the hydraulic design of 

medium- to high-head (low-specific-speed) Francis pump-turbines is their decrease in 

discharge with increase in speed above normal operating speed. This characteristic, 

in installations involving long water conduits, can cause substantial water-hammer 

effects when runaway speed occurs. 

Single-speed Operation. The majority of reversible Francis pump-turbines operate 

at a single speed. As previously indicated, to attain optimum efficiencies in both the 

pumping and generating cycle with single-speed operation, the head on a Francis 

pump-turbine should preferably be lower when pumping than when generating. The 

gap between the heads for peak efhciency is narrowed by careful hydraulic design but 

is difficult to eliminate entirely, as theoretical considerations indicate that the opti- 

mum efficiencies are not obtained with the same peripheral-speed coefficient in both 

pump and turbine operation. Nevertheless, good overall performance with eff- 

ciencies exceeding 90 percent is usually attainable when the ratio of maximum pump- 

ing head to minimum generating, head does not exceed about 1.25. Since the differ- 

ence in optimum efficiency heads diminishes somewhat with decreasing values of 

specific speed, high efficiencies in both modes of operation are attained more readily 

by Francis pump-turbines of low specific speed which are used for high operating 

heads. 

Two-speed Operation. For those pump-turbines which must operate over a large 

range of heads, or where the pumping heads are considerably higher than the generat- 

ing heads, two-speed operation to allow the maximum efficiency points for both cycles 

to be utilized may be justified. Specially designed two-speed synchronous generator- 

motors, which electrically change the effective number of poles for motor and generator 

operation, have been developed for pump-turbine application. Since a two-speed 

generator-motor is somewhat larger and its cost substantially greater than that of a 

single-speed generator-motor, a careful evaluation is usually necessary to determine 

whether the added cost of a two-speed machine is economically justified for a proposed 

installation. An example of a two-speed reversible Francis pump-turbine is provided 

by the Flatiron installation where the heads vary from 140 to 290 ft for turbine 

operation and from 170 to 300 ft for pump operation. The Flatiron unit operates 

normally at 257 rpm as a turbine and at 300 rpm as a pump, although it is capable also 

of operation at both speeds in both directions. A more recent example is provided by 

the San Luis Pumping-Generating Plant of the U.S. Bureau of Reclamation where the 

head on the eight pump-turbines varies from 110 to 330 ft when pumping and from 

120 to 315 when generating. The San Luis machines operate at either 120 or 150 rpm 

as pumps and as turbines; the higher of the two speeds is used for heads exceeding 

190 ft during pumping and for heads greater than 227 ft during generating. The 

Francis pump-turbines in these two examples do not have adjustable wicket gates. 

Adjustable Wicket Gates. Reversible pump-turbines may be built with or without 

adjustable wicket gates. In the great majority of pumped storage applications, 

it is desirable to provide means for varying the power output of the pump-turbine. 

Adjustable wicket gates provide excellent regulation of power output and good 

control for starting and synchronizing the unit in turbine operation. In pumping 

operation, adjustable wicket gates are relatively ineffective for regulating discharge 

but enable operating at optimum efficiencies with varying heads. As the head 

increases with filling of the storage reservoir, the quantity of water pumped decreases; 

as the discharge decreases, the wicket-gate opening can be reduced to provide proper 

flow conditions for best efficiency. The use of adjustable wicket gates also facilitates 

starting and stopping in pump operation. Moreover, wicket gates provide a means 

of controlling the speed in the reverse direction after reversal of flow upon sudden loss 

of power to the generator-motor while pumping. 
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If adjustable wicket gates are not provided, the flow is usually controlled by means 

of the main shutoff valve. This valve usually opens and closes at a slower rate than 

adjustable wicket gates, because of its size and amount of travel as compared with 

wicket gates. Omission of adjustable wicket gates may be justified in some installa- 

tions where the pump-turbine is used primarily for pumping service, and little adjust- 

ment of power and flow is required during turbine operation. Pump-turbines without 

wicket gates have the advantage of lower first cost, relative simplicity of operation, 

and reduced maintenance. They also are adaptable to slightly higher heads than those 

with wicket gates. 

Starting Procedures. Starting a reversible pump-turbine for turbine operation 

does not present any special problems. If it is equipped with adjustable wicket gates, 

the machine can be started, brought up to speed, synchronized, and loaded in the 

Same manner as a conventional turbine. If it does not have adjustable wicket gates, 

start-up is usually controlled by the main shutoff valve. However, starting the 

machine and bringing it up to speed in the reverse direction for pumping is associated 

with problems requiring special consideration. 

Because of the water in the upper reservoir, the pump-turbine must obviously be 

started in the pumping direction with closed wicket gates, or with a closed shutoff 

valve or other device, if the machine does not have adjustable wicket gates. With the 

impeller runner submerged as necessary for pumping, the power input to start and 

accelerate the machine to synchronous speed and to develop shutoff head is quite high 

for large-capacity machines, despite the fact that the power for shutoff head on 

medium- and high-head pump-turbines is lower than at rated head and discharge. 

To reduce the power required for starting, compressed air is admitted to the space 

inside the wicket-gate circle to depress the water level below the bottom of the impeller 

runner so that it rotates in air. With the water level depressed, the machine is 

brought up to speed and synchronized. Means are usually provided to drain off the 

water that may leak from the spiral case through the wicket-gate clearances into the 

space between the outer periphery of the impeller runner and wicket gates, where it 

forms a rotating ring of water which increases the torque requirements. To minimize 

the starting torque due to bearing friction, the generator-motor thrust bearings for 

large pump-turbines are provided with high-pressure oil-starting equipment, which 

forces oil at high pressure between the stationary and rotating faces of the thrust 

bearing, thus lifting the rotating face free of metal-to-metal contact. Nevertheless, 

the power required for starting a large reversible Francis pump-turbine and its 

generator-motor from rest, and overcoming its inertia in accelerating it to synchronous 

speed, is considerable. 

Several methods are in use for starting reversible pump-turbines for pumping 

operation; selection of the most suitable method depends largely on the size of the 

machine in relation to the capacity of the electrical-power system. The simplest 

method of starting consists of applying full voltage from the power system and letting 

the machine come up to speed as an induction motor, with the damper winding on the 

rotor acting as the squirrel-cage winding of an ordinary induction motor. However, 

this method will disturb the power system severely, unless the system and connecting 

transmission line are sufficiently large in relation to the generator-motor capacity. In 

some installations, a similar method is used, except that the voltage is reduced to 

limit the starting current. In other cases, including several recent installations with 

pump-turbines of large capacity, a starting motor of the wound-rotor type is provided 

on the generator-motor shaft for accelerating the unit from rest to synchronous speed. 

Another method employs so-called back-to-back synchronous starting in which a 

nearby generator or generator-motor is connected electrically to the generator-motor 

to be started with both machines at rest, then started and accelerated by means of its 
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turbine, thereby starting and bringing the pump-turbine up to speed. A hydraulic 

starting method utilizing a starting turbine mounted on the shaft of the reversible 

machine is also available but has not found broad application thus far to reversible 

pump-turbines, mainly because of design complications arising from problems of 

setting in relation to tail water and properly accommodating the discharge from the 

starting turbine. 

After the pump-turbine unit is synchronized to the power system while running in 

the pumping direction with the impeller runner rotating in air, the air must be released 

to admit water to the impeller runner. Proper procedures must be followed in releas- 

ing air and admitting the water, so as to control the rate of power increase up to the 

point where the unit is operating in water at shutoff head against closed wicket gates. 

The shutoff-power requirement of reversible Francis pump-turbines pumping against 

closed wicket gates can be from about 25 percent of full-load pumping power on high- 

head units to about 100 percent on low-head units. After full shutoff head is 

developed, the wicket gates are slowly opened. The increase in power demand is then 

controlled by the rate of opening the wicket gates to their normal operating position. 

The normal gate position for pumping should be kept at or near the best efficiency 

point; therefore, as the head on the pump-turbine increases during the pumping cycle, 

the wicket-gate opening should be gradually decreased. However, in some installa- 

tions where the variation in pumping head is relatively small, operation of reversible 

Francis units at a single gate opening has been found practicable. 

Reversible pump-turbines are normally shut down at the end of the pumping cycle 

by slowly closing the wicket gates to zero opening and disconnecting the generator- 

motor from the power system. When the speed of the machine has dropped to below 

half speed, the brakes on the generator-motor are applied to bring it to a complete stop. 

21. Diagonal-flow Adjustable-blade Pump-turbines. Diagonal-flow adjustable- 

blade-type reversible pump-turbines, also called Deriaz!-type pump-turbines, are 

being applied for heads from about 35 to 250 ft. The upper limit of head is gradually 

being increased through advances in design and can be expected to exceed 300 ft in 

forthcoming applications. These machines are the reversible version of the diagonal- 

flow adjustable-blade turbine. Their hydraulic design is based primarily on mixed- 

flow pump practice. They usually have between five and nine blades, somewhat 

fewer than a corresponding turbine. The axes of the adjustable blades are inclined to 

the main shaft axis at an angle of about 30 to 60 deg. On several of the machines 

built thus far, an inclination angle of approximately 45 deg has been used. The 

blades are of simpler shape than those of Kaplan machines and can be designed so that 

adjacent blades touch one another along their entire length in the closed position. 

This is unlike Kaplan runner blades which, when closed, may be in contact at the 

periphery while a large gap remains between blades near the hub. 

Owing to their adjustable blades, the diagonal-flow pump-turbines have greater 

operating flexibility and flatter efficiency curves than reversible Francis-type pump- 

turbines. They are suitable for low- to medium-head pumped storage applications 

where the head and discharge vary considerably. Their adjustable blades provide 

effective regulation of pumping discharge and power in contrast to the relatively 

ineffective regulation by adjustable wicket gates on Francis-type pump-turbines. By 

controlling simultaneously the blade angle and the wicket-gate opening of diagonal- 

flow machines, it is possible not only to vary the turbine output or maintain uniform 

output with varying head but also to vary the pump discharge while maintaining 

uniform head, without substantial decline in efficiency y. Their ability to vary pump 

1 Name used in recognition of the development of the first successful commercial design of this type 

of machine in the early 1950s by Paul Deriaz, who was then Chief Water Turbine Designer of the 
English Electric Company, Ltd. 
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discharge while maintaining good efhciency permits these machines to follow system- 

load variations closely during pumping. Their high part-load efficiency in turbine 

operation, a feature which is always desirable, has special significance in connection 

with the present trend of selecting a small number of large units for pumped storage 

plants to gain economy in first cost and in annual cost of operation and maintenance. 

The high part-load efficiency may make it feasible in some cases to keep the units 

running as turbines at small load, in readiness for sudden increase in demand, thus 

providing highly valued instantaneous availability of power. These advantages 

should lead to increased application of adjustable-blade diagonal-flow pump-turbines 

Fic. 7la. Model of diagonal-flow adjustable-blade-type pump-turbine for Valdecanas 
pumped storage plant in Spain. (English Electric Company Ltd.) 

in the range of low to medium heads, below the range of best application of Francis- 

type pump-turbines. 

However, the cost of adjustable-blade diagonal-flow pump-turbines is substan- 

tially higher than that of Francis pump-turbines, because of their greater complexity 

of design. Their cavitation characteristics are such that a deeper submergence is 

generally required than for Francis pump-turbines. Although their comparatively 

higher specific speed permits use of higher operating speeds, the ratio of their runaway 

speed to normal operating speed is substantially higher than that of Francis pump- 

turbines; therefore, a somewhat more expensive generator-motor is usually required. 

The relatively high runaway speed may, in some cases, become the limiting criterion 
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in the selection of the operating speed, especially where the generator-motors are very 

large. 

There is an important difference between the pumping characteristic of these 

machines and that of Francis-type pump-turbines. In contrast to the increasing 

discharge with decreasing head on Francis pump-turbines, the adjustable-blade 

diagonal-flow-type pump-turbines, when operated at best efficiency, have increasing 

discharge as head is increased. The increase in discharge with increasing head causes 

a pronounced rise in the power requirement, tending to increase the cost of the electri- 

cal installation. 

Fic. 71b. Shop assembly of diagonal-flow adjustable-blade Deriaz-type impeller runner 

of pump-turbine rated 108,500 hp, 243-ft head, 150 rpm for Valdecanas plant of Hidro- 
electrica Espanola 8.A., Spain. (Three units by English Electric Company Ltd.) 

The adjustable-blade diagonal-flow machines have a relationship of optimum 

blade angle to wicket-gate opening, known as the cam relationship, resembling that 

of Kaplan turbines. However, since the optimum relationship for turbine operation 

differs considerably from that for pump operation, an adjustable-blade diagonal-flow 

pump-turbine requires either two sets of cams or a somewhat more complex three- 

dimensional cam system suitable for both turbine and pump operation. As in the 

case of Kaplan turbines, diagonal-flow machines have both an on-cam and an off-cam 

runaway speed, the latter being the higher of the two. 

The shape of the adjustable blades of a diagonal-flow pump-turbine is such that, 

when closed, they form a relatively smooth cone; consequently, a comparatively small 
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torque is required for rotating the impeller runner in water. As a result, it has not 

been found necessary to depress the water level below the blades for pump starting, as 

is done with Francis-type pump-turbines. When the machine has been brought up to 

speed, the blades and wicket gates are gradually opened. The discharge increases 

smoothly to full pumping capacity. This procedure permits making a changeover 

from generating to pumping in less time than usually required for Francis pump- 

turbines. 
Experience data available from the operation of adjustable-blade diagonal-flow 

reversible pump-turbines thus far are rather limited. The first machine of this type 
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Fic. 72. Sectional elevation of axial-flow adjustable-blade propeller-type pump-turbine 
for Traicao pumping plant in Brazil. (Three wnits by Allis-Chalmers Mfg. Co.) 

was placed in service in June, 1957, at the Sir Adam Beck No. 2 Niagara Pumping- 

Generating Station of the Hydro-Electric Power Commission of Ontario. The instal- 

lation consists of six units which operate with heads varying from 59 to 90 ft in pump 

operation and from 45 to 85 ft in turbine operation. The machines operate at 92.3 rpm 

and are rated 45,500 bp under 83-ft net head (5,600 cfs) as a turbine and 4,600 cfs 

at 75-ft dynamic head (44,500 hp) asa pump. In 1965, three machines of this type, 

but of larger capacity, were placed in service at the Valdecanas pumped storage 

plant in Spain, where they operate at heads varying between 160 and 243 ft, each 

developing 108,500 hp under 2438-ft head at 150 rpm (Fig. 71). 

22. Axial-flow Pump-turbines. Axial-flow or propeller-type reversible pump- 

turbines are utilized for operating heads from about 3 to 45 ft. The axial-flow 

pump-turbines have impeller runners resembling those of propeller turbines, and 

usually have a tubular-type arrangement. When provided with adjustable blades, 

they permit substantial variations in head and discharge with good efficiency. The 
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adjustable blades also permit a considerable reduction in the required torque for 

starting in pumping operation. 

The first reversible pump-turbine of the adjustable-blade axial-flow type installed 

in the Western Hemisphere was placed in service in 1940 at the Traicao plant of the 

Sao Paulo Light S. A. in Brazil. The three pump-turbines at this plant are rated 

3,450 hp each at 23-ft head as a turbine and 1,765 cfs at 23-ft head as a pump, operat- 

ing at 150 rpm. The machines have a vertical-shaft siphon setting and S-shaped 

water passages (Fig. 72). These machines are the forerunners of the more recent 

designs of the Allis-Chalmers TUBE units. 

Fie. 73. Cutaway view of one of 24 axial-flow pump-turbines of the bulb type for the 
Rance tidal-power station in France. Nominal capacity 10,000 kw, 19-ft net head, 93.75 

rpm. Runner diameter 211 in. (Nine turbines by Neyrpic, with generators by Alsthom.) 

Axial-flow pump-turbines with horizontal-shaft arrangement are well adapted to 

tidal-power applications. To increase the flexibility of operation in tidal plants or for 

special cases of inland installations, the machines can be designed to operate as a pump 

or as a turbine with either direction of flow, giving them four-way operating capability. 

At the world’s first large tidal-power development on the Rance River estuary in 

France, 24 reversible axial-flow pump-turbines of the bulb type have been installed 

(Fig. 73). 

The extensive development work now under way in several countries on low-head 

pump-turbines for tidal-power applications can be expected to result in further 

significant advances in the design of axial-flow-type pump-turbines. 



SECTION 27 

WATER HAMMER 

By Gerorce R. Ricu 

INTRODUCTION. WATER HAMMER—A TYPICAL TRANSIENT 

PHENOMENON 

Water-hammer effects in closed conduits constitute one particular class of a broad 

family of electrical and mechanical wave movements which engineers have chosen 

to designate by the term transient phenomena. These disturbances may be said to 

mark the transition stage between any two successive steady states of the system. 

They are initiated by the application of a definite causative force or action, frequently 

but not necessarily applied with comparative suddenness, and are dissipated down to 

the level of the second steady state by the operation of some form of damping. 

In the case of hydraulic pressure conduits, water hammer is the mechanism imme- 

diately responsible for every change in steady-state velocity, gradual or sudden. 

It is a wave movement propagated with the velocity of sound, usually initiated by a 

change in setting of the conduit control valve or its equivalent, and is attenuated down 

to the level of the second steady state by damping in the form of conduit friction. 

Because water-hammer pressures reach significant magnitudes only in the case of 

comparatively rapid valve operation, we are prone to lose sight of the fact that water 

hammer is, nevertheless, the direct means of effecting even the most gradual change 

in steady-state velocity. 

Although it is assumed that most engineers have some acquaintance with water 

hammer, it may be advantageous, as a means of breaking ground for the essential 

differential relationships, to review just qualitatively, subject to subsequent mathe- 

matical confirmation, the salient steps of the water-hammer cycle for the elementary 

case of the simple conduit with instantaneous valve closure and with conduit friction 

and velocity head neglected. Referring to Fig. 1, upon closure of the valve, a wave 

of positive pressure travels upstream with the velocity of sound (in this particular 

case converting the conduit velocity to zero), compressing the water and stretching 

the conduit shell. Upon reaching the reservoir, the pressure wave obtains relief and 

drops down in intensity to the reservoir pressure. This in turn allows the compressed 

water stored in the stretched pipe to drop down to reservoir pressure again by means 

of the passage of a negative pressure wave traveling downstream with the velocity 

of sound and converting the conduit velocity from zero to minus V, in the reverse 

direction. When this negative wave has reached the closed valve at the downstream 

end of the conduit, all the water in the conduit is at that instant traveling upstream 

with a velocity minus V;. Owing to the inertia of the water, this negative pressure 

wave traveling downstream will next be reflected at the valve so as to travel upstream 

with the same negative sign. Behind and downstream of the negative wave so 

reflected, the conduit velocity will again drop to zero, and the conduit shell will shrink 

& proportionate amount below the original size so as to furnish the volume of water 

necessary to maintain the velocity minus V, ahead of the traveling wave until the 

wave reaches the reservoir. When the reflected negative wave reaches the reservoir, 
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27-4 WATER HAMMER 

the pressure will rise to reservoir level, and a positive pressure wave elevating the 

conduit, pressure to normal reservoir head will be propagated downstream. The 
velocity upstream from and behind the wave will next be converted to plus V;. This 

completes one cycle of the wave motion, and since the effect of friction in the conduit 

has been neglected, the procedure outlined will be repeated indefinitely and without 

diminution in intensity. 

THE BASIC DIFFERENTIAL EQUATIONS 

The physical process outlined in Fig. | has been so well substantiated by experi- 

ment and observation that we are justified in employing the fundamental concept of 

water hammer as a wave motion, compressing the water and stretching the conduit 

circumferentially, in formulating the primary differential equations of water hammer. 

To facilitate cross reference with current literature, the basic derivations will be 

made in terms of pressure rather than head, and the origin of coordinates will be 

taken at the reservoir. Subsequently, in making application of the basic relationships 

to the various detailed methods of computation, appropriate changes in notation 

will be made where desirable to facilitate similar cross reference to the literature 
pertaining to these particular methods. 

The following notation will be employed: 

K bE (shell in combination). 

= time, sec. 

1 

VWQ 

D = diameter of pipe, ft. 

L = length of pipe, ft. 

A = area of pipe, sq ft. 

P = total pressure (surge plus steady state), psf. 

V = total velocity (surge plus steady state), fps; positive in positive direction of z. 

xz = distance of section along axis of pipe, ft; measured from origin at reservoir. 

K = volume modulus of compression of water, ft units. 

b = thickness of pipe walls, ft. 

E = modulus of elasticity of pipe wall, ft units. 

F = friction force coefficient. 

w = weight of unit volume of water, lb/cu ft. 

g = acceleration of gravity, ft/sec.? 

k = factor of proportionality in establishing linear approximation to conduit friction. 

Was 
g 

Ore al “ie D (the reciprocal of the equivalent bulk modulus of water and pipe) 

t 

a U = water-hammer wave velocity, fps. 

Referring to Fig. 2, as the water-hammer wave travels along the conduit, in each 

element of time ot, a length of water dz loses a decrement of velocity 9V. The pressure 

behind the wave is greater than that ahead of the wave by an increment dP. In the 

figure the sign of dz must be plus to agree with the convention that z and V are both 

positive in the downstream direction. Since P and V depend upon z as well as t, the 

notation of partial derivatives is employed. A material simplification results from 

dropping second-order differentials at the outset of the analysis. 

oV 
J WE OF Newton’s second law 

aD? 1D? w OV 
— (PoP) = P= ers 
Fes eames Sa Scag 7 9 az ( a) 

oP oV 
Sele ear (1) 
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Under the effect of the increase in pressure due to water hammer OP, the diameter 

of the conduit increase by an amount dD. 

D? oP 
DS a5 

The volume per unit length of pipe made available by compression of the watei 

under the increased pressure dP is 

8 (volume) = ~—— 

The total new volume to be filled in length dz by the discharge resulting from the 

SS = NAVE EVEIOGIb yd 

Vy —_ 

2s sia: 
x=0 at reservoir 

Front of water hammer Algebraic sign conventions 
wave traveling 

with velocity a —— a= wave velocity | 

x Ox | DaP Te) 

A == ae -; 
MMMM Sa } (eee 
4 eX. 1 2 fa) a 2 

eh 
DaP 

[Pipe steady-state size Pipe diameter stretched 2 

by water hammer 

NOTE: 

Second order differentials 
Wat + es B. ater at steady-state || Water compressed by || neglected 

density water hammer 

Fia. 2. Conditions during transit of water-hammer wave. 

decrement of velocity 0V is 

0x = = 
4K 4bE AK 4 4 

[ee r(D + aD)? a 7D? aP ax, rD* AP ax 

But the volume of water resulting from the decrement of velocity dV, accumulated 

ec: . aD? : ; ie : 
in time 4d, is ae dV at. Equating volumes for hydraulic continuity, and with due 

regard to sign conventions (Fig. 2), we obtain 

aD? dP dx rD3 dP dx “s aD? aV at 

4K 4bE i 

By definition, 

Lima 
O=-xt bE 

4) and Re GA ayes (2) 
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Now, if a is the velocity of propagation of the water-hammer wave, the velocity in a 

length of conduit having a length of adt will be decreased dV in the time dt. 

F at = M aoV Newton’s second law 

aD? aD? wa dt 0V OP = = 
4 ; 4 g 

The minus sign of a is taken to agree with the sign convention of Fig. 2, 

or oP = —WaaV 

Substituting in (2) 

= aV _ _ QWaaV 

ox ot 

but hip =i Oh eli 

1 
CR hg ee and a WO 

1 
or i we (3) 

Vv WQ 

By successive differentiation and combination of Eqs. (1) and (2), and using the 

notation of Eq. (3), 
1 @V OV 

WO ox? ~ ao so 
1 oP oP 

WQ ant ~ ae 2 
From their very form, the mathematical physicist! would immediately recognize 

Kas. (4) and (5) as representative of a wave motion propagated in the x dimension 

with a velocity of propagation equal to the square root of 1/WQ. These identical 

equations apply not only to water-hammer waves but also to the propagation of 

elastic stress waves in solid media and a wide variety of other mechanical and electrical 

transients. In each of these fields the essential character of the wave motion is the 

same, consisting basically of two subsidiary wave components traveling in opposite 

directions with the velocity 4/1/WQ and without mutual interference. In other 

words, then, the existing fund of established knowledge regarding the general proper- 

ties of Eqs. (4) and (5) gives us an independent check on the derivation of wave 

velocity expressed in Eq. (3). 

In order to include the effect of conduit friction in our mathematical analysis, it 

will be necessary to introduce an approximation in order to obtain solvable differential 

equations. Instead of taking conduit friction proportional to the square of the veloc- 

ity, we shall develop an equivalent device that permits us to express friction as propor - 

tional to the first power of the velocity. 

Referring to Fig. 3, the pressure loss in length of conduit dz is wekV,,V dz. 

The corresponding drop force due to friction in length dz is accordingly, 

aD? aD? Wee i; ue eee 4 wekV nV dx A FV ox 

To include friction in Eq. (1) we write 

P} 

aE | @ + oP) - P| + ™P FV an = "2% ax ( ar) 
say 

oP eV 
and ee ral a Baers (6) 

1 Wesster, ArTHUR Gorpon, “Partial Differential Equations of Mathematical Physics,’’ Chap. II, 
pp. 72-135, Teubner, Leipzig, 1933. 
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The pair of equations to be solved when friction is to be included is, therefore, 

aP Wea OV. -5 - FV = ws (6) 

aV oP 
Sa Qa (2) 

Wquations (1), (2), (3), and (6) form the very foundation of the science of water 

hammer and are the basis of the development of every known method of computation. 

if T 

Conventional friction head loss cV2 Af 4 : a 

Approximate equivalent fricti 
head loss - Si mans 

é@ m 

cV 

FRICTION HEAD LOSS 
PER UNIT LENGTH 

VELOCITY - FEET PER SECOND Ym 

Vm = maximum velocity 
k= factor assumed to fix position of best 

equivalent straight line 

Straight line loss for any velocity V= ck (Vin)* v= ck VmV 
m 

ae aD DE 
Friction force drop per unit length dx = ris wok VmV OX= A FVOx 

Via. 3. Development of approximate equation for friction force term in water-hammer 
equations. 

MECHANISM OF WAVE REFLECTION 

With the basic differential relationships of water hammer at our disposal, we are 

now able to give independent mathematical confirmation to the wave reflection 

sequence outlined qualitatively in the introduction (Fig. 1). Referring to Fig. 4, the 

basic equations to be solved are 

Ce OP Or, 2 

Ox? al? 6) 

oP OV 

~ Oa at 9) 

The constants of integration are to be determined to comply with the two boundary 

conditions: 

When ap == (0), IP) = Pe 

and c=L V=0 

Let us note very carefully at this point that no other boundary conditions whatever 

are adduced and in particular that no assumption whatever has been made regarding 

the genesis or character of reflections at the reservoir or at the valve. This means that 

the results we obtain regarding the internal mechanism of water hammer are exclu- 

sively the result of rigorous mathematical processes, 
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h - closure 

Reservoir Steady state gradient - no discharge 
— Stead ; 

a=, Shes ar adient-Full discharge 
lus water. eh ae h—- full opening 

x=0 peel 
P constant = Pg 

. L > 
——— > « 

Sign conventions + Vv 

HORIZONTAL CONDUIT 

i closure 

h - closure 
y state plu 

Reservoir Steady state gradient - no discharge 

h — full opening 

KS plane through outlet valve 
for water hammer equations 

INCLINED CONDUIT 

Fic. 4. Simple conduit with instantaneous valve closure. 

For manipulative details of the solution the reader is referred to the current 
literature. 1 

The solution is given below in the form of an infinite summation of two wave com- 
ponents, the time of arrival of each successive component at the section x being 
denoted by the subscripts. 

waVo ~— 
esi tees DS (1) @n=ni-2 1 Ga=vb+el (7) 

n=1 a a 

= V Ze —])nt1 V=v1 oP, en-nnne + 1, @n—pits) | (8) 

'Ricu, Georce R., Water-hammer Analysis by the Laplace-Mellin Transformation, Trans. ASME, 
1945, Paper 44-A38. 
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At the gate section x = L, the pressure equation becomes 

= waV 9 < s ENE heh a [ret2> Gop 1 2ar. | (9) 
n=1 a 

At the reservoir when x = 0, the velocity equation becomes 

oo 

Vo = We | tos —2 > (1D yea2 sal n= | (10) t SS 

n=1 a : 

The graphs of Iqs. (9) and (10) are given in Fig. 5 and, as will be seen immediately, 

Pressure rise at valve x=L 

Sy il om 

, WaVo , WaVo 

aa aw arene Good! 
ea | | | | | 
wt | | | | | | 
ee 
= | | | | | | | 
2 | | | | way | | way | 
etal Pae) = Eel | 

0 eu 4 6L tHe 1OL fe 14 

a a a a a a 

TIME - SECONDS 

Velocity at reservoir x=0 
if co al 

a Vea pa) 

Mol bean aa ) tens 

We +V +V 
Ory es | iepeecenesecean | eae | 
a bea | | | | | | | 
z | | | | | | | 
Piel | | | | | | 
ee co a ae CT a 
ic | 

g | | | | | | 
Zebialitcanl Panett ieee | 
e ——— —d a) a 
ag 3L Sk TL ot ue 13L 
5 ‘a a a a 3 a ram 
VU 

TIME - SECONDS 

Kia. 5. Diagrams of pressure and velocity—simple conduit instantaneous vaive closure. 
Conduit friction neglected. 

are a complete confirmation of the physicai process described qualitatively in the 

introduction (Fig. 1). 

The sequence of wave propagation is summarized in the general rule that, at the 

reservoir, pressure waves are reflected with opposite sign and velocity waves with the 
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same sign. At the control valve, pressure waves are reflected with the same sign and 

velocity waves with opposite sign. 

Since the effect of the damping agent, friction, has not been included in the pre- 

ceding analysis, the wave pattern shown in Fig. 5 will, as indicated by Eqs. (9) and 

(10), continue indefinitely with the time without attenuation. To illustrate the man- 

2L - 10 sec FVoL = 5FVoa 

is _ oFg Se F = 0.05 = a ( 9 

125 weve) 0 ( : 

PRESSURE RISE AT THE VALVE 

nN 
| 

Reservoir Level Valve closed 

usaVo 
9 i) @ 

Coefficients of 

o A 

(Including effect of - FVoL) 
Oe tL (Ol Walk [ae fle Wek ae 

a a a 

80 90 100 
fag e's a a a 

200 3004 0S Om GOMEZO 

> 
D> 

aS 
13) 

g 
Vv 
> 
rs 

fe} 

wn fe 
e 

g 
2 
a 

i 

fe} 
cy We 

Oe oe 5L me OL (We Tee Ble Tae Tee aie 
y a a a a a a a a a 

 & 15 25) 35 45 55 65 75 85 95 10° 

Time Seconds & Intervals of 2 

Fra. 6. Pressure rise and velocity—simple conduit—instantaneous valve closure. Con 
duit friction included. 

ner in which friction operates to damp down the wave motion, Fig. 6 has been caleu- 

lated, based upon the solution of qs. (6) and (2), 

oP : oO E 
ie +FV +0 vue 0 (6) 

OV Ol = \ 
ors a 0 (2) 

by the technique described in the current literature.t In this particular example, the 

conduit friction coefficient has been magnified far beyond any normal occurrence in 

order to accentuate the damping effect and make it more perceptible. In the great 

1Tbid. 
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majority of cases ordinarily encountered in practice, the rate of attenuation would be 

so slow as to have no sensible effect upon the magnitude of water-hammer pressures 

and velocities, and it is of course for this very reason that it is almost invariably 

neglected in practical computation. 

Unfortunately direct analytical solution of the basic differential equations for 

other than instantaneous closures is not possible when, as is customary, the time rate 

of decrease of valve opening with efflux velocity proportional to the square root of the 

steady state plus water-hammer head is specified as one of the boundary conditions. 

In fact it is because of this very impediment that the seemingly academic case 0s 

instantaneous valve closure becomes of such importance from the standpoint of prac- 

tical detailed computation, by virtue of the assumption that the net actual pressure 

rise resulting from any gradual noninstantaneous closure may, with sufficient accu- 

racy, be considered as consisting of a series of superimposed elemental square-topped 

waves, each generated by a small component element of valve movement in a corre- 

spondingly short interval of time. 

The only difference then remaining for the case of more gradual closures is to take 

proper account of the effect of the partially open gate valve upon the reflected waves 

arriving from the reservoir at the downstream terminal section. As would naturally 

be expected under such conditions, the wave elements from the reservoir will be only 

partially reflected, the degree of reflection being dependent upon the relative amount 

of valve opening, the fully closed valve giving complete reflection. 

The additional physical principle not yet utilized in our discussion, which controls 

and establishes the magnitude of wave reflection, is the discharge law corresponding 

to the setting at the particular instant of the terminal discharge mechanism. In the 

simplest case, that of a gate valve system in which the nozzle area is reduced according 

to a given function of the time, frequently a linear relation, the efflux velocity is 

assumed to follow the simple orifice law. When the terminal mechanism is a pump or 

turbine, the efflux velocity depends upon the machine speed, as well as the gate open- 

ing and total head, and must be taken from performance curves of the machine for 

conditions corresponding to the particular instant. In this case, algebraic formulation 

of the discharge law is not feasible. 

The practical details of inserting this discharge mechanism law will be developed 

in greater detail in the illustrative examples given in the subsequent paragraphs. The 

only point to be emphasized at this juncture is that absolutely no additional compensa- 

tion in the form of reflection factors is necessary. The truth of this statement can be 

verified by independent computation using the reflection factor method,? and also by 

deriving formulas for representative cases independently by the method of differential 

equations.’ Since this feature has been one of the most troublesome in contemporary 

literature, it will not be superfluous to add that all derivations of reflection factors at 

the open control valve reduce simply to restatements of the orifice law and were 

introduced originally only in the attempt to obviate a portion of the trial-and-error 

detail in some forms of computation. 

We have now forged all the basic tools required and may proceed to their appli- 

cation in various detailed methods of numerical calculation, the first, and in many 

respects the simplest, being that of arithmetic integration. 

1Jbid. By prescribing the efflux velocity pattern, instead of the time rate of decrease of valve 
opening, direct analytical solution may be effected and general formulas obtained. Although this 
method appears to hold promise of future development, it cannot yet be considered to have advanced 
beyond the stage of research to general acceptance by practicing engineers. 

2ASME-ASCE Symposium on Water Hammer, 1933. Guiover, Ronerr E., Computations of 

Water-hammer Pressures in Compound Pipe, p. 66, Eq. (8), et seg.; ibid., discussion of F. Knapp, p. 129 
following Eq. (2); ibid., High-speed Penstock Design, by A. W. K. Billings, O. H. Dodson, F. Knapp, 
and A. Santos, Jr., p. 38, Eq. (8), et seg., and Vig. 4, p. 66. 

3 Ricw, op. cit. 
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METHOD OF ARITHMETIC INTEGRATION 

Water-hammer analysis by the method of arithmetic integration requires a com- 

parative minimum of specialized technique and yet affords a direct and incisive means 

of studying every physical element of the process. To arrange the basic equations 

in the form most advantageous for step computation, we shall first write Eq. (1), 

using the notation of heads rather than pressures, and shall replace differentials by 

finite increments. 

Ah At 
AV = —g ie (11) 

Q = A(Vo+ ZAV) (12) 

For convenience, we shall select for the value of interval Af some submultiple of 

L/asuch as L/4a; then Ax will be the length of conduit traversed by the water-hammer 

wave in time At. 

For the sake of simplicity in explanation, it will be assumed that the terminal 

mechanism is simply a gate valve in which the nozzle area is decreased linearly with 

the time. For the case of nonlinear decrease of valve area, an obvious appropriate 

modification will be made in the calculation; and for the case of a turbine or pump as 

a terminal mechanism the same general procedure will be followed except that the 

trial values of discharge would have to be taken from performance curves at the 

correct machine speed for the particular instant, head, and gate. 

For linear reduction of valve area the discharge at the outlet at any instant will be 

Os & Aa WV oe San 

Ar, V Ho 

assuming constant values of discharge coefficients at all valve openings. 

LAh is the sum of all direct and reflected (positive and negative) pressures up to 

and including the instant in question. 

The mechanism of computation then follows directly from the conception of inte- 

gration as a process of summation. By trial and error, we simply establish for each 

successive interval values of h and V that satisfy Eqs. (11), (12), and (13). 

With respect to the pertinent question of partial reflections at the valve, we find 

that by arranging our intervals as even submultiples of L/a we shall, after time 2L,/a 

has elapsed, have a reflection arriving from the reservoir at exactly each instant when 

we are completing the execution of one of our small gate movements. Since friction 

is neglected, every new elementary square-topped wave that is generated will continue 

its cycle of reflection according to Fig. 1, forever without diminution, except for the 

influence of partial reflection. 

Now let us carefully examine the illustrative example, Table 1, in complete detail to 

satisfy ourselves that we actually do make the requisite correction to each reflected 

wave to compensate for partial reflection at the partly open control valve. For this 

purpose we select the interval at time 4.17 sec. At that time the wave originally 

generated at time 0.83 has returned to the valve with negative sign and we multiply 

it by 2 in column 7, because waves reaching the control valve are reflected upstream 
with the same algebraic sign. 

If it were not for the arrival of this reflection, we should make the computation 
at time 4.17 sec exactly as we would in the case of the first four intervals. Then, to 
balance the trial-and-error computation, the value of Ah would be 80 instead of 105 
and »/H, + Ah would be +/1,281 + 80 instead of 4/1,281 +105 — 124. In 
other words, we have increased the value of Ah by 25 ft, and the negative wave 
reflected back upstream has the magnitude (62 — 25), or 37 ft instead of 62 ft; that is, 
about 60 per cent of the wave is reflected. 

Q= (13) 
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Tasie 1. Arrrumetic INTEGRATION—SIMPLE ConpuiT (FoR LINEAR DECREASE 0} 

Vatve AREA) 
Conduit length L = 5,000 ft Initial conduit velocity V = 12 fps 

Conduit diameter = 15 ft Wave velocity a = 3,000 fps 

Conduit area = 177 sq ft Initial head = 1,000 ft 

Valve closure time = 10 sec Initial Q = 2,120 cfs 

For At = 0.83 sec, 

Ah X 32.2 X 0.83 

pias 2,500 
or 

Column (3) * 32:2 * 0.838 
Column (4) 3500 

Column (8) = previous (HoAh) + Column (3) + Column (7) 

Column Co) 2,120 x Column KOEX +/ Column (8) 

V/ 1,000 

Note on calculation of reflection: Reflected wave component at time ¢ = 4.17 see equals direct wave 

component at time ¢ = 0.83 sec X (—2). 

Reflected wave component at time ¢ = 7.50 sec equals direct wave component at time ¢ = 0.83 sec 

xX (+2), added to direct wave component at time ¢t = 4.17 sec X (—2). 

Reflected wave component at time 4 = 11.67 sec equals minus twice the sum of the direct wave 

component at time ¢ = 0.83 see plus the direct wave component at time ¢ = 1.67 see; plus twice the 

sum of the direct wave component at timet = 4.17 sec plus the direct wave component at timet = 5sec; 

minus twice the sum of the direct wave component at time ¢ = 7.50 see plus the direct wave component 

at 8.33 sec. 

(1) (2) (3) (4) (5) (6) (7) | ey i ay) eo) (11) 
| 

2Ah aoe 

: Inter- at Q= reflected Bota - Column 
Time, at Av, V, head Valve x 

val At, 177V, from | : Cfs (8)— 
sec valve, fps fps i Hy +h, jopening 

sec cfs reservoir, 1,000 ft 
ft | ft 

ft 

COON irate NWh Akces Mayet coeemmeebech 2 0009) 25120 vue en es 1,000.0 | 1.000 | 2,120 0 

0.83) 0.83 62TOF ie —ONGGd ide SSO 2 A0d ON eerrersmrere 1,062.0 | 0.916 | 2,008 62.0 

1.67} 0.84 CorOn SOMOS TI LOR636. 1) my SSon learner 1,127.0 | 0.834 | 1,880 127.0 

2.50) 0.83 WzZe0se— Ola cO YEA | HG 7G) aa as eas 119920 | O- 7509) 15747 199.0 

3,30 0.83 82.0} —0.880 SrOSG ab O2 a. sae a ets Dyes Of6G7 i595 281.0 

4.17) 0.84 | 105.0 | —1.140 BAS | WSN || SZ || TSW | Osa |! 71 S10) 262.0 

5.00} 0.83 110.0 —1.175 6.671 1,180 — 130.0 1,242.0 | 0.500 1,180 242.0 

DeSoOess | lL 10.0)).— Lr 5.496 973 | —144.0 | 1,208.0 | 0.417 971 208.0 

6.67) 0.84 | 108.0 —1,171 4.325 764 — 164.0 125220) 1 06333; 760 152.0 

7.50) 0.83 103.0 —1.102 3) Pe) 571 — 86.0 TL GSeOR MOR 250 573 169.0 

8.33) 0.83 |} 100.0 | —1.068 Zeloo 382 | — 90.0 | 1,179.0 | 0.167 384 179.0 

9.17) 0.84 98.0 —1,.058 1.907 194 — 76.0 1,201.0 | 0.083 194 201.0 

10.00) 0.83 | 102.5 | —1.097 0 OF = 5 220F S25 leS 0 0 251.5 

11.67| 1.67 | Valve closed at time ¢ = 10.0 sec — 230.0 | 1,021.5 0 0 21.5 

USMS SNe OOL ltarexercvaiy ||) cme cme rete | itorelswercecat|l atten ts — 273.0 748.5 0 QO | —251.5 

HSM OOWMLO Tis) Moveccrcewl|i nersene cst liliwrcceucrcecven || pesmeetectere 230.0 978.5 0 O| — 21.5 

GMO LO via t menmcravce Wa svecceetsuers ulPetecehevascacusl|| Hecevenene HESS (O) {| 1 PARE 3 0 0 20155 

Ass pecs > ile O Gia Meaata tia pllereta. Seerater A Mn Re eee WNP Eas aes — 230) 0) |) 1.02) 5 0 0 ZED 

POCO) BRAG erates. ||P weare ere tis ||| aero seers | (Meni tee — 273.0 748.5 0 0} =—251.'5 

PANS AS WALS iO? Terence Illekcrorote ones Pte le teecaene 230.0 978.5 0 0; — 21.5 

MEER OU NT orate ||" sc oaasteey. ||| aries || eho acy 273.0 17251 /5 0 0 251.5 
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If we chose, we could arrange the computation to show 80 — 37, or 43 ft, as the 

net head increment; carry it forward as 43 ft in the computation and enter the corre- 

sponding reflection 2L,/a sec later at that value. We deliberately elect to make the 

entries separately and carry forward the reflection from each newly generated wave 

forever, simply because experience appears to indicate that we are better able to keep 

track of waves this second way and that fewer mistakes result. It will be apparent, 

upon examination, that the two methods of bookkeeping are in every respect equiva- 

lent; that is, 105 — 62 = 48 and 80 — 37 = 43. 

One of the most important fields of application of water-hammer analysis by the 

arithmetic integration method is in the computation of speed variation! in turbines 

and pumps during opening or closure of the control valve. In a typical case, that of 

sudden loss of load by a hydroelectric generating unit, a certain definite interval of 

time is required to close the turbine gates; and during this time the energy of water 

flowing through the turbine is absorbed by the W/?? of the generator and manifested 

as an increase in speed of rotation. As previously noted, this speed of rotation, head 

and gate opening at the particular instant determine the so-called setting of the tur- 

bine with respect to discharge. A solution of the problera reduces to a matter of 

trial-and-error balance between water hammer, power input to the machine, WF? of 

the generator, and instantaneous values of head, gate, and discharge. 

In handling compound or branched pipes by the arithmetic integration method, 

the same general form of tabulation is applicable, and the only additional essential 

difference is that provision must be incorporated in the tabulation to facilitate keeping 

accurate track of wave reflections. It is believed that this is best arranged to suit the 

preferences of the particular computer. In this connection it has been the experience 

of the author that greater accuracy and much better understanding of the computa- 

tion generally results from writing the actual basic relationships at each junction 

point rather than placing blind dependence upon general formulas for reflection and 

transmission coefficients. Only two elementary hydraulic principles are involved at 

junctions: (1) the total hydraulic pressure (steady state plus surge head) is the same 

for all branches and (2) to comply with hydraulic continuity, the sum of the discharges 

of the branches terminating in a Junction point is zero, flows toward the junction 

point being counted positive, and flows away from the Junction point being counted 

negative. The water-hammer wave velocities in each of the component elements 

terminating in a junction point will naturally reflect the diameters, wall thicknesses, 

and elastic moduli of the individual branches. 

In general practice it has been customary in computation to substitute for the 

compound pipe a simple pipe of equivalent characteristics determined from the 

equations: 

V = Vil, os Vole + V3L3 + oh aS Vee 

L 

ail, a Qolis aig a3lz 4 O95) 3 Onlin 

L 

For comparatively slow rates of valve closure, this artifice does not appear to introduce 

any substantial error, but for rapid closures, particularly those approaching instan- 

taneous closure, there is a marked discrepancy between the true magnitudes of water 

hammer and the superpressures yielded by use of the above equation.2__In such cases 

it will generally be worth while to make more accurate determinations, taking full 

account of partial reflections at points in the conduit where the wave velocity changes. 

‘1 Srroweer, E. B., and S. L. Kerr, Speed Changes of Hydraulic Turbines and Sudden Changes of 
Load, Trans. ASME, 1926, p. 220, Table I. 

2 Ricu, op. cit. ASME-ASCE Symposium on Water Hammer, 1933. Bruurnas, Dopson, KNapp, 
and Santos, op. cit., p. 58, Fig. 8. 
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ANGUS GRAPHICAL METHOD 

The graphical method developed by Prof. R. W. Angus and predicated upon the 

so-called interlocked series of Allievi furnishes an exceptionally rapid and easily under- 

stood means of solving the basic differential equations. To facilitate cross reference 

with basic literature, the differential equations in Art. 2 are based upon taking x = 0 

at the reservoir and « = Lat the control valve. However, the literature dealing with 

the Allievi and Angus methods employs « = L at the reservoir and x = 0 at the con- 

trol valve, so that we shall use the latter convention in Arts. 5 and 6. This is equiva- 

lent in Eqs. (1) and (2), Art. 2, to replacing x by L — z, and since the literature for 

Arts. 5 and 6 uses the notation of heads rather than pressures, we shall also replace 

P by wH. This gives the basic equations in the following form:! 

OH Leis 

eee ok a) 
aV q OH 

aula at ay (15) 

As ean readily be verified by differentiation, the so-called general integral solution 

of this pair of partial differential equations? is 

H-Hy=F(¢-2) 47(¢ +2) (16) 

7 Fil pee Nae 2 Y Vo — V ti) (¢ =) 25(4 +2) (17) 

valid for every x along the entire conduit. It is well known that F and f% represent 

two traveling pressure heads propagated in the upstream and downstream directions 

with constant velocity a and without mutual interference. 

Now, in these two preceding equations let us place x = 0 to obtain conditions at 

the control valve. Then, in view of the relatively high velocity of wave propagation, 

we may, with no practical sacrifice in accuracy, conceive the gate motion to consist 
20 4L 6L 8b. : 

psp SS SOS, 1m 
a Vas Vay «a 

of a series of partial gate movements executed at intervals 

: 2L : : ' : 
the first interval t; < —> no negative reflection will have returned from the reservoir, 

a 
the pressure head will be due to the direct wave alone. Now, write Eqs. (16) and 

(17) to represent conditions at the control valve during these successive intervals.’ 

Hi, = Ho + Fy, 

H, =H,+F,—F, (18) 

H; = Ay + F3 — Fy, 

Vi = Vo — g ol 
a 

Ve = Vee g (i, 5's) (19) 

Vie Ves i (Fy 4 F,) 

1 Auurevi, Lorenzo, ‘The Theory of Water Hammer,” translated by Eugene E. Halmos, Rome, 
1925, Eqs. IV and V, p. IX. 

2 Anaus, R. W., Simple Graphical Solution for Pressure Rise in Pipes and Pump Discharge Lines, 
Eng. Jour. of the Engineering Institute of Canada, February, 1935, p. 74, Eqs. (6), (7), and (8). Article 
5 is very largely an abstract of this excellent paper. 

3 ALLIEVI, op. cit., p. 6; WeBsTeER, loc. cit. 
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Eliminating 7, F2, F3 . 

Origin at 

gate 

ie wave 
= 

Reflected | 
i 

ta| Saas oe 

WATER HAMMER 

. . from Kqs. (18) and (19), we obtain 

H,—Hy= OG i) 

Hy + Hy — 28, = ji (a=) 

Le Se Ys an : (Vie) 

15 i 36 Ee = 2H 9 Goat ; Gas Va) 

Equation (20) gives the relation between 

values of pressure and velocity at the 

start of each successive interval 2L/a. 

From the general character of the wave 

motion and Wqs. (16) and (17) we per- 

ceive that the function F, the sum of all 

direct or positive pressures at the time ¢ 

taken at the section xz along the conduit 

is identical with the same function F 

taken at the gate at a time x/a sec 

earlier. Correspondingly, the sum of all 

reflected or negative pressures at the sec- 

tion x for time ¢ is the same as the func- 

tion f at the gate x/a sec later. While 

Eq. (20) applies only to pressure rise at 

the valve at the ends of two successive 

intervals of 2L,/a, Eqs. (16) and (17) 

apply to any point on the pipe. 

First, adding Eqs. (16) and (17), we 
Fig. 7. Basic notation. Angus graphical Gra 

method. obtain 

H-—H,= =r Veer (1 = =) (21) 

Second, subtracting Eqs. (16) and (17), 

Ce * a 
Be SE aie a Dea ep alae (22) 

Let A and B be any two sections on the pipe, as shown in Fig. 7a. Equation (21) then 

gives 

Hz, — Hg, = — £ (Ve, — Vat) + 28 (1 — 2) (23) 

Han — Has = ~ © Vas — Van) + 2F (u =) (24) 

Since the conduit is of uniform diameter 

Vireo = VBo 

and, since the velocity head is assumed negligible, 

Jélng a Hx. 
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It is also apparent from Fig. 7a that 

Ai oh 

a 

so that F (: =) =— nH (1 =) 
a a 

We then obtain by subtracting Iq. (24) from Eq. (23), 

i 

Ae: — Han = + ; (Vat — Van) (25) 

By the same type of reasoning, the reflected wave Eq. (22) and Fig. 7b afford the 

following: 

Hey — Heo = + ; (VBo = Venu) at 2f (4 se =) (26) 

Har — Hay = +% (Van — Var) + 2f (t +2) (27) 
From Fig. 75, 

== ae 
a 

or $42 ah 
a a 

and subtracting Hq. (26) from Eq. (27) gives 

a 
Ha: — Haun = — a (Vat — Vou) (28) 

If we are analyzing three points on the pipe, A, B, and C in Fig. 7c, the following 

equations may be written by means of Eqs. (28) and (25): 

Direct wave, Fig. 7c: He, > Hen = — (Vex = Vien) (29) 

Indirect wave, Fig. 7d: Hc. — Hew = + ; (Ver — Var) (30) 

Equations (29) and (30) are also applicable if the pipes AB and BC are of different 

diameters, the only change being in the value of a, which is different for each section, 

it being as usual assumed that the difference in velocity heads in the two sections is 

negligible compared to Ho. 

Equations (25), (28), (29), and (30), used in conjunction with the law correlating 

gate motion, head H, and velocity V, permit us to solve all problems. 

It is generally more convenient to use ratios H/H» and V/V o instead of H and V, 

so that we shall denote the former by h and the latter by v. Following Allievi’s 

notation the quantity aVo/2gHp will be designated p. Dividing Eq. (25) by Ho gives 

He _ Hau _ aVo Cz i) 

Ho Ho —_ gH Vo Vo 

or hau — hee = +2p (vai — ver) Fig. lla 

Api == hat = —2p(vpe = VAt) Fig. 116 

hewz — hee = —2p(vcr2 — ver) Fig. 126 ce 

hee — her = +2p(vB2 — ver) Fig. 12a 

Now the relation between gate setting and pipe velocity is obviously 

Veer 28 
oe i or v=EVh 
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where E varies only with the gate setting and is usually assumed to vary linearly with 

the time, starting with # = 1 for full gate. 

Equations (31) are the loci of two series of parallel lines with slopes equal to 

tan + 29 and tan — 2p. Conditions at the reservoir are always represented by some 
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point on the horizontal line Y = 1, because there cer 1, if conduit friction is neg- 
0 

lected. Conditions at the valve will be given by the intersection of the lines of nega- 

tive slope with the curves representing the orifice discharge relationship. 

Now let us apply the theory we have developed to solution of the identical problem 

solved by arithmetic integration in Table 1 of the preceding article, regarding the 

graphical construction, Fig. 8, not as an exercise in drafting but rather as applied 
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analytic geometry, which enables us to make rapid solution of many pairs of simul- 

taneous equations. 

We first plot the parabolas correlating gate opening, head, and velocity for the 

times ¢ = 3.33 sec or 2L/a and 6.67 sec or 4L,/a. Initial conditions are represented by 

the point h = 1, v = 1, and this will obviously hold true for Bo.s3 and Cj.7 as well as 

Ay. Our first equation will be written between Cy,57 and A3.33: 

hei.er — has.z3 = —2p(0c1.67 — VA3.33) 

To plot this equation we draw a straight line of negative slope from the point h = 1, 

v = 1, or C1.67, to intersect the parabola covering all possible simultaneous values of 

head and discharge for the gate setting at time f = 3.33 see or 2L./a, the equation of 

this parabola being v = 0.667 1/h. The intersection then gives the simultaneous 

solution of the respective linear and second-degree equations and so establishes the 

correct relative values of head h and velocity » at ¢ = 3.33. Wemark the point A 4.33. 

In similar fashion the second equation may conveniently be written between A at 

time ¢ = 3.33 sec and C at 5.00 sec: 

has.33 — hes.oo = +2p(0A3.33 — VC5.00) 

We draw the straight line representing this equation starting from A3.33; and produce 

it downward with a positive slope until it intersects the horizontal axis, which, since 

conduit friction is neglected, represents all possible relative values of head h = 1.00 

and velocity v. The intersection will establish conditions at the reservoir and of 

the line for f = 5.00 sec. 

We next repeat the process for the equations 

hes.o0 — haAc.o7 = —25(v¢5.00 — VA6.67) 

and hae.er — hes.s3 = +2p(v4A6.67 — 08.33) 

using the intersection of the first of these equations with the gate-setting parabola for 

t = 6.67 sec. 

Finally we draw the line of negative slope from point C8.33, representing equation 

hes.ss — haio.oo = —2p(¥c8 33 — 0410.00) 

to intersect the vertical axis, which is the gate-setting parabola for gate opening zero, 

giving us the relative head ratio at the gate at the instant of closure. 

The equations governing the perpetual cycles of afterwaves following valve 

closure are 

haio.oo — herr.67 = +2p(var10.00 — Ue11.67) 

heuer — hars.33 = —2p(¥e11.67 = VA13.33) 

hais.33 — Aeis.o0o = +2p(VA13.33 — 0015.00) 

heis.00 — haie.67 = —2p(Ve15.00 — VA16.67) 

giving the closed diamond-shaped figure with corners A10.00, C11.67, 413.33, C15.00, 

and A16.67. 

It wil! also be interesting to see how easily we may now obtain the transient values 

at the point B midway along the conduit. 

The first step is to complete the gate-setting parabolas for all 12 intervals of 0.83 

sec. As previously noted, the point h = 1, v = 1 will represent AO, BO, CO, B0.83, 

C0.83 and C1.67. To establish A0.83, we find the intersection of 

hpo — hao.ss = —2p(¥Bo — VAo.83) 

with the parabola for é = 0.83. A1.67 is likewise found from the intersection of 

hpo.ss — hai.c7 = —2p(vB0.83 — VA1. 67) 
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with the parabola for t = 1.67. Also, 42.50 is determined by the intersection of 

heo.ss — har.so = —2p(Uc0.83 = V A250) 

C'2.50 if found from the intersection of 

hao.ss — Aex.50 = +2p(¥40.83 — VC2.50) 

and the horizontal axis. 

It is evident that B1.67 is the same as A0.83 by drawing from (2.50: 

hei.er — hers0 = +2p(VB1.67 — Ve2.50) 

B3.33 is obtained from the intersection of 

hav.so — hps.ss = +2p(VA2.50 — VB3.33) 

and he2.50 — hes.a3 = —2p(0c2. 50 = VB3.33) 

and the remaining points of the charts are obtained by a continuation of the same 

process. 

In the present state of our technique, the direct analytical solution of the basic 

differential equations is the only method capable of distributing the effect of friction 

along the conduit in accordance with nature. The graphical method, however, 

enables us to obtain very satisfactory and useful results by means of the artifice of 

lumping the cumulative effect of friction at certain selected points, most frequently 

at the control valve. 

As an illustration of the method of application (Fig. 9), let us incorporate the 

effect of conduit friction in the previous example, assuming for simplicity that the 

aggregate friction head loss at the valve is represented by the expression 0.50v?, where 

vis the instantaneous value of total velocity at the valve. Next plot a curve of this 

equation below the horizontal axis, as indicated, so that the vertical intercept will 

represent the aggregate relative friction-head loss at the valve for various velocity 

ratios. 

Then point AO, representing initial conditions at the valve, will be located at the 

intersection of the valve-setting parabola for the time ¢ = 0, and the friction-head 

loss curve. Point C1.67, representing conditions at the reservoir for all times up to 

¢ = 1.67, will then be located on the horizontal axis directly above A, the intercept 

representing the aggregate steady-state friction-head loss along the conduit from C 

to A. But as our basic system of equations has been developed on the basis of 

neglecting friction, we shall continue to plot our fundamental network of solid lines 

as representing conditions with friction effect deducted, and shall apply dotted line 

corrections for friction at all points A. Obviously no such correction will be necessary 

until we reach the zone of afterwaves for all points C. 

The method will be readily understood by explaining the true location of 43.33. 

The basic equation with friction neglected is 

hei.67 — has.z3 = —2p(ve1.67 — 43.33) 

So starting at C1.67, produce the requisite solid line of negative slope beyond the 

intersection with the gate-setting parabola for = 3.33. Then in the vicinity of this 

intersection transfer the range of intercepts from the friction-head loss curve to give 

the dotted line. The intersection of the dotted line with the gate-getting parabola 

gives the true location of A3.33. 

To proceed in determing C5.00 we revert to our fundamental system of solid lines 

by drawing the vertical line upward from A3.33 to intersect the first solid line C1.67- 

A3.33. To locate C5.00 we draw the line of positive slope from the point so found to 
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lumped friction correction is to the points C, fairly close to the friction-loss intercept 

The key suggestion to keep in mind is that friction operates to decrease the 

conduit velocity at C, whether the conduit flow is in the positive or the negative direc- 

curve. 

tion. This explains why the dotted line is drawn below the solid for C11.67 and above 

A very interesting exercise to develop better understanding of 15.00. solid for C 

the method is to check Fig. 6, remembering, of course 

assumed straight-line friction loss. 

the 

to replace the curve cv? by the d 
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Figure 10 shows the construction for the case of the simple conduit, friction 

neglected, under gradual opening; while Fig. 11 illustrates the solution of the com- 

pound pipe for gradual closure with friction neglected. It will be noted at once for 

the latter problem that the effect of differences in wave velocity or diameter of the 

component sections of the pipe is simply to change the values of slope of the corre- 

sponding straight lines. The number of intersections necessary to establish the 

solution is noticeably greater than would be expected from comparison with the 

illustrations for this case usually given in textbooks. This is because the latter 

examples are prefabricated so that the reflection times of the component sections of 

the conduit are even multiples. In actual practice this is seldom the case, so that 

Fig. 11 represents the degree of complexity normally to be expected. If only shght 

changes in the conditions of the given problem are sufficient to make the reflection 

times of the component sections even multiples, the resultant solution is obviously 

very greatly simplified; but more often than not changes of substantial magnitude 

would be necessary, and these cowd not be effected without introducing serious error. 

Before proceeding with the analysis of the more involved problems in branched and 

compound system, the engineer should consult Prof. Angus’ excellent article.? 

ALLIEVI CHART METHOD 

By a combination of the so-called interlocked series equations and a rather cum- 

bersome graphical device since superseded by the Angus method, the great pioneer 

investigator, Lorenzo Allievi, developed charts that are probably still the most widely 

used devices for the rapid solution of the elem ntary conventional cases of water- 

hammer analysis. It should be emphasized, however, that these charts have, strictly 

speaking, a comparatively limited field of applicability. Their derivation is predi- 

cated upon the fulfillment of two conditions that in many cases are not even remotely 

approached. These fundamental assumptions are that the nozzle area at the control 

valve is decreased or increased linearly with the time and that the efflux velocity at 

the nozzle at any instant is proportional to the square root of the sum of the steady- 

state plus water-hammer heads. 

Obviously when the terminal mechanism is a centrifugal pump or hydraulic tur- 

bine operating through a transient range of speeds, the efflux velocity follows the law 

of the machine performance curve for the individual mechanism and departs markedly 

from the conventional orifice law. In commercial turbomachines not only is the dis: 

charge dependent upon the instantaneous speed but still further complication results 

from the fact that the gate motion is characterized by intervals of dead and cushion- 

ing time and is accordingly not at all a linear relationship. Results obtained by the 

application of Allievi charts to such cases may very naturally produce wide dis- 

crepancies from the true values of transient pressure and velocity. 

Nevertheless, when used within their intended zone of application, the Allievi 

diagrams do effect an exceedingly great saving in time and labor for determining 

maximum or minimum point values. Allievi’s great ingenuity in the use of his 

so-called Cartesian synopsis enabled him to summarize the entire field of uniform 
z . ‘ A aV 0 
linear closure by means of two basic parameters, the pipe-line constant p = gH» 

yy 
f : al : : 

and the valve operation or time constant @ = OL The maximum rise or fall, as the 

case may be, is then taken from a single reading of the applicable chart, the dotted 

curved lines on the chart for closure indicating the interval in which maximum point 

pressure occurs. The charts do not enable us to plot a time history of the water- 

hammer wave. 

‘Anaus, Ronert W., Graphical Analysis of Water Hammer in Branched and Compound Pipes 
Trans. ASCE, 1939. 
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AXIS 

6 

Fie. 12. Allievi diagram. Maximum pressure rise for uniform gate motion and simple 
conduits (for small values of p and 6). 

As the first illustrative example in the use of the Allievi charts, let us establish the 
maximum values of pressure rise for the case covered by the arithmetic integration 
method in Table | and by the Angus graphical method in Fig. 8. 

Simple Conduit—Gradual Closure 

Conduit Friction Neglected 
Initial shead: Hos itis. eed er eraser eatcae cies tere a 1,000 ft 
Initialsvelocitynuscon dub meen qe mee ey terete ee nee 12 fps 
WietershammeniwavenvelOClby ener sites n te ee tens ane es 3,000 fps 
Malvierclosure tim err. ste rarchactersoete sro ee sie isis Rees ee 10 sec | 
heneth-ofiprpe line scr eicalteine ate cese sate ech ee ee 5,000 ft 

Pipe-line constant p = 1eVes HUAN he = 0.558 29Ho DS BOS Se OO 
aT 3,000 & 10 

Valve operation constant 6 OL 2X 5,000 3.00 

From Fig. 12 (small values of p and 86), 

A Ho aia max 1,000 aie hmax = 1,280 

Ho 1,000 

Selving, maximum pressure rise at valve = hmax = 280 ft. Since the point p = 0.56, 6 = 3.00 lies 
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Oo AXIS 

| 
Ul) 
Wy 

P AXIS 

Iie. 13. Allievi diagram. Maximum pressure rise for uniform gate motion and simple 

conduits (for intermediate values of p and 6). 

to the left of dotted line S1, Fig. 12, the maximum value of pressure rise occurs at some time during the 

first interval 2L./a, or between t = 0 and ¢ = 3.33 sec. 

This checks very closely the values obtained by the arithmetic integration and graphical methods. 

As a typical example of pressure drop during gradual opening by means of the 

Allievi charts, let us solve the problem given graphically in Fig. 10. 

Simple Conduit—Gradual Opening 

Conduit Friction Neglected 

ELIT SPINA Cees (reece senate iy tov ote r tc taL soecepeth eh eme ce nts peti enatelne reser ehel sees) aaa ees once 1,000 ft 

RURAL CLOG Valid COMMULUG Man marckiG whan setae arent etiagen ane eetanlet ade nee DDS 

Vintec hontorCmgt NANA OI a piote Bll HO Oat khan o OCOD a0 GER OE oo Reo tHE aot 

WEAbatsato gory otk elit hol Szaere irq Pap Baihy “eee Ooty CICA RESET ALy Co oni RIEU ore TOR TCE Oa a 10 see 

12} ara laherohe opt ofoal lh Go eer RABE crac «A ata irae RAP RU RERCIR cl RRO CREE a RS RRR eee rR 5,000 ft 

of 3,000 X 12 aVo _ __3,000 X = 0.558 0 

2gHo 2 X 32.2 X 1,000 

Gn 3,000 &* 10 : 
Valve operation constant 0 = OL = 2 X 5,000 = 3.00 

Pipe-line constant p = 
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From Fig. 15, 

Ho —h 1,000 —h 

Ho 1,000. Oe 
Z2 

The pressure drop h is = 300 ft which checks quite closely the value obtained by the graphical 

method. 

vt 
oO 

pe er ee SEO 
; ungeuacusruarer canes ccaceaaeae yA AL LAS P, a 

- VAI a pce . 
: Wepeel seat eeaceececesacess 
x WLALAE! geeceara Bae 

4 fe ea 9 
y, ae goers MAA A eeae 
x UMA AACE eae 230T Tn YAK LS PAT 4 
TY UGGOPPAECOPAEELAS Serene 

IES pc BEd LYALDBEA AEA AA AB OAges ee ; CE ET ET 50 
LESAZES Ze 2S seazaeaee ZLGEZZeceezezaeaeaees J 0.0 COE reer 10.0 
2Z2Z22220EseSs—aSSse==>: 
ZeZZzeezsaesee-aSsee= pe Zz 20.0 
ea ee §0.0 

SES2e2z5==s2ee22Se= en 
mee eg 2? = 80 

2 6 8 Ne es SUZ IG AES 2X) rar 8 30 32 34 36 38 40 

P AXIS 

Fig. 14. Allievi diagram. Maximum pressure rise for uniform gate motion and simple 
conduits (for large values of p and @). 

As a third and final illustrative example in the use of the Allievi charts, let us check 

the compound pipe analyzed graphically in Fig. 11. 

Compound Conduit—Gradual Closure 

Conduit Friction Neglected 

(See Fig. 11) 

Initial heads Fg a. cen ntt ces sere sui Pen eea uaa lease eee ed 6 eee OT Ree EW a ae 1,000 ft 

Valverclosirestinig mcr eee ae ene aE Fl oT ET ee er Re 10 sec 

Vibes Saat cect Se ty EERE RETR UR eee EOE TT eR eee eee 12 fps 

VED sr Mr Ween BER ae OTs eer ARAN PEPE ES ESS PaaS ake Fo A 18.75 fps 

Waves elocitiy:taitc. scaeds sss¥orcr cs oeore are cie ies ne eae ek eer 3,000 fps 

Wiave nveloeltiyiGy cc, jsagneciu-c.aace aetna toast ks aus ag eS vr ae ee 2 OURS DS 

Tier Sth! Eile cts ect A exc vaieraeareheae aha aE eae RU ket eee ore ey ees OO OBEG 

Weng thigli gncee. yh: reir et Soe t nie Seed ee RYE ea Whe ge cag 3 cee cans 2,000 ft 

: _ Vila + Vols 
Equivalent conduit velocity V = “3G a ea 

12 X 3,000 + 18.75 X 2,000 147f 

3,000 + 2,000 ae 

Equivalent wave velocity a = UE ae + oh 

3,000 X 3,000 + 2,500 x 2,000 

i 3,000 + 2,000 Fo) Eee 
2 

Pipe-line constant p ous eNO TONe 0.64 
29H. 2X 32.2 X 1,000 
aT _ 2,800 X 10 
eo aSTO000 = 2.80 Valve operation constant 6 
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Fia. 16. 

a 

g oe nN © © m = ° 9° % ° S ° ° o 9 9 0 
50 

46 — 2 ean & 
el ele als cel al Si 

42 iW, 7 | = i t = |_| 
| eB DSA RACs | 

38) 5 Man 4H . oe 
| = z =a ake 7 i 

34 & et E { 
an” Vi | ail | f 
6 30 = pos — = — = + 

< f (2 [ ALBIS é : = 90 

© 26 +4 aps I Eee 

22 eae | 
fae Za NA ale ZA | 9.08 

18 7 ee ee 
ava Jee ae Yee 

14 z Se zal a [ll att | 1 es Ee Be 

- Satie Ae eaee ate ot alee eee t zt 9.02 

10 leit 1 AA ad 1 = = = all i tore} ert or 

AAA (les aoe |) (EA a | =e al eet 7° =0.01 

6 ese = a a ete | es | | mes Ce id OR El OE eS) 

=a Et smn esc =} LES \—t = t 

3 3 = = Se es a aa eo ay ef i al 

Om 2 4 6 8 10 Y2 14 6 18 20 22 24 26 28: 30 32. 34 36 38 46 

P AXIS 

Fie. 15. Allievi diagram. Maximum fall in pressure for uniform gate motion and simple 

conduits. 

3000 

CAST IRON PIPE 

2000 { 

VELOCITY PRESSURE WAVE-a 

1000 
0 50 100 150 200 250 300 

RATIO 
Chart for calculation of velocity of pressure wave in cast-iren and steel pipe. 
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From Fig. 12 (small values of p and @), 

Hots hmax 1,000 + hmax 

Io 1,000 
1.320 Z2 

Solving, the maximum pressure rise at the valve is 320 ft and occurs between the time 0 and 3.60 sec, 

giving a close check on the graphical analysis, Fig. 11. 

There is one feature! of the Allievi charts that warrants particular emphasis. It 

will be noted that over the major portion of the diagram, Fig. 12, the radial lines giving 

value of Z? are straight, but that in the lower left-hand corner there is a pronounced 

break in slope. This means that in many cases closures starting from part gate with 

proportionally reduced velocity will produce higher water hammer than closure from 

the fully open position and full discharge velocity. For this reason, it is good practice 

to test all possible partial closures to establish the true maximum. The following 

example illustrates the procedure. 

Simple Conduit—Gradual Closure 

Conduit Friction Neglected 

| Bcbt Si NOM a crs V6 (ee PR NegeRe eax Sree RR MR ee eng epg eh rt ea ee Sr ein EC a > 1,000 ft 

Initial velocityumticomduit secs occa ccoesncea pene eae eee eee aweeire sere 100 fps 

Watershammien wave: velocity ras «iso cei rinse cra ieee shoiece aie cee ad aieee eee nee 3,000 fps 

Valve closure time clan osuk cect eon eee cee oe ta ceairdee eeaeere cane 33 sec 

bength iofiprmenlinie sca ne astern nace een ven ae igewen cnet waste caine pean Sicuataaien aoe Beas Meee 5,000 ft 

First, for complete closure, 

: F aVo 3,000 XK 100 
Pipe-line constant p Spo 7K 32.2 X 1,000 4.65 

: CL eS OOOR<a33 
Valve operation constant 0 aL 2 X 5,000 9.90 

From Fig. 12 (small values of p and 6), 

Ho + hmax 1,000 + hmax 
2 - 

Z Ho 1,000 ee 

Pressure rise hmax = 590 ft 

Now, check closure from 10 per cent valve opening: 

: : aVo 3,000 X 10 
Pipe-line constant p 2g Ho 2X 32.2 X 1,000 0.47 

Valve operation constant 0 af _ ad 0.99 

From Fig. 12, 

Ho + hmax 1,000 + hmax 2 es 9 
A Ho 1,000 2.00 

And the pressure rise hmax = 1,000 ft as compared with 590 ft for closure from fully open poisition. 

In foot units, the general expression for water-hammer wave velocity is from Eq. 

(3): 
1 1 

(Oh = = ; 

we NER ta) 
For steel pipes the value of H is 29,400,000 psi or 42.3 X 108 psf, while the bulk 

modulus of water is 294,000 psi or 42.3 & 10° psf. 5 = aos = 2.00 closely enough. 

1 Kerr, S. Logan, New Aspects of Maximum Pressure Rise in Closed Conduits, Trans. ASME, 
1928, paper HY D-51-3. 
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The corresponding value of the wave velocity is 

WE a 
which is plotted for convenience as the curve for steel pipe, Fig. 16. 

For cast-iron pipe, the value of # is 15,000,000 psi or 21.60 < 108 psf, and the 

corresponding value of the wave velocity is 

3,290 
= ——S]S = Dd 

Vou + 1000 

the curve of which is plotted as cast iron, Fig. 16. 

For concrete pipe with an assumed modulus of 2,500,000 psi = 3.60 X 108 psf, 

the wave velocity becomes 

For a tunnel in solid rock the value of b becomes very large, and consequently the 

wave velocity approaches the velocity of sound in water, 4,660 fps. 

For wood-stave pipe, Strowger! has developed the formula 

4,660 
KD 

Vi + Eb + Ee 
where b = stave thickness, ft. 

= total cross-sectional area of steel bands, sq ft/lin ft of pipe. 

E, = modulus of elasticity of steel bands in tension, 4.23 X 10° psf. 

E,, = modulus of elasticity of wood staves. 

a= 

| 

British Columbia or Douglas fir............. 2.30 X 108 psf 

Redwoodtormcyphessems tian intra tre 1.92 X 108 psf 

NVA MiG ET ONE OLE 09 A Gif ore MER SRE Spm Glee eae 1.00 X 108 psf 

For old deteriorated staves, tests show values as low as 0.60 X 108 psf. 

FIELD OF APPLICABILITY OF VARIOUS METHODS 

Although selection of the method best adapted to fit the various particular prob- 

lems arising in practice is very largely a matter of preference of the individual engineer, 

it may be worth while in summary to indicate what the author believes to be the 

characteristic merits of the various devices. 

For all but the cases of instantaneous valve operation, direct analytical solution of 

the basic differential equations is possible only by prescription of the efflux velocity 

extinction pattern rather than the conventional time rate of decrease of valve opening 

with discharge velocity determined from the orifice law. In spite of requiring this 

departure from tradition and also the command of relatively advanced technique, this 

method is still believed to be the most effective instrument for research investigation 

and for establishing in rigorous fashion the fundamental laws of water hammer. Once 

the manipulative technique has been mastered, the analytical solution does have the 

1Srrowapr, E. B., Water-hammer Problems in Connection with the Design of Hydroelectric 

Plants, Trans. ASME, 1944, paper 44-A42. 
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additional advantage of affording a continuous time history of pressure and velocity 

in compact and perfectly general formulas. Development along such lines is believed 

to be incipient and affords definite promise for the future. 

The author has found the arithmetic integration method to be particularly incisive 

in those cases in which the terminal mechanism is a turbomachine and in which, there- 

fore, the discharge characteristics depend upon the instantaneous value of gate and 

speed. This method also is exceedingly valuable in teaching the computer the 

internal mechanism of water hammer and the synthesis of total pressures from direct 

and reflected wave components. 

The graphical method, developed very largely on this continent through the efforts 

of Prof. Angus, is not only one of the greatest savers of time and labor in the hydraulic 

field, but it has the added advantage that the underlying theory is simple and readily 

understood. It handles with equal ease cases in which the valve closure is uniform or 

even nonlinear; and although it may be used effectively for those cases in which the 

machine speed passes either above or below normal, the author is slightly prejudiced 

in the case of the latter class in favor of arithmetic integration. 

As already outlined, the Allievi charts, in spite of their limitations, continue to be 

the most popular and widely used of all water-hammer methods; but it should always 

be borne in mind that they were never intended to apply, even as a rough approach, to 

more highly specialized cases in which the efflux velocity depends upon the instan- 

taneous setting and speed of the terminal mechanism. 

One of the cases occurring most commonly in practice is that of a penstock, surge 

tank, and pipe line or tunnel. The standard method of analysis is to consider the free 

surface of water in the tank as an open reservoir and neglect the pressure wave 

traveling up the pipe line or tunnel. A more accurate determination of the system as 

a branched conduit problem may readily be effected by means of the graphical method, 

Ref. 4 in the Bibliography, or by the appropriate Calame and Gaden formulas, Ref. 6. 
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SECTION 28 

SURGE TANKS 

By Gerorce R. Ricu 

INTRODUCTION 

It is evident from Sec. 13 that adverse water-hammer effects may be mitigated 

easily and inexpensively only in the case of the shorter conduits or in installations in 

which very slow valve closure is no detriment; but it is likewise apparent that in 

hydraulic power installations which have any appreciable length of pipe line and 

which are required to hold frequency within commercial limits even when operating 

detached from the system, very slow turbine gate movement would not be compatible 

with practical economical speed regulation. If the expedient of synchronous by-pass 

valves were employed, which are in themselves a considerable item of expense, the 

conduit velocity would have to be maintained permanently at a rate sufficiently high 

to accommodate maximum load demand. In the case of plants having instantaneous 

load increases in the order of 50 per cent or higher, this last requirement would ordina- 

rily involve a very expensive wastage of valuable water. Provision of a surge tank 

is the economical solution in such eases. As is well known, the tank has three primary 

and one concomitant functions: (1) to provide a free reservoir surface close to the 

terminal discharge mechanism as a quick source of compensating water-hammer 

reflections to limit penstock and materially reduce main conduit pressures, the initial 

reflections being negative in the case of closure and positive in the case of opening; 

(2) to supply the additional water required by the turbine during load demand until 

the conduit velocity has accelerated to the new steady-state value; (3) to store water 

during load rejection until the conduit velocity has been decelerated to the new 

steady-state value; (4) to make certain that the pendulation of water levels following 

even small as well as large load changes will be quenched positively and rapidly. In 

the language of the trade, the tank must pass the test for incipient stability. 

Because inertia causes water to overtravel beyond the second steady-state position, 

the characteristic physical action of the surge tank is a pendulation of the water sur- 

face levels, although it is possible but usually not economical to obtain aperiodic 

or deadbeat action. Like water hammer, this mass acceleration in a surge tank is a 

transient phenomenon; but unlike water hammer, its periodicity is comparatively 

slow, requiring as much as 30 min or even longer to establish the second steady state 

for long conduits and large tanks, as compared to about 30 sec or less to damp out 

the significant portion of the water hammer under conditions commonly encountered 

in practice. 

Because of this basic difference in periodicity, it is fortunately permissible for the 

purposes of computation to separate these two concurrent phenomena and to treat 

the surge by itself as a mass-acceleration problem. By this we mean that the veloc- 

ity changes in the conduit occur so gradually that in computing the mass surge sepa- 

rately we may employ the simple momentum law and neglect the effect of stretching 

the conduit circumference and compression of the water. The water-hammer effects 

which are important only during the first 15 or 20 sec, and then principally in the 
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penstock, and only to a secondary degree in the conduit, are segregated and handled 

as a detached second problem. Nevertheless, we should always remember that in 

nature the two actions occur simultaneously and that water-hammer effects, while 

of important magnitude only at the outset, are in reality the direct causative agent 

for the mass acceleration in the same fashion that they are the direct means of effecting 

the velocity changes in a simple pipe, even for the slowest rates of valve movement. 

As an extension of this same idea, it is sometimes helpful to consider water hammer 

as a rapid means of telegraphing the valve operation to the reservoir. 

DIFFERENTIAL SURGE TANK 

The salient feature of the differential surge tank invented by R. D. Johnson is the 

separation of the water-supply or water-storage function from the conduit acceleration 

or deceleration function, resulting in more rapid, efficient hydraulic action and reflect- 

ing sizable economy in tank diameter and capital cost. A very important second 

feature is the marked damping effect or throttling action afforded by the port arrange- 

ment which gives the differential tank pronounced ability to limit and suppress the 

surges due to synchronous load pulsations. 

Accordingly, methods of analysis of the differential surge regulator will be given 

in detail with but passing reference to simple, restricted orifice, and compressed-air 

tanks at the close of this section. However, it will soon be apparent to the reader 

that this seeming deletion will in no way penalize the treatment of such alternative 

devices. The same principles of design will be found to hold in all cases; and if the 

analyst is thoroughly conversant with computations for the differential tank, he will 

have no difficulty with the simple, the restricted orifice, or the compressed-air 

regulator. 

BASIC DIFFERENTIAL EQUATIONS 

Although the differential equations for the Johnson regulator are not susceptible 

to direct conventional solution, it will be instructive to develop them as a means of 

crystallizing the principal elements of hydraulic action, particularly as a prerequisite 

to forming tabulations for arithmetic integration, the only method capable of effecting 

an exact solution. 

Referring to Figs. 1 and 3 and the notation tabulated in Art. 4, the following 

equations are true at any instant, proper regard being given to algebraic sign: 

Total head on conduit = friction and allied head losses + acceleration head 

L dv 
= 2 H —h, = cv? + ata (1) 

Discharge from outer tank = discharge through ports 

d} 560), 
Fo = a /2g(hk — Mr) (2)1 

Turbine discharge Q. 

= conduit discharge Q. + port discharge Q, + riser discharge Qr 

Qv = Av +arvV/2g(hi — hy) + A, a (3)? 

Turbine discharge Q., = function of head, efficiency, and gate or power 

Qw = f(hr, Pw) (4) 

1The radical will be written V 26 (hr — ht) when hy > ht. The discharge coefficient is included in 
-@ in accordance with the notation of Art. 4. 
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By Eq. (4) we mean that the turbine discharge Q,, for any specified power output 

P, or gate opening is a function of h, and the turbine efficiency. Because of the 

variation in turbine efficiency with the gate, this function is not conveniently expres- 

sible in algebraic terms, and the value of Q,, at any instant must, as a practical matter, 

be selected from turbine performance charts. 

The insuperable obstacle to direct conventional solution of the above system is, 

however, due to the fact that when the friction head loss is taken proportional to the 

square of the conduit velocity, there is no known solution for the resulting differential 

equations. In such cases, provided we have a sufficient number of equations to match 

the number of unknown quantities, the solution may always be effected by step-by- 

step calculation commonly known as arithmetic integration. The detailed procedure 

for an illustrative example will be given in Art. 8. 

It can be readily appreciated that if we had to depend entirely upon mere guess- 

work for selecting fortuitous trial combinations of tank size and port area, deter- 

mination of the correct design of tank by the arithmetic integration method would be 

hopelessly laborious. Thanks, however, to the genius of the inventor of the differ- 

ential tank, we are equipped with a powerful method of obtaining very dependable 

trial values of tank dimensions so that the subsequent computation of performance 

curves, showing water levels and velocities by arithmetic integration, becomes largely 

confirmatory in purpose and seldom needs to be carried through more than one trial. 

The classic article’ describing this method, which is abstracted in the following 

sections, will repay detailed study by surge-tank designers. 

JOHNSON’S EQUATIONS FOR LOAD DEMAND 

To avoid confusion, it will possibly be well to emphasize at the outset that the 

purpose of Johnson’s equations is not to afford a means for computing performance 

Sign Conventions: Net area of 
ce tank = F 

—»> v; dv Initial quiescent 

|+ dh-; dh ; dy level in surge 
tank and riser. 

Tank and riser levels af 
time of Quarter Cycle 

Discharge from tank 
L through ports =Q¢ 

Conduit area =A 

Turbine discharge Qu 

Fig. 1. Differential surge tank, load-demand condition. 

curves of water levels and conduit velocities, but only rapidly to supply reliable trial 

values of port area, limiting upper and lower tank elevations, and tank and riser 

diameters for subsequent confirmation of performance by arithmetic integration. 

The key to the simplification of Eqs. (1) to (4) in Art. 8, is shown in Fig. 2, in 

which the actual riser drop curve shown in dotted line is replaced by the assumed 

heavy solid rectangular curve. This assumption follows very naturally from an 

inspection of arithmetic integration performance curves for a wide variety of differ- 

1 Jounson, RayMonp D., The Differential Surge Tank, Trans. ASCE, Paper 1324, vol. 78, 1915. 
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ential tanks. For most efficient action, the heel of the characteristic actual riser 

drop curve will come down initially so as to be level for a few seconds’ duration with 

the subsequent common elevation of both tank and riser curves at the quarter cycle. 

If the port area is too small in relation to the tank area, the initial heel in the riser 

drop curve will lie appreciably below the levels at the quarter cycle; conversely, if 

the port area is too large in proportion to the tank area, the characteristic initial heel 

of the actual riser drop curve will lie some distance above the levels at the quarter 

cycle. In the first case, the instantaneous power capacity will be reduced because of 

excessively low elevation of the heel of the riser drop curve, and in the second instance 

the power output will be penalized by excessively low elevation of both levels at the 

quarter cycle. Maximum efficiency results when the riser drop curve has the char- 

gc Reservoir level 

2 cy; 
Initial quiescent level in surge tank and riser Quiescent gradient BALSA 

uations 
Actual water level in surge tank 

ul 
“ 

5 Time of Quarter Cycle 

¢ 
<= ? 
i) elevations ae S 

a 

& Leer water level 
£ \ in riser 

5 \ ‘ 
“ \ 

SS 

Assumed water level in riser for R.D.Johnson’s equations 

Fie. 2. Difference between actual and assumed rectangular riser drop curves for load- 
demand condition. 

acteristic form given in Fig. 2, and it is reasonable to expect (and invariably confirmed 

in subsequent detailed computation) that the substitute rectangular outline gives a 

close workable approximation to the actual dotted form. This entire question (see 

Fig. 9) is clarified in detail in the discussion of Johnson’s original article by Roy 

Taylor.! 

Having established a reasonable and advantageous simplification of shape for the 

riser drop curve, let us next investigate what the concomitant physical actions in the 

tank must be to afford the desired rectangular configuration. It is quite obvious 

that the cross-sectional area of the riser must be considered negligible and equal to 

zero, and that the inertia of the water in the riser column must be neglected to ensure 

instantaneous drop of the riser curve to the quarter-cycle level immediately upon 

opening the turbine gates. Upon further reflection, it is also evident that to maintain 

the level of water in the riser constantly at the above fixed elevation throughout the 

quarter cycle, the area of the ports (though usually fixed in actual design) must be 

assumed to vary at each instant in just the right degree to ensure that, under dropping 

head on the port orifice, the discharge through the ports plus the increasing discharge 

from the main conduit is just sufficient to furnish the exact discharge required by the 

turbine at constant head up to the quarter cycle. Finally, it is quite evident, in 

1 Tbid., Fig. 15, p. 803, discussion by Roy Taylor 
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view of the foregoing assumptions, that the equations derived on this basis will be 

valid only up-to the time of the quarter cycle. 

For convenient reference these assumptions are summarized as follows: 

1. The analysis is valid only up to the time of the quarter cycle, that is, the time at which water 

levels in the riser and main tank approach coincidence. 

2. The inertia of the water in the riser column is neglected. 

8. In accordance with Fig. 2, it is assumed that upon initiating the opening movement of the turbine 

gates the water level in the riser drops immediately to its level at the quarter cycle, giving a rectangular 

shape to the riser drop curve. 

4, The cross-sectional area of the riser is considered negligible and equal to zero. 

5. The port area, though usually constant in any actual design, is, for the purpose of facilitating 

solution of the equations, assumed to vary with the time in just the right proportion to give the assumed 

rectangular shape of riser drop curve. 

With these simplifying assumptions, Johnson’s equations expressing a relationship 

between magnitude of surge and diameter of tank are obtained with comparative 

ease. In accordance with our usual practice, we shall adhere to Johnson’s notation 

to facilitate cross reference with the original article. 

The notation is as follows: 

t = time in general, sec. 

ta = time of acceleration, sec. 

t, = time of retardation, sec. 

T = time to complete one quarter cycle of the oscillation of tank levels, sec. 

L = length of conduit, ft. 

A = area of conduit, sq ft. 

F = net area of tank, that is, in excess of riser area, sq ft. 

H = difference in elevation between water surface in reservoir and center line of conduit, ft. 

hy = difference in elevation between water surface in riser and center line of conduit, ft. 

ht = difference in elevation between water surface in tank and center line of conduit, ft. 

Qw = turbine discharge, cfs. 

A, = area of riser, sq ft. 

Pw = turbine output, hp. 

a = area of restricted opening or port with 100 per cent coefficient of discharge, or the actual area 

times the discharge coeflicient, sq ft. 

ay = area of restricted opening when ¢ = 0, sq ft. 

a1 = area of restricted opening when ¢ = T, sq ft. 

» = velocity in conduit at any instant, fps. 

v1 = initial conduit velocity before acceleration begins (ta = 0), or = conduit velocity when 

t, = T, or = constant-draft velocity between surge tank and water wheel, in terms of the 

conduit velocity during retardation. 

vs = conduit velocity when ta = T, or = initial conduit velocity before retardation begins (t, = 0), 

or = constant-draft velocity between surge tank and water wheel, in terms of the conduit 

velocity during acceleration. 

c = a coefficient such that cv? = total losses of head in the conduit (these losses may or may not 

include the velocity head, depending on the location of the surge tank). 

y = departure of water level in tank from its initial quiescent position previous to a load change. 

yi = y fort = T = also, by hypothesis, the amount of initial sudden change of level in standpipe. 

U2 FU} 
p = percentage of velocity change = So in acceleration. 

v1 
fess | =p, 

v2 2 

ino = yA ; 
k = stability factor of surge = Bom we) 

log = natural logarithm to the base e. 

Z= we + v1?, or y1, = c(Z? — v1?). 

“y= Vow _ ra or y1, = c(v2? — Zi?) 

me, 4) ee f 
Zo = — — v2%, or yi, = c(v2? + Zo?). 

Cc 

2 Vid) $A 
v2 

I 
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The resulting simplified differential equations for load demand are as follows: 

L 
g dv 

at = = et — oi) e) 
Avy dt = F dy + Av dt (6) 

Solving,! we obtain the tank diameter F for any specified surge y1: 

ee.) ae bs (Z — v1)(Z + v2) ZL — oe] 

~ Qgeyie E gee GE aVMG = wy loge Z? — v2 7) 

AL ri, (X=)(% +1) k 
a sn = ee (ee en . 

Equation (8) may be presented in the very convenient form of a chart for rapid com- 

putation (Fig. 6). For this purpose, in Hq. (8) let 

2gc%v"F 

AL 
= N2 (9) 

and to obtain a scale convenient for reading, let 

m 29F 100N. = 100v2¢ KE (10) 

Also, by definition, 

Yi, = kac(v2? — v4?) (11) 

Then for any assigned values of y;, and v2, we have corresponding values of p, k, and 

r, and may read the corresponding value of 100N._ from the chart (Fig. 6). The 
required net area of tank is then easily computed from Eq. (10). 

In performing the arithmetic integration, it is useful to have an estimate of the 

time required to reach the quarter cycle. This is given by 

_ L ign (Z — 1)(Z + v2) 

QgcZ” (Z + 01) (Z — v2) 
AN (12) 

From Fig. 2 and the simple orifice law, the port area required at the start of the 

cycle will be 

A(veg = v1) 
ayo = — (for load demand) (13 

: V 2gy1 

The theoretical? port area required at the quarter cycle will be 

AF IN TB 

we agile mo 

JOHNSON’S EQUATIONS FOR LOAD REJECTION 

which is always less than ao. 

The key assumption for the development of Johnson’s equations for the load- 

rejection condition illustrated in Fig. 3 is, as would naturally be expected, the same 

as for load demand except that the water surface elevation in the riser rises (instead | 

of falls) to the common elevation of both tank and riser levels at the quarter cycle. 

1 For complete intermediate steps in the solution, see Johnson, op. cit., pp. 770f. 
2 For details of the derivation see Johnson, op. cit., p. 770, Eqs. (6), (7), (8), and (9). 
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As a secondary assumption, the depth of water overflowing the riser top as a weir 

orest ig neglected. 

Referring to Fig. 3, the fundamental differential equations for load rejection are 

7 do 

oe yi — c(v2? — v?) oe) 
Av, dt = F dy + Avdt (16) 

For the rejection condition two cases arise, depending upon whether or not the 

surge rises above the reservoir level, ¢.e., whether y1 < cv2? or y: > cv22. In the first 

; Net area of Initial quiescent 
Tank and riser levéls at Quarter Gycle tank=F level a surge 
Two cases y,>CY, and y,< cv> = 1 tank and riser 

Discharge from tank 
through ports = Qt 

Sign Conventions: 
+ 

==> MS OLY y 
bs dhy ; dhe 3 dy Turbine discharge Qu 

Fia. 3. Differential surge tank, two cases, load-rejection condition. 

instance, if yr < cv22, the equation for F, upon integration of Eqs. (15) and (16), will 

lead to the formula 

AL | g v2 — ZY V1 (v2 — Zi) (v1 ar 75 | (17) 

ii 2Qgcyi, he v2 = Ze Zi = (v2 + Zi) (1 27/1) 

On the other hand, when the surge rises above the reservoir level and y; > cv2?, we 

have 

Al: | V2 + Zo? 201 V2 : V1 
iM Dein | loge ps er (are tan Tae are tan 7) | (18) 

For the case of greatest interest in practice, that of complete shutdown with v; = 0, 

Eq. (18) becomes 

AL V2 — Zo 
= - — 19) 

2gcy1 ne Ze ( 

or, since — aL), (20) 
C2 

AL k, (21) 
2 == log. 

2gc7v2*k, °8 ky —1 

we may develop a useful graphical chart for the computation of this equation in the 

same general fashion as for load demand. In this case let 

29F LOON,? = 10002 \ 47 (22) 
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for given values of y: and v2, we derive a corresponding value of k, and may read 

100N, from the chart (Fig. 7). F is then easily obtained from Kq. (22). 

From Fig. 3 the port area required at the start of the cycle will be 

ae A(v2 — v1) — discharge over top of riser (23) 

V 2941 

The size of port! required at the quarter cycle will be 

"ce 46 

aig>= U2 be (k, — ») | (24) 

The port area for the rejection condition will be established by Eq. (24) rather than 

Eq. (23) because of the discharge capacity over the top of the riser as a weir. 

Assumed water level in riser 
for R.D.Johnson’s Equations Time of Quarter Cycle 

Equations 
Reservoir level ~y 

Actual riser 
Au} 

c 

Surge S 

elevations Actual water level c 

in riser & 
= 

a 

: a 
Actual water level in surge tank c 

= 

i= 

Quiescent 

{ gradient 
_- 

|. + Time 

I 

Fic. 4. Difference between actual and assumed rectangular riser level curves for rejectior, 
condition. 

The effective size of port for the demand condition, Eqs. (13) and (14), must not 

exceed that prescribed by Eq. (24) for the rejection condition; otherwise, the watei 

revel in the riser during rejection will drop down again before the quarter cycle is 

reached. This would be contrary to our assumption of constant y; in Fig. 3 and might 

introduce appreciable error intc the equations for tank diameter. 

JOHNSON’S EQUATIONS FOR THE CRITICAL VELOCITY 

There are certain combinations of tank design and conduit for which rejection from 

the maximum full-load velocity does not give the maximum height of surge. In these 

cases, some lesser velocity v,, called the critical velocity, will govern the upper limiting 

elevation of tank. 

Let d equal the required height of surge tank above the reservoir level. Then 

cL = Cc (4 = v2) (25) 

C(Zo? + v2?) (26) 

d 

and Yi. 

1 JoHNsON, op. cit., Eq. (33), p. 778. 
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Substituting Eq. (26) in Eq. (19), we obtain 

2gcF Ri loge (v2? + Zo?) — 2 log. Zo (27) 

AL Zo? + v2? 

To find what value of ». makes d a maximum, differentiate Eq. (27) with respect to v2. 

Place Le = 0 and solve for v.. Then this value of v2 = v0, or 
V2 

PAL (eres 
te | 29Fe | Ge) 

Solving for d = cZ,? in Eq. (25) 

AL 
Ohi: as QgceF (29) 

Figure 8 affords an interesting summary of the heights of surge resulting from shut- 

down from conduit velocities other than the critical. The corresponding value of port 

area for the critical velocity is, from Eqs. (24), (28), and (29), 

ae 
V 2gce 

[AFd 
a= iy (31) 

TEST FOR INCIPIENT STABILITY 

It was remarked in Art. 1 that one of the requirements of a satisfactory surge tank 

is that it have the ability to quench positively and rapidly the pendulations of water 

surface following load changes of whatever magnitude. During the larger load 

changes, the velocity of flow through the ports is relatively large; there is a very 

marked difference in elevation between the water surface levels in the main surge tank 

and riser, with the natural result that comparatively large conduit accelerating or 

decelerating forces are mobilized. These in turn act with telling effect to throttle and 

suppress the transient phenomenon. 

In contrast, during fairly small load changes, say in the order of 1,000 kw in 50,000, 

the difference between the main tank and riser levels is likewise small; the velocity 

through the ports is comparatively insignificant, and the requisite quick suppression 

of surge must be effected principally by the friction in the conduit. If the tank 

diameter is sufficiently large, conduit friction will damp down the surge from any small 

load change before the water levels in the tank and riser have made any appreciable 

change from quiescence. On the other hand, it can be readily appreciated that the 

water levels in a tank of too small diameter would rise with greater rapidity, develop a 

phase lead ahead of conduit friction, with proportionate overtravel of water levels 

beyond the second steady-state position, and so tend to aggravate, magnify, and per- 

petuate each small load variation. 

For the above reasons, as well as to obtain expressions that are more readily sus- 

ceptible to mathematical attack, the basic equation for gaging tank stability is pred- 

icated upon small load changes as being more critical, since the throttling effect of 

the ports is then negligibly small. Because of its importance, we proceed to develop 

in considerable detail the criterion for stability now in universal use, namely, the 

formula of Dr. Dieter Thoma. For this purpose we assume that the action of riser 

and ports of the differential tank is negligible and that they may be entirely removed, 

giving in effect an old-style simple surge tank. 

ator”, = (30) 

or 
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Referring to Fig. 5, we shall assume in the interest of simplicity that the turbine 

gates are closed and the water levels in the entire hydraulic system stand at reservoir 

elevation. We then place a very small load on the turbine and, from the character of 

the resultant differential equations, deduce what the diameter of surge tank must be to 

ensure the requisite damping effect. 

The notation adopted is in general in conformity with Art. 4, and the meaning of 

the additional new terms will be apparent from the diagram (Fig. 5). 

Tank area =F 
Tank velocity = uf+ 

Conduit loss at any instant cv? 

Water level in tank 

Reservoir level 

New steady- 
state level 

Gradient at any instant 

Tank level at any instant 
y H, - New steady - state 

head on turbine 

T= 
é Tailwater y elevation 

Fie. 5. Analysis of stability showing effect of placing small load on turbine starting from 

gates closed and entire system at reservoir level. 

Conduit area =A a 
Conduit velocity = v—>» Penstock area=A 

Penstock velocity = r—ty 

With the algebraic sign conventions postulated in Fig. 5, the basic differential 

equations will have the following form:! 

L dv Pate 
ae tee = 0 (32) 

Av = Fu + Ar = 79 + Ar 3) 

Now, if we were to proceed to attack the solution of these two equations directly, 
according to the conventional procedure, we should again encounter the familiar recur- 

rent difficulty, namely, that the resulting differential equation would be of the form 

ad do 2 

a +6 () +6@=0 (34) 

for which there is at present no known solution. Accordingly, we shall be required to 

introduce sufficient permissible simplifications to transform this equation into the type 

do do 
qe ig me Ce, 

In essence, then, we must find some legitimate means of expressing the friction head 

loss according to the first rather than the second power of the conduit velocity, and 

fortunately for the case of small load changes, this requirement is obtainable without 

any great difficulty or sacrifice in accuracy. Our second approximation relates to 

turbine discharge under varying net effective head, but again in this case the assump- 

tion of small load changes permits the requisite simplification. Under these condi- 

1 Caxame, J., and Dante. Gapen, ‘‘ Theorie des chambres d’equilibre,’’ Paris and Lausanne, 1926. 
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tions the friction head loss in the conduit at any instant will be an insignificant per- 
centage of the net effective head and the variation in turbine efficiency over the range 

considered will likewise be negligible. 

Accordingly, we may express the penstock velocity as follows: 

(36) ip iy 
(es aP Chee Se ) 

in which r is the penstock velocity at any instant aad r, is the steady-state penstock 

velocity. Since, in our case, cv,? will be very small in proportion to H,, we may write 

1 
r=fs i (37) 

1+ i 

We may then expand the parenthesis by means of the well-known infinite series: 

1 
= = OY ets 4 _ 5 oo 2 ince l—-2z+e2 ater ze + for is << I (38) 

Again, because of our assumption of small load change, y will be relatively small and 

we may drop all terms of this infinite series involving the second and higher powers of 

y/H,, giving finally 

Substituting this expression in Eq. (33), we obtain 

pay =e patutn (1 +) (40) 

and the friction head loss cv? becomes 

2 2 
c (Z ORF i = ae e(zs Seer arent - at) (41) 

2 

since u? and (3) are very small. With these substitutions, the original differential 

Eq. (32) will take the form 

d?y Ars 2crsg (G _ 2crs3gA — a 

me ge as min.) 4 3. (42) 

From the general theory! of ordinary linear differential equations we know that the 

character of the solution of the above equation will be determined by the complemen- 

tary function, that is, the solution of the equation 

d?y IN PRG) 2cr’gA\ _ 

dt? Ge _ ro) a = @ iii) oe Se 

The auxiliary equation for the complementary function will be 

2— go +6 =0 (44) 
in which 

Ars 2crsg a 94 _ dertoa 
Se oe ents FET, (45) 

1GRANVILLE, Wittt1AM A.,, ‘The Elements of the Differential and Integral Calculus,’’ Chap. 30, 
p. 431, Ginn and Company, 1911. 
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PER CENT OF V2 = 100p 

Fira. 6. Johnson chart, load-demand condition. 

The complementary function will then have the form: 

y= Cyee1t + Cet (46) 

in which w; and we are roots of Eq. (44). 

We perceive from inspection of 8, 6, and Eq. (43) that there is no possibility of 

repeated roots for the auxiliary equation. Accordingly, we have two remaining possi- | 

bilities. A pair of complex roots of the auxiliary equation will afford a solution of the 
type 

y = Cre 2 + Cre 2 
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VES = V-1X =”, or letting 

Bt Bt 
y = Cie? (cos M + isin Mf) + Cre? (cos At — isin A) (47) 

Real roots wil! give solution of the form of Eq. (46). 

The case which occurs almost invariably and is of greatest interest in practice is 

that in which the auxiliary equation has a pair of complex roots, Eq. (47). If 46 is 

greater than 8?, and we can see by inspection that this is generally the case, the quan- 

tity under the radical sign will be negative and our solution will be periodic. The 

fundamental requirement in which we are particularly interested, the factor that 

VALUES OF 100 Nr 

Y 

Beare ae cane 
VALUES OF Kr 

Fia. 7. Johnson chart, load-rejection condition. 

really determines whether our oscillations shall continue to increase indefinitely with 

the time or decrease progressively with the time, is obviously the algebraic sign of 

8 |Eq. (47)]. The oscillations increase indefinitely with the positive sign and damp 

down to quiescence for the negative sign of 8. In other words, then, 8 must be 

negative or 

Ar, 2crsqg 

id: nant Ta ae 48) 
2crsg Ars 
Z ae (49) 

AL 

ee \oocH. me) 
That is, the minimum area of surge tank, just barely on the theoretical boundary line 
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between perpetual and damped oscillations, is given by the formula 

AL = 51 
2gcH Ce 

However, it should again be emphasized, and it should be apparent from the above 

theoretical derivation, that this size of tank is just sufficient to damp disturbances 

down to quiescence in a time barely short of eternity. To secure satisfactory rapidity 

of damping, an appreciable increase over this phantom value must be adopted, and the 

magnitude of this essential increase is based entirely upon experience and the knowl- 

MAXIMUM HEIGHT ABOVE FOREBAY 2ocer 72 2x 100 

90 

LAO 
<£ 
mi 

mo) 

SEono 
| a 

CRITICAL VELOCITY GIVING HIGHEST SURGE 

HEIGHT OF SURGE ABOVE 

EXPRESSED IN PERCENTAGE OF 

0 10 20 30 40 50 60 70 80 90 100 110 120 

CONDUIT VELOCITY EXPRESSED IN PERCENTAGE OF V, 

Fic. 8. Johnson chart, height of surge following rejection of full load. 

edge derived from actual practice. It has been found from the consideration of a 

great range of tanks that this theoretical diameter must be increased at least 25 per 

cent for differential tanks (in which some benefit derives from the throttling action of 

the ports even at moderately light loads as compared with the almost infinitesimal 

load assumed to make our theoretical analysis mathematically workable) and 50 per 

cent in the case of simple tanks. Experience also dictates that this increase of 25 per 

cent in the Thoma tank diameter be used in conjunction with a value of H resulting 

from water levels assumed to be near the limiting bottom elevation of the surge tank. 

A convenient means of estimating this level in advance is to compute H from the 

maximum demand surge at the quarter cycle. The factor of 25 per cent also assumes 

that / be taken as the net area of tank with riser area deducted. 

It should be clear from the above derivation that the Thoma formula is not an 

instrument of hairline precision; it is simply the best rough tool we have been able to 
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forge for gaging stability up to the present time; and its derivation has been given in 

considerable detail principally as a means of counteracting the almost universal 

tendency of designers to attempt to infringe on the 25 and 50 per cent increases essen- 

tial to ensure practical rapidity of quiescence. 

Although the writer has never had occasion in actual practice to use the stability 

equation covering the aperiodic case, the derivation will be given for the sake of com- 

pleteness. The basic requirement for aperiodic action is that the roots of Eq. (44) be 

real. In other words, if 8 is negative and 6? greater numerically than 46, we obtain 

Vi=7FT PER SEC 
Ve"10.0 FT PER SEC 
cr0.2 
A=100 SQ FT 
L= 10,000 FT 
GROSS HEAD «250 FT 
TANK=589 SQ FT 
RISER* 100 SQ FT 
Be" 8.97 
a)= 6.49 

SURGE - FEET 

0 10 20 30 40 50 60 70 80 90 100 

TIME- SECONDS 

REPRINTED FROM TRANS. ASCE VOL 78 P 803 

Fria. 9. Water levels following a load demand with ports of various sizes. 

damped aperiodic or deadbeat action; if 6 is positive and 6? greater numerically than 

40, we have aperiodic action with the surge increasing indefinitely with the time. 

The basic inequality is 

—2cgrs ZENE gA —_2ers?2gA 

( anes im) cay (& ae ory) (52) 
Solving, 

a aee eee) (53) 
2Qc2gHar.? eri eas 

The positive sign before the radical gives the smallest value of tank diameter to 

ensure the damped aperiodic or deadbeat condition, while for the negative sign before 

the radical the surge will be aperiodic and increasing with the time without limit. It 

will be noted that in Hq. (53) it is necessary to insert the steady-state turbine discharge 

velocity as well as the steady-state head on the turbine. 
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DESIGN OF APALACHIA SURGE TANK 

As a typical illustration of the commercial application of the foregoing principles, 

determination of the principal elements of design for the surge tank of the Apalachia 

project of the Tennessee Valley Authority (Paul F. Kruse, consulting engineer) will 

be given in detail. 

One feature of the design specification, the provision to accommodate practically 

full-load instantaneous demand, is somewhat unusual. The average specification 

prescribes full-load rejection corresponding to the short-circuit condition; but the most 

common specified demand is an instantaneous load increase of 50 per cent from half 

load to full load. 
The reason for the large demand prescribed in the case of Apalachia is that this 

plant serves an area in which close frequency regulation is important for textile manu- 

facturing and other industries requiring close speed control. The Apalachia plant is 

essentially a seasonal peaking project, and during the off season, when water is accumu- 

lating in the reservoir, the generating units are operated floating on the line as syn- 

chronous condensers. The governors, however, are so set that in the event that elec- 

trical system disturbances cause disconnection of the area load from the main T.V.A. 

system transmission line, the Apalachia turbine gates will open and the units will 

absorb the entire local load. 

The effect of specifying large load demand not only depresses the limiting bottom 

elevation of the surge tank but also has a marked influence upon port design. In the 

conventional tank design the port area required for the relatively smaller demand load 

will be found to be somewhat less than the theoretical port area required for rejection, 

and a single port area determined by rejection requirements is selected. 

In the case of large demand loads, however, the required port area for demand is 

appreciably greater than that for rejection, and if a single port size were selected to fit 

the demand requirement, the result in the case of rejection would be that the water 

surface in the riser would start dropping down the riser again before the time of the 

quarter cycle is reached. This recession would give less efficient deceleration of the 

conduit velocity and subsequently a relatively higher peak elevation of the rejection 

surge. 
This apparent conflict in port area requirements was resolved by incorporation of 

the port design shown in Fig. 10 and established on the basis of model tests in the 
hydraulic laboratory. The port orifices, instead of being uniformly rectangular, as in 

the conventional case, are given a diverging flare in the upward direction. The action 

of the port is obvious: For conditions of load demand, when the flow is downward from 

tank into riser, the flow filaments are compressed, flow conditions are improved, and 

the discharge coefficient for the conditions encountered will be in the order of 0.94. 

On the other hand, during rejection conditions, the flow will be from riser to tank in 

the upward direction through the ports. The comparatively rapid rate of flare intro- 

duces additional turbulence near the exit of the orifice. Flow conditions are impaired, 

with the result that the discharge coefficient for operating conditions will be in the 

vicinity of 0.71. This discrepancy in discharge coefficients was predetermined to 

match the particular conditions of the Apalachia installation. By changing the rate 

of divergence of the orifices, the requisite compensation could be obtained to match 

the requirements of any particular case. This simple device is obviously a marked 

improvement over some earlier European installations in which this same type of 

compensation was effected by the use of rectangular orifices, some of which were pro- 

vided with flap valves to close during rejection and so reduce the rejection port area. 

As is pointed out in Johnson’s basic article, it will be found in the conventional case for 

Joad demands up to 50 per cent that the single area determined for the load-off condi- 
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tion will be entirely satisfactory for load demand. In the following tabulations the 

principal features of the design will be established, first using Johnson’s curves and 

formulas. Arithmetic integration tabulations will then be given together with the 

corresponding performance curves, demonstrating the adequacy of the trial design. 

1.00 

E 0.90 
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wo 0,80 
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x 
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= 
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0.70 SECTION A-A a ea a 

DISTANCE "X" IN FEET 

Fie. 10. Differential surge tank, detail of port. 

Design Specifications for Apalachia Surge Tank. (General. 

Headwiatervecccntscuyeeleieities eeteresecs max El. 1282. 
normal El. 1265. 

min E]. 1240. 

“DET ASICS or acc een oR CR ECR CREE normal El. 840. 

‘I Otntia ne! ere aearesaarrnes ite oraiceettro care Serr 41,200 ft of 18-ft-diameter concrete-lined tunnel 

and 2,000 ft of 16-ft-diameter steel-lined 

tunnel. 

Penstock, tunnel and surge tank.. for layout see Fig. 11. 

Turbines and generators: 

Rota oye Sao MOO Doo Eee Two 50,000 hp at full gate at 286-ft head, 180 

rpm. Best efficiency at 375- to 400-ft head. 

Generatorsins fees ieisier ters sees ager Two 40,000 kva at 0.9 power factor and 60C tem- 

perature rise. Assume generator can take the 

full output of the turbine up to 66,000 hp corre- 

sponding to generator rating at 80C tempera- 

ture rise. 

(NOVERNOLSere ste ston se 2 ora tversveni eral Net traversing time 5 secs. 

Incipient Stability. Check the diameter of tank to meet stability requirements by 

using @ value of n = 0.010 in the Manning formula. Use the minimum possible net 

head as determined from analysis to establish economic diameter. 
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Load-on. Design tank to supply water for an instantaneous and continuous 

demand load of 100,000 hp, starting from 0 hp, with pool at minimum level, using a 

value of n = 0.013. 

Load-off. Design tank to store water from an instantaneous load rejection of 

132,000 to 0 hp with pool at maximum level, using a value of n = 0.0115. 

Conduit. The first step is to determine the hydraulic properties of the supply 

conduit. Using a basic discharge of 3,000 cfs for two units, the head loss and value 

of c are computed for the three values of n required. With the value of c established, 

it is possible to compute the head loss for any discharge by one simple operation. 

The tunnel as planned is not a uniform section from forebay to tank, which makes 

it necessary to determine an equivalent conduit. 

L 

A° Ty Ta 
Ae aks 

43,200 43,200 
~ 2,000 , 41,200 172 BOE 

201 ' 254.5 

For Q = 3,000 cfs, we have a velocity of 11.95 fps. 

By standard hydraulic computations we establish the following properties: 

Tunnel from intake to surge tank: 

n = 0.010, 
Head loss = 43.0 ft (includes velocity head at riser) 

43.0 

7a sOPOASS 
Head loss = 54.3 ft Gncludes velocity head at riser) 

54.3 

n = 0.018, 
Head loss = 69.7 ft (includes velocity head at riser) 

69.7 
= = 0.4 SE GRD Eola 

Tunnel and penstock from surge tank to unit: 

Te —1O O10; 
Head loss = 3.5 ft 

3.5 
(oy (11.95) = 0.0245 

n = 0.0115, 
Head loss = 4.3 ft 

4.3 

n = 0.018, 
Head loss = 5.10 ft 

5.10 apenas = 0.036 eC oral yous 

Tunnel and penstocks from intake to units: 

n = 0.010, 
Head loss = 44.3 ft 

ec = 0.312 
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n = 0.0115, 

Head loss = 56.4 ft 

e = 0.396 

n = 0.013, 

Head loss = 72.6 ft 

Ca Oo 

Riser Diameter. When deciding upon the riser diameter, it should be kept in 

mind that the area of the riser should be equal to not less than three-fourths of the 

NET HEAD- FEET 

260 280 300 320 340 360 380 400 420 440 

TURBINE RATED 

50,000 HP 

286 FT. HEAD 

180 RPM 

DISCHARGE -CFS DISCHARGE- CFS 

260 280 300 320 340 360 380 400 420 440 

NET HEAD- FEET 

Fic. 12. Turbine performance chart. 

area of the conduit. If the riser is too small, the water level changes in it are so 
rapid that good governing becomes more difficult. 

Assume a riser diameter of 16 ft, 

R = 201 sq ft 

20%251 = 0,80 

Economic Diameter of Surge Tank. The determination of the economic diameter 
of the surge tank might well be called the principal element of the design. Contrary 
to more or less prevalent impression, selection of the most advantageous diameter 
does not invariably result from simple direct substitution in the Thoma formula, Eq. 
(51), using the lowest net head that will give the specified power output, but for best 
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return on the investment requires establishing a balance between construction cost, 

magnitude of surge and consequent limitation of instantaneous power at the lowest 

point of surge, and satisfactory quenching power or stability. 

As an aid to judgment in making this determination, we shall require curves 

showing the relation between tank diameter and magnitude of surge for the demand 

and rejection condition for various assumed diameters, the capital cost of the corre- 

sponding heights and diameters of tank, and finally an estimate of the minimum diam- 

eter required to ensure stability. These data for our particular project are presented 

in Fig. 13; and as a sample of the method of computation we shall give the calculation 

in detail for one representative point on the load demand curve and one on the load 

rejection curve, together with a calculation to establish the diameter to ensure an 

ample margin of stability. 

In our case, in which the tank is excavated from solid rock, the surge curves for 

load rejection do not have a determining effect on the cost of construction, for the 

reason that less expensive over-all construction expense results from excavating the 

tank full-bore from the top of hill, rather than excavating a pilot shaft down to the 

elevation required to clear the top of surge. Accordingly, the cost curve given in 

Fig. 13 has been calculated on this basis. However, in a plate-steel tank extending 

above ground, the construction cost curve would reflect stopping the tank just above 

the calculated surge for load rejection. 

Several striking features are at once apparent from Fig. 13: 

1. For the turbine whose performance is given by Fig. 12, a tank diameter of 66 ft is the smallest 

capable of carrying the prescribed continuous demand load of 100,000 hp through each and every 

point of the surge. For diameters less than 66 ft, the net head on the turbine at the lower levels of the 

surge is so reduced that even at full gate the power output falls appreciably short of 100,000 hp. 

2. If we assume as large a turbine as necessary to give 100,000 hp at 90 per cent efficiency at the 

reduced heads near the lower levels of the surge, the curve of surge vs. diameter (heavy dotted line in 

Fig. 13) breaks sharply upward at about the 66 ft diameter. 

3. The curve of construction cost also breaks definitely upward between 60 and 66 ft diameter. 

4. For the load rejection condition, the slope of the curve of tank diameter vs. surge steepens notice- 

ably at about the 66 ft diameter. 

Even before we make any specific computation with regard to stability, it is evi- 

dent from the above considerations that the performance of the tank becomes notice- 

ably inferior below the region about 66 ft diameter, so that we are naturally led to 

suspect a positive reduction in quenching power starting at about this diameter. 

Our judgment is confirmed by the following analysis. 

We have emphasized again and again that the Thoma formula is a rough tool in 

the application of which all the unavoidable errors in estimating should be made to lie 

on the side of safety, and the first occasion to exercise this caution is in selecting a 

liberal value for the minimum steady-state operating head on the turbine H. Asa 

generous but not at all prodigal forecast of the stable steady-state capacity likely to 

be required at minimum headwater, we are, with the assistance of Fig. 12, able to 

anticipate the need for developing 100,000 hp at 100 per cent gate with net head 

between 290 and 300 ft, which calls for a steady-state velocity of about 14.5 fps in the 

conduit. As a second aid to judgment we readily anticipate from Fig. 13 that the 

bottom of tank will be in the vicinity of El. 1,125 ft so that steady-state tank levels 

in the vicinity of El. 1,135 are quite possible. Allowing 5 ft for loss in the penstock, 

we should have a corresponding steady-state head of about 290 ft. The correspond- 

ing computation for stability, following the calculation for representative points on 

the load-on and load-off surge curves, confirms our tentative selection of a tank diam- 

eter of 66 ft. 

The important conclusion to be drawn from our investigation is that the Thoma 

formula is not properly an instrument to predetermine and fix the diameter of tank 
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160 160,000 

(100,000 HP) 
4 V2= 16.0 

150 IV | + ri t 180,000 

\ USING PROGRESSIVELY LARGER TURBINE 

\ (00,000 He) \ TO GIVE 100,000 HP @ 90% EFFICIENCY 

200,000 140 

== 220,000 130 

ame HP - THROUGHOUT ALL SURGES 

DEMAND SURGE 

120 240,000 

JECTION S 

AA 260,000 110 ise. 

(100,000 HP) 
V2=13.3 

280,000 100 T 
TURBINE 

66! DIAMETER REQUIRED FOR FIG.12 
STABILITY BY THOMA FORMULA 

CAPITAL COST OF TANK - DOLLARS 

SURGE - FEET (DEMAND AND REJECTION CONDITIONS) 90 300,000 

CAPITAL cone 

80 + : 320,000 

70 340,000 

360,000 
50 55 60 65 70 715 80 

DIAMETER OF SURGE TANK- FEET 

Fie. 13. Economic diameter of surge tank, Apalachia project. 

60 

in advance of other steps in the analysis, but rather a device for final confirmation to 

sustain and reinforce the indications of the economic determination of tank diameter. 

Plotting of the economic curves is the essential feature, and the tank diameter selected 

should be substantially on the side of adequacy. 

Load Demand. We shall employ the 66 ft diameter to compute a typical point 
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on the surge curve for load demand (Fig. 13). Assume a discharge of 3,450 cfs 
through the conduit at the low point of the surge; v2 = 13.70 fps; v; = 0. 

QF 
100N. = 100v.c Se 

= 100(13.70) (0.490) Ape /3,220 = 93.5 251 x 43,200 ¥® 
oe Ua Uy 

poo 

From the load-on chart, Fig. 6, for p = 1.0, Ka = 1.18, 

Yi, = Kac(v2? — v1?) 

= 1.18(0.490) (13.70)? = 109 ft 

Gross head = El, 1;240°— EL 840... .....2....2. 400.0 ft 
‘ ; (13.70)? : : 

Velocity head at riser = 64a cc 2.9 (energy available to unit) 

402 .9 ft 

(LOS: GUIRY Sire cote a oeienient S otinate no mation 109.0 

~ 293.9 ft 
Head loss in penstock = (13.70)? (0.036)........ (76 

Net head at low point of surge.............-... 287 .2 ft 

Water surface in tank prior to load change.. . El. 1,240.0 

SUI Cane eR Wepre: Str reece ed Wee a ce eo 109.0 

Water surface at low point of surge........... BE 1,131.0 ft 

From the turbine performance curves, Fig. 12, 

For hp = 50,000, Net head = 287.2 

Discharge per unit = 1,725 cfs 

Conduit discharge = 1,725 X 2 = 3,460 cfs 

which checks the assumed discharge. 

The arithmetic integration for this case shows the low point of the surge to be at 

E]. 1,130.70 and ve = 13.2 + fps. 

Load Rejection. We shall select the 66 ft diameter to compute a typical point on 

the surge curve for load rejection (Fig. 13). 

First determine the maximum velocity in the tunnel with headwater at its maxi- 

mum level (n = 0.0115). 

Try a discharge of 3,300 cfs, v = 13.15 fps. 

Grossenead eee ere ee 442.0 ft 

Head loss = (13. 115)? (0.396)... ... 68.5 

INORG Cl etary erates eters cate tee Biomonit 

From the turbine performance chart, Fig. 12, the discharge at 66,000 hp for a head 

of 373.5 ft is 1,650 cfs per unit. This is more than the rated capacity of the generators, 
but it is less than their assumed capacity at 80C temperature rise. 

Use v1 = 13.15 fps, v2 = 0 

100N, = 100v:¢ Wee 

100(13.15) (0.382) 
64.4 

251 X 43,200 
4/3,220 = 69.6 



28-24 SURGE TANKS 

From the chart (Fig. 7), 

Ie = Wee 

TiS K,c(v1? = V2?) ' 

175 X 05382) < 315)2= 1a tt I 

Headwatermel ovation emer deny cara re renner aren 1, 282.0 ft 

lake! lees = CIR)? (OP) ooo ot vag ocwousoacwonee 66.0 

Water surface elevation in tank prior to surge......... 1,216.0 ft 

Se\Udedck etre o ORNL e ea Ale cha eG tue colon RRA ROLES tab oak iced 115.5 

IDK PEHnvovawCont ronkss-ahompbon GUTS 54 Oooo oc conecc espa ceeoor 1,331.5 ft 

At this point we should compute the critical velocity. 

al ps = Dae 
 @ 2gFe 

_ 0.0993 | /251 & 43,200 

The maximum height of surge above forebay for any discharge can be computed 

2 ie =e 

251 X 43,200 
~ 64.40(0.382) (2.718) (3,220) 

Gbvens: 

= 50.5 ft 

This is the maximum distance above forebay that the tank need be carried for any 

discharge. 

oi xel ornate. d ear Sm ee eco cnoNG Pactce Rt ee Geo El. 1,282.0 ft 

Dees oe aaca te iva Wt ll cca ete ets ap th eh HREM eS Hee 50.5 

Max point of highest possible surge.............. El. 1,332.5 ft 

Using the shutdown curve, Fig. 8, 

1315 — Bre, = ues 

Height of surge above forebay = 0.985(50.5) = 49.7 ft 

HOre Dayne eee ee eee El. 1,282.0 ft 

Height above forebay.......... 49.7 

Maxepointrofasunceman aire ID VW Sol. 7 tne 

This compares with an elevation of 1,331.5 obtained above. In order to provide 

ample factor of safety, the top of the riser was placed at El. 1,339 in the tank as 
constructed. 

Stability. Using an assumed conduit velocity of 14.5 fps, we obtain a check on the 
diameter required to ensure stability as follows: 

Min mesenyvoirselevation ae cer er eee eee eee 1,240.0 ft 

WOT HEDRONS ENMON oo Son ocoakoobopecevedoeeadeuoee 840.0 

400.0 ft 
Head loss, reservoir to turbine (14.5)? (0.512)............. 108.0 

Steady-state head for Thoma formula.................... 292.0 ft 
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Net tank area, 

AL 

a 2gcH 

251 X 43,200 

F Ole 0lg08 202. eat 

IRISCIA TC Ary Sty. une haa ee ei ie hye 200 

Ciao Wamle GRE. ao nuda coapnngauses 2,100 sq ft 

Corresponding diameter............. Stitt 

ANGE WOH TNT oo ek ace es abo eu eons ds ope, 

Whingyl CHMINGWEE. sano un gbnwnweesennon SS 

Use diameter of 66 ft. 

Port Area. First determine the port area for load-on. (Port area determined for 
50,000-hp continuous output.) 

At the start of the demand load cycle, 

_ Av, — 1) 

V 2941 
_ _251(13.70) 

/64.4 X 109 

= ee 

k c(v22 — v,2) 

_ 109 
~ 0.490 < (13.70)? 

ao 

= 40.8 sq ft 

= 1.19 

Near the end of the demand cycle, when »v = 02, 

ra AFy; il 14 

a= (5 ( a 
251 X 3,220 x 109 us 

Er | 43,200 (1 = ris) | HSH ON Tea: 

The difference between a) and a; is large. 

Using Taylor’s! empirical equation, 

a = ao — U(ao — ay), with wu = 0.15 

40.8 — 0.15(40.8 — 18.0) = 37.4 sq ft 

Check the port area for load-off. 

j pea 
~ CV22 

: 115.5 
7 0.382(13.15)2 

| Ale (2 1) 17 
a =| ig ( a 

_ F251 X 3,220 X 115.5 1 Me 
cs | 43,200 (1 175) | = 30.5sq ft 

If the port area for load-off exceeds 30.5 sq ft, the water in the riser will recede before 
the end of the quarter cycle and cause the water ultimately to rise to a higher level than 

is given by the formula. In order to avoid the use of mechanical devices to close off a 

portion of the port area during rejection, the port shown on Fig. 10 is used. 

1 JOHNSON, op. ctt., p. 801, 



28-26 SURGE TANKS 

From Fig. 10 we find the discharge coefficient to be 0.94 for flow out of the tank. 

This results in a gross area of pe = 39.8 sq ft (40 sq ft used). The discharge coeffi- 

sient of 0.71 applies to the same port for flow into the tank and gives a net area of 

0.71(40.0) = 28.4 sq ft, which is satisfactory. 

Time. The time required to complete the quarter cycle for load-on is of interest 

mainly for estimating the number of time intervals which will be required for the 

arithmetic integration. 

For load-on: 

zation 
c 

= \——_ + 0 = 14.9 

ibe log (Z = v1)(Z -L V2) 

29cZ Be (Z + v1)(Z = V2) 

on 43,200 foe (14.9 — 0)(14.9 + 13.70) 

64.4(0.490)(14.9) °©* (14.9 + 0)(14.9 — 13.70) 

By arithmetic integration we find that 7’, = 300 sec. 

For load-off we get: 

To = 

= 293 sec 

— (13.15)? = 11.4 

8 T Z 2 tan — — arc tan z) 
gcZo Z, Ee 

Ee 43,200 2, 1815 asi 05ven 

SS ETRIGR ENE) a Ti ni ere 

From the integration we find that 7’, = 260 sec. 

Check by Arithmetic Integration (Tables 1 and 2, curves Fig. 14). The procedure 

consists of two basic operations: (1) A change in position of the turbine gates immedi- 

ately changes flow through the turbine. The riser level starts to change, and this 

develops a head on the port area so water begins to flow in or out of the tank. Fora 

known gate action and an assumed change in riser level, the flow to turbine, riser, and 

tank can be computed and the total must be the flow in the conduit. (2) The change 

in riser level results in an accelerating head on the conduit. The change in conduit 

velocity can be computed for this head and the total flow determined. If this flow 

checks that from (1), one step of the integration is completed. 

Step 1: Fix the time interval as conditions dictate [column (1)]. 

Step 2: Assume the rise or fall of the water level in the riser during the time interval {column (6)]. 

This figure is positive when the water is ascending and negative when descending. 

Step 3: Determine the discharge through turbines [column (3)] as follows: Estimate discharge 

through units and compute the head loss in penstock (h = cv?). Compute the net head on the units 

{column (2)] by deducting from the gross head [column (6) minus tailwater elevation] the head loss in 

the penstock and adding the velocity head at the riser. Using the net head on the units and the proper 

gate position, determine the discharge through the units [column (3)] from the performance chart. 

Average the discharge through the units at the beginning and end of the interval to obtain the volume 

passed through the units during the interval [column (4)}. If column (6) has been estimated reasonably 

close, no further changes will be necessary in this step, except to correct the net head on the unit, since 

the discharges cannot be read with accuracy for small changes of head on the unit. 

Step 4: Assume the change in water level in the tank [column (5)] and compute the rate of 

flow through the ports into the tank by means of Q = a/2gh [column (7)]. The volume of water 



DESIGN OF APALACHIA SURGE TANK 28-27 

stored in the tank can then be computed from the average rate of flow through the ports for the interval 

{column (8)]. We can then check the assumed change in water level in the tank [column (5)] by dividing 

the volume flowing into the tank [column (8)] by the value of F, Some cutting and trying are necessary 

in this step to obtain a balance between the various variables, but it is not troublesome since the water 

level changes in the tank are relatively sluggish. Columns (5), (7), and (8) are positive for flows into 

the tank and negative for flows out of the tank. 

Step 5: Compute the volume stored in the riser [column (9)] by multiplying the change in water level 

{column (6)] by the area of the riser. This figure is positive when the riser is filling and negative when 

it is emptying. 

1400 Top of lined portion of tank 
Top of hill to be at or above EI. 1345 

[ Excavated tank } 14 | 

1350 
x 

+ a 

al i. = 

Max. HW El 1282 
al gradient - Load off 

ed ee ee 

Min HW El 1240 
ial gradient - Load on 

gradient - Load off, Q = 3300 cfs — = J Ae = 

1/4 CYCLE LOAD OFF 

1250 

t 

LOAD ON 

1200} — - 

ad on, Q= 2860 cfs 

ELEVATION-FEET ABOVE MSL 

1150 

1/4 CYCLE E1125 
—= 

1100} 
40 160 

TIME - SECONDS 

200 320 

1050 

he Bottom of riser 

SECTION B-B SECTION A-A DETAIL A 

Fia. 14. Differential surge tank, design data. 

Step 6: The head on the conduit [column (10)] is computed by taking the difference between the 

elevation of the riser water surface and the forebay. This result is positive when the water level in 

the riser is below the forebay and negative when above. 

Step 7: Compute the acceleration head at the end of the interval [column (12)] by adding algebrai- 

cally the value of the head lost in the conduit [column (11)] to the head on the conduit [column (10)]. 

Column (11) is obtained by assuming the conduit velocity [column (15)] and computing the head 

loss from h = cv2, This figure will have to be corrected after the velocity is determined, but again the 

change in discharge is not sensitive to small head changes so that no serious trouble results if the first 

guess is close. Column (11) is negative for flows toward the surge tank and positive for flows toward 

the forebay. Column (12) is positive when the velocity is increasing toward the tank and negative 

when increasing toward the forebay. 

Step 8: Average the acceleration heads at the beginning and end of the interval [column (12)] and 

obtain the average acceleration head during the intervai [column (13)]. 
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HagA at 
Step 9: Compute the change in discharge in the conduit [column (14)] from the equation dQ = oe 

and the resulting discharge at the end of the time interval. Check the assumed conduit velocity 

{column (15)] and make the necessary corrections. 

Step 10: Compute the volume of flow through the conduit [column (16)]. Then add the volume of 

flow through the units to that going into the tank and riser [column (17)]. If columns (16) and (17) are 

equal or reasonably close, the integration for that time interval is complete. If they are at variance, the 

necessary corrections must be made. 

When the riser is spilling, an additional complication is introduced. In order to 

determine the exact retarding head which is being applied to the tunnel, it is necessary 

to compute the height at which the water stands above the top of the riser by use of a 

weir formula. 

The practice of blocking the turbine gates at about 85 per cent as indicated in 

Table 2 may be considered typical standard practice. If the gates were not so blocked 

but allowed to open to the 100 per cent position, the surge would be increased quite 

appreciably owing to the rapid falling away of turbine efficiency after about 85 per 

cent gate. This would necessitate placing the tank bottom at lower elevation and in 

addition would result in appreciably lower power output at the heel of the riser drop 

curve, with no compensating advantages. The output of 95,000 hp at the heel given 

by Table 2 is usually considered sufficiently close to the specified value of 100,000 hp. 

9. OPERATING TESTS 

Figure 15 shows the results of applying an instantaneous load demand of 80,000 kw 

and later, after reasonably quiescent conditions have been established, an instan- 

taneous load rejection of 80,000 kw. These load changes were applied with the 

Ns esac | 
HW ELEVATION 

1300 

1250 
3:10 AM 

TIME 

80,000 KW LOAD OFF ELEVATION - FEET 

1200 

TEST STARTED 2:58::13 AM 
1300 

HW ELEVATION 

3:00 AM = 
= < 

SS 1250}+-——+—_& 
we Stl 

' “ ' 
x]}l 

= Oo] TANK 5 aie cl} \ Ace) XHy RISER 
a a \ relll \ QUARTER- CYCLE 

Hk| 8 vi Fa 

1159 U—+ | 
1:40 AM 1:50 2:00 2:10 2:20 2:30 2:40 2:50 AM 

TIME 

80,000 KW LOAD ON 

Fie. 15. Surge tank testing with both units operating, Apalachia project. 

Apalachia units synchronized and operating in conjunction with the entire T.V.A. 

system. The large block of load required for making the test was obtained by pre- 

arrangement and interconnection with the Louisville Gas and Electric Company. 

There are of course several important differences to be emphasized in comparing 

these actual performance curves with the demand and rejection conditions for which 

the surge tank was designed. In the first place, the headwater elevation available was 
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about El. 1,280 as compared with El. 1,282 for the design rejection condition and 1,240 

for the design demand condition; but the demand test load is about 107,000 hp as com- 

pared to the design demand load of 100,000 hp. For the demand condition the value 

of V2 is about the same so that the demand surge is practically the same in both cases. 

As would naturally be expected, the final quiescent gradient for demand is about 1,180 

for both the arithmetic integration and the operating test. All factors considered, the 

test does yield substantial assurance that if both units were given an instantaneous 

load demand aggregating 100,000 hp starting with headwater at El. 1,240, there would 

be a margin of at least 5 ft between the bottom of tank and the extreme low elevation 

of water levels. 

The load rejection test starts with the tank levels at about El. 1,180 as compared 

with the design assumption of El. 1,216, a difference of 36 ft. The design case 

assumed a load rejection of 132,000 hp as compared with 107,000 hp for the test; but 

this greater demand is compensated to some extent by the fact that in the design case 

the units were operating at a head about 40 ft greater than that which obtained during 

test conditions. There was an adverse factor during test conditions caused by the 

fact that the riser was unable to spill, giving a characteristic recession and subsequent 

rise in riser levels during the quarter cycle. These considerations will explain why the 

rejection surge was about 130 ft under test conditions as compared with 120 ft under 

design conditions. Again, however, the result of the rejection test was a confirmation 

of the original design and indicated that, if rejection were started with tank levels at 

El. 1,216, performance would be in accordance with the design curves. 

It is interesting to note that in the case of load rejection a very appreciable time 

interval is required to damp out the major pendulations of water surface in the tank, 

about one-half hour being necessary for fairly steady conditions while some unimpor- 

tant pendulations were still observable for an hour after the completion of the test. 

This is, however, what might reasonably be expected for the case of a 9-mile tunnel of 

such large dimensions. It will also be observed that, while a periodic disturbance per- 

sisted for a comparatively long period of time in the case of load rejection, damping to 

the quiescent condition required but a brief interval for load demand. This is, of 

course, due to the fact that under the demand condition the load itself is a means of 

absorbing excess energy while, in the rejection condition, conduit friction is the only 

agency affecting the ultimate dissipation. This case parallels to some degree a similar 

phenomenon observable in the Angus diagrams for water-hammer pressures in the 

cases of valve closure as compared with valve opening. After the valve has closed, 

water-hammer pendulations continue for an appreciable time at relatively high 

intensity; but in the case of opening, the pendulations subsequent to the fully open 

condition are of small magnitude and commensurate duration. 

OTHER TYPES OF TANK 

It is believed that with the foregoing material on the analysis of differential surge 

tanks as background, the engineer will have no difficulty in preparing any desired 

investigation of other types of regulator. 
Computation of the simple surge tank by arithmetic integration will be found com- 

paratively easy and similar but shorter than the tabulation given in Art. 8. Because 

of the aforementioned difficulty with the form of its differential equation, no equations 

similar to Johnson’s expression are available for predetermination of the tank size in 

relation to the surge, so that for preliminary proportions we have only the judgment 

gained from experience and the Thoma formula for the diameter required for stability. 
Before the advent of the modern quick-response governor, proponents of the simple 

tank claimed as one of its advantages a very gradual drop in the water surface curve, 

which the turbine governor could follow with comparative ease. With the availa- 
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bility of modern high-speed governors, however, this advantage is no longer of any 

great weight in determining selection of types. With respect to synchronous load 

changes, the simple tank is at a definite disadvantage in comparison with the differen- 

tial regulator, in which the water supply and conduit acceleration functions are 

separated. For given performance, the simple tank design is generally a more 

expensive solution. 
The restricted orifice type of tank (Fig. 16) is somewhat similar in action to the 

differential surge tank, the principal difference being that no riser is provided, and the 

entrance orifice into the bottom of the tank is relatively smaller than the corresponding 

Restricted orifice 

Initial level 

Water surface elevation in tank 

Acceleration head on conduit Second steady - 
state level 

Surge - Feet 

TT ance -mSeCOnds 

Fic. 16. Load demand. Restricted orifice surge tank with typical performance curves. 

riser diameter of the differential regulator. This means that with respect to the mass- 

acceleration action the retarding or accelerating head is created at the instant of gate 

movement—in magnitude just sufficient to store in or supply from the tank the 

requisite decrement or increment of water corresponding to the load change. This 

accelerating or retarding head on the restricted orifice then varies from instant to 

instant as required to give hydraulic continuity. In comparison with the differential 

tank, the adverse effects of water hammer are increased owing to the reduction in size 

of the opening into the surge tank and the consequent reduction in discharge relief 

afforded the conduit. 

For very high head plants (those having heads in the order of 1,000 ft or higher), 
the type of tank shown in Fig. 17 has found favor in some installations both in this 



OTHER TYPES OF TANK 28-33 

country and in Europe. This type of design finds application in mountainous terrain, 

in which the various component sections of the regulator may be excavated from solid 

rock. The design consists basically of comparatively large upper and lower storage 

chambers connected by an intermediate vertical shaft of relatively small diameter. 

Upon the application of a load change of any considerable magnitude the water sur- 

face moves promptly to either the upper or the lower chamber, as required, creating 

a large decelerating or accelerating head on the conduit; and it is a comparatively 

inexpensive matter to excavate the upper and lower chambers of size sufficient to 

store or supply the volume of water required for the load change. During normal 

Limiting maximum surge 

Upper chamber 

Lower storage chamber 

Limiting minimum surge 

Tunnel of conduit 

Fig. 17. Compound surge tank applicable to high head installations. 

operation and light load changes, the water surface elevation is in the intermediate 

shaft; and in view of the very high head, it will be seen from the Thoma formula that 

the area required for stability in the central shaft is comparatively small. It should 

be emphasized, however, that, because of stability considerations, this small central 

shaft can be employed only on the higher head installations, and the whole arrange- 

ment is, as a general rule, economical only in cases where it is possible to excavate the 

regulator from the solid rock. 
With the development of large modern hydroelectric generating units of great 

capacity, the field of applicability of the closed-top tank, in which the surge of water 

is accompanied by the compression or expansion of a superimposed volume of air, 

appears to be restricted to a few isolated units in remote locations, in which the diffi- 

culty of hauling materials or the lack of headroom is a dominant consideration. In 

view of the reduced likelihood that the engineer will be called upon to design such 
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equipment for hydroelectric installations, and the additional fact that they constitute 

such a specialty, no further discussion of their design will be given in this chapter 

other than to refer the reader to the literature on the subject.! 

As would naturally be expected, surge regulators, particularly those of the differ- 

ential type, not only are employed for hydraulic turbine installations but are equally 

applicable to the companion reverse case of centrifugal or other pumps feeding long 

pipe lines employing moderate to high velocities. The only difference in the apph- 

cation is that, upon stoppage of the pump motor by interruption of the electric power 

supply, there is a reduction in water supply and a diminution of velocity, and hence 

the initial impulse propagated along the pipe line is a negative instead of a positive 

pressure wave. Just as in the case of the turbine plants, water-hammer effects are 

alleviated by providing by means of a surge tank an open reservoir close to the terminal 

mechanism, capable of propagating back compensating pressure reflections of opposite 

sign. Again, as in the case of the turbine, it is feasible and advantageous to separate 

the water hammer and the mass acceleration computations which may be carried out 

in fashion exactly similar to the material given in Art. 8. In some installations, 

optimum over-all economy may be secured by eliminating the check valve in the line 

ahead of the pump and providing for comparatively slow closure of the main valves. 

In such cases the centrifugal pump not only may slow down upon loss of power supply 

but, owing to the slow closure of the valve, may run backward as a turbine for a short 

interval until valve closure is completed. For the solution of such cases, both for 

water-hammer and mass-acceleration effects, a complete set of performance curves 

for the pump acting either as a pump or in reverse as a turbine is an essential pre- 

requisite to the calculation 
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SECTION 29 

SPEED REGULATION AND GOVERNING STABILITY 

By Grorce R. Ricu 

INTRODUCTION AND SCOPE 

The purpose of this section is to furnish background for the calculation and cor~ 

relation of governor time, generator WR?, and transient characteristics of the pressure 

conduit, so as to ensure the degree of speed regulation warranted for the particular 

project. It is assumed at the outset that the engineer has access to the literature of 

the governor manufacturers, which gives a very clear and complete account of mechan- 

ical construction and accessories. 

To meet the increasing demand upon the modern hydraulic engineer for gov- 

erning stability computations, it was originally intended to present (with the kind 

authorization of the author and his publishers) simply a translation and abstract of the 

classic treatise, ‘‘Considérations sur le probleme de la stabilité des regulateurs de 

vitesse,’’ by Daniel Gaden.{ But in furnishing valued assistance during the progress 

of this work, Mr. Gaden has virtually rewritten this entire portion of the chapter 

expressly for American engineers. For this generous cooperation, it is desired to make 

acknowledgment. 

Before proceeding with the analytical work, it appears pertinent to caution against 

providing refinement in regulation in excess of what is justified economically for the 

particular project. Improvements in regulation may prove relatively expensive and 

have a tendency to trespass the boundary of diminishing returns. The actual limits 

to the regulation must as a general rule be established in collaboration with the oper- 

ating engineers, who are well aware that investments in speed and frequency control 

must earn their share of dividends. 

FLYWHEEL EFFECT FOR THE OPEN-FLUME SETTING 

The most logical first step in breaking ground for the development of the working 

tools for the governing problem is to formulate the basic expression for speed change as 

a function of load change and flywheel effect, or WA. 

To reduce the problem to its simplest elements, we shall consider that the turbine is 

operating in an open-flume setting and that the governor is simply a means of closing 

or opening the turbine gates uniformly in a prescribed time. We shall employ the 

following notation: 

At = time required by governor to move turbine gates to new position, sec. 

hp = instantaneous change in horsepower delivered externally by turbine. 

N, = speed of rotation of turbine in rpm at instant of external load change. 

N = speed of rotation of turbine at end of time At, rpm. 

WR? = polar moment of inertia of rotating masses about axis, pfs. 

+ Directeur, Ateliers des Charmilles, Geneva. Published by Editions La Concorde, Lausanne, 

Switzerland. 
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Then from elementary dynamics, 

Applied work = change in kinetic energy 

at X hp X 550 W1 | A)’ = (Pzeee)"| 
2 g 2 60 60 

1,620,000 At(hp) 
2s eo N? — No WR? (1) 

This derivation is fully rigorous and should be employed in all analyses where com- 

plete accuracy is essential. However, because of its greater convenience, the follow- 

ing approximation has found almost universal acceptance in the power industry. 

Dividing both sides by No? and factoring, 

N+ ne y= Ab) _ 1,620,000 At 
No No 6 

2 2 

in which C = a is known as the regulation constant. 

If we take aes = ae = 2 as an approximation, we obtain 
0 0 

Va No _ ell xX 105 At 
eS = eta (2) 

Equations (1) and (2), particularly (2), find very wide application, but they usually 

require two additional corrections: the first to compensate for the fact that at any 

given head there is an upper limit to the speed which the turbine is capable of reaching, 

namely the so-called runaway speed; the second to make allowance for the effect of 

water hammer. 

To include the effect of turbine runaway limit, let S = the relative speed of the 

turbine at runaway, referred as a percentage (such as 180) to the normal or synchro- 

nous speed. 

We next seek an approximate expression that will yield w,, = S — 100 for the run- 

away speed as the maximum value, and make commensurate correction for all inter- 

mediate values of w between normal speed and runaway. The following expression 
will be found to answer the purpose: 

@ 

Soe ae 100s ®) 
S — 100 

For example, if the speed rise computed by Eq. (2) is 60 per cent and the runaway 

speed of the particular turbine is 180 per cent of normal, the corrected speed rise will be 

60 

= 100 X 60 
100'+ Tso — 100 

Wrs = 34 per cent 

For speed drop for the condition of load on, Eqs. (1) and (2) are usually applied 

without correction for variation in the slope of the performance curve of the driving 

couple as a function of the speed of rotation. 

Ezample 1: On the assumption of an open flume setting, and neglecting the effect of the turbine 

runaway characteristic, compute the percentage speed rise for the following conditions: 

Loadtrejectedtan cise sine 91,500 hp 

Synchronous speed........... 150 rpm 

Gate closure time............ 3 sec 

Generator WR?.............> 53,000,000 pfs 
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- NoeWR? 1502 53,000,000 
] = = z z Regulation constant C ip 91,500 13 & 108 

Ni— Me _ 81 «108 At 8.1 KX 10° X 3 

No G; ~ SRS es 
Speed rise = 18.5 per cent 

18.5 per cent 

Ezample 2: Include the effect of turbine runaway speed correction in Example 1, assuming that 

the runaway speed of the turbine ia 180 per cent of normal synchronous speed. 

a w 18.5 = ery t 

ee Py 100 4 100 X 18.5 eat Pecacs 
S — 100 180 — 100 

Speed rise = 15.0 per cent 

INFLUENCE OF WATER HAMMER 

For the installations encountered in practice, the turbine setting will not be an open 

flume as contemplated by Eqs. (1) and (2), but will be served by some form of water- 

way or penstock. Accordingly, reductions or increases in the penstock velocity will 

be accompanied by a head rise or head drop resulting from the phenomenon of water 

hammer. 

The water-hammer increment (or decrement, as the case may be) will change the 

power supplied to the turbine according to the 34 power of the resultant relative value 

of the increased head in accordance with established principles. 

For the condition of load rejection, velocity decrease, and pressure rise, the power 

. . . . . Jabs, 7 
input to the turbine will become hpwn = hpo(1 + h)* in which h = — eee 

0 

h > 0), and since the speed rise in Eq. (1) varies directly as the power, we obtain 

@wh = w(l + h)% (4) 

Including the effect of both runaway speed and water hammer, we have 

Ors+wh = w3(1 ar h)?2 (5) 

For the condition of load demand, velocity increase, and pressure drop, we also 

find, by a similar approach, 

(with 

Ww 

Wwh = (1 + h)% (6) 

but with h < 0. 

The requisite relative values of pressure rise and fall are determined by the meth- 

ods of the section on water hammer. 

Example 3: Include the effect of water hammer in Example 2, assuming the water-hammer effect 

to be 65 per cent greater than the normal head. 

wrezwh = wra(1 + h)9% = 15.0(1.65)92 = 32.0 per cent 
Speed rise = 32.0 per cent 

Compare with the arithmetic integration method, Example 5, which has the same physical data. 

Example 4: Compute the percentage speed drop for the following conditions: 

Load increase from 51,500 to 91,500 hp 

Synchronous speed............ 150 rpm 

Gate opening time............. 1.5 sec 

Generator’ WiR4h.. 2056 es ie eek 53,000,000 pfs 

Water-hammer drop........... 30 per cent (h < 0) 

é dof No?(W R?2) 150? X 53,000,000 _ ; 
Regulation constant C = hp = 40,000 = 30 X 10 

Ni — No 8.1 X 105 At 8.1 xX ‘105 > ae We) iomcont 

ar aaa C ~ ~~ 30 x 108 : 

iS : 7 per cent A o = 

(+A) (1 — 0.30)% 
Speed drop = 7 per cent 
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USE OF ARITHMETIC INTEGRATION 

For the more involved studies of transient phenomena accompanying load change, 

the step-by-step method of arithmetic integration will be found to have wide applica- 

bility, and it is believed that the details of the process will be clear from the 

following illustrative examples. The turbine performance data were supplied by the 

manufacturers in the form of model test curves, plotted according to the so-called oak- 

tree contour arrangement, giving values of unit power as ordinates, unit speed as 

abscissas, closed contours as efficiency, and transverse curves to show gate opening. 

It will be an instructive exercise for the reader to plot curves showing the change in the 

various variables with the time for the three examples given. 

Example 5: Table 1 is a typical, fast, load-rejection study which affords an accurate time history 

of the transient disturbance. The general mode of attack is to guess simultaneously trial values of V 

and rpm; when the guess is correct, the values of V in column (11) and A¢ in column (17) will check the 

corresponding values of V in column (3) and At in column (1), respectively. 

Example 6: This was undertaken (Table 2) to show the length of time required to pick up full load 

for the case of a plant with a long pressure conduit and no surge tank, but provided with a relief valve 

for load rejection. Regulation was provided by other plants in the system, but the transient problem 

is closely allied with the general subject of this chapter. The mode of attack is to guess trial] values 

of AV in column (4) and, when the trial value is correct, the value of V in column (10) will check the 

value of V in column (4). V in column (10) is computed from the total head in column (8) and the 

turbine efficiency and power in columns (11) and (12). The turbine performance is based upon manu- 

facturers’ test curves. 

Example 7: This is based (Table 3) upon the same plant as given in Example 6. It is assumed that 

the turbine gates are stuck in the full open position following rejection of full load for short-circuit 

condition. Owing to the overspeed characteristic of the turbine, the discharge is reduced as the 

turbine picks up speed. This in turn produces water hammer just as effectively as if the valve were 

closed too fast. The fact that the transient disturbance damps down to an equilibrium level indicates 

that the oscillating system is inherently stable. The general mode of attack is to guess trial values of 

AV in column (3) and rpm in column (8), and verify the trial values in column (12) for V and column (18) 

for AT. For the method of arranging this problem the writer is indebted to W. M. Rheingans, assistant 

manager, Hydraulic Department, Allis-Chalmers Manufacturing Company. The turbine performance 

characteristics were obtained from the manufacturer’s oak-tree model test curves. 

BASIC EQUATION OF GOVERNING (Compensation Omitted) 

To an increasing degree, the modern hydraulic engineer is called upon to analyze 

problems in the field of governing stability, by which is meant the selection and cor- 

relation of the elements WR?, governor action, and pressure conduit features so as to 

ensure rapid damping of the transient disturbance to normal synchronous speed fol- 

lowing a load change, the load afterward remaining constant. When due considera- 

tion has not been given tu stability, there is the possibility of perpetual pendulation of 

the gate-operating mechanism and of the speed of operation with resultant disruption 

to power interchange service, electric time keeping, and other related functions of the 

present-day highly organized electric power industry. 

With the ultimate objective of developing a simple, workable test for governing 

stability, we shall start by formulating the operating equation for a crude rudimentary 

governor, consisting merely of a speed-responsive element or flyball, a relay valve with 

suitable ports, and an oil-pressure-operated servomotor for moving the turbine gates. 

We shall note the defects inherent in such a rudimentary system, and then in sue- 

ceeding articles we shall add the necessary corrective elements and incorporate their 

respective functions in the governor-operating equation. For the material presented 

in the next four articles, the writer is indebted to the classic treatise} of the French 
engineer, Daniel Gaden. 

As the first step, let us rewrite the fundamental flywheel equation [Eq. (1) Art. 2] in 

tT Gapen, DanreE., “Considérations sur le probléme de la stabilité des regulateurs de vitesse,” 
Editions La Concorde, Lausanne, Switzerland. 
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differential form; and in order to give complete generality to the results and thus permit 

the use of tables applicable to all subsequent numerical cases, we shall use relative 

nee N — No. IP = Jy  — fil = ile 
values for the principal variables such as w = a po = ay ek: a fp, 

SS) and so on c= Xo i) ° 

SYMBOLS FOR STABILITY ANALYSIS (ARTs. 5 TO 8) 

Time. 
t = general time variable, sec. 

tg = minimum value of time required for governor to move turbine gates from opening at which 
stability is being investigated, to zero, sec. 

T, = kBtg, characteristic time of promptness of governor response, sec. 

T,’ = Ts + k-é’'Ta, modified value of characteristic time of promptness of governor response for a 
speed-responsive governor with secondary compensation including a dashpot. 

Cc : ; 
fh = 16.2 < 10° mechanical inertia parameter which characterizes the effect of rotating masses. 

The dimension of T is in seconds of time. 

T, = j 2. 37 T = mechanical inertia parameter corrected for effect of first component of water 

hammer, taking account of turbine efficiency change. The dimension is in seconds of time. 
T’’ = period of oscillation of governing, sec. 

4L 
T’ = period of free oscillation of water-hammer wave = 2u = 7G see (Equal to twice the dura- 

tion of the phase uy, 7.e., twice the duration of a direct and reflected transit of the water- 
hammer wave.) 

Ya = characteristic time of dashpot rigidity (or of dashpot throttling action), sec. This time is 
defined by the equation 

d 
Wr — Wp = Ta 5, (on — We) 

To: = value of T, for the first of two generating units operating in conjunction, sec. 
T: = value of T for the first of two generating units operating in conjunction, sec. 
T,2 = value of Ty for the second of two generating units operating in conjunction. 
T2 = value of T for the second of two generating units operating in conjunction. 

Water Hammer. 

a = velocity of water-hammer wave, fps. 
g = acceleration of gravity, ft/sec”. 

LVo ey : : 
= ae = pu, hydraulic inertia parameter having the dimension of time, sec. This differs from 

a(At) 
Allievi’s notation, in which he uses 6 = . : 

2L 
pe duration of one phase of the water hammer (one direct and reflected transit of the 

wave). wu has the dimension of time in seconds. 
L = length of pressure conduit, ft. 
¢@ = time interval, measured in phase angle, between ¢ = 0 instant at which gate opening change 

is a maximum go = qo max and ¢ = ¢ instant at which the head change h is equal to ho, 1.e., 
beginning of first water-hammer phase in Allievi’s interlocked series. The dimension of ¢ is 
in radians or degrees according to the sense. 

¢m = phase displacement between gate opening oscillation and head oscillation (water hammer). 
of Le 

XE a ratio between period of governing oscillation in seconds and period of free water- 

hammer oscillation in seconds. x is dimensionless. 

aVo 

29Ho 
p = Allievi dimensionless water-hammer parameter = 

Head. 

H = general head variable, ft. 

H» = initial or steady-state head, ft. 

, ome 
relative head change = Sano dimensionless. 

0 
A 
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2L . 
he = value of A at beginning of first water-hammer phase, = in Allievi interlocked series, dimen- 

sionless. 

ave 2nL | ATE 
hn = value of h at beginning of nth water-hammer phase, saree Allievi interlocked series, 

dimensionless. 
ho max = peak value of ho. 

hr = ho max CO8 dm = amplitude of (first) head change (water-hammer) component in opposition 
(180-deg phase difference) to gate opening oscillation go; hr is dimensionless. 

he = ho max 8iN $m = amplitude of the (second) head change (water-hammer) component in 
quadrature (90-deg phase difference) with gate opening oscillation qo, hs is dimensionless. 

r = dimensionless coefficient denoting first head change component. 

s = dimensionless coefficient denoting second head change component. 

Velocity. 

V = general velocity variable, fps. 
Vo = initial or steady-state velocity, fps. 

V— Vo 
v = relative velocity change = Fier dimensionless. 

0 

2L 
ve = value of vy at beginning of the first water-hammer phase ae in the Allievi interlocked series. 

2nL 
vn = value of v at beginning of nth water-hammer phase ra in Allievi interlocked series. 

Power. 

P = general term for power, hp (550 ft-lb per sec). 
P. = initial or steady-state power. 

Po 
p = relative power change ay hae (dimensionless) in absence of, or neglecting, the speed change 

effect. This power change p is equal to the power change po plus the effect of 39h of the 

head change h. 

po = relative power change due to the servomotor piston displacement (gate opening change) in 
absence of, or neglecting, water-hammer and speed change effects; also the relative driving 

couple change under constant head and at constant speed. 

Discharge. 
Q = general dischurge variable, cfs. 
Qe = initial or steady-state discharge, cfs. 

; Qo. ; 
gq = relative discharge change rer dimensionless. 

qo = relative discharge change in the absence of, or neglecting, the water-hammer effect. go ia 
then a measure of gate opening change. 

2L 
qoo = value of go at beginning of first water-hammer phase aE in Allievi interlocked series, dimen- 

sionless. 

qe max = peak value of go, dimensionless. 

2nL 
qn = value of g at beginning of nth water-hammer phase oa in Allievi interlocked series. 

gon = value of go at beginning of nth water-hammer phase re in Allievi interlocked series. 

Speed. 
N = general speed of rotation, rpm. 
No = initial or steady-state speed, rpm. 

N-WN ‘ , 
= a ae = relative speed change, dimensionless. 

t) 

Nmax — Nmin . 3 
5 = permanent speed droop = Tate ae produced by the process of primary compensation 

t) 

wo 

and defined by the equation w + 5po0 = O for neutral position of relay valve. For full load 
on po = +1l,w = —6. 

k,6’ = temporary speed droop produced by the process of secondary compensation with dashpot. 

w, = displacement of flyball collar measured to scale of relative speed change w. 

wp = displacement of dashpot piston measured to scale of relative speed change w. 
we = displacement of dashpot cylinder measured to scale of relative speed change w. 

General Constants or Parameters. 

WR? = parameter characterizing inertia of rotating masses; equal to the weight W multiplied by the 
aguare of the radius of gyration. 
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No2(W R?) 

hp 
X = servomotor piston displacement, ft. 

Xo = servomotor piston displacement during the steady-state condition, ft. 

X — Xo : ; ; 
2= ons igs relative servomotor piston displacement, dimensionless. 

Xo 
m = acceleration constant in the speed-acceleration responsive type of governor, used to denote 

effect of acceleration-responsive elements, relative to effect of speed-responsive flyball, sec. 

k = inverse value of the slope 1/k of the turbine performance curve of relative power vs. relative 

C = regulation constant = 

x 
servomotor piston displacement. k = cot y = >—’ dimensionless. 

dpo 
k, = factor defining effect of stiffness of dashpot spring on the law of the flyball collar displace- 

ment w,, in terms of the relative speed change w. w, = w — k;(wr — wp), dimensionless. 

dx 4 . 
B = on experimental test curve of — vs. w, 8 is value of w, for which the servomotor piston speed 

dt 

; / dx 1 
reaches its maximum rate: Ge) —i 

dt J max tg 

: A : ; ; ; 1 de i 
j = coefficient denoting effect of turbine efficiency change: j = Ser ans being the slope of 

1 ee 

dpo 

turbine performance curve: relative efficiency vs. relative power. 

g = acceleration of gravity, ft/sec? 

lee 
ies » a constant in Allievi series. 

=f 
2L 4L 2nb 

n = number of nth successive phase in Allievi interlocked series, such as 0, Sat Sah, 

D. = relative value of difference between turbine driving couple and generator resisting couple. 
Ye , 

ca= Ga) es ratio between turbine driving couple at any speed, for steady-state gate opening, and 
"0 

the corresponding turbine driving couple at synchronous speed. 

r . . . 

Cs ratio between generator resisting couple at any speed, for steady-state value of absorbed 
or 

load, and the corresponding generator resisting couple at synchronous speed: Co, = Coa. 

ag = value of tangent to ca performance curve (drawn with relative values). 

a, = value of tangent to c, performance curve (drawn with relative values). 

Cr = 

a= ar — Ad. 

6x = logarithmic decrement of governing oscillation (gate opening, or speed, or head, etc.). 

Am, Xt, = damping coefficients used in formulating the Tables 4 to 6. 

ine; (T,'T,)@ = special values used in formulating the Tables 4 to 6. 
Variables used in considering stability of combined operation of two generating units: 

ji — 3r 
Op eo 

Ap 

3301 

Loa 271 

jo — 3r 
w= 

3902 sO2 

Zoe 
(* + No\ (N — No\ _ 1,620,000(P — Po) At (1) 

No No a (WR?) No? 

Now let us assume ayes = 2, giving 

pid 810,000P op At 

(WR?) No? 

This is the expression of the relative speed change which occurs at the end of the 
time interval At during which the relative value of the difference between driving 

couple and resisting couple varies uniformly from the initial value po to zero, with an 

average value po/2. The differential dw of the relative speed change, when the instan- 

taneous value (relative) of the difference between driving couple and resisting couple is 

equal to po, must then be written: 

_ 16.2 X 105Pope 
ear Ss 
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dw Pp 
or an fa 

My 
. 

il (WR?)N 2 

in which AN 16.2 X 105 1% 

G or P= 16.2 x 108 

This is the differential form of the standard flywheel equation in the absence of, er 

neglecting, water hammer and speed change effect on both of the couples. 

5.00 S 

4.50 % 

paral 00 & Maximum velocity 7 s 
for opening & 

D 
Q 

y 
TS Opening 

@ -per cent 

-2.00 

-2.50 

Closing -3.00 
Y -3.50 

-4.00 

-4.50 

-5.00 

Fie. 1. Experimental test curve. Relative speed w versus servomotor piston speed dz/dt. 

Maximum velocity 
for closing 

The mechanical inertia parameter 7’ has the dimension of time in seconds. It is the 

time which is necessary to bring up the rotating masses of the turbine alternator from 

rest to the normal synchronous speed, by applying to them the normal rated couple. 

The value of 7’ depends then upon that of the steady-state power P considered. 

Second, in Eq. (8), (remembering that we are dealing with small oscillations w < 8B), 

let us assume that the speed of travel dx/dt of the servomotor piston varies directly in 

proportion to the speed change in the generating unit as communicated to the flyball 

element, inversely proportional to the governor time t,, for a full opening or closing 

stroke, and inversely proportional to 8, the value of w on the dx/dt vs. w test curve, for 

which the speed dx/dt reaches its maximum rate (Fig. 1). In other words, the velocity 

of servomotor piston attains its maximum value 1/t, when the speed change w is equal 

to 8, the relay valve being then wide open. The negative sign has been taken to give 

positive velocity for an opening stroke. 

-G=-2 (8) 
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Next, construct a curve showing the relation between power po and servomotor 

piston travel x (relative values) at synchronous speed and under constant head. 

From Fig. 2, k =coty = a 

or dz = kdpo (in the absence of water hammer) 

Substituting in Eq. (8), 

epee eee 
dt  ——kBt, 

Now let ket, = 7, the characteristic time of promptness of the governor response, 

and the above equation becomes 

cess (9) 
Example 8: Suppose that we wish to investigate 

stability at the point of full-gate opening and that 

at this position the test curve of po vs. x shows the 

value of k to be 6.00. In addition, the test curve 

of dx/dt vs. w shows that the servomotor stroke 

reaches full velocity when the relative speed 

change w becomes 5 per cent; in other words, 

B = 0.05. The time for a full opening or full 

closing stroke of the servomotor is 8 sec. Com- 

pute the characteristic time of promptness of the 

governor response. 
l0OO% x 

T, = kBty 
Fic. 2. Power output versus servo- k = 6.00 tg = 8 sec Bi—10:05 

motor piston travel at synchronous speed T, = 6.00 X 8 X 0.05 = 2.40 sec 

and in the absence of water hammer. 
Example 9: Compute 7, for the same condi- 

tions as for Example 8 except that the turbine is operating at 0.80 gate at which k = 3.00. 

T, = 3.00 X (8 X 0.80) X 0.05 = 0.96 sec 

The above definition of the time of promptness 7, is only a schematic one, cor- 

responding to the simplified arrangement of Fig. 3. It is then also the case for Exam- 

ples 8 and 9, The time of promptness is really defined by the Eq. (9) itself: 

wW kw 

nS fap = de Me 
dt dt 

dt 

curve, as shown on Fig. 1. In practice, the time of promptness 7’, can be established 

independently from the governor time t,, by adjusting the dashpot of the compensating 

device, as it will be explained subsequently. 

Next eliminate po between Eqs. (7) and (9). 

in which, for practical calculation purposes, the ratio (0:7) is to be taken on a test 

dw Ps Po 

aT ce 
dpo _ @ 

Ce 5, ) 
d2 

awetTp-9 (10) 
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This is the form of the governing equation for the crude mechanism depicted in 

Fig. 3. Let us now proceed with the assistance of this equation to analyze the effec- 

tiveness of such a governor in maintaining constant speed subsequent to a small load 

change on the generating unit. The boundary condition (o = 0 when ¢ = 0) in this 

case is satisfied by the solution: 

(11) 
i t 

® = Wmax Sin Vit 

Consequently the speed will continue 

to pendulate forever like the trigono- 

metric sine function, or in engineering 

terms the mechanism is unstable. 

It will be useful in our subsequent 

discussion of stability to employ vector 

diagrams of the type used by electrical 

engineers to represent a-c phenomena, 

and for the applications of this method 

to governing problems we are again in- 

debted to Daniel Gaden. 

For perpetual pendulations repre- 

sentable by the trigonometric functions, 

the function and its derivative will al- 

ways differ by a phase angle of 90 deg aa 

and the amplitude of the derivative will p44. 3. Schematic aevaneatent— speed re. 

be that of the function multiplied by sponsive governor without compensation. 

(2r:T’’), T’”’ being the period of the gov- 

ernor oscillations. If this condition is realized in the vector diagram, we know at once 

that the governing is not stable. On the contrary for damped periodic oscillations, the 

phase angle between the function and its derivative will be greater than 90 deg. 

Ol! pressure 

Servomotor 

Fie. 4. Vector diagram—speed-responsive-type governor without compensation and 
water hammer. 

The orientation and amplitude (length) of the vectors shown in the diagram Fig. 4 

can be verified directly by inserting 

2rt 
iia (11) ORE amar Sil a 2) (pa ehhal 

TT 
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in which 7” = 2x +/7,T7 in the differential Eqs. (7) and (9). The diagram shows 

that the oscillations are perpetual (¢ = 90 deg) and the governing is unstable. 

BASIC EQUATION OF GOVERNING INCLUDING 

PRIMARY COMPENSATION 

We have seen that the fundamental difficulty with the mechanism analyzed 

in Art. 5 was due to overtravel on the part of the servomotor piston, causing the turbine 

gates to move too far for the given load change. This in turn caused the speed to 

change too far in the reverse direction and gave rise to a perpetual condition of hunting 

or instability. Evidently what is needed is some mechanical means of anticipating 

where the correct position of servomotor piston should be for a particular load change, 

and then of starting to close the oil supply ports in the relay valve before the piston 

Successive steps following speed rise : 

/. Flybolls rise; @) rIS@S ; @ fixed; © OrOps ; ©) fo right; 

2. @ fixed; Otoright, @ and © rise; © to neutral 
3. Speed to normal, (O) coasts to tinal position; (C) fixed; 

()<Fiybal! (4) drops; (A) and (G) to neutral 

8 

Floating lever Relay valve rod Frelay valve 
iE 

Or pressure 

Crank — D 

= 

ees, 
= a ———— ~«—~< > >> 

Servomotor 
KETO. iO 

Fic. 5. Schematic arrangement—speed-responsive governor with primary compensation. 

reaches this desired position. The device for accomplishing this result is known as the 

primary compensation, and its basic principles are indicated schematically in Fig. 5. 

The important feature to note is that the relay rod connection starts to return the 

relay valve to the neutral position as soon as the servomotor piston starts to move, 

thus effecting the requisite anticipation or compensation. 

Having devised the mechanical means of anticipating the correct position of the 

servomotor piston, we proceed to incorporate this primary compensation in the basic 

equation of governing. 

The displacement of the oil-pressure relay valve is now due not only to the speed 

change as reflected in the flyball movement, but also to the relative gate movement 

change owing to the action of the primary compensation. As a means of calibrating 

the effect of this primary compensation, we introduce the notation: 

Nonar Ee] Niet 
6 = No (12) 

and since the position of the relay valve is now a function of the speed change and 

of the gate movement change z, or in other words, the relative power change po, 
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we may further define the term 6 by the equation w + 6p = 0 for the neutral position 

of the oil-pressure relay valve. With this understanding, the expression (w + 6po) 

may be used to replace w in Eq. 9 as the displacement of the relay valve for small 

oscillations. For full load on or po = +1, = —6. This term 61s designated as the 

speed droop of the governor, and its effect is to displace the relay valve farther and 

farther from the central position as the gate opening increases. This in turn requires 

the flyball element to draw in progressively more and more to restore the relay valve 

to the neutral position. In order that the flyball element draw in, the speed level 

must progressively decrease or droop as the turbine gates move from the closed to the 

open position. f 

Example 10: When the turbine gates are opened from the speed no-load position to the full-gate 

position, the speed of operation drops from 150 to 1438 rpm. The rated speed is 150 rpm. What is 

the speed droop? 

Nmax — Nmin 150 — 143 
6 No 150 4.7 per cent 

To include the effect of primary compensation, we replace win Eq. (9) by (a + dpo) 

giving 

dpo Bal 1 

aaa (w + dpo) (13) 

d ah (7) 
dw» 6 dw w 

fo Ge one 

This equation has the well-known form: 

d?Q dQ 
aot Uiage t Cet =O 

il 6 : ti) G = =, ae ae in which Q = wo, Ci T, and C, TT 

The solution depends upon the roots of the auxiliary equation: 

r2+ Cyr + Co. = 0 

—C, + VCP = 4C2 
2 

In order that the relative speed change w have the form of a damped periodic func- 

tion, it suffices that C; > 0; which means that the speed droop must be positive 6 > 0. 

In order that the relative speed change w have the form of a damped aperiodic 

function of the form w=wmaxe~”, it is necessary that C; > 0 and Cy? > 4C2. 

Cy? = 4C2 
ine £4 
7, — TP 

Ih 
5 T IV (15) 

This means that for the small values of speed droop 6, desired in commercial opera- 

tion, either the inertia characteristic 7’ must be very large (involving proportionate 

+ See Cabinet Actuator Governing Equipment for Water Prime Moyers, Bull. W-100, p. 27, Wood- 

ward Governor Company, Rockford, Ill. 
t Granvitun, WituiaM A., ‘Elements of the Differential and Integral Calculus,’ Ginn & Company, 

1911, p. 432. 
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expense) or the promptness of governor response 7’, must be very short, which in turn 

aggravates the effect of water hammer. 

Example 11: Assuming that the prescribed value of speed droop is 5 per cent and that Ty the charac- 

teristic time of promptness of the governor response 7, = 0.50 sec, what must be the value of the regu- 
2 2 

lation constant C = eae in order that the relative speed change function, w, have the form of a 
hp 

damped aperiodic? 

To 5-2 VE 
0.50 
C 

O06 AN Tere 08 
0.0025 = 24X18 ¢ 130% 1009 7 = 800800 

Cc 

which is about 100 times the available commercial value. 

In practice the method of coping with the situation is to accept a damped periodic instead of an 

aperiodic speed regulation. The requisite rapidity of damping must be secured by an adequate value 

2Po \ OPo dw 
a 4 er 

E G 7g dt 

Fie. 6. Vector diagram—speed-responsive-type governor with primary compensation 

without water hammer. 

of the speed droop. If not sufficient, owing to the small value of the allowable speed droop for com- 

mercial operation, it will be necessary to have recourse to a secondary compensation with dashpot or to 

an acceleration responsive element beside the speed responsive flyball. The efiect of these devices 

upon the basic governing equation will be incorporated in succeeding paragraphs. 

Bat first let us proceed to incorporate the action of the speed droop (resulting from the primary 

compensation) in the vector diagram, lig. 6. 

The basic equations are (13) and (7). From Eq. (13), we deduce that the vector dpo/dt is equal to 

the vector sum of the two vector components —w/T, and —épo/Ty. The first component —w/T,, 

because of the fact that it differs from vector w, or OA, only in algebraic sign and by a multiplying 

constant, will lie along OB in opposition to OA and of length equal to 1/T,; (OA). The orientation of 

vector OC representing the second component—6po0/T% is at first unknown; but since it differs from po 

only by algebraic sign and a multiplying constant 6/7 ,, it must be in opposition to po. By Eq. (7) 

since the algebraic sign is the same on both sides and dw/dt is equal to po multiplied by a constant 1/7, 

po, and dw/dt must be in phase and differ only in magnitude. Furthermore, the various variables w, 

po, and so on will have the same period of oscillation JT’. Moreover, the phase angle between any two 

variables will remain fixed throughout the oscillation, and the phase angle between their two corre- 

sponding derivatives will remain fixed at the same angle as between their parent variables. 

Consequently the only position of vector OPo capable of maintaining the prescribed identical phase 
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displacement between the vectors w and po, the same as between vectors dw/dt and dpo/dt is at mid- 

angular position halfway between vectors OA and OF with ¢ > 90 deg. 

Since ¢ > 90 deg, the oscillation will be damped and the governing will be stable. 

BASIC EQUATION OF THE SPEED-ACCELERATION 

RESPONSIVE-TYPE GOVERNOR 

Before proceeding to analyze the effect of a secondary compensation including a 

dashpot, it will be more logical for reasons that will become apparent during the course 

of our discussion first to study the effect of adding an acceleration-responsive element 

to the speed-responsive flyball. 

db, ~ Cm dw dt le 7, d 

Fic. 7. Vector diagram—speed-acceleration-responsive-type governor without water 
hammer. 

Equation (9) will then change to the following: 

dpo ] dw 
= an a T, ( + nL a) (16) 

in which the constant m has the dimension of time in seconds and denotes the effect of 

the acceleration-responsive element in relation to the speed-responsive flyball effect. 

Combining Eq. (16) with Eq. (7), 

dw a Po 

a er: (7) 

we obtain 

de m de 4 25 (17) 

ie rea 

In order that w be a damped periodic function, it is required that m > 0. In order 

that w be a damped aperiodic function, it is required that 

m > 2 or 

It will be noted at once that Eq. (17) is identical in form with Eq. (14) except that 
l : Oe 2 ee 8 es 

“ replaces the term ~ a The vector diagram Fig. (7) will accord- 
g Ab 

dw Opo. : 
ingly be identical with Fig. (6) except that the vector - is replaced by ne Th and since 

G o 

m d 
the term T i 
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as before ¢ > 90 deg, the effect of including the acceleration-responsive element is to 

ensure stability even without the primary compensation. 

BASIC EQUATION OF THE SPEED-RESPONSIVE-TYPE GOVERNOR 

WITH SECONDARY COMPENSATION (DASHPOT) 

Now instead of incorporating an acceleration-responsive element beside the flyball 

or speed-responsive element, let us interpose a secondary compensation including a 

spring-loaded, oil-filled dashpot as shown schematically by Fig. 8. A primary com- 

Action similar to Fig.5 except that (A) not fixed; gradually 
pulled back to normal by dashpot in anticipation of speed 
correction affording secondary compensation. 

Floating lever ee a 
se 

Relay valve rod 

OW filled 
spring loaded 

cashpot 

Servomotar 

Fic. 8. Schematic arrangement—speed-responsive governor with primary compensation 
and secondary compensation in the form of a spring-loaded oil-filled dashpot 

pensation is also indicated on the said figure; but for this immediate discussion we shall 

neglect it and suppose that the point B remains fixed (6 = 0). Then let 

= displacement of the flyball collar at A. 

wp = displacement of the piston of dashpot. 

w, = displacement of the cylinder of dashpot. 

All these displacements being measured to the scale of the relative speed change w. 

According to Eq. (9), 

S = | 

The displacement of the flyball collar w, will depend upon the difference between the 

uplift force of the flyball which in turn depends upon the relative speed change a, 

and the dashpot reaction which is equal to the deflection of its spring (w, — wp), 

in other words to the differential movement between the flyball collar A and the dash- 

pot piston, multiphed by a factor k,. This factor k, characterizes the effect of the 

stiffness of the said spring on the law of the flyball collar displacement, in terms of the 

relative speed change w: 

Eo SS OP k, (a, = Wp) (20) 

On the other hand (w, — w,) depends upon the speed of the differential movement 

between piston and cylinder of the dashpot, and the time required for the oil to move 

through the ports from one side of the piston to the other, that is, 
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Or — Wp = oe (wp — we) (21) 

in which 72 is the dashpot constant having the dimension of time in seconds; it char- 

acterizes the dashpot rigidity or the dashpot throttling action. 

Finally the displacement of the dashpot cylinder, which is attached to the gate 

motion, must be proportional to the relative power change po. 

dpo dw. 
Seer ea 3) 

dt ° dt 2) 
oOo = 5’po or 

On combining these equations and inserting them in the fundamental relationships 

there results the following: 

a dpo AG te k,) dno il ( = dw 

fo ee ge ee 7 (23) 

in which Me = I (1 ala =a) — Ds a [res A (24) 
g 

Notice that if the dashpot were entirely rigid, 

es = ee) Wp = We 

and in order to restore the neutral position of the flyball collar A and of the oil pressure 

relay valve H(w, = 0), the following condition ought to obtain according to Eq. (20), 

(2) + k,6’po a) 

k,6’ is therefore the speed droop produced by the process of the secondary compensa- 

tion. However, as the dashpot is never an entirely rigid device, but a sliding one, 

k,6’ corresponds to a temporary speed droop or transient speed droop. 

Example 12: Given a governor having secondary compensation in the form of a spring-loaded 

oil-filled dashpot. The characteristic time of promptness of the governor response without the dashpot 

is T, = 0.50 sec. The dashpot spring factor ky is equal to 1.00. The constant 6’ is equal to 0.25 

(transient speed droop kré’ = 25 per cent). The dashpot constant 7J'a is 2.00 sec. Compute the 

modified time of promptness of the governor response 7%’. 

T,’ = 0.50 + 1.00 X 0.25 X 2 = 1.00 sec 

Equation (23) may then be compared with Eq. (16). 

i 1 d — Fe =F (wo tm) (16) 
g 

We have already shown by means of Fig. 7 that the governing according to Eq. (16) 

is stable. To approach the same result with the secondary compensation, we must 

5. OF 
consequently seek to render the term in ae 

ously this is accomplished by making 7’,(1 + k,) as small as possible, in regard to 

T,’, that, is by making 

° in Eq. (23) as small as possible. Obvi- 

Ta >T, (25) 
Our basic equation then becomes 

dpo a a nie ( yy <=) , 

Pies aL kcal wu ale (23") 

This equation has exactly the same form as Eq. (16) with the constant m replaced by 

the characteristic time 7'4 of the dashpot rigidity or dashpot throttling action, and the 

vector diagram would be similar to Fig. 7, indicating stable governing. 
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However, the condition (25) can practically never be fully realized, and this is one 

of the reasons why the speed-responsive type of governor with secondary compensation 

cannot attain, according to Daniel Gaden, the same performance as the speed-acceler- 

ation type of governor, all things being equal. But we shall for our present purpose 

waive this difference and concede the identity of Eq. (16) and Eq. (23) or (23’). 

We must also not forget that the time of promptness is no longer 7’, but 

1 = Do ae Ug le 

depending upon the secondary compensation characteristics: k,6’, the transient speed 

droop, and 7a, the time of dashpot throttling action. 

9. BASIC EQUATIONS INCLUDING WATER HAMMER 

With respect to the governing problem, the essential effect of water hammer is to 

modify the power output of the turbine according to the 34 power of the head. For 

small values of the relative power change 

and of the relative head change, we may 

then write with sufficient accuracy 

P=Pot wh (26) 

@ where po = relative power change due to 

the gate opening change in the 

absence of water hammer. 

h = relative head change due to 

water hammer. 

p = relative power change due to 

gate opening change and head 

change. 

Moreover, under constant head, the gate 

opening change, which produces the rela- 

tive power change po, leads to a relative 

discharge change qo, bound to po by the 
Fic. 9. Turbine performance curve. equation 
Relative efficiency versus relative power. 

Relative efficiency e - per cent 

Relative power Po ~ per cent 

po = qo + Ae 

in which Ae is the relative efficiency change. Using the relative efficiency vs. relative 

power curve of the turbine (Fig. 9), 

de 
Ae = —— é dpo Po 

(1 2 ee ie 
Po dpo 0 Po = Jqo 

#3 1 "3 1 

Nae de 1 — tane peas 
dpo 

If at the point of steady-state conditions the efficiency curve is ascending, j > 1, 

and if at the said point this curve is descending, j < 1. 

In analysing the amplitude ratio and the phase displacement between the gate 

opening oscillation function go, and the head oscillation function h, we shall assume 

1. That the pendulation is perpetually sustained or undamped. This simplification is permissible 

because as will be further shown, the amplitude ratio and the phase displacement between the two 

oscillations remain constant whatever the amplitudes may be (in the limit of smal! relative amplitudes), 

+ And of its penstock, scroll case, and draft tube. 
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especially when these amplitudes decrease progressively as is the case for a damped periodic oscillation. f 
2. That the period T” of the gate oscillation which is also the period of the forced head oscillation, 

is exactly x times the period 7” of the free water-hammoer oscillation, that is to say, 2x times the water- 

L 
hammer phase p = oe It can be proved that the results so obtained have perfect generality even 

if x is not an integer{ and also whether x is relatively small or relatively large.t 

3. That the phenomenon has reached the limit of its final form after several cycles during which 

this final form is progressively established. 

In developing the analysis we shall employ the well-known interlocked series of 

Allievi, in which the subscripts denote conditions at the control gates at successive 

: 2L 4L 6L 2nL 
phase intervals —, —, —> -: ; 

GC @& @& 
divide the gate-motion period 7” sec into 2x equal intervals, each corresponding to 

one water-hammer phase 2L/a. We shall designate the intervals 0, 1, 2, 3, .. 

> or pw, 2u, 3u, -- - , mp. We shall accordingly 

Was easy 2X 

According to the interlocked series, 

ha —- aaa = 2p(0n as ee) 

or using relative discharges, 

hn =— lon = 20(dn = Qn+1) 

Now since the effect of water hammer is to increase the discharge according to the 

14 power of the head, we may write (using relative values) with sufficient accuracy, 

Qn = qon + }3hn 

According to the first above-mentioned hypotheses, we shall write that the gate- 

opening change which is defined by the relative value qo of the discharge change in the 

absence of water hammer, varies like a cosine function, with a period T”” = 2xxu: 

2rn 
don = Go max COS Oy + ¢ 

n being the measure of the time calculated in phase intervals u. 

We proceed to write the entire interlocked series: 

ho + hi = 2pl[(qoo + 14ho) — (gor + hi)] 
hi + he = 2el(qor + hi) — (qor2 + he)) 

lie ae Wp = 2p[ (Gon 1 oln) = (Gon41 + ehn41)] 

and finally, 

hoy—1 a= hay = 2p[(qo2x—1 =F Vehey-1) a (qorx Se Vohoy)} 

according to the third above-mentioned hypothesis and since hey = ho and qo2zy = goo, 

Ioy—1 + ho = 2pl(Go2x-1 + Mheoy-1) — (Goo + lho)] 

A oe 2rn : 
Substituting gon = Qo max COS ( + ),s and rearranging, 

2a ho(1 — 0) + hall + 9) = 2p go maxcos (0 + 4) — go marcos (5" + 6) | 
T Aa 

hi(1 — p) + ho(1 + p) = 20 | « seeg Oe (= 4 6) — qo mar COS (= oF ) | 

as 2a 1 
hn — p) + Raval as p) = 2p [ « max COS (= ar 6) = 95 max COS (Fa 6) | 

“ 

or 21. 
hoy—-1(1 — p) +ho(1 +p) = 2p | max COS (= (2x— b}) +#) — qo max COS (= (2x) +¢ 

+ Gapen, op. cit., pp. 127, 129. 
t Ibid., p. 101. ; 

§ % is the time interval, measured in phase angle, between ¢ = 0, when the gate-opening oscillation 

is maximum (qo = gomax), and ¢ = t, when the head change h = ho, t.e., the beginning of the first water- 

hammer phase of the interlocked series. 
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Now operate on these to determine what value of ¢ makes ho a maximum. This 

will then establish ¢m, the phase displacement between the gate opening oscillation 

and the head oscillation (water eae First, divide the above array of inter- 

locked equations by (1 — p) and let ae a ee ti, 

ho = —uhy +r oa ¢ — cos (¢ IF «)| 

hi = Ulett e =P go max | 608 (Z +6) — cos (= ++)| 
x x 

An = Ulnar =P go mex | 608 ( +6 )- cos (427 +)| 
x x 

2p T 27x 
hoy-1 = —uhy + ips qo max | cos (@ (2x — 1) + 6) — cos (= AF 6) | 

Next multiply the equation for ho by u° or 1; the equation for h; by —wu!; the equation 

for ha by +u?; the equation for h, by +u” according as n is even or odd; and finally the 

equation in hz,-; by —u?X1,_ Then add the entire array of equations giving 

9 n=2xy-1 1] 

= 2 _qo max ies as ee (Oise ie 
be pap eae » ( 1yru* | cos (5 + @) cos ( x +9) | 

n=0 

n=2x-1 

and ls =Q0= » (—1)ru | sin (FE +6) sin (= +)| 
d¢ x x 

n=0 

n=2x-1 

or Dy (—1)”u” | sin mie cos ¢ + cos ad sin ¢ 

n=0 

° nr nr . 
ee cos @ — cos ™ sin 4 | =0 

x 
giving 

=2x-—1 

(—1)*u* [ sin sin maar) 

n=0 -. as 

tandm = n=2x-1 

(—1)"4" | cos (aE) os “| 
x 

n=0 

or by simplifying, 

1 
tan ém = — — mers = (27) 

and 
9 n=2x-1 

x p do max ai nr (n +- 1 
Er ae pasar ase " (—1) u [ cos (= + $m) — cos (S42 + 4m) | 

n= 

or by simplifying, 

lees: — 2q0 max COS dm (28) 

It appears from Eqs. (27) and (28) that the phase displacement ¢, and the ampli- 
tude ratio (Amax: Qo max) are independent of the value of the amplitude as mentioned 
before. 

Equation (27) expressing the phase difference 6m between the gate opening oscil- 
lation and the head oscillation (water hammer) has been calculated for several repre- 
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sentative values of x and p and summarized for convenient reference in the charts Figs. 

Figures 13 and 14 calculated on a similar basis summarize Eq. (28) by 11 and 12. 

aa 3 h F : ; 
giving the ratio of Ghee for various combination of x and p. 

0 max 

a a oi i" 
O 4 2 4 T 

OPS 5 

8 

wT 31 O o T D eT 

Fria. 10. Forced head oscillation h caused by a gate oscillation of 5 per cent for p = 1 

and x = 4. 

x 

Fra. 11. Values of phase displacement ¢m between gate opening oscillation and head 
oscillation (water hammer) for larger values of x and p. 

For reasons that will develop as the discussion proceeds, we shall find it advan- 

tageous to resolve the relative head change h (which is a trigonometric sine function) 

into two components (which are also trigonometric sine functions) as indicated in 

Fig. 15. 
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0 0.2 0.4 0.6 0.8 1.0 

Fia. 12. Values of phase displacement ¢m between gate-opening oscillation and head 
oscillation (water hammer) for smaller values of x and p. 

= N % v > i) x o 9 & ee Ys Z : ; 3 : 

24 4 \! 

0 i 2 3 4 5 6 u 8 9 10 

Fic. 13. Values of amplitude ratio hmax/@o max between head oscillation (water hammer) 

and gate opening oscillation for larger values of x and p. 

The first component h, is in opposition with the gate oscillation qo, that is to say, in 

phase with —qo; its amplitude is equal to Amax COS dm. The second component h, 

is in quadrature with and backward, that is to say, in phase with — “te, its amplitude 

is equal to Amax SIN m. 
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Using for further convenience the coefficients r and s, we shall express these two 

components as follows: 
Instantaneous Maximum Value 

Value (Amplitude) 

Hirstreom ponent eee weenie. hr = —r(2q0) hr max = 2rqo max 

dq 2 
Second component.......... -. 2s. Ae = —s8O re hs max sO ia qo max = § ae qo max 

x 

vt 

in which 0 = py = p 5: is a hydraulic inertia parameter having the dimension of time 

0 0.2 0.4 0.6 0.8 
Pp 

Fic. 14. Values of amplitude ratio hmax/@o max between head oscillation (water hammer) 

and gate opening oscillation for smaller values of x and p. 

h,=h COS bm Jo 

a fh, =h sin $n 

Fig. 15. Vector diagram showing decomposition of relative head oscillation h into com- 

ponents h; = h cos ¢m and hs = h sin dm. 

in seconds. © is the time necessary to bring up the water masses contained in the 

pressure conduit from the rest to the flowing velocity Vo, under the impulse of a pres- 

sure difference equal to the head Ho: 

Gian LV 

gH 
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According to Eq. (28), 

1 lis max 1 lec 

2 qo max 2 qo max 

x hs max __ Xx Devos 

COS dm = COS? bm (29) 

sin dm = “x Sin dm COS dm (30) 
7p 0 max TP 0 max 

The values of the coefficients 7 and s for any combination of x and p may be selected 

directly from Figs. 16 to 19. 

Fic. 16. Coefficient r—-denoting the first component h, of the head oscillation for larger 
values of x and p. 

Example 13: x is the ratio between period 7” of the governor oscillation in seconds and the period 7” 

“We ; geet : aVo detect ah 
of the free water-hammer oscillation in seconds. x is dimensionless. p = a9 Ht" the Allievi, dimen- 

29H 

sionless water-hammer parameter. Suppose x = 20 and p = 5. What is the phase displacement $m 

between the governor or gate opening oscillation and the head oscillation? 

From Fig. 11, for x = 20, » = 5, 

gon = 22 

ase : ae uit 6 
Example 14: For the condition of Example 13, what is the value of the ratio P mex? From Fig. 13, 

0 max 

for:ys 92 ON pl —2os 

Example 15: For x = 3.5 and p = 0.8, what is the value of the phase displacement ¢m and the 

Max 9 . 10 
value of the ratio 

70 max 

Bromebigw 12s tora "oro pr—n0.s) 

gm = 111° 

From Fig. 14, for x = 3.5, p = 0.8, 

hmax = 0.72 

qo max 

Example 16; Determine the values of r and s for the condition x = 16, p = 7, 

Brom ites 6) torys— lOmpe—iiA 

from Fig. 18, for x = 16, p = 7, 
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1.0 
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0 eee veer 
0 02 0.4 0.6 0.8 1.0 

p 

Fra. 17. Coefficient r—denoting the first component h, of the head oscillation for smaller 
values of x and p. 

Fig. 18. Coefficient s—denoting the second component hs of the head oscillation for 
larger values of x and p. 

Example 17: Determine the values of r and s for the condition x = 2.5, p = 0.4. 

From fig. 17, for x = 2.5, p = 0.4, 
r = 0.078 

From Fig. 19, for x = 2.5, p = 0.4, 

s = 1.066 
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0 0.2 0.4 0.6 0.8 1.0 

Fie. 19. Coefficient s—denoting the second component h, of the head oscillation for 
smaller values of x and p. 

In the presence of water hammer, the standard flywheel equation (7) must now be 

written: 

1D 
di T (7) 

in which, according to Eq. (26), 

Pp = po + 38h = po + 3¢h, + 36h, (31) 

Effect of the First Component h,. Taking account of this single component, Eq. (26) 
becomes 

3 3 3} 
p = pot 5 hy = Po — 5 (2rqo) = po(1 ==) 

dw _ po _ 3r 

a ~ 7 (-F) ee 
The effect of the water-hammer component h, is accordingly to change the mechanical 

and Eq. (7), 

inertia parameter 7’ in the ratio j / _, in other words to increase the inertia param- 
3r 

eter 7’ (since r > 0) to the effective value 7, = T ; a 37° This is manifestly a 

benefit from the standpoint of stability. 
Effect of the Second Component h, Added to That of the First One. Taking account 

of both of the components, Eq. (26) becomes 

pape (1-3) 45h = po (1-3) — 350% 
ij dt 

o — 3r) _ 38 4 dpo or Pp = Po (a >) nae ai (33) 
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and Eq. (7), 

ar (34) 

in which al 

is the fictitious value of the mechanical inertia parameter due to the influence of the 

first component h,. 

We now proceed to combine the flywheel equation (34) with the equations of 

governor movement comprising three cases: a speed-responsive governor with primary 

compensation; a speed- and acceleration-responsive governor without primary com- 

pensation; a speed-responsive governor with secondary compensation in the form of a 

dashpot or, in other words, with temporary compensation. 

Case 1. The basic equation of governor movement is 

dpo w + dpo 

ee T, (13) 

Combining Eqs. (34) and (13), 

dw 1 3s 8\ dw w 

ae TF, (3 2 7 qe) pepe (35) 

In order that this equation represent a damped periodic speed oscillation, it is required 

that tf 

OM S ae (36) 

Case II. The basic equation of governor movement is 

dj il d 
ae = -- T, (« + m a) (16) 

Combining Eqs. (16) and (34), 

_ 880 Ty 
dw m 23m T dw 1 1 

one yi ce _ 3sm 0 dt e TT, _ 3sm0 rm (37) 

Oy 10 Ae Pyare 

In order that this equation represent a damped periodic speed oscillation, + it is required 

that the factors of dw/dt and w be both positive, that is, 

Sy. ih 
m > 5) cs) Tr 

3s 4) 3s 
= (| -—.- 1 "> or m > oF ( = x) te) anc Lo oF moO 

CL Sen n= 2j € = x) ts) (38) 

Substituting this value of m in ‘the inequality 

re tat 3s 

Ih ARE Ss 2 moe 

+ GRANVILLE, op. cit., p. 434. 



29-32 SPEED REGULATION AND GOVERNING STABILITY 

ra > (8) Ge) o» 
Case III. As previously indicated, this case is approximately the same as Case II, 

except that the acceleration constant m is replaced by the characteristic time 7’¢ of 

dashpot rigidity or dashpot throttling action. 

According to Eqs. (38) and (39) the value of the characteristic time 7’g must then 

there results 

be 

3s q es (-4a)e (40) 

and the criterion of stability becomes 

S2\ eI Las T,'T > (=) sige (41) 

with the understanding that 7’,’ is very much greater than T,. 

Effect of the Speed Change upon the Difference between the Resisting and the 

Driving Couples. Before proceeding with the construction of vector diagrams con- 

firming the criteria for incipient instability in cases involving water hammer, it is 

desirable to mention here one of the most important stabilizing factors, namely, the 

effect of the speed change upon the difference between the resisting couple of the elec- 

tric generator and the hydraulic couple driving the turbine. 

Writing the standard flywheel equation in the form 

d lw o 
in which p = po + 36h (26) 

We have assumed that the difference D, between these two couples corresponds 

only to the power change p, due to the gate opening change (po = x:k) and to the 

effect 34h of the head change h (water hammer). In other words, we have neglected 

the effect of the speed change w upon both of the couples. But this last effect is often 

very important. 

iG Using again the notation of relative values, let cag = CG in which Cz is the turbine 
od 

driving couple at any speed for the gate opening steady state and Coa is the turbine 
C 

driving couple at normal synchronous speed for the said gate opening. c, = a in 
Or 

which C;, is the generator resisting couple at any speed for the steady-state value of the 

absorbed load and Co, is the generator resisting couple at normal synchronous speed 

for the said load. 

By definition Cog = Cor = Co, and both couples are then measured with the same 

unit Co. On the diagram of Fig. 20 are represented the curves cg and c, in terms of w; 

the coefficients a4 and a, are the slopes of those curves at point A corresponding to the 
steady-state condition. 

For the small oscillations assumed in our investigations of stability, we may write 
with sufficient accuracy 

ca = (1 + p) (1 + aa) 

or, neglecting terms of second order, 

ca=1l+ptaqw 
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The value of the coefficient wa depends upon the specific speed of the turbine. It may 

vary from ag = —1.1 (low specific speed) to aa = —0.6 (high specific speed). 

Similarly, we can write for the resisting couple 

¢- = 1 aw 

The value of the coefficient a, depends upon the nature of the load. 

If the load is composed of a-c electric motors (load depending upon frequency), the 

value of the coefficient a, depends upon the torque-speed characteristic of the driven 

machines: 

a, = 0 for constant torque machines; 

a, = +2 for turbomachines such as centrifugal pumps, fans, turbocompressors. 

If load is composed of ohmic resistance (load independent of frequency), such as 

electric boilers, arc ovens, electrolyzers, 

and lamps, or, of d-c circuits fed by 

means of rectifiers, the value of the coef- 

ficient a, depends solely upon the volt- 100% 

age-frequency characteristic of the volt- 

ageregulation. If the voltage constant, 

independent of frequency (speed), 

a, = —1 and that is the only case in 

which a, may be equal to aa: 

a=a,—az=0 

In the other cases a = a, — agis gen- 

erally positive. The expression of the 

difference between the resisting and the 

driving couples must then be written 

C, or Cg - per cent 

Go - per cent 

D. = p — aw = po + 36h — aw 100% 

and the flywheel equation (34) Fre. 20. Turbine-generator performance 
curve—showing relative values of driving 

couple and resisting couple in terms of rela- 
tive speed. 

dw 0 38s Odpo aw 

“og, gre ¢ oS 
Following the type of analysis previously employed, the criterion for incipient 

stability in Case II (speed-acceleration responsive governor) becomes 

[ps ea (43) 
on a3s 8 ie 

OP OE We 

T; 
in which Ras a 3; 

In other words, the minimum value of the product 7',7' given by Eq. (39) assuming 

a = 0 is to be divided by 
Be pee 

reo TT 
It is then evident that for positive values of at the effect of the speed change upon thé 

difference between the resisting and the driving couples greatly favors the stability. 

On the other hand, experimental checking of the speed regulation stability, by 

loading the generator on a hydraulic resistance, appears to be a very severe test, when 

+ This means that the resisting couple curve cuts the driving couple curve at the point of steady- 

state conditions, by passing over in direction of increasing speed (Fig. 20). 
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the voltage is maintained constant independently of the frequency, by quick-acting 

voltage regulation (a, = —1,a@ 0). In fact, except for some special cases this test 

is valueless; since at least a part of the load is in practice generally composed of a-c 

electric motors (a, > 0) and for the other part of the load which is independent of 

frequency, it is always possible to have recourse to a judicious adjustment of the 

voltage-frequency characteristic of the voltage regulation, in order to secure a, > —1 

anda >0. If the voltage change is +n per cent for a frequency change of +1 per 

cent, the change of the ohmic load reaches +2n per cent and the change of the resisting 

couple +(2n — 1) per cent so that a, = 2n — 1. 

Vector Diagrams. We are now in position to confirm the criteria for incipient 

stability by means of appropriate vector diagrams, and we shall start (Fig. 21) with the 

E£ 

Fie. 21. Vector diagram—speed-acceleration-responsive governor including water 
hammer. 

diagram for Case II, the speed-acceleration responsive governor when water hammer 

is present. The diagrams will be drawn to indicate that the system is just on the 

brink of instability, and the corresponding criteria deduced from the geometry of the 
diagrams: 

Vector OA represents the speed-change oscillation. 

Vector OB represents the tachymetric effect upon the relay valve. 

Vector OC represents the accelerometric effect upon the relay valve. 

Vector OF represents the oscillation of the relay valve displacement. 

Vector OPs represents the power-change oscillation due to the gate opening oscillation. 

Vector OH represents the power-change oscillation due to the head-change oscillation (water 
hammer). 

Vector OP represents the total power-change oscillation. 

Vector OF represents the acceleration (derivative of speed). 

As in the previous simpler cases, the length and orientation of the vectors follow 
from the basic differential equations for the particular case under investigation. The 
fundamental assumption of incipient instability is responsible for locating w and 
dw/dt, and po and dpo/dt at 90 deg phase difference. 

To Eq. (16) corresponds the vectorial operation: 

OE = 0B + 00 
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Fig. 22. Vector diagram—speed-responsive governor with secondary compensation (dash- 
pot) including water hammer. 

and the manner of passing from vector OF to vector OP»: 

To Eq. (26) corresponds the vectorial operation: 

OP = OP, + OH 

and to Eq. (7) (page 736) the manner of passing from vector OP to vector OA: 

— 1 ——s JE gfe 

OF = 7 OP OA = on OF t 

From elementary geometry, 

OP) — OR _ OB 

OP Oe 

OF” = OB’ + 0C’ 

OP” = (OP) — OR)? + OS” 

By appropriate substitutions and simple calculations, we obtain 

oi Lhe 3s\? T, 
=—0>— 1 T,T =(=—) = 0! SP BeD Takia tans E G) iy 

which confirms the criterion for incipient stability according to Eq. (39). 

The diagram in Fig. 22, corresponding to Case III, differs from the diagram of Fig. 

+ Relation between the amplitude of the sine function and the amplitude of its derivative. 
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2linasinglefeature. The relay valve displacement is no longer represented by vector 

OE but by vector OF’, which is obtained by the vectorial operation: 

Ob’ + WE = 0B +0 
corresponding to Eq. (23). Owing to the effect of vector H’E, vector OL’ is displaced 

backward with respect to vector OZ, which is an adverse effect as regards stability. 

With a view to reducing this disadvantage to a minimum, we must seek to render the 

length of vector E’E as short as possible and therefore make 7',’ very much greater 

than 7,(1 + k,), that is to say, 6’7’a very much greater than 7’,, which confirms the 

condition (25). 

Fie. 23. Vector diagram—speed-responsive governor with primary compensation only 
including water hammer. 

For Case I and the diagram of Fig. 23, in which vector OC represents the compen- 

sation effect upon the relay valve, we deduce from the geometry of the figure, 

OP, — OR _ OB 
OP ~— OB 

OB’ = OF? + 0C@’ 

OF’ = (OP, — OR)’ + 0S’ 

Substituting the appropriate vectors, we confirm the criterion for incipient stability 
according to Eq. (36): 

Finally, we draw Fig. 24, the vector diagram for the case of a speed-acceleration 
responsive governor (Case IT) including the effect of speed change upon the difference 
between the resisting and driving couples, and the influence of water hammer. 

Examination of the different diagrams shows clearly that every effect leading tw an 
advance of vector OP (total power change oscillation) or of vector OD (oscillation of 
the difference between resisting and driving couples), with respect to vector OA (speed- 
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change oscillation), in the trigonometric direction of increasing phase angles, improves 

stability, z.e., the accelerometric effect upon the relay valve, the compensation effect 

upon the relay valve, and the effect of the speed change upon the difference between 

resisting and driving couples, with the understanding that a > 0. 

On the contrary, every effect leading to a backward rotation of the above vectors 

imperils stability, the most important influence of this kind being the water-hammer 

effect. 

Experimental Statistics. From the foregoing analyses of Cases II and III, which 

comprise the important practical applications, we may conclude that for given values 

of the coefficient j (effect of the efficiency change) and a effect of the speed change upon 

Fie. 24. Vector diagram—speed-acceleration-responsive governor including water 

hammer and the effect of speed change upon the difference between resisting and driving 

couples. 

the difference between resisting and driving couples) governing stability depends upon 

five parameters, each having the dimensions of time in seconds: 

lor the rotating masses: 

1. The time 7, representing the specific inertia of the rotating masses. The value of T is normally 

between 2 and 8 sec, except in cases where a separate flywheel is provided in addition to the generator 

rotor. 

For the pressure condutt: 

2. The time 0, representing the effect of water hammer. The value of © in practice is usually 

DHetween 0.5 and 3 sec. 

3. The time 7’ = 2u, representing the period of the free water-hammer oscillations, t.e., two com- 

plete forward and backward transits of the water-hammer wave along the conduit or 4L/a. The value 

of T’ in practice lies usually between a few hundredths of a second and about 10 sec, seldom more. 

For the governor: 

4. The time m, measuring the importance of the acceleration factor in a speed-acceleration respon- 

sive governor. For a speed-responsive governor with secondary compensation in the form of a spring- 

loaded oil-filled dashpot, the time m is replaced by the time Ta defining the rigidity of the dashpot or its 

throttling action. 

5. The time 7, measuring the promptness of the governor response. For the speed-acceleration 

responsive type, 7’, depends essentially upon the dimensions of the oil-pressure relay valve. For the 

speed-responsive type with secondary compensation by dashpot, the value of 7,’ depends primarily 

upon the dashpot rigidity 7a and the temporary speed droop kr8’, 



29-38 SPEED REGULATION AND GOVERNING STABILITY 

Since all installations having the same values for these five parameters will exhibit 

the same degree of stability, for the same turbine and load characteristics (values of 7 

and a), it will be possible eventually as sufficient statistical data become available to 
prepare a chart (similar to the specific speed vs. head charts now employed so advan- 

tageously in turbine selection) permitting experimental determination of the value of 

the coefficient K in the general criterion of stability: 

T,T > K(3¢0)? 

directly deduced from inequality (39) or (41) 

se 3) Esl ree (5°) 

This criterion can then be used to check governing stability with the same ease 

that the Thoma formula is employed to check surge-tank stability. 

Until such experimental results can be collected in sufficient volume and without 

neglecting their importance in order to verify the analytic calculation, fairly dependable 

values of the coefficient K can be computed on the basis of Eq. (37), which is rigorously 

valid for Case II (speed- and acceleration-responsive governor) and approximately 

for Case III (speed-responsive governor with secondary compensation). 

Calculation of the Coefficient AK of the General Criterion of Stability. The 

differential Eqs. (87) and (17) are of familiar form from vibration theory:t 

d*w 
We + 0% 7, + Cx = 

in which, for Eq. (17), 

Cu Bite and C2 : 
Tk eeu 

and for Eq. (87), 

_ 380 7, 
Cue m 27 m T ene Cie 1 1 

3s m0 TE _ 3s me 

Dip ARE TT 

Both equations were established neglecting the effect of speed change upon the 

difference between resisting and driving couples (a = 0), the first one (17) in absence 

of and the second one (37) in presence of water hammer. 

Their general solution is 
t 

w=Ce 7 cos (Fm ~ ¥) 

in which C and y are constants of integration. 

4 F : ; 
Pi 2 Se ithe period of the oscillations. 

WV 4C2 = (OP 

2 : ‘ ‘ 
bx = seein f their logarithmic decrement. 

V4C2 — Ci? 
In the case of Eq. (17), the values of this period and of this decrement are then 

1 

res) Da NAT TE 
{ The fraction 84 remaining in this expression of the criterion of stability reflects the assumption 

that at constant speed, the driving couple varies with the power 3¢ of the head. 

t Paces, Leieu, ‘Introduction to Theoretical Physics,’’ D. Van Nostrand Company, Inc., 1941, 
pp. 74-82. 

TT" = V/T,T 
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m 

VT{T 

Ni = Ae 

In the case of Eq. (87) we have already shown that in order to damp the oscilla- 

tions, it is required that 

BQ of) 

that is a G ) 44 ’ iT mS pas 37 Dy) ( ) 

with Am > 1 and 

Tat > (53) (525) © ce 
that i hie eee 26) Nat 1S, g = GG — 8r) G ) (45) 

PT, = oa (50) 45/ 
. ee =e ) CoP 
with my, > sea 

According to Eq. (45) the coefficient K of the criterion of stability is equal to 

Kae 4 — Wii ae 6 

‘IG — 3) 8) 
Now using the above defined coefficients \,, and \,, we can express the factors C, 

and C2 as follows: 

— ih, ISON = 1) il Ne 

C a Te Am(At a Xm) @ a ini Nu ois NG 

me 1 
or Ci = TIT Cy sal W/TITRTIRN ES ' (TT :)e (1,7 ,)o 
in which, 

Sn ad 1 —_— ms 

me =m (LLNS = jy. 
Xm At 

(47) 

The effect of water hammer then operates: 

1. To reduce the real value of the characteristic time m of the acceleration factor to the fictitious 

value mo. 

2. To reduce the real value of the product 7,7 (time of promptness multiplied by time of mechanical 

inertia) to the fictitious value (T~T+)g, in Eq. (47) in which Ty = 5 Soe 

Operating in similar fashion on Eq. (17), we easily obtain the following expressions 

of the period and of the decrement: 

[" =m V/(TT)6 : 
Vi 1 [ me is 

4L+/(T>T,)e 
me 

Vv (TT) 

Vi- al yaa! 
38 

+ Hence for T,T to be > 25 m® (see Case II). It is also required that 4 > Am. 
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But according to Eq. (47), 

me 2 m m— 1 4] t 

OR NPE NS SSE 

and according to Eqs. (44) and (45’), 

m _ Xm 

ay TD, AM 
so that 

me — he = 

Vining, AoGee. 
In consequence of 

-\i lve -VI-4 =) ae 
2 pr T 

Hp oe Pe yi yy = — and Af RY Cee 5x hae ce) 

Using Eqs. (47) and (45’), 

4 — — s? 3 a 
Cte = (Nt Nr) G — 3r)? — 3r)? raat 0) 

so that 

py = 3 (50) Rj Nee 

3a 
and x= ea ee. (51) 

(a) Let us assume (1) that 7 = 1, that is to say, the typical point of the steady-state 

condition is on the flat portion of the turbine efficiency curve, and (2) that the system 

is just on the brink of instability; in other words that the oscillations of gate opening 

change, head change, driving couple change, speed change, and so on are all sustained 

or undamped, so that 

ox = 0 An = 1 cael 

30 
ea eee Vn (52) 

Considering a given value of p, we can now compute by trial, for different values of 

», and by means of Eqs. (27), (29), (30), or of Figs. 16 to 19, 

1. The values of x, 7 and s satisfying Eq. (52). 

2. The values of the coefficient AK of the criterion of stability. 

s? 

KON ee (46’) 

Choosing for each value of p, tne particular value of \: corresponding to the mini- 

mum value of the coefficient K, we finally arrive at the results condensed in Table 4. 

According to the figures of this table, the curve of the diagram Fig. 25 has been drawn, 

taking as ordinates, the ratio (Kp): Kp=10) between the value of K for the considered 

value of p, and the value K = 1.66, for p > 10; as abcissas, at a logarithmic scale, the 
values of 1/p and of p. Underneath are also indicated the approximate values of the 

head corresponding to the said values of p. 

The curve of Fig. 25 shows that the value of the coefficient K varies very little 

Tee e 1LVo0 a 1 aVo 
{7 For x = and = 

1 
Qu Qn) 29H 2b  2o9H 2° 
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TABLE 4 

p 10 2.5 1.5 1.0 0.5 0.3 

N 1.255 1.255 1.27 1.30 1.45 1.58 

x Bie 9.33 5.78 4.08 2.53 1.86 

s 0.848 | 0.857 | 0.876 | 0.905 1.021 1.195 

r 0.153 | 0.150 | 0.148 | 0.142 | 0.121 0.102 

<= 1.56 1.56 1.57 1.58 1.60 1.72 

Koos 1.66 1.68 1.75 1.86 2.37 3.25 

soe 100% 101 % 105 % 112% 143 % 196 % 
Kp-10 

in the scale of the low heads, which is an important statement. This value being 

K = 1.66 for a head in the vicinity of 30 ft, its variation is only 5 per cent up to a head 

of about 330 ft and 10 per cent up to a head of about 550 ft. 

ZO) 
| hat pad | | | | | | | 

OF ea aiich le aic a nee 
| | | | | 

eH : Ly (i 1 it : 
| | | | 

.7-+44 L 4 ye Ee ites 1 1 
| | | | | 

.6}—+— ‘ oe | 
ay | | | \ | ! 

g 5S) a ; try {____{ 1 
Q | | | | 

Sete Teal ie iG ‘Recs 
Varoe 1.3 4 t t : 48 

Dub itd ie ; 
i hee ! 

| | | 
II — io | a : ! 

1.0 Let | jee 
’ 0.1 0.3 | OLS | 0.7 0.9| 12 | 1.6 | 2 25 5 Sis 

Value of + 0.2 0.4 | 0.6} 0.8 1.0 1.4 1.8 

f | | | 
Value of p 10 5 Sy af IRS 1.0 0.5 ‘Ors 

Approximate 30to170 170 330 660 to 1650 to 
Value of the ft. to  to660 1650 ft. 3300 ft. 

head 330ft. ft. 
Fic. 25. Relative value (in comparison with the value for p > 10) of the coefficient K 

of the criterion of stability in terms of p — the Allievi water-hammer parameter (that is 
to say, particularly in terms of the head). 

The value of the fraction ae mentioned in the sixth line of Table 4is to be used 

to compute the most convenient value of the characteristic time m(or 7'g) of the accel- 

eration factor, by means of Eq. (44), with A» = 1 andj = 1, 

8 3 
m=i23, (39) 
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This value of m corresponds fortunately to the minimum value of the coefficient K. 

(b) If the oscillations should be damped, 7.e., with a logarithmic decrement, 

6, = 1.38 (such amplitude being then the quarter of the former e'-3* = 4), 7 being still 

equal to 1, the calculation of the value of K will be carried on as follows: 

1. By means of Eqs. (48) and (49), compute a series of couples of values of \m and Xt, corresponding 

to dx = 1.38. 

2. Considering a given value. of p, compute by trial for different couples Am, cz, the values of x, 7, 

and s satisfying Eq. (51),f using for this purpose Eqs. (27), (29), (30) or Figs. 16 to 19. 

3. Compute the values of the coefficient K, by means of Eq. (46’). 

4. Choose, for each value of p, the minimum of the calculated values of K. 

The results of these operations are given by Table 5. The value of the expression 

TABLE 5 

p 10 2.5 1.5 1.0 0.5 0.3 

Me 1.405 1.41 1.425 1.465 1.66 1.80 

Nie 1.196 1.198 1.204 1.215 1.268 1,303 

x 35.9 9.03 5.575 3.965 2.48 1.822 

r 0.162 0.159 0.157 0.150 0.1265 | 0.109 

8 0.838 0.849 0.867 0.900 1.022 1.205 

Ne Eee 1.95 1.95 1.97 1.99 2.085 2.30 

eee | 125% 125 % 125 % 125 % 130 % 134% 

Kbga1.38 1.92 1.945 2.025 2.16 2.78 3.87 

Kb%=1.38 ao 115.8% 115.8% 115.8% 116.2% 117 % 119% 

Nes a given in the seventh line of Table 5 is to be used to compute the most 

convenient value of the time m (or 7'2), by means of Eq. (44), with7 = 1, 

s 3 

m= diz (5) 
The figures of Table 6 were established in the same way, for the case in which the 

vulue of the logarithmic decrement is equal to 6, = 0.69 (such amplitude being then 

half of the former e°®? = 2). 

The comparison between Tables 5 and 6 and Table 4 leads us to conclude that in 

order to damp the oscillations with a logarithmic decrement equal to 6. = 0.69 or to 

d» = 1.38, the values of the coefficient K of the criterion of stability, computed on the 

basis of the assumption of sustained oscillations, should be increased in an approxi- 

mately constant proportion of 8 to 10 per cent and 16 to 19 per cent, respectively. 

This statement is valid over the entire range of head values from 30 ft (p & 10) to 

3,000 ft (o = 0.3). Concerning the characteristic time m of the acceleration factor, it 

should be increased according to the indication of the eighth lines of Tables 5 and 6, in 

a proportion which is also nearly constant and respectively equal to 13 to 17 per cent 

or to 25 to 34 per cent. 

+ But withj = 1. 
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TABLE 6 

A 10 2.5 es 1.0 0.5 0.3 

da 1.34 1.35 1.36 1.39 1.575 1.735 

re 1,105 1.108 1.109 1.115 1.143 | 1.165 

x 36.5 9.23 5.70 4.01 2.515 1.856 

r 0.157 0.154 0.152 0.146 0.123 0.1025 

8 0.842 0.854 0.872 0.903 1.022 1.194 

hn 1.76 1.76 1.78 1.79 1.85 2.01 
1 — 3r 

In % of 8 - = sh ee 113 % 113% 113% 113 % 115 % 117 % 

B00 1.80 1.82 1.90 2.02 2.59 3.58 
& = 5 2 | 

M55-0.69 fo = - eS rag Mi 108 % 108 % 108 % 108.5% 109 % 110 % 

(c) Let us now return to the case of sustained oscillations, corresponding to the 

limit of stability 6. = 0, with the purpose of studying the effect of efficiency change 

J #1. 

The procedure is the same as that explained in paragraph (a), except that Eq. (51) 

with \n = 1 and & = 1, 

_3r 8 eee 
x= pee ee (53; 

is to be used instead of Eq. (52) and that Eq. (46), 

s2 

‘IG — 3r) 
(46) 

is to be used instead of Eq. (46’). 

The results of the calculation are illustrated by the curves of Fig. 26 having as 

abcissas, the value of the coefficient 7 defining the rate of efficiency change at the repre- 

sentative point of steady-state conditions, in other words, the slope of the turbine 

efficiency curve; as ordinates, the ratio (K ;~;: A ;=1) between the values of K computed 

taking account of the effect of the efficiency change (7 # 1) and the values of K 

computed in paragraph (a), Fig. 25, neglecting the said effect (7 = 1). 

The three curves of Fig. 26, which are not far apart, have been drawn for p = 10 

(case of low head), p = 1.5 (case of medium head) and p = 0.3 (case of high head), 

Their examination leads to the following comments. 

When the turbine efficiency curve is ascending, 7.e., when j > 1, the value of the 

coefficient K of the criterion of stability becomes smaller than for7 = 1. This state- 

ment is logical because in this case the discharge change is smaller than the output 

change, so that the water hammer effect is less important. This evidently improves 

stability. 

On the contrary, when the turbine efficiency curve is descending (7 < 1), the value 

of the coefficient K becomes greater than for7 = 1. In this case the discharge change 

is in fact greater than the output change, so that the water-hammer effect is more 

important. The conditions for stability are then more severe. 
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Moreover, the effect of efficiency change is a little less marked in case of high heads 

than in case of low and medium heads, the slope of the curves p = 10 or p = 1.5 being 

greater than that of the curve p = 0.3. 

Fig. 26. Relative value (in comparison with the value for j = 1) of the coefficient K 
of the criterion of stability in terms of 7 — the parameter defining the effect of efficiency 
change, for different values of the water-hammer parameter. 

(d) To take account of the effect of speed change upon the difference between 

resisting and driving couples, we have to use the basic equation of governor movement 

(Case II): 

= — 7 (ot me) (16) 

The flywheel equation which as seen before must be then written 

dw po _ 380 dpo aw 

di Te 27 Tat Tf 

Combining these two equations, we easily obtain a single equation of the same 

form as Eq. (37): 

(42) 

de» dw 
ap + C1 ai +C, =0 

in which C2 has the same value as in the said equation, but 

3s 0 T, Il 

Cae ‘ pide? 

‘TP, _ 3s mo 
Qu 

Operating as explained for Eq. (37), the following expressions can be computed 

for the case of sustained oscillations (Am = 1, 55 = 0): 
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1. For the characteristic time m (or 72) of the acceleration factor, instead of 

Eq. (38) for Eq. (37): 

3s i 
m= 27 6 — aly) j —3r (54) 

2. For the coefficient K of the criterion of stability, instead of Eq. (46) for Eq. (37): 

2 i Kaas ‘WG— 8), , 3s 7 (59) 
2(j — 3r) 3r) * 

3. For the period of the oscillations, instead of Eq. (50) with R = 1, for Eq. (37): 

8 Y Add = 3 : § = 1 
56 

2G — 3r) " T 

4, For the ratio x = (T7”:T’) = (1 :2u), instead of Eq. (51) with R = 1, for 
Eq. (37): 

p 

3s is) 
Ne ae 3G = 2h) rae 7 

As we have already studied the effect of efficiency change in paragraph (c), let us 

now neglect the said effect and assume that 7 = 1. It appears Bae Eq. (55), (56), 

(57) eee ae No Wea | 
29 

and (57) that the parameter to be used for the present study is a = room posed of the 
Sh 

coefficient a defining the sn! of speed change upon the difference between resisting 

and driving couples; the ratio 7 = © between characteristic times of hydraulic and mechan- 

ical inertias. 

The results of the calculation are ee by the curves of Fig. 27, having as 

- as ordinates, the ratio (Kas«: Ka») 

between the values of K computed taking account of the effect of speed change upon 

the difference between resisting and driving couples.a2 ~ 0, and the values of K com- 

puted in paragraph (a) (Fig. 25) neglecting the said effect a = 0. 

These curves were computed for severe values of p, but down to p = 1.5 they all 

overlap and diverge slightly only for p < 1.5, as shown in dotted line for p = 0.3. 

Figure 27 confirms the statement already established. The effect of speed 

change upon the difference between resisting and driving couples favors stability 

when a > 0 (the value of the coefficient K becoming smaller), that is to say, when 

the resisting couple curve cuts the driving couple curve, at the point of steady- 

state conditions, by passing over in the direction of increasing speed (Fig. 20). We 

may now ae that this advantageous influence, being defined by the value of the 

abscissas, the values of the parameter a 

parameter a af is of increasing importance according as the value of the hydraulic 
nhs 

inertia parameter 0 becomes large, and the value of the mechanic inertia parameter T' 

becomes small. 

Example 18: Compute, for the conditions of Example 5, the minimum value of the time of prompt- 

aess (maximum governing rapidity), which assures governing stability in the case of a speed-acceleration 

responsive governor and in the case of a speed-responsive governor with secondary compensation, in 

absence of or neglecting (1) the effect of the primary compensation 6 = 0 and (2) the effect of the speed 

change upon the difference between the resisting and the driving couples a = 0. 
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The calculation is based on the following values: 

P = 91,500 hp N = 150 rpm Teh = BSOory 

L = 400 ft Vo = 18.25 fps WR? = 53 X 108 pfs 

a = 4,660 fps p = 4T uw = 0.172 sec 

8 = 0.688 sec T = 8sec 

The diagram of Fig. 28 shows the turbine output curve established as for Fig. 2; the slope of this 

curve at its upper end corresponds to k = 3. The diagram of Fig. 29 shows the turbine efficiency 

curve established as for Fig. 9; the slope of this curve at its upper end corresponds to j = 0.77. 

@ mene) O O10 0.20 0.30 040 0:50 060 

@ = 0150 O 050 1,00 1,50 200M CDOS OO 

8 
ont 

Fia. 27. Relative value (in comparison with the value for a = 0) of the coefficient A 

of the criterion of stability in terms of @ T parameter in which the coefficient a = a, — aa 

measures the effect of the speed change upon the difference between the resisting and the 

driving couples. 

According to Fig. 25, Kp-4:Kp-1 = 1. In the case of sustained oscillations and neglecting first 

the effect of efficiency change, we may then write, for a speed-acceleration responsive governor: 

T,T = 1.66(320)? = 1.78 sec? 

1. 5 
T= ie = 0.223 sec time of promptness 

ae s 
os ear 

m = 34 X 0.688 X 1.56} = 1.61 sec acceleration constant 

+ The value of p is higher than these normally computed for a head of 330 ft, because, with the 
very short penstock in proportion to the head, it was possible to adopt a high velocity Vo. 

8 
t According to Table 4, for p = 4, i ae 1.56. 
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een 
—A 

Power output p, 

hh S 
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Smo 
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Tra. 28. Servomotor piston travel z. 

40 Efficiency -e 

O 10 20 30 40 50 60 70 80 90 100% 

Fia. 29. Power output po. 

Assuming that condition (25) is fully reached, we may also compute for a speed-responsive governor 

with secondary compensation: 

T,' = 0.223 sec time of promptness 

Ta = 1.61 sec time of dashpot rigidity 

0.223 : 
krs’ = mar = 13.9 per cent transient speed droop 

In both cases the period of the governor oscillations is about the same and equal to 

8 = ae 4 tare Tape OV page BO = 1.255 

T” = 5.10 sec 

T"” = 39 

Introducing now the effect of efficiency change, we can read on Fig. 2 

Kj20.77: K-01 = 1.7 

6, for p = 4 andj = 0.77, 

t+ See Table 4. 
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Consequently, 

T, = 0.223 X 1.7 = 0.38 sect 

Adding a margin of 8 per cent in order to damp the oscillations, with a logarithmic decrement of 

5x a 0.69, 

T, = 0.41 sect 

This means that, in the presence of a frequency change of +0.1 cycles/sec (0.166 per cent of 60 

cycles/sec), the governor will be able to decrease or to increase the turbine output at the rate of 0.166 

per cent in 0.41 sec, or 0.405 per cent in 1 sec, or 370 hp in 1 sec. 

This governing rapidity (promptness) is quite favorable, owing to the small length of the penstock 

(in proportion to the head) and to the sufficiently large value of the mechanical inertia WR? defined 

by T = 8 sec. 

Example 19: Compute for the conditions of Example 18, the minimum value of the permanent 

speed droop which assures governing stability, in case of a speed-responsive governor with primary 

compensation, assuming that the time of promptness should be the same as calculated for Example 18. 

Neglecting first the effect of efficiency change (j = 1), we compute by trial for 7, = 0.223 sec 

(see Example 18), according to Eq. (35) and Fig. 16: 

T" = In ToT, T= ee 

T’ = 0.344 sec T” = 9.15 sec x SY 27 p=4 r = 0.05 T, = 9.4 Bec 

9.15 = 20 1/0.223 X 9.4 = 9.15 

in consequence of which, according to Fig. 18, 

3 X 0.95 XK 0.688 

2x8 

3s 8 
as = 0.95 5 on 7 = 

6 = 12.2 per cent 

Now taking account of the effect of efficiency change (j = 0.77), we compute in the same fashion 

for T, = 0.38 sec (see Example 18): 

PT =e /T,Tr T= 7 
j — 3r 

T’ = 0.344 sec T”’ = 11.6 sec x & 34 p=4 r = 0.035 Tr = 9 sec 

11.6 = 27 +/0.38 X 9 = 11.6 
_ 380 _ 3 X 0.975 X 0.688 

SO OIE ee Spee OTS 
6 = 16.4 per cent 

In spite of the favorable conditions of Example 18, as mentioned before, these values of permanent 

speed droop are much too high and cannot be accepted in practice. Consequently it is not possible 

in this case to assure governing stability, by means of primary compensation alone. 

t We may also compute by trial for p = 4,7 = 0.77: 

30 8 —.. 
X= Sse VMN 1 8 =09 rH=01 = 1.26 

27 3r 

g2 

= ” => 4 = K A G — 3r) x 18.5 r 6.35 sec K 2.82 

K {3 2 ; 
T, or T,’ = T 2? = 0.38 sec time of promptness 

3 8 , 
mor Ta = 2 =e = 1.98 sec acceleration constant or time of dashpot rigidity 

pap Tigi 0:3 Sam 3 : 
8, = 1.98 = per cent transient speed droop 

{ The characteristic time m of the acceleration factor or 7'a of the dashpot rigidity should be simul- 
taneously increased to 

m or Ta = 1.98 X 1.13 = 2.24 sec 

so that in the case of a speed-responsive governor with secondary compensation, the transient speed 
droop should reach 

Esha t r 3.04 — 18-5 per cen 
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100% (70 ) 

90% (63) 

80% (56) 

70% (49) 
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Fie. 30 Servomotor piston travel x. 

© 10 20 30 40 50 60 70 80 90 100% 

Fia. 31. Power output po. 

Example 20: Check the stability of governing for the conditions of Example 18, but at 70 per zent 

of full load (50 per cent of full servomotor piston travel, see Fig. 28), the adjustment of the governor 

remaining the same as calculated for Example 18. 

The diagram of Fig. 30 shows the turbine output curve established as for Fig. 2; the slope of this 

curve at its upper end corresponds to k = 1.3. The diagram of Fig. 31 shows the turbine efficiency 

curve established as for Fig. 9; the slope of this curve at its upper end corresponds to j = 1.11. 

Neglecting first the effect of efficiency change, we have computed for Example 18: Ty = 0.223 see 

at full load. To compute the time of promptness for YO per cent load with the same governor adjust- 

ment, we shall reduce the aforesaid value: (1) in the proportion 50/100, the piston stroke for the new 

at . F F d : 1.3 
steady conditions being 50 per cent, (2) in the proportion of the values of the coefficient AK = 3 

depending upon the slope of the output curve. 

50 1.3 : 
T, = 0.223 X i00 x Teg 0.0482 sec 
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To compute the mechanical inertia parameter 7, we shall increase the former value 7 = 8 sec in 

the proportion 100/70 of the loads: 

T = 8190¢5 = 11.4 sec 

To compute the hydraulic inertia parameter 0, we shall modify the former value © = 0.688 sec 

(1) in the proportion 70/100 of the loads, (2) in the proportion 100/104 of the efficiencies (see Vig. 29) , 

© = 0.688 XK 7900 X 19% 04 = 0.462 sec 

In the same way, 

p=4X T%o00 XK 19% 04 = 2.7 

According to Fig. 25, the value of the coefficient K of the criterion of stability 

T,T > K(32@)? 
is equal to K = 1.66 X 1.01 = 1.68. As 

0.0482 & 11.4 < 1.68 x 3$¢(0.462)? 
0.55 < 0.805 

The criterion of stability is not satisfied owing to the greater value of the slope of the output curve 

(k = 1.3 instead of k = 3) and the time of promptness should be increased. 

Now taking account of the effect of efficiency change, we have computed for Example 18: T, = 0.38 

sec at full load, so that the time of promptness for 70 per cent load, with the same governor adjustment, 

is equal to 

50 ie 

a3? Tz = 0.38 X 7595 X 0.0825 sec 

According to Fig. 25 (Kp-2.7: Kp-10 = 1.01) and Fig. 26 (j = 1.11; p = 2.7; Kjo1.11: Kj-1 = 0.8) the value 

of the coefficient K of the criterion of stability is equal to 

K = 1.66 X 1.01 X 0.8 = 1.34 

As 0.0825 X 11.4 > 1.34(320.462)2 

0.94 > 0.645 

The criterion of stability is satisfied, owing to the effect of the efficiency change (j = 1.11 instead of 

j = 0.77) and in spite of the greater value of the slope of the output curve (k = 1.3 instead of k = 8). 

Example 21: Check the stability of governing for the conditions of Example 18, but with the fol- 

lowing modifications: (1) The length of the penstock is increased to L = 2,000 ft. (2) In order to 

reduce the head losses, in spite of this penstock length, the velocity is reduced to Vo = 11.1 fps. (3) The 

penstock being of metallic construction, the velocity of the water-hammer waves is equal to a = 2,960 

fps. (4) To correspond to the most economical construction, the inertia of the rotor of the generator 

is reduced to WR? = 36.5 X 108 pfs. 

Consequently, 

p = 1.55 © = 2.1 sec T = 5.5 sec 

According to Fig. 25 (Kp-1.s5: Kp-10 = 1.05) and Fig. 26 (Kj-0.77: Kj-1 = 1.7): 

T,T = 1.66 X 1.05 X 1.7(3¢6e)2 

IK <a SE ME 783 2 
—, 9 

Eo 5.5 2 2.1) 
T, = 5.4 sect 

+ We may also compute by trial for p = 1.55 and j = 0.77: 

30 s 
aes -pVe—1 s = 0.92 r = 0.098 Ne = 1.27 

27-37 

s2 

= aN spe = 7615 SAME = 9) = 2 L5G = ey xv 0 sec K 2.98 

K f3 3 ; 
Dore Ngai ?\o 8 = 5.4 sec time of promptness 

3 s : 
mor Tad = gO ean = 6.1 sec acceleration constant or time of dashpot rigidity 

eo aD! 
kd’ = Ta = 89 per cent transient speed droop 

Notice the high value of the transient speed droop, which would cause prohibitively large frequency 
deviations. 
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Adding a margin of 8 per cent in order to damp the oscillations with a logarithmic decrement of 

5x = 0.69, 

To = 5.85 sec 

This means that, in the presence of a frequency deviation of +0.1 cycle/sec (0.166 per cent of 

60 cycles/sec), the governor will be able to decrease or to increase the turbine output at the rate of 

0.166 

5.85 

This governing rapidity (promptness) is quite unfavorable. For a large hydroelectric unit of 

91.500 hp, the poor regulation capacity corresponding to an output change of only 26 hp/see is not 

practically acceptable, except when the unit is not required to accomplish frequency control. For 

this purpose its action must be much quicker, considering the rate of change of load demand on the 

distribution system. 

This calculation was made neglecting the effect of speed change upon the difference between resisting 

and driving couples a = 0. Let us now assume that the load is essentially ohmic and that the voltage 

regulation is accomplished according to the following law: 

= 0.0284 per cent in 1 sec or 26 hp in 1 sec. 

u (voltage change in per cent) 

w (frequency change in per cent) 

A C. 
that is, Lb a=] ay = +1 

w w 

Moreover taking account of the specific speed of the turbine, 

aq = —1, so that a= +2 

a : cS) Dal 
We can then read on the diagram Fig. 27, for a ih 2 mis 0.765: 

Kar: Kao = 0.31 

Consequently, the approximate value of the time of promptness is equal to 

Ig. = 5:85 OrSsite— 4-81 see 

In the presence of a frequency deviation of +0.1 cycle/sec, the rate of change of the turbine output 

becomes 0.0925 per cent in 1 sec, or 84 hp in 1 sec. 

The effect of the speed change upon the difference between resisting and driving couples allows an 

increase in the governing rapidity to a higher value which may be acceptable in this particular case. 

The actual rate of change of the consumer’s load is the essential basis for judgment. 

Governing Stability of Two (or Several) Generating Units. As the final topic in 

our abridged summary of the essentials of governing stability, we shall consider the 

case of two generating units coupled in parallel, so that their relative speed changes 

w are necessarily the same. We shall try to discuss, at least approximately, the crite- 

rion of stability which is to be satisfied in order to prevent the gate opening changes of 

both units to oscillate in phase, in the undamped condition. For this purpose we 

shall select the speed-acceleration responsive type of governor, although the method 

of attack applies equally well to all types. The following method can easily be 

extended to the case of several generating units. 

Using the subscript 1 for the terms corresponding to the first unit and subscript 2 

for the terms corresponding to the second, we may write their respective equations (16) 

of governor movement as follows: 

dpo = 1 da 
Segoe ( w + m a) (58) 

dpor — 1 dw 

sina ey ( ae a) oY) 
We notice here that, if the tetal power output at the steady-state condition is 

Po = Pu + Po 
with Po = khibo Pox = hsPo ki + ke = 1 



29-52 SPEED REGULATION AND GOVERNING STABILITY 

the relative value py (in regard to the total power output Po) of the total output change, 

due to the governor movements (neglecting water-hammer and speed change effects 

upon driving and resisting couples) of both units, is equal to 

a (On es) 
Lee Pacers 

NT IP Po IPs ma Poe 

oad ee 
= kipou == kepoe (60) 

Considering only the speed change effect upon the governor movements, we may 

then write: 

dpo = ky dpoi an ke dpo2 

dt dt dt 
ki ks 

i eR pe ears 
1 ora 1 T° (61) 

in which 7’, is the resulting time of promptness of response of both governors acting 

in concert. It can be calculated by the following formula deduced from the above 

equations: 

(62) 

The flywheel equations (34) of both units, considered independently one from the 

other, may be written (neglecting the speed change effect upon the couples): 

dw = dpor 

Gi ~ 7, (wn — 6G) et 
da = 1 dpo2 

Tome: (spe ea ) cD 

‘ : j — 3r Ur. : ? ; 
in which (1) w = ; in (dimensionless) measures the importance of the relative 

power output change component in phase with the gate opening change. The value 

of w depends upon the first component of the water hammer, characterized by the 

coefficient r, and upon the rate of change of the turbine efficiency, characterized by the 

3s 

23 
the relative power output change component, in quadrature with the gate opening 

change. The value of / depends upon the second component of the water hammer, 

characterized by the coefficient s, upon the hydraulic inertia parameter 0, and also 

upon the rate of change of turbine efficiency, characterized by the coefficient j. 

We have already shown that the criterion of stability of each unit separately 

considered, is 

coefficient 7; (2) 1 = = © (having the dimension of time) measures the importance of 

ly? 1,2 
Loli, pil’ SS (39) 

Wy, U Do 

But when both units are coupled together, the flywheel equation must be written 

d 1 ai = (kPa + Rape) (65) 

in which 7 is the resulting value of the inertia parameter, which characterizes the effect 

of the rotating masses of both units. In order to calculate this resulting value 7, we 
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shall for the time being neglect the water-hammer effect and return to the defining 
formula of the inertia parameter, given when establishing Eq. (7): 

1 (WR?) No1? = (WR?) 2N 022 T= 

16:2 5410" Po + Poo 
a 1 (WR?) Nox? Es (W R2) oN 2? 

16.2 X 105 Po Poa 

ky ke 

T =k1T, + ke (66) 

Now taking account of the water-hammer effect, the flywheel equation (65) 
becomes 

d k dj k; 5 
a = fa (wip — 1; ee) se i (wpe Sb ep) (67) 

Combining Eqs. (58), (59), and (67) and operating as explained for Case II, page 

735, we arrive at the following criterion of stability: 

ae st ky Ls? 50 

De TT aie T2T we (68) 

al 7 7 ry li? 7 lp? 
eon onl > T g2ky Di -f- T ike ae (69) 

Gal 7 l az m l 2 ca 

ToT g2kiTi + TT g2k2T 2 > T yok, <A a Toke (70) 

1 2 

i T' 1? . Me 12? or DEES STs ear + ke oy 

This criterion of stability (70) of both units coupled together will be surely satisfied 

if 

7 7 ly? mony ne 
Mion dhcy SGlo = T 2k, — or Nal ia 

Wi Wi 

12 1,2 

and T 27 gikeT 2 = T ike — or To2T'2 SS 
We W2 

that is, if the individual criteria of stability of the two units separately considered are 

both satisfied. 

On the contrary, the criterion of stability (70) of both units coupled together will 

certainly never be satisfied, if the individual criteria of stability of the two units 

separately considered are both unsatisfied. 

In summary, if the individual criterion of stability of one unit (unit No. 1) separately 

considered is not satisfied, the criterion of stability (70) of both units coupled together 

may, however, be satisfied, when the individual criterion of stability of the other unit 
2 

(unit No. 2) separately considered is substantially satisfied: 7727’, > BS This is 
9 

We 

especially the case when the instability of the first unit is not too pronounced (7417 
2 

not very much smaller than _ and when its contribution to the total power output is 
1 

not too great (k; not too large). 

From further detailed study we may finally reach three very important generaliza- 

tions, concerning the governing stability of several units operating in parallel: 

1. If the governing of each of the units is individually stable, the governing of all of them operating 

in parallel (their governors acting then in concert) will certainly be also stable. 

2. If the governing of each of the units is individually unstable, the governing of all of them oper- 

ating in parallel will certainly be also unstable. 
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3. If the governing of an important fraction of units operating in parallel (above all when this 

fraction corresponds to the major part of the total power output) presents a liberal margin of stability, 

coupling to them one or several units which are individually unstable may not disturb the governing 

stability of the whole. This is especially the case when the instability of these last units is not too 

pronounced and when their contribution to the total power output is not too great. 

Example 22: Let us first consider a hydroelectric unit No. 1 and its speed-acceleration responsive 

governor (without primary compensation), the whole corresponding to the following characteristics: 

The Allievi dimensionless: parameter... 0.04» samen pice Ra oe nels amine een pi = 10 

The hydraulic inertia parameter having the dimension of time.................+. @: = 1 sec 

: : : 8 
The period of the free oscillations of the water-hammer waves, JT’ = 2u = 2—.. T;' = 0.2 sec 

p 

The characteristic time of promptness of governor response..............+00000 Ty: = 0.72 sec 

The mechanical inertia parameter having the dimension of time................-. Ti = 6 sec 

Dheiacceleration:constant olethereovernonss.seae ence seiciiee ter cise ter oteceeteiens mi = 2.93 sec 

We shall assume that j = 1 (no efficiency change) and a = 0 (no speed change effect upon the 

difference between the couples). In order to solve lq. (37), we shall also assume for the period of the 

governor oscillations: 

Ti” = 7.18 sect 

that is, xi = 359 

We may then compute: 

For the water-hammer coefficients 7 and s: 

ry = O1162 si = 0.838 

For the coefficient w and the time 1: 

wi = 1 — 3ri = 0.514 1, = 34s8:01 = 1.257 sec 

For the factors C; and C2 of Eq. (37): 

Wi wr 

SEE a eLie mil Oaee 
Tati 

wi 1 
Ca Titi, mali 0.803 

SB a 

For the period of the governor oscillations T’’: 

4 
Se — — = 7.18 sec 

V/4Cn — C112 

This result confirms the above-mentioned values (T1’ = 7.18 sec, x1 = 35.9) which can be now 
accepted as rigorously correct. 

For the logarithmic decrement of governor oscillations, 6x1: 

dx SY 
V/40n — C2 

Consequently the governing of unit No. 1, independently considered, affords a liberal margin of 
stability. 

Let us then consider a second unit No. 2, with the following characteristics: p2 = 1.5; O62 = 1.5 sec; 
Tx’ = 2 sec; Ty2 = 1.18 sec; T2 = 7.5 sec; and m2 = 3.54 sec. 

In a similar way, we can compute on the basis of 

Es —leoorsec: x2 = 5.78 

re = 0.148 so = 0.876 

w2 = 0.556 lz = 1.97 sec 

Cr =0 Co2 = 0.294 
from which we confirm 

T2’ = 11.58 sec 

and calculate 

dx2 = 0 

{ This value is to be chosen and then verified by further calculation (successive approximations). 
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The governing of unit No. 2 is consequently just on the brink of instability. 
Let us now put both units in parallel, assuming that No. 1 produces 75 per cent (ki = 0.75) of the 

total power output and No. 2 produce 25 per cent (k2 = 0.25), so that the resulting value of the mechani- 
cal inertia parameter reaches: 

T = (0.75 X 6) + (0.25 X 7.5) = 6.375 sec 

In order to solve Eq. (37), we shall assume for the time being, for the oscillations in phase of both 
governors, the period: 

T” = 8.16 sec; that is to say, x1 = 40.8; 

We can then compute: 

ri = 0.130 si = 0.869 re = 0.272 s2 = 0.770 

wi = 0.610 ty 

kiwi (m -4) i kowe - +) 

Gintes T9171 : Wi T2T 2 ee ws 

ll = w j=) w g 3 
| S an lo) nse ~ 2 | _ ~I Ww Oo 

1 kimili _ mole Se 

Tali “ T92T2 

kiwi kowe 

ee Tals T92T2 0.620 

1 i mili 4 male 

Tal, ~ To2T 2 

ij pee 8.13 sec 
V4C2 — CP 

This result is sufficient confirmation of the above-mentioned value (T’” = 8.16 sec) and we can now 

accept as rigorously correct 7’’ & 8.15 sec. 

bx = WTC: = 1.01 

Conclusion. The governing of both units coupled together is stable. The period of the oscilla- 

tions T’’ = 8.15 sec is greater than the period 71’’ = 7.18 sec of unit No. 1, independently considered, 

but smaller than the period T2’’ = 11.58 sec of unit No. 2, independently considered. Whereas the 

governing of unit No. 2 is just on the brink of instability, d5«2 = 0, and thanks to the margin afforded 

by the governing of unit No. 1, 6*: = 1.38, the logarithmic decrement of the governor oscillations, 

when both units operate in parallel, reaches 6* = 1.01, that is to say, the amplitude is 2.75 (e101 = 2.75) 

times smaller. 
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SECTION 30 

FLOOD CONTROL 

By James H. Srrarron, A. L. Cocuran, AND WENDELL E, JoHNSON 

FLOOD PROBLEMS 

1. Introduction. <A “flood” is any abnormally high water stage or flow over land, 

in a stream, floodway, lake, or coastal area, that results in significant detrimental 

effects. The term “flood control’? embraces all measures intended to reduce or 

eliminate detrimental flood effects. 

Flood problems are diverse in nature. Rapid runoff results in erosion of lands and 

contributes to sediment-deposition problems downstream. Floods inundate property 

and endanger lives. High-velocity currents accentuate damaging effects, and pro- 

longed high flood stages delay rail and highway traffic and interfere with efficient 

drainage and economic use of lands for agricultural and urban purposes. Floods 

damage drainage channels, bridge abutments, bank lines, sewer outfalls, and other 

structures within floodways, and interfere with navigation and hydroelectric power 

generation. Figure 1 illustrates the intense industrial development which is attracted 

by a major navigable waterway. Flood risks inhibit optimum utilization of floodplain 

areas. Economic losses associated with these combined effects average billions of 

dollars annually. Flood control is, and promises to remain, one of the major require- 

ments of comprehensive water-resources developments. It can be achieved by a 

Fia. 1. Downstream view, Mississippi River, New Orleans Harbor. 

30-1 
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variety of structures and measures. Knowledge of the capabilities, limitations, and 

relative advantages of each such measure singly and in combination is necessary for 

optimum plans. 

2. Zoning Regulations and Building Codes. Systematically controlled use of 

floodplains constitutes one means of limiting flood damages. Zoning plans should 

include specific provisions for preserving adequate rights of way for future drainage 

channels, including vertical and horizontal clearances that would be needed when 

economic development ultimately warrants construction of flood-control improve- 

ments. In addition, appropriate limitations should be included regarding types of 

development permissible in restricted areas, and construction criteria for features such 

as minimum floor levels, basements, and drainage facilities. Zoning regulations and 

building codes should be carefully designed to accomplish proper flood-control objec- 

tives within limits imposed by economics and other considerations, without retarding 

optimum development of valuable floodplain areas.!:* 

3. Reduction of Flood Runoff. Land-treatment measures, including use of 
vegetative covers, terracing and contour plowing, the construction of numerous small 

ponds, and erosion-control structures, serve to reduce the quantity and rate of runoff. 

The effects are limited by the rate and quantity of precipitation that can be absorbed 

by the ground. The reduction of land erosion is an important benefit. Measures 

that are effective in reducing runoff from land areas during floods usually act also to 

reduce streamflow during critical low-flow periods. 

4. Reservoirs. Reservoirs range in size from small temporary ponding areas to 

basins capable of storing more than 30 million acre-ft of water. Their function is to 

store water during periods of excess runoff and to release it at nondamaging rates. 

Flood-control reservoirs may be constructed on main streams or tributaries, or located 

to provide ‘‘off-channel’’ storage of floodwaters diverted from the main stream by 

diversion control structures. Storage space for flood control may be provided in 

reservoirs designed primarily for these purposes, or incorporated in ‘“‘multiple-purpose”’ 

reservoirs that serve other purposes also (see Sec. 4). 

5. Channel Improvements. Increasing a stream’s conveyance capacity by widen- 

ing, deepening, straightening, removing obstructions to flow, and otherwise improving 

the hydraulic capacity may effectively reduce overbank flooding in local areas. 

Channel-stabilization works are used to reduce flood damages resulting from the 

erosion of banks. Channel improvements have application to both urban and 

agricultural areas. In most large river basins, reservoirs, levees, and other measures 

supplementing such channel improvements may be required to obtain the degree of 

protection desired and economically justified. Channel improvements serve to 

accelerate flows in the channel reaches involved, with resulting increase in the dis- 

charge peaks downstream, which in turn may require remedial measures in the 

downstream reaches. 

6. Levees and Floodwalls. Barriers generally parallel to the stream course in the 

form of levees, floodwalls, or highway or railroad embankments are widely used for the 

protection of floodplains associated with a particular stream. Usually the levees or 

embankments either tie into high ground at both ends or completely encircle the area 

to be protected. Figure 2 shows a Mississippi River levee designed to protect agri- 

cultural development. Interior drainage problems thus created require gated struc- 

tures in the barrier structures to permit water to drain from the protected area during 

nonflood periods, and either pumping installations or temporary ponding areas to limit 

adverse effects when drainage by gravity is prevented by flood stages in the main 

stream.? 

In some circumstances, the downstream end of a levee is terminated without tying 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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Fic. 2. Mississippi River levee which provides protection for agricultural development. 

into high ground in order to permit gravity drainage of the interior area without 

structures through the levee embankment. These levees serve primarily to divert 

high-velocity flows from the protected areas, thereby reducing erosion and dynamic 

effects on structures and preventing the deposition of sand and debris on the protected 

lands as floods recede. Under such an arrangement some or all of the lands may be 

subject to inundation from the downstream open end; however, stages would be lower 

than would otherwise be the case. Both closed and open-end levees have been used 

along the Mississippi River and major tributaries. The degree of protection afforded 

by levees relates to their heights in relation to flood-crest elevations and to their 

stability under flood conditions, and may vary from very low to complete protection, 

depending upon the objectives, economic factors, and the physical conditions in the 

project areas considered in their design. 

7. Emergency Floodways. ‘The flood-carrying capacity of a stream sometimes 

can be increased by providing auxiliary floodways for use during unusually large and 

relatively infrequent flood events. Examples are Old River diversion (Fig. 3) and the 

Morganza spillway (Fig. 4) designed to divert up to 1,220,000 cfs from the main stem 

of the Mississippi River into the Atchafalaya floodway during extreme floods. The 

Bonnet Carre spillway (Fig. 5) on the Mississippi River will divert up to 250,000 cfs 

flow into Lake Pontchartrain, leaving only 1,250,000 efs for the Mississippi River 

channel to convey through the New Orleans reach of the Mississippi River during the 

project design flood. The locations of these structures are shown by Figs. 6 and 7. 
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Fre. 3. Old River control structures. 

The lands within emergency floodways are generally susceptible of use for agricultural 

purposes and other purposes during flood-free periods. Flowage rights, or other 

suitable arrangements to permit use of these floodways when needed, are essential in 

an effective flood-control plan involving diversion. 

8. Spreading Grounds. Flood flows are sometimes diverted into large flat land 

areas that are capable of absorbing water at relatively high rates. Such measures are 

used extensively in the central valley of California. ‘‘Spreading grounds”’ serve to 

reduce downstream flood peaks and replenish ‘underground reservoirs’ which provide 

water by pumping for irrigation purposes or other water-supply uses. Similar arrange- 

ments are used to raise groundwater levels along coastal areas for general water-supply 

purposes and to suppress salinity intrusion from the sea. 

Fic. 4. The Morganza control structure. 
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Fic. 5. Bonnet Carre spillway. 

9. Pumping Facilities. The control of floods in very flat lands and areas near or 

below sea level requires pumping stations to discharge excess runoff from within 

barrier-protected regions. A striking example is that of the Netherlands, where large 

areas of valuable agricultural lands were reclaimed from the sea. In central and 

southern Florida, large areas of agricultural lands are substantially protected against 

flooding from rainfall by a system of canals and pumping stations. Interior drainage 

systems associated with leveed areas of urban centers usually include pumping 

facilities. 

CHARACTER OF FLOOD-CONTROL BENEFITS 

10. Classification. The elimination or reduction of any adverse effect of floods 

constitutes a ‘“‘benefit.’? Those which can be readily estimated in terms of average 

monetary values are commonly referred to as ‘‘tangible’’ benefits, and others not 

susceptible to such form of evaluation are classed as “intangible.”’ 

In general, tangible benefits associated with flood control include the value of 
physical damages prevented, emergency costs avoided, the cost of disaster relief, and 

other financial losses prevented. The creation of conditions conducive to more 

productive use of lands for agricultural, industrial, or domestic purposes results in 

tangible benefits of major importance. In many cases these are commonly expressed 

in terms of “enhancement”’ benefits, but they can also be estimated in terms of poten- 

tial increased earnings. 

Intangible benefits include such items as reductions in hazards to human life and 

health during floods, and the elimination of other detrimental effects of floods that 
cannot be given monetary values. The improvement of aesthetic appearances by 

alleviating flood effects is a significant intangible benefit in certain areas. 

11. Economic Factors. Projects that provide a high degree of security against 

concentrated flood damages can be credited with substantial intangible benefits, aside 
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Fira. 6. Control structures and floodways. 

from the tangible benefits normally associated with prevention of actual flood losses 

during the life of the project. Inasmuch as the costs of a flood-protection project are 

paid out over a long period of years, the charges are borne equitably by successive 

generations of those who benefit, whereas without the project, those occupying the 

area at the time of major floods would be required to bear the concentrated flood losses, 

including probably depressions in real estate values and disruptions in local economy. 

If, for example, the average annual tangible benefits during the life of a project should 

exactly equal the average annual project costs estimated on a comparable basis, the 

project would still afford the advantages inherent in substituting an equitable sharing 

of project costs by many benefactors for concentrated flood damages and attendant 
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hardships otherwise borne by a few. In addition, the assurance of security against 

flood disasters in adequately protected areas creates conditions more favorable for 

development of improved living and community stability. 

The reservation of rights of way to facilitate future improvements of flood-control 

measures ordinarily is not treated as a project benefit in computing benefit-to-cost 

(B/C) ratios for a flood-control project. However, in comparing the overall merits of 

alternative flood-control plans, including possible stage-construction schemes, the 

relative advantages that would be afforded by each plan in reservation or dedication of 

rights of way likely to be needed for future improvements in flood-protection facilities 

should be given appropriate consideration. Projects that are planned and designed to 

facilitate future improvements at minimum costs should be credited with all pertinent 

economic advantages. For example, in planning a channel and levee project intended 

for interim protection of an urban area, the acquisition of sufficient rights-of-way lands 

to facilitate future enlargement of the protection is often economically advantageous 

when considered from a long-range viewpoint, even though initial costs of the interim 

plan would be increased. The economic advantage gained from probable lower land 

costs initially is greatly enhanced by preventing the encroachments of buildings, 

bridges, sewers, water-line, and other utilities on the rights of way required for future 

improvements of the flood protection. 

FORMULATION OF FLOOD-CONTROL PLANS 

12. Elements of Plan. In a perfectly formulated comprehensive basin plan for 

water-resources development, the scale of individual projects and each element 

of multiple-purpose systems would, insofar as practicable, meet all the following 

specifications: 

1. Provide a practicable and economic means of fulfilling prospective needs 

2. Be more efficient in the use, protection, or production of economic resources than 

any other actual or potential means, public or private, of meeting specific objectives 

3. Reflect evaluations of all determinate economic influences, tangible or intan- 
gible, beneficial or detrimental 

4. Provide for a maximum excess of benefits over costs, insofar as these can be 

evaluated in monetary terms with a reasonable degree of reliability 

5. Conform with standards of safety and functional effectiveness consistent with 

anticipated uses and standards of development in areas affected by the projects 

Expenditures of resources for flood-control projects included in public works 

programs must be “justified’’ by the advantages likely to be gained during the life of 

the project involved, usually assumed to be 50 to 100 years in economic studies. A 

project is said to be “economically justified”’ if the estimated B/C ratio exceeds unity, 

assuming that all benefit and cost values have been adequately expressed in monetary 

terms. To conform strictly with the principle of maximization of net benefits, a 

project is scaled to yield the maximum excess of benefits over cost, and the ‘optimum’? 

B/C ratio is related to this determination. A B/C ratio related to the “optimum”’ 

economic justification may be substantially higher than unity, but the degree of 

protection against floods is then usually less than could be provided at greater cost, at a 

B/C closer to unity. The application of the economic-efficiency criterion to the 

benefit-cost relationship for a single project is shown by Fig. 8. 

In estimating B/C ratios referred to above, generally only ‘‘tangible’’ benefits are 

usually included in the benefit equation. However, in situations where ‘‘intangible’’ 

benefits are particularly important, the degree of protection based on the optimum 

B/C ratio is likely to be less than warranted. Such deficiency in the economic evalua- 
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tion can be offset by relating intangible benefits to appraised “‘insurance’’ values to 

obtain monetary allowances for inclusion in B/C estimates. 

13. Forecasts. In project-formulation studies, “forecasts”? of future conditions 

are necessary as a base for evaluating functional adequacy and economic justification 

of flood-control measures. Forecast periods have ranged from 10 to 100 years, the 

longer being favored in the planning of major public works programs. ‘Economic 

base studies,’’ developed for regions with pertinent projections to the future, serve as a 

framework for establishing general program needs and justifications. Supplemental 

information and analyses are required to establish economic justifications associated 

with the planning of specifie projects. 

14. Preproject Conditions. The term “preproject’’ (or “without projects’’) 

identifies conditions that would prevail at any specified time if the projects under 

consideration were not constructed. Hence ‘‘preproject’’ conditions constitute the 

reference base for comparing potential benefits of new projects. In project-formula- 

tion studies, the term “‘preproject’’? normally applies to future conditions during the 

period selected for benefit analyses. Inasmuch as conditions in a drainage basin are 
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likely to be changed by influences other than the particular project under investiga- 

tion, ‘‘preproject’’ conditions usually are not the same as “natural” or “present” 

conditions. 
Comparisons of many alternative plans of water-resources development, including 

various flood-control measures, are required to assure formulation of the best com- 

prehensive plan for a region. Modern concepts of systems analyses and electronic 

computer techniques have many applications in these studies. 

RELATION OF DEGREE OF PROTECTION TO DESIGN FLOOD CRITERIA 

15. Degree of Protection. The “degree of protection’ afforded by a particular 

flood-control project represents the extent to which the ultimate objective of complete 

elimination of all detrimental flood effects within the influence limits of the project is 

attained. 
Complete elimination of adverse flood effects is seldom feasible or economically 

justified. Hence, engineering and economic analyses are required to determine the 

‘degree’ of protection appropriate under specific circumstances. Results of the 

studies are commonly reflected in the selection of definite “design-flood”’ criteria to 

serve as a basis for functional design of a particular project or combination of projects. 

Design floods selected to conform with specific project objectives may correspond 

to the probable maximum flood (PMF), the standard project flood (SPF), a major 

flood of record, or any other actual or hypothetical flood event. Design-flood char- 

acteristics considered in actual design of a project may be the peak discharge, volume 
of runoff, critical velocity, flood duration above a controlling stage, or any combination 

of characteristics that significantly affect the design. 

16. Probable Maximum Flood. The term ‘“‘probable maximum flood”’ refers to 

the hypothetical flood hydrograph that would result from the most critical combina- 

tion of precipitation, ground wetness, and other runoff factors considered ‘‘reasonably 

possible’ in a particular drainage basin. Because of the high costs usually involved 
in protecting against the probable maximum flood and its extremely small chance of 

occurrence, its applications are normally limited to design of spillways for high dams, 

sudden failure of which would result in extraordinary hazards to human life or dis- 

astrous property damages. 

17. Standard Project Flood. ‘The standard-project-flood hydrograph represents 

runoff from the most severe combination of precipitation and snowmelt (if pertinent) 

that is considered reasonably “‘characteristic’”’ of the drainage basin under study, based 

on hydrometeorological analyses applicable to the general region. A relatively small 

number of maximum floods of record in the United States have exceeded standard- 

project-flood estimates prepared by the U.S. Army Corps of Engineers. In a large 

number of studies pertaining to drainage basins less than 5,000 sq miles in size, esti- 

mates of standard-project-flood hydrograph peaks and runoff volumes have equaled 

40 to 60 percent of probable-maximum-flood hydrographs for corresponding basins, or 

an average of about 50 percent. These comparisons show that floods equal to 

standard-project-flood estimates are very infrequent at any one location but are well 

within the flood-producing capabilities of storms of record in the general vicinity of a 

particular study area. 

18. Design Flood. Design-flood hydrographs corresponding to relatively frequent 

events are usually expressed in “probability”? terms, Several forms of expressions 

have virtually equivalent meanings. For example, the “1 percent chance’’ flood may 

also be referred to in terms of an average recurrence interval of 100 years. Similarly, 

references to a “10-year frequency” or “100-year frequency”’ flood event have the same 

meaning as average recurrence intervals of 10 and 100 years, respectively. 
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Identification of the degree of protection afforded by a particular project in terms 

of average frequency of the design flood (or its percent chance of occurrence) is 

appropriate only within reasonable limits of accuracy in flood-probability estimates. 

The reliability of flood-frequency estimates is limited by the length and quality of 

hydrologic records available for the project drainage basin, representativeness of such 

records with respect to long-period characteristics, probability of future changes in 

factors influencing flood characteristics, adequacy of analytical methods used, and 

other considerations. Experience and analyses have shown that estimates of flood- 

discharge values corresponding to events as rare as a 1 percent chance of occurrence 

are usually subject to a relatively large margin of error, and that extrapolations to 

events substantially less frequent are of questionable value in selecting design-flood 

criteria for a particular project. When an unusually high degree of security is required 

in the design of a flood-protection project, consideration should be given to potential 

floods of “standard project flood” or ‘‘probable maximum flood’’ magnitude, to 

supplement flood-frequency estimates based on statistical analyses of recorded events. 

Flood-frequency estimates referred to above are intended to reflect long-term 

average probabilities but are not likely to reflect accurately the distribution and 

relative magnitudes of events that may actually occur within, say, the next 100 years, 

particularly with respect to the flood events of large magnitude and infrequent average 
occurrence. 

DESIGN-FLOOD CRITERIA RELATED TO VARIOUS TYPES OF PROJECTS 

19. Relative Merits of Alternatives. Each type of flood-control measure has 

advantages and disadvantages that must be taken into account in formulating flood- 

control plans and in selecting design-flood criteria. The functional characteristics of 

each type of measure under normal operating conditions, and the magnitude of 

residual damages and hazards likely to occur when design-flood capacities are exceeded, 

require special consideration in choosing between competitive measures and the proper 

scale of development with each type. For example, a channel improvement that 

affords full protection against floods of 10-year frequency and substantial reductions in 

effects of larger events may be preferable under some circumstances to a levee affording 

full protection against, say a 25-year frequency flood, if overtopping of the levee would 

cause severe residual damages or hazards to life. A comparison of B/C ratios would 

not afford a conclusive basis for choosing either the type of project or design-flood 

criteria. In the following paragraphs, principles pertaining to the selection of design- 

flood criteria are discussed and illustrated by reference to applications in actual 

practice. 

Design-flood criteria for a particular flood-control measure may be based on 

“economic-probability”’ analyses or on a functional “standard of performance.” 

20. Economic-probability Benefit-Cost Basis of Selecting Design-flood Criteria. 

Under this procedure tangible benefits and related project costs, expressed as annual 

monetary values averaged over the assumed life of the project, are computed for 

several alternative degrees of protection. Results are plotted graphically to facilitate 

comparisons and interpolations (Fig. 8). Design-flood criteria are then selected to 

correspond to some acceptable B/C ratio, which may be the “optimum” or any B/C 

ratio deemed appropriate under individual circumstances. 

In principle, a flood-control project that assures the highest excess of tangible 

benefits over costs affords the “optimum”’’ degree of protection from an economic 

viewpoint. This basic principle affords a useful guide in selecting design-flood criteria 

for projects, provided limitations in the accuracy of computational methods are 

recognized and adequate adjustments are included in design criteria finally adopted to 

assure that potential intangible benefits are also guaranteed to an appropriate degree. 
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The reliability of B/C estimates is influenced by many factors, such as 

1. Technical training and experience of staffs responsible for the estimates, and 

thoroughness of studies 
2. Policies and procedures applied in preparing estimates 

3. Accuracy of forecasts of economic development and floodplain use 

4, Accuracy of forecasts of watershed and floodway characteristics affecting 

future runoff 
5. Accuracy and stability of stage-discharge rating curves 

6. Areal extent of overflow vs. flood discharge 

7. Accuracy of monetary-damage estimates vs. flood discharges 

8. Reliability of flood-frequency estimates based on available data 

9. Probable deviations of flood occurrence from most probable relations during 

assumed 100-year project life 

10. Possibility of extraordinary floods (e.g., exceeding 1 percent chance event) 

during assumed 100-year project life 

11. Efficiency of project operations under normal conditions and effectiveness of 

emergency operations during future floods 

12. Adequacy of project cost estimates 

Substantial errors in any of the component estimates listed above would be reflected 

in design-flood criteria selected under the economic-probability procedure to govern 

the “scale of project development,’’ inasmuch as the criteria are correlated directly 

with the estimated B/C ratio. 

The economic-probability (B/C) method, if properly applied, affords a rational 

basis for selecting design-flood criteria for flood-control measures that have as a 

primary objective the reduction of detrimental effects associated with relatively 

frequent minor or moderate floods, and where a high degree of security against effects 

of major floods is not a requirement. Inasmuch as the method usually does not 

include monetary allowances for intangible benefits, its application is most appropriate 

when potential intangible values are relatively small. If monetary allowances in the 

form of “insurance’’ values are included in benefit computations to account for certain 

intangibles, somewhat higher B/C ratios and correspondingly higher degree of pro- 

tection could be obtained by the method. 

When the economic-probability method is applied to flood-control projects 

required to provide a high degree of protection against infrequent major floods, design- 

flood criteria based on B/C estimates must be adjusted upward to assure a reasonable 

margin of functional safety, particularly when failure of the protection would result in 

hazards to life and risks of unusually severe property damage. Average annual 

tangible benefit estimates used in computing B/C ratios are based on long-term flood- 

probability relations and do not account for abnormal flood sequences within the life 

of the project or for full damages that would be associated with floods greater than the 

1 percent chance event. Supplemental studies involving application of “performance 

standards”’ afford one basis for determining the extent of the adjustments needed in 

design-flood criteria derived from economic-probability analyses. 

21. Performance-standards Basis of Selecting Design-flood Criteria. Under this 

procedure, design-flood criteria are related to general “performance standards” that 

are deemed appropriate to meet specified primary objectives of a project. The 

standards are usually expressed in terms of the magnitude of flood against which 

protection is afforded by the project, and may correspond to any degree of protection 

applicable under specific circumstances. 

The standard project flood corresponds to a high degree of protection that should 
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be equaled, or approached as nearly as practicable, in the design of flood-control 

projects in which the reduction in hazards to life and prevention of disastrous property 

damages are major objectives. In unusual circumstances, performance standards 

higher than the standard project flood are warranted by protection needs and economic 

considerations. In others, full protection against the standard project flood may be 

precluded by rights-of-way limitations, prohibitive costs, problems of financing, or 

other constraints, notwithstanding the need for full protection. 

Performance standards corresponding to major floods of record have been adopted 

as a basis for planning and design of flood-control projects or systems of projects. 

Practical advantages of this approach in some cases lie in the availability of actual 

flood records and related data for use in analyses, and the better understanding that 

the public has of the impact and significance of an actual flood. Adjustments in flood 

records are usually necessary to develop criteria that are representative of comparable 

flood potentialities in various parts of a basin, and to account for probable future 

changes in factors affecting runoff. The relative magnitude of the flood of record, in 

comparison with the standard project flood or some appropriate probability relation, 

must be determined at representative locations in the drainage basin in order to 

evaluate the general degree of protection represented. 

A performance standard may be related to some generalized flood-probability 

value. For example, grades for 12 levee units along the Mississippi River between 

St. Louis and Cape Girardeau, Missouri, were designed originally to protect 225,000 

acres of agricultural lands and improvements against a 50-year-frequency flood. 

Performance standards are widely used in the design of drainage projects to afford 

protection against relatively frequent rainfall-runoff events. For example, design 

capacities of storm drains for urban communities and interior drainage facilities 

associated with leveed areas are usually based on runoff frequency relations, without 

detailed B/C computations.? 

The “performance-standards’’ method provides the most reliable basis for estab- 

lishing safe design-flood criteria for a project required to assure a high degree of 

protection against major floods. Under this method, the degree of protection afforded 

by the project is judged by comparison of the design-flood criteria with the magni- 

tude of floods considered reasonably characteristic of the particular drainage basin. 

Although the evaluations of major flood characteristics of a basin are complex, such 

analyses do not involve the many additional uncertainties associated with economic 
forecasts and benefit-cost estimates used in selecting design-flood criteria under the 

economic-probability method. Supplemental studies involving flood probability and 

economic analyses are required to estimate tangible benefits likely to be obtained from 

the proposed project; these may influence selection of a performance standard but 

would not constitute the primary criteria. Final judgment regarding justification of a 

project based on performance standards rests on consideration of probable tangible 

and intangible benefits, giving due consideration to the importance of assuring a high 

degree of security against floods of extraordinary magnitude. 

22. Criteria for Major Drainage Improvements. The term ‘‘major drainage’ is 

commonly used to identify improvements in principal drainage channels designed 

primarily to prevent overflow of lands during relatively minor floods and accelerate 

removal of overbank storage accumulated during larger floods. Large canals and 

pumping stations are involved in some projects. Features of major drainage projects 

do not include “‘on-the-farm’”’ drainage facilities normally considered to be the respon- 

sibility of individual farmers. The depth of inundation during floods of intermediate 

or large magnitude may not be significantly reduced by major drainage improvements, 

but the duration of flooding is shortened. 

The selection of design-flood criteria for major drainage improvements can be based 
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on economic-probability analyses, with the purpose of establishing the optimum ratio 

of benefits to cost. However, because of the complications involved in rational 

analyses, criteria for such projects are usually based on empirical formulas or per- 

formance standards derived from experience in the region. These criteria establish 

the rate of drainage in inches of runoff per day or equivalent average flow rates. 

Information regarding drainage criteria applicable to various classes of agricultural 

lands is available from the U.S. Department of Agriculture and from state agencies 

in many areas. 

The Central and Southern Florida Flood Control and Drainage Project includes 

major drainage facilities of unusual scope. An elaborate network of large canals 

serves as primary outlets for drainage of more than 1,000,000 acres of highly productive 

agricultural lands during floods, and for distribution of irrigation waters from Lake 

Okeechobee when needed. Several large pumping stations at terminal ends of the 

canals regulate water levels as required. The canals and pumping stations are 

designed to remove 0.75 in. of runoff per day from the agricultural area. The design- 

flood value was selected on the performance-standard principle.* 

23. Criteria for Channel Improvements. Design-flood criteria for channel 

improvements may correspond to low, medium, or high degrees of protection, depend- 

ing upon the character and objectives of the particular project. Elementary flood- 

control measures often involve the removal of miscellaneous obstructions from stream 

channels and overbank areas, such as dumped materials, old logs, snags, and excessive 

vegetation; minor improvements in alignment and reshaping of channels; moderate 

streamlining of existing bridge piers; and modifications of pipelines and sewer crossings 

to reduce interference with flows. In many instances, these improvements are accom- 

plished without establishing specific design-flood criteria, the objective being simply 

to remove obvious obstructions to flow, improve general appearances, and correct local 

erosion problems. However, when these improvements assume substantial pro- 

portions, it is common practice to select design-flood criteria corresponding to some 

relatively low performance standard, such as a 2- to 5-year-frequency flood, to serve 

as a basis for pertinent hydraulic computations. 

The improvement of channels to pass moderate or major floods often requires 

substantial modifications in utility crossings, bridge pier alterations or complete 

reconstruction of bridges, channel reaignments and enlargements, protection of bank 

lines against erosion, provision of drop structures for side drainage, and possibly 

debris and drop structures to simplify maintenance of the project’s design capacity. 

Economic-probability analyses are particularly useful in selecting design-flood criteria 

for channel-improvement projects required for protection against relatively moderate 

floods. Ifa high degree of protection against extraordinary floods is a project require- 

ment, supplemental studies based on performance standards are needed to verify the 

adequacy of the proposed design capacity. For example, major flood-control chan- 

nels in metropolitan Los Angeles, Calif., are designed to pass the standard project flood 

because of the exceptionally high values of properties protected. Velocities in some 

of these channels range from 20 to 60 fps, requiring extreme care in the hydraulic design 

of lined channels to assure safe performance. 

24. Criteria for Levees Protecting Agricultural Crop and Pasture Lands. In 

selecting design-flood criteria for low-protection levees for agricultural areas, projects 

affording a relatively high B/C ratio based on tangible benefits would be favored in 

planning studies. Economic-probability studies have shown that protection against 

floods of 5- to 15-year frequencies is usually adequate to yield favorable net benefits 

under current farming practices, assuming that land use is confined primarily to annual 

agricultural crops or pastures. 

Future changes in agricultural practices and project construction costs are likely to 
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change the level of protection needed for agricultural crop lands. The economic- 

probability method of selecting design-flood criteria permits rational consideration of 

these probable changes and accordingly is ideally adapted to such project studies. 

25. Criteria for Levees in Large Rural Areas. Design-flood criteria for levees 

protecting large rural areas that include agricultural lands, farm improvements and 

buildings, residential facilities, roads, railroads, utilities, and other developments must 

be of a higher standard than those for agricultural lands only. Economic-probability 

analyses, including forecasts of economic trends and future developments within the 

protected area, are needed to estimate tangible benefits likely to be gained with various 

degrees of flood protection. Final selections of design-flood criteria are usually based 

on performance standards that represent the degree of protection considered appro- 

priate and practicable under circumstances related to specific projects. A performance 

standard appreciably higher than the discharge corresponding to an optimum B/C 

ratio (based on tangible benefits) is required to attain optimum intangible benefits and 

assure safe protection against major floods. 

It is not always practicable to select performance standards adequate to obtain the 

most desirable degree of protection for safety or long-range economic advantages, 

particularly when protection of large rural areas by long lines of levees is involved. 

More limited objectives may be dictated by uncertainties regarding foundation 

conditions, limitations in funds available for financing, and difficulties in obtaining 

local sponsorship. The following examples of levee projects protecting large rural 

areas illustrate a range of conditions. 

The 2,300 miles of main-line levees along the lower Mississippi River below Cairo, 

lll., afford a high degree of protection to more than 15,000,000 acres of land, including 

large rural areas, several urban centers (Fig. 1), and extensive communications facilities 

of great national importance. The plan of protection has been developed in stages 

since 1882, and the degree of protection and safety of levee designs has been increased 

progressively. Comprehensive review studies completed by the Mississippi River 

Commission in 1959! established design-flood criteria comparable with or exceeding 

those of a standard project flood, giving due consideration to the effects of reservoirs 

located in major tributary basins. A large number of alternative combinations of 

flood-producing storms were analyzed in detail in developing these criteria.** The 

project-flood peak discharge varies from 2,360,000 cfs at Cairo to 3,000,000 cfs near the 

latitude of Old River, just below Natchez, Miss., after reductions by reservoirs. 

Design-flood criteria for authorized main-line Missouri River agricultural levees 

involving protection of approximately 1,500,000 acres by 1,500 miles of levees are based 

on a performance standard corresponding to a 100-year-frequency flood with a speci- 

fied system of reservoirs in operation. This standard was selected to assure reasonable 

comparability in the degree of protection afforded generally similar classes of lands and 

developments in 150 separate levee units. This standard was selected after general 

appraisal of probable future protection needs, foundation and rights-of-way problems 

that tend to limit levee safety and costs, preliminary benefit-cost relations for repre- 

sentative areas, and the interdependence of adjacent levee systems from the standpoint 

of safety and general community welfare. The economic justification of individual 

levee units has been confirmed by B/C estimates applicable to individual units and has 

been found to vary appreciably, but not sufficiently to warrant departure from the 

generalized performance standard adopted for the system. 

Levee units protecting a total of 103,000 acres of rural lands downstream from 

Portland, Ore., have grades high enough to pass floods of approximately 50-year 

frequency with existing and currently authorized upstream reservoirs operating. 

Consideration has been given to increasing the degree of protection for these developing 

areas by raising grades of existing levees. However, unfavorable foundation con- 
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ditions and attendant uncertainties regarding the safety of substantial raises in levee 

grades have resulted in adherence to the current performance standard, notwithstand- 

ing the apparent need for higher protection. 
A system of 40 levee units on the Wabash River in Illinois and Indiana authorized 

in 1946 would protect 207,000 acres of rural lands and substantial developments 

against a 15-year-frequency flood. This uniform performance standard was selected 

to assure reasonable comparability in the degree of protection to be afforded to 

generally similar classes of lands and developments, with an overall economic justifica- 

tion exceeding unity. 

26. Criteria for Levees and Floodwalls in Urban Areas. Design-flood criteria for 

urban-protection projects involving high levees should conform with unusually high 

performance standards, in view of hazards to life and severe property damages 

associated with levee overtopping. The standard project flood represents the degree 

of protection that should be equaled, or approached as nearly as practicable, in order 

to assure project safety during extraordinary floods. Such performance standards 

may exceed flood values corresponding to estimated optimum B/C ratios based on 

evaluation of tangible benefits and normal flood-frequency relations. 

Following is a partial list of major urban communities that have high-levee projects 

capable of providing a degree of protection equal to or approaching standard project 

flood criteria, including allowances for reservoir systems upstream: (1) Omaha, Neb. 

(Missouri River); (2) Kansas City (Missouri and Kansas rivers); (3) Huntington, 

Louisville, Cincinnati, and Paducah (Ohio River) ; (4) Cairo, Illinois, and New Orleans, 

La. (Mississippi River); (5) Fort Worth, Tex. (Trinity River); (6) Los Angeles, Calif. 

(Lower Los Angeles River). 

Levees and floodwalls of substantial heights have been used extensively with 
varying degrees of success in protecting urban communities against floods substantially 

less severe than the standard project flood. Although compromises in degree of 

protection are sometimes necessary for compelling reasons, the risks of possible over- 

topping of the protection under initial and future conditions of development should be 

carefully appraised before a partial-protection plan is accepted. 

Relatively low levees have been used successfully as supplements to channel 

improvements to increase protection of urban areas without creating unduly hazardous 

conditions when the levee is overtopped. Low levees (or broad embankments) are 

also utilized to reduce the frequency of flooding of parks, streets, and other properties 

located at low elevations, without necessarily providing a high degree of protection. 

Some interior-drainage problems within leveed areas can be reduced by this means. 

27. Reservior Capacities for Flood Control. The purpose of flood storage in a 

reservoir is to regulate streamflow to attain flood-control objectives associated with 

specific areas, insofar as practicable and justified by tangible and intangible benefits. 

The degree of protection afforded may be high, moderate, or low, depending upon 

objectives. Storage required during a particular flood is equal to the volume of inflow 

into the reservoir, minus the volume of outflow during a corresponding period. The 

rate and scheduling of releases must correspond to an appropriate “reservoir-regulation 

plan” to assure attainment of flood-control objectives. Reference should be made to 

Sec. 4 for a more detailed discussion of reservoir operations. 

The primary objective of a flood-control reservoir (or storage-space allocation) may 

be to minimize flood damages immediately below the damsite. The Bear Creek 

Reservoir, located on a small tributary of the Mississippi River near Hannibal, Mo., 

was constructed solely to eliminate the need for more expensive and less desirable 

channel improvements through the city. The reservoir exerts no significant effects on 

Mississippi River flows and was justified entirely by benefits accruing locally. There 

are hundreds of similar examples associated with protection of urban areas, and 



DESIGN-FLOOD CRITERIA RELATED TO TYPES OF PROJECTS 30-17 

thousands of small dams on minor streams are used to reduce flood damages in 

agricultural areas close to the dams. 

If a reservoir is designed primarily for prevention of flood damages near the damsite, 

the peak rate of reservoir release will usually equal the maximum safe channel capacity 

through the protected area, minus a small allowance for local inflow and margin of 

safety. Assuming the maximum rate of outflow thus established, floods of various 

magnitudes are routed through the reservoir to determine the storage space required 

for effective regulation. The costs of providing various amounts of storage space are 

compared with average annual flood-control benefits to be expected, in order to deter- 

mine B/C ratios. Final selection of the flood-control capacity is based either upon 

economic-probability analyses or upon performance standards, following essentially 

the same principles applied in selecting design-flood criteria for local protection 

projects. The degree of protection afforded by reservoirs located near primary 

benefit areas usually ranges from moderate to standard project flood proportions. 

Some reservoirs serve the objective of reducing flood peaks at several damage 

centers downstream, possibly including important urban centers and long reaches of 

floodplains in rural areas. The degree of protection and reliability of protection that 

can be assured by a single reservoir tends to decrease progressively as the distance from 

the reservoir to potential benefit areas increases, because of flood runoff from inter- 

mediate drainage basins. Accordingly, fully effective flood protection in a large 

drainage basin usually requires a system of reservoirs and supplemental channel and 

levee improvements. 

Under some circumstances, networks of reservoirs designed primarily for flood 

control are practicable and desirable for meeting regional needs for flood protection. 

The Miami Conservancy District and Muskingum networks in Ohio, involving, 

respectively, 5 and 14 flood-control reservoirs, are good examples. In comprehensive 

plans for major drainage basins, large multiple-purpose reservoirs play a major role in 

flood control while providing many other services associated with water-resources 

developments. The integrated system of reservoirs constructed by the U.S. Army 

Corps of Engineers and U.S. Bureau of Reclamation in the 500,000-square-mile- 

Missouri River basin reflects many of the advantages that can be gained from coordi- 

nated comprehensive planning. The system, when completed, will include many local 

protection plans for flood control, 1,500 miles of main-line levees, and a network of 

reservoirs that will provide irrigation water to millions of acres of land, reduce flood 

damages in 1,500,000 acres of agricultural lands, augment low flows for the benefit of 

navigation and pollution abatement, generate huge quantities of hydroelectric power, 

and afford recreational facilities and many other services to the public.7 
If the objective of storage in a reservoir is to reduce flood stages at remote locations 

downstream, several possible variations in flood-producing storm distributions above 
principal damage centers must be analyzed during design studies to determine the 

flood-peak reductions that could be effected by the particular reservoir under a range 

of flood conditions. In many cases, these studies will show that an individual reservoir 

would reduce the average frequency of damaging floods at key locations but would not 

assure adequate reduction of severe floods which might result from critical concentra- 

tions of rainfall over uncontrolled drainage areas between the damsite and the principal 

damage centers. 

Design-flood criteria finally selected for individual reservoirs or systems on the basis 

of economic analyses or performance standards may correspond to several alternative 

hypothetical flood situations or combinations. The “design storage capacities’ for 

flood control are fixed at volumes required to conform with these design-flood criteria, 

assuming the limiting reservoir release rates and schedules specified in a ‘‘reservoir- 

regulation plan.” If major changes in the regulation plan established in design 
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Fie. 9. Diagram illustrating multiple-purpose-reservoir operation. 

studies become necessary after the reservoirs are constructed, the degree of protection 

afforded by the reservoirs will not conform with design objectives. Accordingly, 

extreme care must be used in evaluating factors that are likely to limit the rate of 

permissible reservoir releases under forecast future conditions of development, giving 

due consideration to seasonal variations in flood-control requirements. 

The relationship of reservoir capacity to downstream channel conditions is an 

important one and involves consideration not only of the effects of sudden changes in 

releases which may cause bank caving and other deleterious effects, but also of the 

consequences of long-sustained flows. In the case of the latter the sustained flows, 

even though well within banks, may result in holding the groundwater adjacent to the 

stream at such levels as to result in severe agricultural losses. The fact that floodplain 

utilization is generally increased after flood-control reservoirs are built often precludes 
the full use of the theoretical channel capacities as a basis for reservoir outflow deter- 

minations. Hence larger storage capacities than otherwise required may be necessary 

where this is a consideration. 

28. Multipurpose Reservoirs. Multipurpose reservoirs are designed for two or 

more uses. For example, a reservoir located on the tributary of a major river might 

be designed to protect the downstream river towns and cities against disastrous floods, 

increase the dependable water supply, and generate hydroelectric energy. The prin- 

ciples of multipurpose-reservoir planning may best be understood by referring to Fig. 9, 

which illustrates a typical schedule of operations. Assume that the reservoir shown 

by Fig. 9 is located on the tributary of a river that is subject to severe floods between 

December and March. Assume further that this reservoir will be designed to lower 

the flood stages on the main river and to generate hydroelectric energy. Owing to the 

seasonal pattern of maximum flood distribution, it would be necessary to keep empty, 
during the flood season, the storage volume between the maximum and the Mar. 15 

reservoir levels. 

It would be permissible to fill, during the season of high flow, the space between the 

minimum and the Mar. 15 levels. This storage would be held for later release, during 

the low-water season, to increase the dependable energy output of the hydroelectric 

plant at the dam and possibly the energy output of other plants located downstream. 
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It would also be permissible to conserve water above the Mar. 15 level, provided 

sufficient storage space were reserved above the maximum level to control spring and 

summer floods. 

The minimum level would be governed by operating requirements and by the 

economic balance between the values of the developed head at the site and at the down- 
stream plants. The relation between drawdown and minimum heads should be such 

that a reasonable turbine efficiency will be maintained throughout the range of oper- 

ating reservoir levels. Usually only a small part of the reservoir capacity is below the 

minimum reservoir level. 

The dual-purpose use of the flood storage space above the Mar. 15 level should be 
permitted only if the pattern of flood distribution is distinctly seasonal. Streamflow 

records taken over a long period of time are required to demonstrate the feasibility of 

this type of operation. If maximum floods have been known to occur during all the 

seasons or if the streamflow records are of short duration, safety demands that suffi- 

cient storage space to meet flood-control requirements be held available continuously. 

Two distinct patterns of seasonal flood distribution that would require different 

types of operation are shown by Figs. 10 and 11. Figure 10 shows the record of the 

floods that have occurred on the main stem of a large river; Fig. 11 shows similar data 

for an upper tributary of this same river. These graphs illustrate that the maximum 

flood occurrences on the main river are distinctly seasonal and that floods on the upper 

Season during which part of flood Flood 
flood season reat space may be filled for low SEAS? 

water regulation 
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tributary have occurred in the summer as well as the winter and therefore have no 

seasonal pattern. If a reasonable reserve of flood-control storage space were held 

throughout the year for contingencies, it would be possible to operate a multipurpose 

reservoir designed to control the main river in such a way that flood control and power 

usage would overlap. In the case shown by Fig. 11 the reservoir would not be filled 

above the Mar. 15 level. The same principles of planning would govern the design of 

storage space required for each of the several purposes 

as would be applied to the design of single-purpose res- 

ervolrs. 

RESERVOIR ECONOMICS 

29. Basic Principles. The principal measures of 

reservoir economy are (1) the cost of attaining a given 

objective and (2) the return on the investment. Con- 

struction costs offer a basis of comparison for alternate 

schemes for a single reservoir or for a reservoir system 

designed to accomplish objectives from which the eco- 

nomic benefits may be constant and to some extent inde- 

pendent of the system design. Equivalent navigation 

benefits, for example, might result from either a high- 

dam or a low-dam system, provided that proper adjust- 

ments were made for the value of the lost time in making 

the additional lockages required by the shorter reservoirs. 

Likewise, if a system were designed for the single pur- 

pose of providing complete protection against floods to a 
city, the economic benefits would be constant. In this 

case, the most economic system would be the lowest-cost 

combination of reservoirs and local protection works that 

would adequately serve the purpose. Economic justifi- 

cation would depend upon the ratio of benefits to cost. 

If, however, either a flood-control or a power-reservoir 

system served an extensive area and, furthermore, if 

increases in flood storage gave corresponding increased 

benefits, there would be some economic limit to the ex- 

Eiguiee Uy picciea ieee of reservoir development. In this case, the most 

of flood protection by res- economic scheme would be that which would yield the 

ervoir and levees foracity. maximum return in benefits per dollar of investment. 

In some cases, it might be desirable to extend the system 

beyond the most economic stage of development to a point where the return on the 

additional investment would be satisfactory, even though somewhat less than the 

maximum obtainable. 

Although the principles of reservoir economies ave relatively simple, their applica- 
tion to actual problems is complicated by the obstacles experienced in evaluating the 

various benefits. It is extremely difficult, for example, to obtain a satisfactory esti- 

mate of flood-control benefits. These principles will be demonstrated by two typical 

cases. 

Cass I. Fuoop PROTECTION FOR A City BY LEVEES AND 

SINGLE-PURPOSE FLOOD-CONTROL RESERVOIR 

Let it be assumed that city A, shown by Fig. 12, will be protected from floods by 

local levees B and an upstream reservoir C. It is desired to obtain the most economic 

combination of reservoir and levees that will protect the city. 
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Fic. 13. Flood hydrographs for use in typical example. 

In designing this flood-control system, it would be convenient to express both 

reservoir and levee costs in terms of either channel capacities or their corresponding 

flood stages at the city. If, for example, the maximum flood expected at the city (Fig. 

13) were reduced from a peak flow a to a regulated flow b, it would be necessary to pro- 

vide levees higher than the river stage corresponding to discharge } and in addition 

to provide sufficient storage capacity to impound at least the shaded area of the 

hydrograph of uncontrolled discharge. Increasing the regulated discharge b would 

increase the cost of levee protection and decrease the cost of the reservoir, as shown by 

Fig. 14. Likewise, decreasing the regulated flow would decrease levee costs and 

increase the cost of the reservoir. At some stage corresponding to discharge, say b, 

combined costs of the levees and the reservoir would be a minimum. The most 

economic reservoir in this case would be that which would result in a minimum com- 

bined levee and reservoir cost ab (Fig. 14). If regulated flow is plotted against height 

of reservoir, it is also possible to establish, by this procedure, the most economic 

reservoir level. 

Case II. FLoop-conrroL RESERVOIR SERVING LARGE AREA 

If reservoir C (Fig. 12) would afford general flood-control benefits to a large region, 

it is possible that increases in storage capacity would result in corresponding increases 

in benefit values. In this case, the most economic reservoir would be that which 

would result in the maximum net yield in annual benefits value per dollar of annual 

costs. Reference to Fig. 15 will make this principle clear. Curve D indicates that 

the most economic height of dam would be that for which the ratio of annual charges to 

annual benefits would be a maximum with a reservoir capacity corresponding to 3 in. 

of runoff from the drainage area. From curve C it is seen that a reservoir having a 

5-in. capacity would still yield a satisfactory rate of return on the additional invest- 

ment over that required for the 3-in. reservoir, and it might be desirable to construct 

the dam to the height that would give this capacity. 
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These principles apply also to multipurpose reservoirs designed for both flood con- 

trol and the generation of electric energy. In this case, the combined benefits and 

charges would replace the single-purpose benefits described in the preceding paragraph. 
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SECTION 31 

NAVIGATION SYSTEMS 

By James H. Srratron, Jacop H. Douma, aNnp JoHNn P. Davis 

1. General. In this text, navigation improvements will be discussed for inland 

rivers, involving both open-river regulations and canalization of rivers, sea-level canals, 

delta channels and estuaries, and natural and artificial harbors. 

Navigation systems may be classified as (1) restricted in the sense that cargo move- 

ments are bound to definite patterns established by the limitations of the channel of a 

river or inland waterway on which the carrier vessels suitable to the purpose operate, 

and (2) unrestricted in the sense that the movements of the appropriate types of carrier 

vessels are not circumscribed except as to conditions at the cargo terminals by the 

lakes, seas, or oceans on which they are designed to operate. A further distinction is 

that of type of vessel employed: in restricted waterways the tolerable draft of the 

barges, tugs, towboats, and other operating craft generally has a range from 3 to 15 ft, 

whereas vessels engaged in commerce on unrestricted waters range in draft up to 45 ft. 

Most of the waterways in the United States may be classified in one of the following 

four different types, of which only two are affected by tidal action: 

Type 1. <A deep river channel through a delta, a tidal estuary, a coastal inlet, a 

sound, or through a man-made sea-level canal which has protection from the wave 

action of the open sea is one distinct type. This type of waterway can be used by 

deep-draft ocean vessels, shallow-draft towboats and barges, and pleasure craft. 

Examples are Mississippi River downstream from New Orleans, La., Columbia River 

estuary below Portland, Ore., and the Houston Ship Channel. This type of waterway, 

although not affected by ocean waves, is subject to tidal action. 

Type 2. A waterway consisting of a channel in a river, a bay, an estuary, or in a 

man-made canal that is protected from the open sea and which can be used only by 

shallow-draft towboats with barges and by pleasure craft is another distinctive type. 

This type of waterway is also affected by tidal action but is not exposed to direct 

ocean-wave action. The Intracoastal Waterway and the lower reaches of the Mobile 

and Apalachicola rivers are examples of this second type. 

Type 3. Channels in inland rivers and canals that are not affected in any way by 

tides and that can be used only by shallow-draft towboats with barges and by pleasure 

craft area third type. Examples are the Missouri, the Ohio, and the middle and upper 

reaches of the Mississippi River. 

Type 4. Inland seas or lakes having unrestricted depths with deep connecting 

channels are a fourth type of waterway. Such waterways are not generally used 

by the towboats and barges used on the other types of waterways because of wave 

action on the lakes. The craft used on type 4 waterways are generally large, with 

drafts up to 26 ft on the Great Lakes. These craft are not built to withstand the 
open sea and are too large and have too great a draft to use on the channels of types 2 

and 3 waterways. The waterway system formed by the Great Lakes, their connecting 

channels, and the St. Lawrence Seaway is a type 4 waterway. This system is used by 

large lake vessels and, since there is access to the sea, by oceangoing craft of limited size. 

In the United States, the inland-waterway system comprises a vast network of 
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deep channels in coastal areas (type 1) interconnected with river channels and canals 

(types 2 and 3) and the Great Lakes and St. Lawrence Seaway (type 4). Figure 1 

shows the principal navigable waterways in the United States. 

All four types of waterways require engineering works of some kind to provide 

suitable conditions for present-day navigation needs. The improvements and engi- 

neering works required for waterways affected by tides differ in many respects from the 

works required on nontidal rivers and canals. 

OPEN-RIVER REGULATION 

2. General Considerations. Open-river regulation or channel regulation is the 

term used to designate the methods used in forcing a stream with erodible character- 

istics to develop and maintain a navigable channel by its own scouring action. Early 

attempts at securing navigable depths by open-river-regulation methods included clos- 

ing of back channels and constriction of the main channel of a stream to force the flow 

to form a single narrower and deeper channel section. Concentrating the flow into a 

narrow cross section increases the water-surface slope through the constricted reach. 

This causes higher velocities that scour the cross section and thus create a navigable 

channel. Pile dikes, rock dikes, revetment, and dredging are used to constrict, realign, 

and deepen channels in open-river-regulation work. 

Certain conditions must exist for open-river regulation to be successful as a means 

of providing a navigable channel on ariver. The low-water flow must be great enough 

to sustain the desired channel width and depth. The stream gradient must be no 

greater than 1 ft/mile and preferably no more than half this amount. Slopes steeper 

than 1 ft/mile produce velocities that are too great to permit safe navigation by 

commercial craft. Thestream bed must be situated in easily erodible alluvium so that 

its banks can be controlled and aligned to produce a channel that will maintain a 

satisfactory cross section under various conditions of flow. 

Rivers in alluvial valleys in their natural state develop channel configurations con- 

sisting of bends or curves and reverse curves connected by relatively wide shallow 

sections known as crossings. At low flows, the crossings serve as control sections for 

flow from the pool of one bend to the pool of the next bend. The bends in the channel 

have much greater depths than the crossings and the water-surface slopes are much 

flatter in the bends than on the crossings. An increase in stage tends to submerge the 

crossings, and the stream slope then becomes more uniform. As the stage increases, 

depths on the crossings increase, and the entire regimen of flow will change. Such 
changes have to be considered in planning open-river-regulation works. 

Alluvial streams undergo a continuous process of channel shifting and migration of 

bends that is known as meandering. The meandering of a channel in an alluvial 

valley is a natural phenomenon involving the runoff characteristics of the watershed, 

the material composing the alluvium, the valley slope, climatic conditions, suspended 

sediment load, and effects of man-made changes. In the meandering process, bank 

caving on the outside of bends and bar formation on the inside of bends and on cross- 

ings eventually cause the bends to become channel loops that gradually migrate down- 

stream. As the loop formation and migration proceed, many of the loops are cut off 

by flood flows which break across the neck or base of the loop. When this occurs, 

changes in slope and regimen of flow occur that immediately induce the forming of a 

new system of bends and crossings. When a meandering stream encounters erosion- 

resistant material, such as the rock bluff of a valley wall or some man-made improve- 

ment, the migration may be retarded or stopped. The construction of reservoirs 

which alter the sediment load of a stream can also have appreciable effects on the 

natural meandering characteristics of an alluvial stream. 

The formation of loops and bends on an alluvial stream is a continuous process, and 
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no channel will remain straight, even when straightened, unless it is restrained from 

lateral movement by training works of some kind. The most troublesome problems 

encountered in open-river regulation result from the natural tendency of alluvial 

streams to meander and form deposition of sediment during and after periods of high 

flow. Meandering often results in movement of the channel away from completed 

regulation works. 

Experience has demonstrated that the most effective way to stabilize an alluvial 

stream and develop channels suitable for navigation is to shape the stream in accord- 

ance with its natural tendencies toward curve formation. By observation of a stream 

for several years, the reaches that are the most stable can be determined. Through 

study of these stable reaches, estimates can be made of the optimum radius of curvature 

of the channel bends, their widths, depths, and the widths and depths of crossings 

between the bends. These data can be used as guides in reshaping and stabilizing 

other reaches. Much of the stabilization and regulation work done on the Missouri 

and Mississippi rivers has been based largely on “‘cut-and-try” methods. Increased 

knowledge of the mechanics of sediment transport, better and more complete hydro- 

logic data, and use of models have all contributed to a better understanding of channel 

stabilization and to the development of analytical methods of channel design. 

Relationships between radius of curvature and depths in bends and widths and 

depths at crossings are illustrated by the curves shown in Fig. 2, which are based on 

data for the Arkansas River. The depth increases as the radius of the bend decreases, 

and, of course, the depths on the crossings increase as the width is decreased. ‘The 
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Fie. 2. Radius of curvature of bends vs. depths in bends and widths of crossings vs. depths. 
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proper length of a crossing section, or the length between two reverse curves, is of 

great importance in making a channel layout. Where natural alignments are favor- 

able, adjacent reverse curves should be directly connected. Connections between two 

reverse curves should be short and straight. The straight reach should be no longer 
than two to three times the channel width. 

Knowledge of the sediment load carried by a stream is most important in planning 

regulation works. The accretion of material behind dike structures to form new 

channel banks is dependent almost entirely on the supply of sediment. However, 

streams with a heavy sediment load require greater channel velocities to maintain a 

navigable cross section, which in turn may require additional training works to create 

optimum velocities. 
A reservoir that traps sediment and radically alters the natural sediment load of a 

stream adds to the complexity of open-channel regulation immediately below the 

reservoir. Sediment-free outflow from the reservoir, in picking up a load of sediment 

from the channel bed and banks in the reach immediately downstream from the 

reservoir, degrades the channel and lowers the water-surface profiles. Canalization of 

the Arkansas River entails the construction of multipurpose reservoirs which will trap 

a considerable amount. 

Channel regulation is accomplished by realignment to eliminate sharp curves and 

wide bar crossings and stabilizing the desired channel alignment by constructing dikes 

or other structures and sometimes dredging cutoffs. Insofar as possible, realignment 

and stabilization of a channel reach should begin at a location where the banks are 

erosion-resistant and proceed upstream. A typical reach of channel undergoing 

realignment and stabilization is shown in Fig. 3. Structures commonly used in 
channel regulation are the following. 

8. Dikes. Dikes are built to (1) guide or deflect the current, (2) slow the current 

either to prevent scour or to cause the stream to deposit some of its suspended load, or 

(3) constrict a channel and cause it to scour to a greater depth. Dikes can be either 

permeable or impermeable. They are generally built normal or nearly normal to the 

current to move the river channel laterally. When built parallel to the path of the 

current they help form a desired rectified channel line. Channel-contraction works 

constructed of dikes at bar crossings to effect scour should function at both low-water 

and mean-water stages. 

Figures 4 through 6 show various types of dike structures used by the U.S. Army 

Corps of Engineers on the Arkansas River. Figure 7 shows a general layout of 

permeable dike structures used to develop a new channel alignment. The riverward 

ends of the pile spur dikes on the left bank are connected by a curving longitudinal pile 

dike placed on the rectified channel line. Dumped stone placed along the base of the 

piles serves to prevent loss by scour during high-flow periods. Flows that pass through 

the permeable dikes are slowed down and drop most of their sediment load. Such 

accretions eventually build a new channel bank along the longitudinal dike. 

Dike structures may be built by (1) driving clumps of piling and connecting the 

clumps with pile stringers, (2) dumping stone to form a barrier to the current, or (3) 

combining pile clumps and stringers with dumped stone. The choice of type of dike 

to use at a specific location depends on the stream conditions and on the availability of 

materials. Pile dikes are usually preferred where depths are moderate and where 

adequate penetration for piles can be attained. However, where depths are great and 

the current swift, the choice may be limited to pile dikes with dumped stone around the 

base. Where the depths are relatively shallow and stone is not too costly, dumped- 

stone dikes are used. 

4. Revetment. This term is applied to structures placed parallel to the current to 

prevent bank erosion. Lumber mattresses, weighted down with stone, were used 
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extensively for many years, but experience has shown that dumped stone is less costly 
and more durable. Figure 8 illustrates two different types of revetment construction. 
Bank revetment mattresses made of concrete slabs articulated by use of wire rope 
developed on the lower Mississippi River are sufficiently flexible to rest on an uneven 
bottom and bank surface. 

5. Pilot Cuts and Cutoffs. When it becomes necessary to depart from the align- 
ment of an existing channel in order to improve it, a pilot cut along the desired align- 
ment is made and the river is induced to complete the excavation by its own scouring 
action. For success, flow conditions must be developed so that the tractive force will 
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Fria. 7. Realigned channel before accretion. 

be greater in the pilot cut than in the existing channel. Based on satisfactory enlarge- 

ment of pilot-channel cutoffs on the Missouri and Arkansas rivers, the tractive force 

in the pilot channel should be at least 1 to 114 times the tractive force in the existing 

channel. The pilot-channel entrance should be located on the concave side of the bend 

upstream from the point of inflection of the existing channel. 
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CANALIZATION OF RIVERS 

6. General Considerations. Canalization of a free-flowing river is accomplished 

by its conversion by means of dams into a series of pools of sufficient depth for naviga- 

tion. Locks are constructed at the dams to transfer vessels from one pool to the other. 

Where the river slope permits, a combination of land-cut canals and river canalization 

is sometimes used to improve a waterway for navigation. An example is the New 

York State Barge Canal with a canalized section of the Mohawk River and land-cut 

canals generally from Little Falls, N.Y., to the Niagara River. The Welland Canal 

from Lake Erie to Lake Ontario is a land cut for its entire length. The Ohio River is 

canalized throughout its entire length except for a 2-mile stretch of canal which 

bypasses the falls at Louisville, Ky. 
Canalization of a river is a very complex and expensive undertaking and can 

be justified economically only if movement of large tonnages will result in worthwhile 

savings in shipping costs. From a physical standpoint, the minimum streamflow, 

sediment load, and stream slope are the major factors which determine whether a 

navigable channel should be provided by open-river regulation or by canalization. 

Rivers with heavy sediment loads, such as the Missouri, Arkansas, and middle 

Mississippi, are the most difficult to canalize. On the Arkansas River, regulation 

works are being combined with locks and dams, and no serious sediment deposition in 

the navigable channels of the pools is anticipated. A stream that has wide fluctuations 

in rate of flow and low discharges during dry periods is not susceptible to open-river 

regulation. Such a stream must be canalized if a navigable channel is to be assured. 

Velocities in streams with gradients over | ft/mile will be excessive and hazardous to 

navigation and will preclude open-river regulation even though streamflow is adequate 

and other factors favor this type of development. 

The number and locations of dams required to canalize a stream depend on the 
minimum depths desired, the slope of the stream, topography of the floodplain, and 

developments that already occupy the floodplain. The pools should be made as long 

as possible to minimize the number of dams and locks, but at the same time the 

inundation of valuable land and existing developments must be held to a minimum. 

The dams on a canalized waterway must be designed and operated so that during 

floods and periods of high flow there will be no material increase in natural flood heights. 

Costs of land, relocations, and construction must be balanced against transporta- 

tion savings that will result from plans with different numbers of dams and pool 

lengths to determine which plan will provide the maximum benefit. The transit time 

through a waterway and the capacity of the waterway have a direct bearing on the 

amount and type of freight that will move and thus affect transportation savings. 

Since the number of locks to be traversed is a major factor in determining transit time 

and the waterway’s capacity, their number must be kept as low as possible, consistent 

with other requirements. Straight approach channels to the locks, free of adverse 

currents at all stages of the river, must be provided. Within a given reach that is 

satisfactory from the standpoint of navigation conditions and relocations, the final 

selection of the lock and dam site may be governed by foundation conditions. 

Water for lockages usually poses the most serious problems for canals that cross 

divides between two drainage basins. Some means, such as reservoirs and feeder 

canals, are then required to store and provide lockage water at the canal summit level. 

Engineering works on streams entering a land-cut canal are generally necessary for the 

interception of flood inflows to prevent erosion or sediment deposits. 

There are no fixed criteria for establishing channel dimensions on canalized water- 

ways except those for deep-draft vessels. Channel-dimension criteria for deep-draft 

vessels are presented elsewhere. Virtually all the waterways used for barge tows in 
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the United States have minimum depths of at least 9 ft, and the present trend is toward 

greater depths. Minimum horizontal dimensions of canalized inland waterways used 

for barge traffic vary from slightly less than 100 ft on a few sections of the Intracoastal 

Waterway to 300 ft on the Ohio River. 

In establishing the width of a canalized waterway for barge traffic, the type, size, 

and number of tows that are to use the waterway must be considered. Present-day 

conditions are such that a waterway should be at least wide enough to permit tows of 

about 70 ft minimum width to pass without delay or hazard. A 70-ft-wide tow 

normally consists of four or more 35-ft-wide barges arranged two abreast. For two 

70-ft-wide tows to pass without interference, a channel width of 225 ft is a desirable 

minimum. This width of channel provides a clearance space between tows of 35 ft 

and a bank clearance on each side of 25 ft. If larger and wider tows are to be used, 

greater channel widths must be provided. If channels of less than 200 ft in width are 

considered for a canalization project, it must be assumed that most of the traffic will 

move in tows that do not exceed 55 ft in width. 

On a canalized waterway where sediment transport is not a problem, channel curves 

should have minimum radii of 5,000 to 8,000 ft depending on other factors, such as 

bank lines, visibility, and speed and direction of currents during periods of high flows. 

Several attempts have been made to develop minimum channel widths and radii of 

curvature mathematically; however, the practical value of such determinations is 

subject to question. 

Vertical clearances for bridges and other structures that cross a canalized waterway 

depend on the heights of vessels that will use the channel. A barge tow that is pushed 

instead of pulled must have a pilothouse that is high enough for unobstructed pilot 

vision to the head of the tow. Thus, the length of tow affects the height of the towboat 

pilothouse, which, in turn, usually controls the required vertical clearance. Criteria in 

use on the Arkansas River, for instance, specify that bridges must have a minimum 

vertical clearance of 52 ft above the surface of a flow that will have a duration no 

greater than 2 percent of the time. 

7. Navigation Dams. Navigation dams, as contrasted with other types, are built 

specifically to create pools in a river of predetermined depth for purposes of navigation 

only. Navigation dams are of two distinct types: navigable and nonnavigable. A 

navigable dam is designed for lowering to permit the unobstructed passage of high 

river flows. When the dam is lowered the open-river condition obtains and vessels can 

then proceed in either direction without passing through a lock. As the name imphes, 

the nonnavigable dam forms a permanent barrier to vessel passage so that all naviga- 

tion has to pass through a lock. 

Navigable-type dams were adopted for the initial Ohio River canalization project 

because most of the heavy cargo movements were downriver and loaded tows were 

accelerated during high-stage periods when the dams could be lowered to make open- 

river navigation possible. Since most of the barges on upbound tows were empty, no 

serious difficulties were encountered in overcoming river currents. High maintenance 

and operation costs and difficulties in designing navigable dams for heads greater than 

10 to 12 ft are the principal disadvantages to canalization by movable-barrier struc- 

tures. Because of the limitation on head with this type of dam, more dams and locks 

are required, which in turn makes for higher costs and longer trip time for tows when 

the dams are raised. 

On the Ohio River, between the time of inception of the first canalization project 

and the close of World War II, the character of river traffic changed and freight move- 

ment is no longer predominantly downbound. With this change in traffic it has 

become more economical for heavily loaded upbound tows to move in slack water and 

transit locks than to contend with the currents encountered under open-river con- 
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ditions. Accordingly, the navigable-type dam is being abandoned in the United States 

in favor of the nonnavigable higher-head structures which create longer pools, thus 

requiring fewer lockages as well as offering other advantages. 

Nonnavigable dams can have either movable or fixed crests. The fixed-crest-type 

dam can be used at locations where increased stages during periods of high flow can be 

tolerated, 7.e., where the increased stage caused by the dam does not cause damage or 

produce other adverse effects. This type of dam is usually a simple concrete structure 

with an ogee crest shape and a horizontal stilling basin or apron at the toe of the ogee 

section. Under present-day conditions of development in the stream valleys in the 

United States, there are very few, if any, locations where fixed-crest navigation dams 

are feasible. Consequently, most of the navigation dams constructed since 1930 are 

of the nonnavigable movable-crest type. 
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The types of movable elements or gates used are the vertical lift, Tainter, roller, 

and Sidney. Various combinations of these gates may be used in a single dam struc- 

ture. Since 1940, Tainter gates have come into almost exclusive use in the United 

States for navigationdams. Figure 9 shows a section of a typical navigation dam with 

Tainter gates used on the Ohio River at the Belleville project. 

When the required cross-sectional area or flow space for a dam has been determined, 

the size of the gates is developed by consideration of the damming height and the 

optimum gate length for the location under consideration. The elevation of the crest 

of the sill is usually governed by natural stream-bed elevations and the damming 

height, and hence the height of the gates is then the difference between the adopted 

pool level and the elevation of the crest of the sill. The required net length for the 



CANALIZATION OF RIVERS 31-13 

gated section is the area divided by the damming height. Model tests are usually 

made to check the adequacy of the gated section and to investigate swell-head effects 

at several different flows less than the maximum. 

The length of the individual gates in a navigation dam is normally determined by 

an economic study of span lengths and required sizes of supporting piers. Foundation 

conditions also influence selection of gate lengths and pier design. Another con- 

sideration that may affect the choice of gate length is the need for space to pass large ice 

flows and accumulation of drift. The span lengths of the Tainter gates on the new 

Ohio River dams are 100 to 110 ft in length, and on the Arkansas River the Tainter 
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Fira. 10. Typical gate-operating schedule. Gate-sill elevation 134 ft. Apron elevation 

119 ft. Apron length 40 ft. End-sill height 4 ft. Upper-pool elevation 162 ft. 

gates are 60 ft in length. The gate-hoisting machinery is placed on the tops of piers, 

and each individual gate has its own hoisting equipment. Stop-log slots are provided 

both upstream and downstream of the Tainter gates so that the gate bays can be 

unwatered for maintenance. The new Ohio River dams have gantry cranes on the 

bridges across the piers to place and remove the stop logs. 

Insofar as possible, the gates in a navigation dam are operated so that the upper 

pool level will not vary more than about 1 ft. Generally, as river flow begins to 

increase, gates will be raised successively in 1-ft increments until all gates are fully 

open. At this point, all control of the upper pool level is lost, and if flow continues to 

increase, the upper pool will then rise at the same rate as the lower pool. The dif- 

ference in pool levels then represents only the swell-head effects caused by the piers, the 

lock, and any other fixed portions of the dam. In general, the depth of tail water in 

the stilling basin must be great enough to produce either a jump or a submerged jump 
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that does not create excessive velocities on the stream bed downstream from the 

end sill. 

The selected gate-operating schedule has an important influence on stilling-basin 

design. Normally, it is not necessary to design a stilling basin for only one gate or a 

few of the total number of gates operating completely open under a full head. There 

is little likelihood that an unbalanced operation of the gates would ever be needed. If 

it were, a very costly stilling basin would be required unless the entire dam structure 

could be founded on good rock. Figure 10 shows a gate-operating schedule and 

various tail-water conditions for a typical stilling basin. The opening of all gates by 

successive small increments permits the tail water to rise sufficiently to maintain an 

adequate depth in the stilling basin, and the rate of opening of the gates depends on 

the rate of rise of the tail water. 
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The curves shown in Fig. 11 delineate the range of operating conditions of a stilling 

basin for the Arkansas River dams that were developed by model studies at the U.S. 

Army Engineer Waterways Experiment Station. The bottom velocities shown are 

used to determine the thickness, gradation, and length of stone protection placed at 

the downstream end of the stilling basin. 

8. Navigation Locks. A navigation lock is a rectangular boxlike structure without 

a top and with gates in each end so that vessels can move into or out of it from either 

direction. The water level in the box, or lock chamber as it is called, can be raised or 

lowered to coincide with the levels in the upper or lower channel by means of valves and 

conduits. The sequence of events in “locking” a vessel through a navigation lock is as 

follows: Assume a vessel is moving downstream and that the water surface in the lock 

chamber is at the same level as the upper pool. With this condition, the lower gates 

in the lock chamber would be closed and the upper gates could be either open or closed. 

If closed, the upper gates must be opened to permit the vessel entry into the lock cham- 

ber. After the vessel is positioned and moored in the lock chamber and the upper 

gates are closed, the water in the lock chamber is allowed to flow by gravity into the 

lower pool by means of valved ports or conduits, until the level in the lock chamber has 

fallen to the same level as the level in the lower pool. The lower gates are then opened 

and the vessel is free to move out of the lock chamber into the lower pool and proceed 

down the channel. Lockage of an upbound vessel involves a similar sequence of 

operations but in reverse order. 

The location of a lock with respect to channel alignment and river currents is very 

important. If alock and dam can be placed in a relatively straight reach of channel, 

free of appreciable natural cross currents, then the lock can probably be placed on 

either side of the channel. Foundation or other conditions may then control. How- 

ever, if the lock and dam must be located in a curve, then the lock should be placed on 

its concave side in order to take advantage of the thread of the current, which generally 

adheres to the concave side of the curve. This location reduces the tendency for a 

downbound vessel to be drawn by the currents toward the gated portion of the dam 

during periods of high flow. A study of river currents and flow conditions on a general 

hydraulic model is invaluable to determine the best orientation and site for a lock 

within a given reach of channel. 

Approach channels to a lock should, where possible, be straight for a length of three 

to four times the length of maximum tow that will use the lock. Guide walls, in both 

the upper and lower pool, should have lengths equal to the length of the lock chamber. 

In most of the early river canalization projects in the United States, where only one 

lock was provided, the guide walls were placed on the landward side of the lock in 

continuation of the landward lock wall. On the newer canalization projects, guide 

walls have been built in line with and as continuations of the riverward lock wall. 

Locks for shallow-draft vessels that are currently being planned, designed, or con- 

structed generally are of the following sizes: 84 by 400, 600, or 720 ft; 86 by 675 ft; and 

110 by 600, 800, or 1,200 ft. Depths on the sills for all the above sizes are usually 

12 to 15 ft, depending on location of the waterway. The New Second Lock in the 
St. Marys Canal at Sault Sainte Marie, Mich., has a lock chamber with a usable length 

of 1,200 ft, a width of 110 ft, and depths on the sills of 31 ft. The maximum size of 

lock that can be advantageously used on a waterway is ordinarily governed by the 

maximum size of tow that can efficiently operate in the channels of the waterway. 

While there are no fixed criteria governing general design of locks, certain guides have 

been evolved that cover the filling time, emptying time, hawser stress, turbulence in 

lock chamber, water-surface conditions over intakes, and turbulence conditions at 

culvert outlets. A discussion of the hydraulics of locks will be found in See. 32. 

The operation time of a lock is dependent on its size and lift, the size of the culverts, 
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and the hydraulic efficiency of the entire filling and emptying system. Selection of the 

operation time for a specific lock is essentially an economic problem in that costs of 

providing various rates of filling should be compared with savings gained in transporta- 

tion costs. Experience shows that the cost of a system that would fill a large high-lift 

lock in 2 or 3 min without violating safety requirements would be prohibitive. On the 

other hand, the increased cost of providing a 10-min instead of a 15-min filling time 

may be insignificant in relation to a total project cost. Locks with lifts of 30 to 50 ft 

built in the United States in the past decade have had filling times ranging from 

8to12min. The emptying time, in most cases, is about the same as the filling time. 

For higher lifts, such as those of the Columbia River locks, where lifts are on the order 

of 100 ft, filling times of 11 to 15 min have been achieved without excessive cost. 

The maximum mooring-line stress usually permitted on barge tows and shallow- 

draft vessels during lockage is 5 tons. A stress of 10 tons is permitted for Great Lakes 

vessels and oceangoing ships that ply the Great Lakes and the St. Lawrence Seaway. 

The water in a lock chamber overlying the filling-system intakes must be free of air- 

entraining vortices and of currents that are hazardous to moored vessels. Experience 

has shown that where intake ports are spread over a large horizontal area in the vertical 

face of lock approach walls, conditions will not be conducive to vortex formation. 

Surface turbulence in a lock chamber must not be so violent as to swamp a small boat 

or cause excessive mooring-line stresses. 

The outlets from the emptying culverts should be arranged to discharge riverward 

of the lower lock entrance if possible. If this is not possible, then a system of trans- 

verse bottom laterals in the lower ends of the lock walls with ports in their sides should 

be provided. If the lift is not too great, discharge manifolds in the lower approach 

walls with horizontal ports and baffle blocks in front of the ports may be used for energy 

dissipation. 

The principal components of lock-filling systems are intakes, valves, lock-chamber 

manifold or bottom culverts, and discharge outlets. Lock-filling systems currently in 

use in the United States are characterized as follows: (1) end filling, utilizing loop 

culverts and valves, sector gates, vertical-lift gates, valved ports in miter gates, or 

combinations of loop culverts and sector gates; (2) wall culverts and side ports; 

(3) wall culverts and bottom transverse lateral culverts; (4) wall culverts with numer- 

ous very small ports; and (5) wall culverts with bottom longitudinal culverts. 

The end-filling system is the oldest known type and is still used where lifts are very 

low (less than 10 ft). Wall culverts and side ports are generally the most economical 

for lifts under 30 ft. For higher lifts, transverse lateral or longitudinal bottom 

culverts are usually necessary to obtain satisfactory lock-chamber conditions and 

reasonable operation time. The bottom longitudinal system developed recently for 

the Millers Ferry project in Alabama is one of the most efficient developed thus far 

from the standpoint of hydraulics. With this system, there is an essentially balanced 

flow condition in each longitudinal half of the lock chamber at all times during the 

filling cycle. The main features of this system are shown in Fig. 12. 

The main types of lock closure gates used in the United States are sector, miter, 

vertical lift, and Tainter. Sector gates are usually used where reversals of head may 

occur. Since they can be opened and closed under head, loop culverts are unnecessary. 

The lock can be filled and emptied by a gradual opening of the gates and letting water 

spill into or empty out of the lock chamber. The disadvantages of the sector gate are 

high initial cost and slow opening and closing times. Since sector gates can be closed 

under head, they are sometimes used as guard gates to close off flow in an emergency. 

Over 90 percent of the locks in the United States are equipped with miter gates 

which in the open position fit into wall recesses. These gates are fairly simple in con- 

struction and operation, have low maintenance cost, and can be opened or closed 
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Fic. 13. Vertical-lift gate, Ice Harbor lock. 

more rapidly than any other type. The disadvantage of the miter gate is that it 
cannot be closed under a head and hence cannot be used to close off fow in an emer- 
gency Situation. 

Vertical-lift gates when used to close the ends of a lock chamber possess some of the 
same advantages and disadvantages as sector gates. They can be raised or lowered 
under low to moderate heads but are normally not designed for reversal of head. Their 
operation time is much slower than that of miter gates and their initial maintenance 
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costs are higher than for miter gates. A vertical-lift-gate installation at the upstream 

end of a lock consists of a vertical rising gate leaf which serves to close off the lock 

chamber from the upper pool. When the water in the lock is level with the pool, the 

lock is opened by sliding the gate leaf vertically downward until the top of the leaf is 

at or below the top of the upper sill. The vertical-lift gate at the downstream end of a 

lock is designed to be raised vertically to a height above the lower pool level sufficient 

so that vessels can pass underneath when entering or leaving the lock chamber. To 

accomplish this, the gate leaf is suspended from towers on the lock walls and equipped 

with counterweights to reduce the power-hoist size. The vertical-lift gate at the 

downstream end of Ice Harbor lock on the Snake River is shown in Fig. 13. 

Tainter gates have been used at the upstream end of several locks. This gate is 

designed to be lowered into the upper end of the lock chamber when it is desired to open 

the lock to the upper pool. <A Tainter gate can be raised or lowered under heads and 

the operation time is fairly rapid, but it is more vulnerable to damage than miter gates. 

Fic. 14. Reverse Tainter valve. 

Valves used in filling and emptying systems of United States locks have been either 

vertical-lift, butterfly, or reverse Tainter type. Virtually all the locks built since 1940 

have used reverse Tainter valves as they require less maintenance and are more reliable 

than any other type. The latest design of reversed Tainter valve used by the Corps of 

Engineers, which is shown in Fig. 14, has curved vertical beams with a single skin plate. 

Spaces between the curved beams permit free circulation of turbulent water in the 

valve pit, thereby reducing the magnitude and fluctuation of dynamic loads to a 

minimum. Hydraulic cylinders with mechanical-linkage connections are used to open 

and close Tainter valves at most installations. 

Types of lock guide walls commonly used are concrete gravity, concrete supported 

on sheet-steel pile cells, floating concrete caissons, and simple timber pile structures 

with wooden walers. On streams where depths are moderate and heavy traflic is 

expected, either the concrete gravity wall or the concrete wall on pile cells is preferred. 

Where the upper pool depth is great, the concrete floating-caisson type may be more 

economical than other types. On waterways where there is only moderate traffic and 

where mild climate prevents ice formation, timber-pile guide walls can be used. 
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SEA-LEVEL CANALS 

9. General Requirements. Sea-level canals differ from channels in rivers, estuaries, 

and inland canals in that fluctuations in water levels primarily due to tidal action are 

but rarely affected by runoff from adjacent drainage areas. However, if such a canal 

crosses or intercepts a natural stream of any size, problems from adverse currents may 

be encountered. From the standpoint of design and construction, a sea-level canal 

presents no special problems other than those induced by the nature of the formations 

to be excavated, natural streams that cross or enter the canal, and tidal currents that 

may create hazards at certain times. 

Characteristics of some of the more important sea-level canals are shown in Table 1. 

TABLE 1. CHARACTERISTICS OF EXISTING SEA-LEVEL CANALS 

Chesapeake rey Cape Cod Houston 

Feature & Delaware Gaal Gans Ship 

Canal Channel 

Bengthsomilesiyaecqiw odin 46 100 17 50 

Mim widthest ber .e-sae inertia cts 450 137 450 300 

Minudeptila, ttm -ncetece teen renee 35 42 32 40 

Max current; knots.....4..-. 2.5 3.5 5.2 10 

TABLE 2. COMPARISON OF RESTRICTED CHANNEL SECTION AND ALIGNMENT 

Proposed Panama Canal Houston 

Sea-level (Gaillard Suez Canal Gare Cod Ship 

Canal Cut) Canal Channel 

Section: 

Min depth, ft... 60 42 42 32 40 

Controlling 

width, ft (at 

depth shown 

in paren- 

tHeSeS) erasers 600 (40) 300 (42) 196 (32.75) 480 (32) 300 (34) 

Length of re- : 

stricted sec- 

tion, miles*... 30 8 1 8 25 

Min cross-sec- 

tional area of 

waterway, sq 

SU renenemear ent, Aare 36 , 800 13,860 11,440 17 ,920 8,640 
Alignment: 

Total number of 

CULVES ya erreur 8 8 12 5 33 

Angularity per 

mile of re- 

stricted sec- 

tion, deg..... 309 Wheat 33.4! 24.0 55.6 

Max curve, deg 26 30 44 ao 109 

% of channel in 

CUIVO coe 1S. 35 13 72 67 

* Restricted section defined as the part of the channel in which the displacement of water is limited 

by the channel banks. 
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Table 2 compares the “restricted” sections of three of the waterways listed in 

Table 1 with those of the proposed Panama Sea-Level Canal. 

The proposed Panama Sea-Level Canal was the subject of exhaustive studies and 

model tests, and much information valuable in its application to design and construc- 

tion of restricted deep-draft waterways and channels was developed. For comparison, 

it should be noted that the maximum tidal current in the proposed Panama Sea-Level 

Canal would be 4.2 knots as compared with 3.5 knots in the Suez Canal and 5.2 knots 

in the Cape Cod Canal. Although the Sea-Level Canal studies provided for tidal- 

control structures in the estimates, it was the conclusion that final decision with 

respect to tidal control should be deferred until such time as detailed design studies are 

undertaken. 

Extensive tests made in the U.S. Naval David Taylor Model Basin, Carderock, 

Md., developed the following general criteria for establishing the cross section: 

(1) maximum rudder angle of 5 deg to control a ship with a speed of 9 knots with a 

. nO 
i) : S) 
es ne) 
© a 2 © 15 

() Sle 43 BE 
o — os ba = 5) 

S DS & ares S wn c & i} = iS o 

Snes eee e : 
S 5 32 5 ae © © 10 
x o c se n=} 

5 so = 56 5 c Large naval vessel ao =o a sw & 2 
~~ — 

Beam 113"| Min. | Beam 2 
Sif o 5 

® 
— 
no) 
a 

ina 
O _ ry 

O 50 {100 150 200 250 300 

\ Distance from ship's rail to bank at 
Naval vessel Liberty ship 40- foot depth, in feet 

Fig. 15. Elements of channel design, Fie. 16. Bank clearance vs. rudder 

Sea-Level Canal. angle. 

following current of 5 knots (land speed 14 knots) ; (2) width of ship lane 170 percent of 

the beam of the vessel(s) ; (3) clearance between ships in passing equal to beam of the 

largest vessel; and (4) bank clearance established by a rudder angle of 5 deg using test 

data developed at the David Taylor Model Basin. The section of canal proposed is 

shown in Fig. 15. 

In a restricted waterway which will have a large volume of traffic, the ideal ratio of 

channel depth to draft of vessel should be of the order of 1.5. The acceptance of a 

lower ratio for the larger vessels which occasionally transit the waterway may call for 

special precautions because of reduced controllability. The actual ratio in the 

Gaillard Cut section of the Panama for the largest vessel transiting the canal is about 

1.2: for vessels of this size all traffic in the opposing direction is held up during their 

transit of the cut, and for notoriously bad handlers tug assistance is also provided. 

The Sea-Level tests developed ratios of the cross-sectional area of the channel to 

the combined mid-section areas of several combinations of passing vessels. For the 

Gaillard Cut section, where currents are insignificant, the ratios range from 5 to 7. 

For the proposed Sea-Level Canal with its larger cross section and a current of 4.2 

knots, the ratios for good controllability of vessels ranged from 6.5 to 8.6. 

Figure 16 depicts the criteria used in establishing bank clearances required for two 
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classes of ships selected for simultaneous transit in opposing directions. This selection 

of vessels was quite arbitrary but nevertheless was believed to be sufficiently realistic 

for the purposes of the study and no great handicap in the canal operation. On the 

very rare occasions when ships of significantly larger combined beam width arrive at 

the opposing ends of this canal at times of critical tidal flow, it will be entirely feasible 

to delay the transit of one of them pending the transit of the others. To provide 

sufficient cross section to meet such contingency in ship transits would be extremely 

costly, particularly in light of the rarity (2 percent) of the time that the critical tidal 

flow conditions would obtain. 

At the higher speeds required to maintain headway, vessels tend to “squat’’; the 

degree of squat is a factor of vessel dimension, the channel dimensions, and vessel 

speed. The adopted depth of channel should be based on the sum of the draft of the 

maximum vessel plus its squat at the speed which can be safely tolerated plus an 

adequate bottom clearance of not less than 2 ft. Fast-moving vessels moving singly 

in a channel designed for two-way traffic would not necessarily require greater channel 

foot width | 

foot width | 
foot width 

Change of level,feet 

O ~ 8 12 16 20 

Ship speed, knots 

Fic. 17. Ship speed, knots. Effect of channel width on change of level of a ship on cen- 
ter line of a restricted channel. The curves shown are for the stern only. The bow curves 
are similar. Channel depth = 45 ft. 

width because of the speed factor; however, when two vessels are about to pass they 

should, at the proper point in the approach, lower speed sufficient for safe passing. 

The change of level (squat) of a vessel at different speeds in channels of various widths 

determined by tests for the Panama Canal is shown in Fig. 17. 

The increasing trend toward larger vessels, particularly increase in length, requires 

channel alignments free of sharp-angle curves and bends to avoid yawing or crabbing 

which, with loss of vessel control, risks grounding or bank striking. The passing of 

vessels at bends, where permitted, further dictates conservative transitions at changes 

of direction. Figure 18 depicts typical designs of bends employed in improving 

navigation channels in the United States. 

The control of tidal currents in a sea-level canal or restriction of traffic to one-way 

operation may be necessary during times when tidal currents exceed about 5 or 6 knots. 

A tidal-control structure would, of course, involve some type of lock-type gate to 

permit vessels to enter and leave a canal at any time. The Sea-Level Canal control 

structures could be omitted if delays in transit of notoriously unwiedly ships or 

limiting traffic movements to a single direction at time of their transit is acceptable. 

Tug assistance to such ships during transit would assist in the prevention of accidents. 

The criteria presented in this section have general application to the planning of 

waterways if proper cognizance is taken of the characteristics of transiting vessels, 

tidal influences, vessel speeds, the nature of banks and bottom (the damage to a vessel 

striking a rock bank or the possibility of its sinking may be a critical factor), wind 

conditions affecting ship handling, the presence of shore facilities which may limit ship 

speed in order to reduce wave wash and surges, and whether pilots will be used on ships 
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when transiting the waterway. The David Taylor Model Basin studies indicate that 

the bank-clearance factor is related significantly to the ship type and may range from 

105 to 125 percent of a ship’s beam. 

The exercise of judgment in the use of the Panama Sea-Level Canal test data 

combined with the results of observations and experience in actual waterways should 

be employed in the planning for the development or improvement of a waterway. If, 

as would be the case in the proposed Panama Sea-Level Canal, there is stream inflow 

'— 560 as R=12,220' 

‘R =12,500' 
(c) R=12,780' 

(d) 

Fie. 18. Typical treatment of bends in channels. (a) Unsymmetrical widened 40-deg 
curve. (b) Symmetrical widened 26-deg curve. (c) Double 13-deg curve with no widen- 

ing. (d) 26-deg curve with no widening. 

into the waterway prism that may adversely affect vessel handling, then special 

measures may be necessary. Control of inflows by storage regulation is expensive but 

may be inescapable. 

DELTA CHANNELS 

10. Problems. Delta channels are the river-flow passageways through the fanlike 

deposits which characterize the mouths of sediment-bearing rivers emptying into 

relatively quiet waters. The flow passages or channels are sometimes called dis- 

tributaries since each in a particular river mouth will carry within its capacity a part of 

the river flow. Delta channels are notoriously impermanent. Delta building is one 

of constant action as evidenced by the filling and closing of minor distributaries and 

the action of river currents in creating new channels as replacements. The combined 

action of tides, littoral currents, and storms influences the delta building and the 

development and retrogression of the distributaries. Further influences in the delta 

formation are the volumes of bed load and suspended materials brought down by the 

river and the depth of water into which the river flows. The accumulation of sedi- 

ments in certain cases, as at the mouth of the Mississippi River, causes subsidences of 
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the highly compressible underlying earlier deposits, with the result that the delta 

growth is retarded. Where this phenomenon does not exist, delta extensions progress 

at rapid rates. It is estimated that the combined delta of the Tigris and Euphrates 

rivers has extended into the Arabian Sea at an average rate of 160 ft/year over the 

past 50 centuries. 

Delta channels are in no sense self-maintaining. The effects of tides and littoral 

currents carrying littoral drift are often sufficient of themselves to form bars at a delta 

mouth. The combined effect of deposition of river-borne sediments aggravates con- 

siderably the problem of sustaining navigation depths. Jetties and breakwaters as 

training works and dredging may all be required to maintain an opening across an 

outer bar and to protect shipping against possible groundings. 

11. Methods of Control. It is rarely possible in a delta channel to put the river 

flow to work in developing and maintaining a navigable passageway. Improvements 

Tic. 19. Mississippi River—Cupits Gap to Gulf of Mexico. 

limited to the closing of certain minor distributaries for the benefit of a single channel- 

way will often result in the opening of new distributaries or in the enlargement of an 

existing minor distributary. Dredging alone cannot achieve the desired result, and 

resort must be had to training works. If the delta gradients are too flat, the training 

works will be ineffective in preventing silt depositions in the navigation channel. As 

in the case of open-river regulation, the objective should be to direct bed-load move- 

ments into the side channels by the use of training works. Training works should be 

used to prevent excessive widening and filling of the navigation channel, particularly 

in the lower reaches where the influences of incoming tides and the battering of tidal 

waves are destructive to the maintenance of navigation depths. Where there are 

heavy movements of sediments in the navigation channel, the training works must be 

planned to avoid the possibility of flattening of the river slope. This may require the 

progressive or stage installation of the training works with fairly long periods of 

observation between the planned phases of construction. 

The Mississippi River at its mouth, shown in Fig. 19, is a classical example of the 

improvement of delta channels for navigation. Three navigation channels have been 

authorized for this waterway: Southwest Pass, South Pass, and the Mississippi River 

from Head of Passes to New Orleans. The plan considered most feasible for carrying 
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out the adopted improvement consists of the following steps: (1) dredging in the 

Mississippi River proper, in the two passes, and through the bars at the foot of each 

pass; (2) constructing, regulating, and controlling the distributaries between the Head 

of Passes and New Orleans. Discussion of the problems involved is limited to those 

encountered in Southwest Pass, which is the main delta channel. 

The combination of poor alignment and hydraulic inefficiency of the channels at 

the Head of Passes causes a decrease in velocity accompanied by shoaling at the 

entrance to Southwest Pass. One solution to this problem would involve realignment 

of the banks of all three passes at their juncture and contraction of the entrance to 

Southwest. Pass to approximately 1,400 ft, which has proved to be the most efficient 

width throughout the remainder of the pass. The contraction could be obtained by a 

system of timber-pile training dikes. An alternative solution is dredging of the shoal 

material to maintain the authorized channel depth. As the annual cost of dredging is 

less than that of constructing the dikes, the channel at the entrance to Southwest Pass 

is being maintained by dredging only. 

Approximately 3 miles downstream of the Head of Passes the channel width 

decreases from-an average of 1,750 to 1,450 ft, which is the governing width established 

by pile dikes in the lower reaches of the pass. Sediment moved from the shoal at the 

head of Southwest Pass tends to be deposited in the wider reach, because of the lower 

velocities, and forms a shoal along the west bank of the pass. Here the elimination of 

shoaling by contraction works in the form of permeable dikes was found to be eco- 

nomically justified. 

The reach of Southwest Pass from mile 10.5 to 19.5 was contracted to a width of 

1,450 ft by permeable pile dikes which were completed in 1939, and dredging for 

channel alignment and depths was completed in 1943. Shoaling has occurred in this 

reach, particularly during and after floods of greater than average magnitude, which 

has required maintenance dredging to restore authorized channel dimensions. The 

regimen of the channel remains fairly stable during low and normal river flows, and the 

contraction works effectively reduce the maintenance dredging in this reach of the pass. 

In the lower 3 miles of Southwest Pass, which is confined by earth jetties, pile 

training works, and permeable dikes, high-water shoaling is caused by the sudden 

reduction in velocity at the end of the jetty channel. Because of unstable foundations 

and lack of maintenance during the years of World War II, subsidence of the jetties 

occurred considerably below project grade, permitting large flows to pass over the 

jetties and thereby reducing the velocity in the jetty channel to the point that 

additional shoaling resulted. The jetties are now being kept to grade and permeable 

dikes are being made partially impermeable to increase channel velocities and to reduce 

shoaling. As the shoal area at the mouth of the jetties progresses into deep water, the 

jetties will need to be lengthened to maintain nonshoaling velocities. 

Shoaling in the entrance to the jetty channel is caused also by the littoral currents 

which flow around the end of the east jetty. The most serious shoaling occurs in a 

critical area where the river and littoral currents meet to form a large eddy accom- 

panied by reductions in velocity. Construction of a semipermeable dike, about 800 ft 

in length, outward from the end of the east jetty, has been considered to deflect the 

littoral current away from the jetty entrance. While it is probable that shoaling 

would occur along the channel side of this dike, it would be far enough removed from 

the channel to prevent any injurious effects. 

ESTUARY CHANNELS 

12. Problems. Estuaries have higher relative stability than do the delta mouths 

of alluvial rivers, and when satisfactorily improved to meet the needs of navigation, 

they usually provide excellent harbors. As the ever-increasing draft of vessels has 
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imposed a need for greater depths, dredging and other works are often required to 

provide channel access to the inner harbors within an estuary system. Also, dredging 

may be required to provide passing areas, turning basins, anchorage areas, slips 

between piers, and other special-purpose requirements. 

Channels constructed in estuaries and tidal rivers are affected by considerations 

other than those found in fluvial streams. As tidal phenomena occurring in an 

estuary usually result from a complex interaction of a number of factors, the change in 

each contributing factor and in the resulting interaction must be determined for any 

proposed estuary improvement. The principal factors to be considered are tides and 

currents, fresh-water discharge, upland sediment, character of beds and banks, wave 

action, littoral processes, salinity intrusion, and dispersal and flushing of pollutants. 

13. Tides and Currents. The range of tide may have a pronounced effect upon 

both the improvement works and shoreline properties. Higher tides resulting from 

an improvement may injure shoreline properties and cause claims for damages. Lower 

tides result in decreased channel depths. An increase in tidal prism may be an impor- 

tant asset in maintaining navigation channels and bar crossings if construction is 

properly adapted to the tidal forces. Excessive tidal currents complicate vessel 

handling, as well as increasing salinity intrusion and the transport of sediments. Tidal 

formulas have been developed to determine the rise and fall of ocean tides, and several 

methods have been developed for computing tidal heights and currents in an improved 

estuary. Among these are the “reflected wave method,” described by Colonel Earl I. 

Brown,!>* the methods proposed by General G. B. Pillsbury,!?7 and the “method of 

characteristics’? used by Netherlands engineers.!8 

14. Wave Action. Ocean waves may make navigation difficult if not impossible 

during storms at the entrance to a waterway, and if severe may affect the configuration 

of sand bars at channel openings. Natural wave action and waves created by passing 

vessels in narrow waterways cause considerable bank erosion where banks are com- 

posed of unconsolidated materials; sediment from bank erosion may contribute 

materially to channel shoaling. Information on wave characteristics, such as direction 

of approach, height, period, and length, are needed for the design of bar channels and 

jetties or breakwaters at the entrance of a waterway. 

16. Fresh-water Discharge. I[resh-water discharges into an estuary may modify 

the tidal regimen by lengthening the ebb and shortening the flood tides and by inter- 

action with salinity-intrusion forces may produce a complicated modification of tidal 

currents. Fresh-water flows transport upland sediment which deposits in the tidal 

waterway; however, they also tend to flush pollutants out of the waterway. Reser- 

voirs on stream tributaries of an estuary may either increase or decrease shoaling, 

depending on the method of reservoir operation as it affects fresh-water flows into the 
estuary. 

16. Upland Sediment. Sediments brought down from the watershed upstream of 

the estuary flocculate and deposit upon contact with salt water, forming shoals which 

must be removed from the waterway by dredging if not carried out to sea by currents 

to preserve navigable depths. The volume of required maintenance dredging may 

roughly equal the sediment inflow into a navigable estuary. 

17. Character of Bed and Banks. A proper waterway study requires the investi- 

gation of the characteristics of the bed and banks, particularly where currents are 

unusually strong because of some peculiarity of the regimen, or where an increase in 

current will result from the channel improvement. Sandy and silty bottoms and 

banks, while easily dredged, are also subject to scour with possible deposition of sedi- 

ment in areas which will require maintenance dredging. Rock banks and bottom and 

the presence of large boulders will add to the cost of development. 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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18. Littoral Processes. ‘Littoral processes’ is the generic term applied to the 

methods employed by nature for molding and remolding shorelines. The quantity of 

sediment moving along a shore is significant in the design of a tidal-waterway entrance. 

The extent of erosion and accretion occurring along a shoreline subject to a fairly 

uniform exposure to waves depends on its configuration. Inlets, deeps, and headlands 

impede the passage of littoral drift. Littoral processes of the shoreline must be inves- 

tigated to establish whether eroded materials will move into navigable channels or 

block the entrance of a tidal waterway. Bar formations at channel entrances from 

the sea are especially feared by navigators because of their migrating tendencies. A 

channel threading through a bar formation is especially difficult to navigate and is 

costly to maintain. 

19. Salinity Intrusion. Salinity intrusions in a waterway are caused by the 

difference in densities of the ocean salt water and fresh-water inflows. The dissolved 

salts in the ocean water have several effects on the sediment-deposition characteristics 

of a waterway. Upstream density currents at the bottom may cause sediment to 

deposit to form a shoal at a location not anticipated from the waterway geometry, 

whereas salt-water flocculation of suspended sediments may induce shoaling in areas 

some distance downstream of the point of salinity intrusion. As a consequence of 

waterway improvements, changed tidal currents and the introduction of more salt 

water may disturb delicate balances of salinity which affect valuable marine fisheries 

and may cause contamination of fresh-water supplies. The intrusion of salt water into 

fresh-water areas may permit access of marine borers to waterfront structures. The 

factors bearing on salinity intrusions are the tidal characteristics of the waterway, its 

geometry, and the fresh-water runoff entering the tidal estuary. Major channel 

enlargements may change vertical density gradients or the tidal regimen to increase 

salinity intrusion. Alteration in the fresh-water inflow, as, for example, by storage or 

diversion from or to a waterway, may significantly alter the salinity regimen with 

resultant modification of the pattern and volume of shoaling. 

20. Dispersal and Flushing of Pollutants. In recent years the possibilities of dis- 

persing and flushing pollutants have gained recognition in studies to improve tidal 

waterways for navigation. It is conceivable that, under certain set conditions, there 

is a balance between the total load of pollutants and the regimen of a waterway such 

that serious objectionable conditions cannot develop but which, when altered by 

changes in the waterway or by modification of the fresh-water inflow, may increase or 

reduce concentrations of pollutants. For this reason, the characteristics of a waterway 

in relation to its ability to disperse and flush pollutants should be considered in 

planning waterway developments. 

The extent to which each of the various technical factors discussed is likely to 

influence the plan of navigation improvement and channel maintenance must be 

evaluated using as a basis the results of hydrographic surveys, current observations, 

and sediment sampling adequate for the purpose. Studies should be made of the 

changes which have occurred over the years of record, particularly in the vicinity of 

the entrance. A comparison of available hydrographic maps covering an extended 

period of time may reveal natural progressive or cyclic changes which may bear on the 

plan of improvement. Consideration must be given as well to the public interests, 

construction methods, and availability of materials. Preliminary alternative plans 

should be prepared and compared economically. 

A diversion channel may be practicable in some cases to divert upland sediment 

from a navigation channel or estuary. Diversion flows either may be carried around 

an important reach of the waterway or may be directed completely out of the waterway 

by providing a separate outlet to the sea. Such diversions may create undesirable 

conditions. For example, current velocities may be lowered in the estuary to the 
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point of reducing its sediment-transporting capacity and transportation of sediment 

into the sea. Moreover, the lowering of ebb discharges due to the diversion of river 

flows may result in either a decrease or increase in the movement of material into the 

estuary from the sea, depending on the net change in bottom currents at the estuary 

entrance, causing corresponding changes in shoaling. 

The improvement of an estuary entrance may be required to provide an enlarged 

or more stable entrance channel or to protect against wave action. New openings for 

estuaries and bays into the ocean may require jetties, sills, and sand-transfer plants to 

maintain the openings and preserve the adjacent shores. An investigation should be 

made of historical locations of the entrance and adjacent shorelines. Analyses are 

necessary to determine existing relations between estuary and entrance characteristics, 

river and tidal flows, wave action, littoral drift, and river sediment. The effects 

associated with modification of the natural entrance by stabilization, changes in cross 

section and alignment, or provision of jetties must be evaluated from these analyses. 

Jetties may be required to improve the natural depth and alignment of the entrance, 

to regulate the currents for the benefit of navigation, or to protect against wave action 

or shoaling by littoral drift. Jetties may be unnecessary if the optimum relations 

between the desired entrance channel and the tidal regime will assure a relatively 

stable channel which can be obtained economically by dredging. 

Hydraulic-model tests are often required to evaluate the beneficial and detrimental 

effects of physical changes in a tidal estuary. Computation methods are sufficiently 

developed. Estuary models successfully integrate prototype tidal hydraulic variables 

and provide an understanding of phenomena not otherwise identifiable or solvable. 

If model tests are necessary, extensive prototype data are needed for construction 

and verification of the model. Prototype observations should be made over a sufficient 

period to span a representative range of conditions. 

21. Design of Navigation Channels. The objective in designing a navigation 

channel in an estuary is to meet the needs of the anticipated traffic. A ship forfeits 

open-water maneuverability when it enters a channel, and the navigator must be ever 

alert to the restrictions placed on his ship. Maneuverability is affected by configura- 

tion of the waterway, alignment and dimensions of channel, depth under keel, tidal 

fluctuations, currents, wave and meteorological conditions, buoyancy, steerage, and 

interference from other traffic. These problems have always confronted ship captains 

and pilots but they have been magnified by the trend toward larger and faster ships. 

An improved navigation channel may significantly modify the regimen of a water- 

way, as in the case of a tidal river, or, in the case of a large estuary, induce very little 

change in existing tidal hydraulic conditions. If a channel is enlarged, sediment may 

deposit in the enlarged section and contraction works may be needed to prevent such 

deposits. Channel deepening modifies density current effects and thus affects shoaling 

in the saline region of the estuary, even though cross-sectional areas may be held 

constant by construction of contraction works. If practicable, the channel should be 

located to avoid areas which are most conducive to shoaling. In a relatively narrow 

waterway, widths between banks at natural cross sections where project depth exists 

will furnish a guide in estimating the widths required in reaches of deficient width to 

minimize shoaling. 

22. Channel Depth. Channel depths several feet greater than the loaded static 

drafts of vessels using the waterway are required in order to ensure safe and economic 

navigation. On entering an estuary, a vessel will sink from 2 to 3 percent of its draft; 

depending upon the hull design and difference in sea and estuary water densities. A 

ship in motion will “squat,” or lower, with respect to the bottom an amount depending 

on (1) the speed of the vessel through the water, (2) the distance between the keel and 

the bottom, (3) the trim of the vessel, (4) the cross-sectional area of the channel, 
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(5) whether the channel is located in a wide or narrow waterway, (6) whether the vessel 

is passing or overtaking another vessel, (7) the location of the vessel relative to the 

center line of the channel, and (8) the characteristics of the ship itself. 

Current practice in designing channel depths requires a 2- to 4-ft allowance for 

sinkage, depending upon the relationship between the draft and width of the ship, 

project depth and width, speed and horsepower of the vessel, and restricted character 

of the waterway. Abnormally low tides may be 2 to 5 ft below mean low water datum 

but must occur with substantial frequency to require consideration in establishing the 

channel bottom. An allowance of | ft is usually made for vessel trim, and a nominal 

2 ft for clearance under the keel will provide for maneuverability and reduce power 

demands. All these allowances are cumulative and are measured from mean low tide 

on the East and Gulf coasts, and mean lower low water on the West Coast. Additional 

depths of up to 8 ft have been provided across ocean bars to allow for wave-induced 

pitch, heave, and list or roll. 

23. Channel Width. Some of the factors that must be considered in determining 

the proper width of a navigable channel are whether the design vessel must pass a 

similar or smaller vessel, the normal speed, current velocities and directions, wave 

action, wind, the depth of water under the keels, the dimensions available, and the 

composition of the bed and banks. Ina restricted waterway, flow patterns created by 

vessel movement may result in strong reverse-flow currents, high value of squat, and 

severe scour and shoaling action, making steering difficult. The design width should 

be sufficient to ensure adequate control of ships that will use the waterway under 

expected conditions of ship speed, currents, and traffic. 

When a vessel enters a navigation channel, not only is sea room sacrificed, but 

movements and controllability are affected to the extent that a vessel will frequently 

be moved from its course, particularly when ships pass each other. The effect of a 

passing vessel is to form an obstruction that accentuates the effects of a constricted 

channel. As two ships approach and meet, a high-pressure area between the bows 

tends to cause the ships to yaw away from each other. This action is followed by 

strong suction, which tends to draw the ships together. The maximum safe speed for 

two-way traffic is usually 30 to 40 percent less than for one-way traffic in the same 

waterway. 

There is no formula that takes into account all the preceding diverse factors. 

However, the procedures for the determination of widths for the proposed Panama 

Sea-Level Canal are useful for making a first approximation of the channel width 

required for any given waterway. 

The first step is the determination of the width of the maneuvering lane. This is 

defined as that portion of the channel within which the ship may deviate from a 

straight line without encroaching on the safe bank clearance or without approaching 

another ship so closely that dangerous interference between ships will occur. On the 

basis of the Sea-Level Canal tests, it was determined that the width of the maneuvering 

lane should be 160, 180, and 200 percent of the beam for vessels of very good, good, 

and poor controllability, respectively. In waters where the currents are at an angle to 

the channel, or where wave action and strong winds tend to cause the vessel to yaw, 

the maneuvering-lane width may need to be increased to accommodate the oscillations 

of the vessel. The width of maneuvering lane for yaw is determined by the length of 

the vessel and the angle of yaw. 

In channels having two-way large-vessel traffic, a ship clearance lane must be 

provided between the two maneuvering lanes. It is taken to be the distance between 

the inner boundaries of the maneuvering lanes, as the ships could be in this position 

during the passing operation. Both vessels are subjected to bank suction and the 

interaction between the vessels. Model tests made during the Sea-Level Canal 
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investigations revealed that the clearance lane should be equal to the beam of the 

larger vessel. A minimal clearance lane amounting to 80 percent of the beam of the 

larger vessel might be provided when the navigation channel is located in a wide 

estuary, well buoyed, and not subject to strong currents or yawing forces. 

The width of the bank clearance line depends on the equilibrium rudder angle; 

width and depth of the channel; speed of the vessel; strength and direction of currents, 
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winds, and waves; character of banks; and difficulty in determining the exact limits of 

the channel. A bank clearance, varying from 60 to 150 percent of the beam of the 

design vessel, is adopted, depending upon the severity of the controlling factors and 

the past experience of handling vessels close to banks under various conditions. 

Bends are more difficult to navigate than straight reaches, primarily because the 

ship forms a tangent or secant to the curve and is positioned off center. The rudder 
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and centrifugal force on a vessel making a sharp turn tend to displace the stern to a 

path well outside of the bow. The width of the ship’s path around a curve is a 

function of the deflection angle that the ship makes with the curve. 

The total width of the channel is measured at the bottom of the bank slope at the 

design depth. Applying the criteria presented here to a tanker 733 ft long and with a 

beam of 100 ft under the conditions shown in Fig. 20 results in the channel widths 

shown in Table 3. 

TABLE 3. CHANNEL WIDTHS IN STRAIGHT REACHES AND TURNS 

Design vessel is 100- by 733-ft tanker 

Channel width, ft 

ENA SRN One-way traffic Two-way traffic 

Straight | 26-deg 40-deg Straight | 20-deg 40-deg 

channel turn turn channel turn turn 

Bank clearance......... 150 150 150 150 150 150 

Maneuvering lane....... 180 370 440 180 370 440 

Ship clearance.......... pare er ae 100 100 100 

Maneuvering lane....... weer, Paar tgs 180 370 440 

Bank clearance... ...... 150 150 150 150 150 150 

MPO tall. ectecclee nw re, twee ee 480 670 740 760 1,140 1,280 

Increase for turn....... ee 190 260 cies 380 520 

24. Channel Alignment. The overriding requirement for channel alignment is 

that all vessels expected to use the channel be able to navigate it with reasonable safety 

under adverse conditions of tide, current, and wave and wind action. The alignment 

should be as straight as practicable, have easy curves, and be aligned to conform 

approximately with dominant current movements. The minimum _ permissible 

radius of curvature at bends is governed by the turning characteristics of the least 

maneuverable ship. 

The maximum practical radius of curvature consistent with the natural channel 

alignment should be adopted, but in no case should the minimum radius of curvature 

of a deep-draft channel be less than approximately 5,000 ft. The Houston Ship 

Channel was constructed originally with a minimum radius of curvature of 3,000 ft, 

but because of the difficulty experienced by large vessels in the sharp bends, the 

minimum radius of curvature has been increased to 5,730 ft. Although a straight 

channel has the advantage of being the shortest route, experience has shown that man- 

made straight channels often prove difficult and expensive to maintain. Incorpora- 

tion of the natural alignment of a waterway to a practical degree can reduce or con- 

centrate shoaling areas with resulting minimum maintenance costs. 

Critical locations for a ship navigating a channel are at the ocean entrance, 

bridges, approaches to locks, barriers, and control structures. Here straight 

approaches, long enough for vessels to become properly aligned, are generally the safest 

for navigation. While a straight entrance channel parallel to the resultant of current 

and wave forces is safest, shoaling influences frequently require an adjusted alignment 

to obtain the most economic maintenance. 

265. Channel Currents. Current velocities not only affect shoaling but also are a 

major consideration in safety of navigation and channel design. The maximum 
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current velocities in deep-draft restricted channels are generally under 6 knots but 

never more than 10 knots because of the reduced maneuverability of oceangoing 

vessels in constricted channels at reduced speeds. 
26. Training Walls and Contraction Dikes. Training walls and contraction dikes 

are structures which sometimes can be constructed economically to produce or assist 

in establishing self-maintaining sections of desired depth in navigation channels. 

Training walls are constructed approximately parallel to the channel, with the wall 

becoming the new shoreline, whereas contraction dikes are located nearly perpendicular 

to the existing shoreline. 

The principal consideration in designing a training wall is to ensure its stability 

against wave attack, foundation erosion by tidal or river currents, and any possible 

loading behind the wall. Contraction should be used when the reduction in waterway 

width is relatively large, the shoal area is quite long, and foundations are not favorable 

to wall construction. The dikes, which usually are constructed of stone or wood or 

steel piling, should be permeable in some cases to produce a milder overall effect on the 

natural regimen of the waterway in which the harbor is located. As reliable design 

criteria are not available for determination of the most effective and economic system 

of contraction dikes, model tests should be conducted for major projects to establish 

the best plan of contraction works. 

BREAKWATERS AND JETTIES 

27. Definitions. A breakwater is defined as a structure employed to reflect and 

dissipate the energy of the approaching waves, thereby preventing or reducing wave 

action shoreward. Breakwaters for navigation purposes are constructed to create 

sufficiently calm waters for safe mooring, operating and handling of ships, and the 

protection of shipping facilities. A jetty is a structure extending into a body of water 

to direct or confine stream or tidal flow through selected channel limits to prevent or 

reduce shoaling within the channel, or to interrupt alongshore littoral drift to prevent 

its shoaling the channel. 

28. Types. Some of the commoner types are: 

Rubble Mound. This type, shown in Fig. 21, consists of an interior section, or core, 

of assorted sizes of stone, gravel, or other durable material, protected by one or more 

courses of larger, angular-shaped stone or manufactured concrete components. In 
areas where larger stone for the primary cover layer is not available economically, 

concrete tetrapods or tribars may be used, as shown in Figs. 22 and 23, respectively. 

Composite. A composite structure is a combination of two or more specific types. 

The commonest consist of monolithic walls placed on underwater rubble mounds. The 

Crest width 
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Fig. 21. Typical rubble-mound breakwater section. 
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rubble mound may be used as a foundation for the wall or as a main structure sur- 

mounted by a wall superstructure with a vertical or inclined face. 

Concrete Caisson. A caisson structure is one of reinforced-concrete shells which 

are floated into position, settled upon a prepared foundation, filled with stone or sand 

to provide stability, and then capped with concrete slabs or stone. Generally, it is 

necessary to place riprap along the toe of the structure to prevent tilting or overturning 

due to scour. 

Steel Sheetpiling. Steel sheetpiling is used to a great extent on the Great Lakes. 

In saline water it is subject to a high rate of corrosion. In deeper water, where the 

waves are high, the piling is used to form cells which may be filled with stone or sand. 

In shallow water and for shore connections to cellular construction, it is often used as a 

cantilever wall. 

Mobile. A mobile breakwater is one which can be readily transported to the site, 

can be rapidly installed, and is capable of ready removal and transportation to another 

location for further use. Various types of mobile breakwaters, such as floating bulk- 

heads, floating logs, pneumatic and hydraulic jets, have been tested in laboratories. 

The tests indicated significant attenuation for very short-period waves, but not for 

long- or medium-period waves. ‘There are severe anchoring problems with floating 

breakwaters, and the pneumatic and hydraulic types have large power requirements. 

29. Design of Breakwaters and Jetties. In laying out breakwaters and jetties, 

careful study must be given to the direction and strength of tidal currents and the 

proper siting and spacing to provide the channel section needed for navigation. 

Breakwaters must be aligned to restrict energy propagation into the harbor to the 

maximum degree. Jetties should be aligned so that the channel will be controlled in 

the position and direction corresponding with the natural tidal flow. The spacing 

should be great enough to give sufficient entrance width to minimize undermining and 

admit the flood tides so that the tidal prism will not be materially reduced. Care 
should be taken in locating the entrance so that areas of peak wave height will be 

avoided. Wave refraction and diffraction studies should be utilized in locating a 

harbor entrance and aligning the structures. Wind-generated waves produce critical 

forces for which breakwaters and jetties are designed. 

In the analysis of the forces exerted on structures by waves, a distinction is made 

between the action of nonbreaking waves, breaking waves, and broken waves. Struc- 

tures located in an area or zone in which waves will break directly on the structure are 

designed to withstand greater forces and moments than those which will be subjected 

only to broken waves. Wave characteristics are determined, first, for deep water, and 

then extended by computations shoreward to the structure. The stability and height 

of a computed wave at the structure will be dependent on the controlling water depth 

at the structure. Wave computations are generally made for the significant wave 

height; which is a statistical value equal to the average height of the one-third highest 

waves of a deep-water train. This value is used for rubble-mound design. For 

structures which may withstand some racking without damage, the 10 percent highest 

wave of the train is used. For rigid structures, the 1 percent highest is used. 

To determine the wave force of a nonbreaking wave attacking a vertical wall, the 

Sainflou theory is used. This is a diagrammatic method of determining wall pressure 

based on the hydrostatic pressure occurring from the formation of a clapotis (standing 

wave) twice the height of the impinging wave. 

Pressure caused by a breaking wave varies widely with the shape of the wave as it 

breaks upon the structure. The Minikin theory assumes breaking with an entrapment 

of air beneath the forward-bending crest of the wave. While there are limitations on 

the accuracy of the computations, this method is generally used to determine break- 

ing-wave pressures. According to Minikin, the maximum dynamic pressure is con- 
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centrated at still-water level and is given by 

where P,, = maximum pressure; H, = height, ft, of wave breaking on the structure; 

w = unit weight of water, lb/cuft;d = depth of water, ft, at the structure; and D and 

Lp = deeper water depth and wave length, ft, respectively. 

As studies have not been made to relate forces due to broken waves to the various 

wave parameters, pressures caused by broken waves are quite difficult to determine. 

For example, if a wave breaks close enough to a structure, some dynamic energy may 

be transmitted to the structure and the pressure would be related to the incident 

velocity and the run-up on the structure. In most cases, greater force would be 

caused by a smaller wave breaking at the structure than by a larger wave breaking 

seaward thereof. A rubble-mound breakwater is composed of random-shaped and 

random-placed stones, protected by cover layers of selected stones. To obtain suffi- 

cient porosity and protect against piping, stone sizes should be reduced about 10 per- 

cent by weight in succeeding layers. 
When short-period waves impinge upon rubble-mound structures, they may break 

completely, projecting a jet of water approximately perpendicular to the slope, break 

partially with a poorly defined jet, or establish an oscillatory motion of the water 

particles up and down the structure slope, similar to the motion of a clapotis at a 

vertical wall. Thus, it can be seen that, when waves attack a rubble-mound structure, 

the resulting interplay of forces developed by the wave-induced water motion and the 

resisting action of the armor units is extremely complex. Attempts to determine by 

theoretical analysis the stability characteristics of these structures, when under attack 

by storm waves, have not been successful. Empirical methods have been developed, 

however, which give satisfactory results if properly employed. 

The weight or size of the armor units, side slopes, density of armor material, and 

degree of interlocking between units are all interrelated and comprise the principal 

factors to be considered in the design of a rubble-mound structure. The following 

equation used in determining the weight of the armor units for a rubble-mound 

structure was developed by Robert Y. Hudson of the U.S. Army Waterways Experi- 
ment Station: 

rH 
Wiel geen eeoee 

where W, = weight of armor unit, lb; y, = unit weight of armor unit, lb/cu ft; 

H = design wave height, ft; S, = specific gravity of armor unit relative to water in 

which unit is situated, S, = y,/yw} yw = unit weight of water;a = angleof breakwater 

slope, deg from horizontal; and Ka = coefficient that varies primarily with shape of 

units, roughness of surface, sharpness of edges, and degrees of interlocking. 

The slope of the cover layer will partly be determined on the basis of the sizes of 

stone economically available. Generally, a cover-layer slope steeper than 1 vertical 

to 1.5 horizontal is not suitable as this slope approaches the angle of repose of the stone. 

Recommended average values of Ka, based on model tests and limited prototype 
verification, are given in Table 4. 

The core of the rubble-mound breakwater or jetty should be highly impervious, 

which is accomplished by using a well-graded mixture of quarry-run stone. The 

stone sizes of the core and underlayers may be varied to use a greater percentage of the 
quarry production, thereby reducing costs. 

The core height is an important feature in breakwater design. If the core is too 

low, excessive energy may be transmitted through the breakwater, causing damaging 
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TABLE 4. AVERAGE Ka VALUES 

Breakwater location and 

type of wave attack* 

Armor 

1 2 3 4 

Rounded stone, 2 layers, pellmell.......... 2.6 D5) 2.4 2.0 

Rough stone, 2ilayers pellmell!...7-5...... 3:5 3-0 279 2.5 

Rough stone, 2 layers, placedt............. By 50 4.5 Bed) 

‘Tribers,, 2: layers, pellmvelll..5. 2 «sacra soe 10.0 Sb: ort) 5.0 

Uripars, al WAV OT, WMON Es. . cocis ben scenes 15.0 12.0 9.5 Cad: 

Tetrapods 2) layers, pellmelll= e040 a0 acne 8.5 1585 iss 4.5 

Quadripods: 2ilayversy pellmellls .e.-seee neck Sr fan 5 4.5 

*1. Trunk, nonbreaking waves. 2. Trunk, breaking waves. 3. Conical head, nonbreaking 

waves. 4. Conical head, breaking waves. 

+ Good placement with long axis of stone placed normal to the structure face. 

waves to be re-formed within the harbor. At Redondo Beach—King Harbor, Cali- 

fornia, 16 to 21 percent of the incident wave energy passed through and over the break- 

water, which has a top-of-core elevation of —10 ft MLW, with a still-water elevation of 

+7 ft MLW. In areas of severe wave action, the construction of the core to excessive 

height may cause a weakness in the cover layer on the sheltered side. This is caused 

by concentration of transmitted energy across the top of the core, placing back pressure 

on the cover stone. In such cases, the cover layers may slide en masse down the back 

slope. Proper core elevation may be determined by small-scale investigation in a wave 

flume. 

The breakwater crest height is a function of the incident wave-height run-up and 

allowable overtopping. Wave run-up can be computed by methods described in Ref. 

10. The crest width is a function of stability, stone size, amount of overtopping, and 

method of construction. If the construction equipment must operate from the crest, 

the crest must be of sufficient height and width for safety of the equipment. For 

stability in areas of severe wave action, the crest width should generally be sufficient 

to contain three capstones, but never fewer than two. 

The foundations for breakwaters and jetties may require special treatment as wave 

forces acting against these structures may attack the natural bottom. Unless the 

structure is sited on rock, a bedding layer of small stone should be used. ‘The grada- 

tion of this layer depends on the natural bottom material, but usually quarry spalls will 

suffice. The bedding layer should extend at least 5 ft beyond the toe of the structure 

and should not be thinner than about 2 ft in exposed areas. 

Breakwater stone should be durable and preferably have a high specific gravity. 

Characteristics that affect durability are mineral composition, texture, structure, 

hardness, toughness, and resistance to disintegration on exposure to wetting and drying 

and to freezing and thawing. Where local stone is markedly inferior, the greater cost 

of bringing in durable, high-quality stone from outside the immediate area may be 

justified and advisable. Because of the wide range in climatic conditions in different 

regions of the United States, acceptable standards of durability for the regions will 

vary widely. 
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SECTION 32 

NAVIGATION LOCKS 

By Gerorce R. Ricu 

INTRODUCTION 

From the standpoint of the hydraulic engineer determination of proportions for 
filling and emptying systems is the principal problem in the design of navigation locks. 

The fundamental difficulty is to reconcile two conflicting requirements: (1), that the 

lock fill quickly, in the order of 12 to 15 min, to avoid penalizing traffie and (2), that 

the resultant disturbance in the lock chamber not be sufficient to cause dangerously 

high hawser stresses with the attendant possibility of breaking a ship from its moorings 

so as to collide with and wreck the main lock gates. 

Owing principally to the effect of the ship in lockage upon the subdivision and 

partial reflection of the regimen of translatory waves, by means of which filling of the 

chamber is effected, the practical problem of filling system design is not susceptible to 

complete and final determination by analytical methods alone, but confirmation must 

be obtained by the familiar process of reduced-scale model tests in the hydraulic 

laboratory. However, it would certainly be a mistake to infer that analytical meth- 

ods have no place in lock design. By isolating certain of the major controlling ele- 

ments and studying them separately, we establish a more rational and effective basis 

for trial designs and obtain incisive tools for the planning and interpretation of model 

tests. 

The fundamental physical action in lock-filling systems affords still another 

instance of wave motion with respect to both water hammer in the conduits and waves 

of translation, which, as previously noted, constitute the mechanism by which filling 

of the chamber is accomplished. 

For reasons that will appear during the course of our discussion, slow opening or 

closing of the lock valves is essential to ensure quiet lockage. Accordingly, the 

hydraulic design of the filling conduits may be treated as a mass-acceleration problem, 

1.e., stretching of the conduit walls and compression of the water may be disregarded 

without appreciable error because the magnitude of the sub and superpressures due to 

water hammer is not significant. The objective in conduit design is primarily to 

ensure that the filling time is satisfactorily short. 

The translatory action in the chamber, while not affecting to any perceptible 

extent the hydraulic action of the filling conduits, will be found to measure the degree 

of disturbance to the vessel in lockage; and although the presence of this vessel does 

complicate all but the initial stages of the wave regimen, the analytical approach is 

valuable in affording us improved insight into the causes of excessive hawser stress. 

This second coordinate part of the basic problem has as its objective the insurance that 

disturbance to the vessel in lockage, as measured in the hydraulic laboratory by model 

hawser stresses, will not be objectionably great. 

We have solved the entire problem completely when an economic and physical 

balance is effected between these two fundamental but somewhat conflicting tendencies, 

32-1 
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BASIC MECHANISM OF LOCK CHAMBER FILLING 

When water is admitted to or released from the lock chamber by any of the gen- 

erally accepted filling systems, the mechanism immediately responsible for the actual 

change in water surface elevation is a procession of translatory waves traversing the 

length of the chamber. Before proceeding to the analytical expression of the pertinent 

physical laws, we may find it helpful to obtain in advance some intuitional introduc- 

tion from the simplified apparatus depicted in Fig. 1.1. The lock chamber is rectangu- 

(A) DIRECT WAVE 

VAM MM bbdbaihle 

(B) REFLECTED WAVE 

V INCREASING FROM 

V=0 TO V 

ede 

(C) DIRECT WAVE 

Lo i. SAAS A YG: Ye, YAEL, Ge fo pag a 

(0) REFLECTED WAVE SHOWING INTERFERENCE 

Fie. 1. Action of translatory waves in filling lock chamber. 

lar in form and the filling device consists simply of an orifice controlled by a rectangu- 

lar valve. For the initial case it will be assumed that there is no ship in the chamber 

and that the lock valve is opened instantaneously. 

We should then observe a definite intumescence on the water surface propagated 

with comparatively slow, readily followed velocity in the direction of the lock gates. 

As shown by the diagram, the velocity in the chamber behind the wave would be con- 

verted from zero to the value V. Upon reaching the lower gate the wave would be 

reflected in the opposite direction, increasing the depth in the chamber by a second 

increment and reconverting the chamber velocity behind the wave from V to zero. In 

other words, the head increments are reflected at the ends of the chamber with positive 

algebraic sign, and the velocity increments with negative algebraic sign. 

1 Ricw, Georce R., Basic Hydraulics of Water Storage Projects, Civil Eng., August, 1944, p. 352. 
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Now it is readily apparent that, if a ship were placed in lockage under such condi- 

tions, it would be driven with considerable violence first in the direction of the lower 

and then in the direction of the upper lock gates by an unbalanced force proportional 

to the crest height Z. 

Our natural impulse is to alleviate such adverse conditions by substituting a slow 

uniform valve motion for the sudden opening employed initially, and we should then 

observe the marked improvement indicated by Fig. 1(C) and 1(D). In the first place 

the water surface exhibits, instead of the vertical-faced bore wave, a relatively flat 

slope with very beneficial interference effects subsequent to the first reflection. The 

unbalanced force now acting upon the vessel is greatly reduced in magnitude and the 

Wave velocity | C feet per sec 

V=Chamber velocity 
feet/sec 

(c) 
Fie. 2. Development of unbalanced force on ship in lockage. 

ship motion, although still in the nature of a characteristic longitudinal shuttling, is 

markedly decreased in frequency. Obviously slow uniform valve motion is one of the 

prerequisites of quiet lockage. 

But, by means of Fig. 2, we can place this entire matter upon a much firmer founda- 

tion than mere intuition. We first obtain the familiar equation for wave velocity C 

by means of the momentum equation: In every second the passage of the wave changes 

the velocity of a mass of water - C(D + Z) from zero to V, through the action of the 

unbalanced force 5 OD) se A — IOFAL cove 

Ft = M(V — 0) (1) 

get Ah Dill oy CED + 2) (2) 
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In addition, from considerations of hydraulic continuity, the quantity of water per 

unit width of chamber and above the dotted line, Fig. 1(a), is CZ. But this must be 

continuously supplied by flow over the entire chamber cross section behind the wave 

in amount (D + Z)V, or 

DV 
CZ = (D+Z)V or = on (3) 

Combining Eqs. (2) and (3) and noting that in the cases we shall encounter Z is very 

small in proportion to D, we obtain 

CIN) (4) 

Figure 2(b) will enable us to express the relationship between the surface slope and 

the chamber velocity and acceleration. 

For a vertical front wave, 

Waa IDI 

V gD V gD 

In addition, we may reason that the sloping surface in the chamber is in reality the 

envelope curve of a series of differential vertical-front waves each of height dZ, and 

that in time dt each differential wave travels a distance V/ gD dt, since the velocity of 

propagation is \/gD. From the geometry of the figure, the slope at any instant is 

dZ 

Z (5) 

df = SSS 6 

V/ gD dt (6) 

But from Eq. (5) 

i eds 
VgD 

Substituting in (6), 

1 dV diate (2) 
For the slope in terms of the chamber flow Q we write 

dQ 1 dQ 
= bDDV = = ee BY Q : dV bD and df qbD at (8) 

Finally, by means of Fig. 2(c) let us determine the quantitative relationship 

between the unbalanced force on the ship and the slope of the water surface in the 
chamber: 

Unbalanced force on the ship = 2 (D? + 2DJL + JL? — D?) 

or, since J*L? is a small quantity of secondary order, 

Unbalanced force = whbDJ (9) 

But the ship displacement is with sufficient accuracy for small values of slope, 

wLbD = K (10) 

or Unbalanced force = KJ (11) 

and substituting J from Eq. (8), 

Unbalanced force = (=) dQ (12) 
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The presence of a vessel in the lock will naturally effect a subdivision and reflection 

of the elementary wave motion upon which these simple equations are predicated, 

and engineers who are sufficiently interested can pursue the details further in the 

literature.1 However, upon detailed examination we should find that these addi- 

tional refinements introduce no point of conflict with the deductions we shall now 

make solely upon the basis of the simple parent equations. The implications of Eqs. 

(7), (8), (11), and (12) really constitute the fundamental principle of ship lockage: 

To secure the flat slope of chamber surface essential for quiet filling, the initial opening 

of the lock valves should be very small, and the discharge into the chamber should 

increase during the earlier stages of filling and decrease during the later stages of 

filling at a slow uniform rate. 

From Eqs. (7) and (8) we also derive a second conclusion of far-reaching impor- 

tance: The filling conduits may be made of large cross-sectional area since no limitation 

from the standpoint of quiet lockage is imposed upon the magnitude of the chamber 

velocity or flow. Only the acceleration dV /dt or dQ/dt need be kept small to ensure 

flat surface slopes. For the very high lifts in which impulse effects of the inflow are of 

important magnitude, the larger conduits also tend in the direction of reduced veloci- 

ties and reduced impulse forces. Aside from this consideration of provision for 

baffling to avoid excessive impulse forces at the very high lifts, there is no valid 

objection to designing filling conduits to function as short loops of large cross-sectional 

area located entirely in the gate blocks, and dispensing with the port and lateral 

systems frequently installed in the side walls. 

Our first natural objection to a slow valve opening rate is that the increased time 

required for filling and emptying the chamber would penalize traffic. However, 

owing to the fact that we use conduits of relatively great cross section in conjunction 

with slow valve motion, we are able to regain practically all of this time. During 

the later stages of filling, when the available head difference is comparatively small, 

conduits of large cross section enable us to carry large discharges even at the lower 

velocities. 

Finally, we draw a very important general deduction from Eq. (3) which states 

the wave increment height: 

DV 
Ba (3) 

_ fb /2gh 
But V= a5 ie 

in which h is the head difference at any instant. 

Substituting in (3) we obtain 

DBV2gh  B. |2h 
= a (13) 
bDVgD 6 YD 

From Eq. (13), we conclude that the filling operation rather than the emptying 

process imposes the heavier burden upon the lock design, for the reason that at the 

start of filling the chamber depth is much lower than at the start of emptying. 

The chief value of the foregoing equations and discussions is to afford us an insight 

into the basic hydromechanies of lockage, so that we may select the type of filling 

system best adapted to the exigencies of each particular lock. We shall probably 

never have occasion to employ the formulas given for the numerical computation of 

hawser stress, as these are determined with comparative ease and greater dependability 

as a part of the laboratory model tests to confirm the hydraulic design of the filling 

1 Riou, Grorae R., The Hydromechanics of Ship Lockage, Military Engr., July-August, 1932, pp. 

864-369, 
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conduits. With a clear understanding of the mechanism of filling in the chambers, 

we may now proceed to develop the basic principles of design of the various forms of 

filling conduits for admitting water to the chamber. 

TYPES OF LOCK-FILLING SYSTEMS 

From the many arrangements that have been used as a means of controlling the 

admission of water to the lock chamber, three types have been selected to illustrate 

| | 7 Sel ETD, 

NAN ANANNAA MOO CIE Can V2) CAC) GYM A MA) MA OMOM MANA CS sD 

(Tea 
: Lie RE ae z <Y : 

: 1 see 
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vy . 7 2 . 

Fig. 3. Longitudinal filling conduits with lateral ports, Kentucky project, TVA. 

the fundamental principles of design: The first type, which has found outstanding 

favor in American practice, is illustrated by Fig. 3 and consists basically of main 

longitudinal header conduits in the side walls of the lock with numerous short lateral 

ports delivering discharge to the chamber. No doubt the aim of the originators of 

that scheme was to distribute the inflow uniformly over the entire chamber and thus 

Shine 

) meaowares 

ae) “3. 
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, VALVE STEM 

. VELOCITY 
Sh EXTENT AND TYPE OF 
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: ie Bs is be » : > 
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ARRANGEMENT TO GIVE oe SMALL. 

Fic. 4. Venturi-loop conduit filling system. 

eliminate what they believed to be the principal source of disturbance to the vessels 

in lockage. But as will be shown analytically in the course of our subsequent dis- 

cussion, owing to the influence of the inertia of water in the conduits and the effect of 

contraction at the port connections, uniform port spacing does not afford anything like 

uniform discharge. In fact, in the latest examples of this type of design we have the 

rather anomalous incorporation of marked variation in port spacing to effect the 

requisite degree of freedom from turbulence. In the light of the best modern theory, 
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Fra. 5. Filling chamber by cracking main radial lock gates, Passamaquoddy project. 
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the longitudinal culvert and lateral port arrangement finds its principal justification 

as a device for baffling the impulse effects of the inflowing discharge, which reach 

serious proportions in high-lift installations. 

For lifts of moderate height (15 to 35 ft), European practice favors the selection 

of the so-called Venturi-loop filling system (Fig. 4) located entirely in the terminal 

masonry sections of the lock structure. In the opinion of the author, this type 

represents the best utilization of scientific principles and deserves more widespread 

adoption in America. It may be the means of effecting sizable economies in side-wall 

construction, particularly in the lower medium head range, where it permits the use 

of sheet piling for side walls, eliminating the necessity for a cofferdam during 

construction. 

The loop principle also permits ready incorporation of the basic requirements for 

quiet lockage. By employing a trapezoidal cross section at the valves, we obtain 

the desired small initial valve opening, and by using flared conduits of large cross- 

sectional area we materially reduce the impulse forces resulting from the velocity of 

inflow into the chamber. A second advantage of the Venturi construction is that it 

operates to reduce the size and expense of lock valves. 

For lifts in the low-head range, 15 ft or lower, the most advantageous method of 

admitting water is by cracking the main lock gates (Fig. 5). This is accomplished by 

imparting a very slow steady initial opening rate to the main gate drive, and after 

filling is accomplished the mechanism automatically increases the gate opening speed 

to normal. Some rudimentary form of baffling device, such as indicated, will be 

found advantageous in reducing disturbances to the vessel in lockage. 

The literature abounds with many intermediate variations of the three foregoing 

fundamental types, but all the principles necessary for their execution will be found 

embodied in the material to be presented in subsequent paragraphs. 

FILLING SYSTEM AS AN ORIFICE 

In making comparisons of trial designs, it is of the greatest usefulness to have a 

simple rapid means of arriving at reasonably close proportions of the various com- 

peting types. In practice this is accomplished by means of assigning representative 

discharge coefficients to various classes of filling systems and then making the com- 

putation on the basis of the simple orifice law. The following coefficients are a fairly 

representative average: 
Discharge 

System Coefficient} 

Longitudinal conduit and lateral ports.......... 0.85-0.95 

ShortsVenturiloopsscer cierto eee eee 0.75-0.85 

Cracking main lock gates; averse oe oes 0.802 

Simple rectangular orifices: 1s. ee eee .... 0.60-0.80 

1 Ricnw, Georce R., Hydraulics of Lock-filling Systems, Military Engs., January-February, 1933, 
pp. 60-64, 

2 Based upon the area of water between the main lock gates at equalization of levels. 

The analytical background for applying these discharge coefficients is simply the 

old school exercise of filling a rectangular tank under a diminishing head. We shall 
employ the following notation: 

t = filling (or emptying) time, sec. 

A = horizontal area of lock chamber, sq ft. 

F = cross-sectional area of filling conduits taken at the valves. 

h = head difference between lock chamber and upper pool at any instant, ft. 

hi = lift, ft. 

g = acceleration of gravity, ft/sec?. 

C = discharge coefficient summarizing all conduit and valve losses. 

T, = time required to open lock valves, sec. 
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For any short interval of time dt we may write 

—A dh = CF \/2gh dt (14) 
h being taken positive in the increasing direction. 

In the first case let us suppose that the lock valves are opened instantaneously. 

Then, integrating Eq. (14), we obtain for the total time of filling: 

pee dca ie dh _ 2AVhi 

CF V/2gJ09 Wh CF 2g 

In the second case, assume that the valves are so operated as to reduce the valve 

area linearly with respect to the time, and that the valve is fully opened before equal- 

ization of levels is effected. We then have 

(15) 

a CF 4/2gh dt (16) 
1 

AT, dh 
CF V/2g Vh 

If hz is the head difference remaining to be equalized after the valve is completely 

—A dh ll 

or Edt (17) 

opened, 
T1 —AT, ie dh 
dt —— — (18) 

i CF V/2g Sh Vh 

or iy oe vite) (19) 
CF V/2g 

By Eq. (15) the time required to fill the head difference hy 

(i (20) 
CF ~/ 2g 

The total filling time then becomes 

T+, = 7, 4 2A Mia Ts 2A Ia — Vin), 2A Vhs 
CF~V/2g 2 CF ~/2g CF ~/2g 

Soe eawan (21) 
2 CF ~/29 

Equation (21) states that the total filling time is equal to the sum of one-half the 

time necessary to open the lock valves plus the time that would be required for filling 

under instantaneous valve opening. 
There still remains a third case of fairly frequent occurrence in Venturi-loop 

designs, namely, that in which equalization of levels is effected before the valves are 

completely opened. In this case let 7’, be the time at which the levels are equalized. 

We then write Eq. (18) 

—AT, dh T: Ai 
par A f aon, (22) 

i CF \/2g 39 Vh 
Ts? = Au [2 vil" 

2 CF ~/2g 0 

T'.? = _4ATi ie h 

CF ~/2g9 

AT, Vh 
YO} 6 SE AE (23) 

APE / 2g 
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These equations represent the limit of refinement usually found practical for the 

advance calculation of the longitudinal culvert and port system. Reliance for final 

performance is placed almost entirely on laboratory model tests. However, in the 

case of Venturi-loop systems, it is entirely practical to make a more refined calculation, 

taking full account of acceleration head and a more accurate evaluation of friction and 

related losses in the tubes. Accordingly, we shall devote the next article to the 

detailed analysis of the Venturi system. Then, in order to provide a more accurate 

understanding of what takes place in the longitudinal culvert and port type, we shall 

present the analytical approach and performance curves for a simplified system. 

Computation for a practical installation of 10 or more laterals would be hopelessly 

laborious, out of all proportion to the benefit received. 

VENTURI-LOOP SYSTEM 

Because relatively slow valve motion is prerequisite to quiet lockage, the analysis 

of the Venturi-loop lock-filling system may, like the surge-tank problem, be reduced to 

the consideration of friction and acceleration head effects, neglecting water hammer. 

It is then essentially a mass-acceleration exercise in which compression of the water 

and stretching of the conduit walls may be neglected without significant error. The 

basic principle is that at any instant of time the total instantaneous head difference 

between the upper pool and the lock chamber is expended in overcoming frictional and 

other allied losses that are finally dissipated in the form of heat, and in accelerating 

water in the conduit which is manifested as a change in velocity. 

Losses of the frictional type may be calculated by conventional methods and 

include the following components: head loss at entrance, conduit friction loss in the 

flared and straight portions of the tube, head loss due to enlargement of sections in the 

flared section following the straight portion of tube, head loss at exit, and varying head 

loss due to obstruction at the partially open valve. All the foregoing losses may be 

conveniently summarized as a constant factor applied to the instantaneous velocity 

at the cross section of the straight portion of the conduit. 

Acceleration head losses are of the familiar form readily obtained from the momen- 

tum equation: 

dV 
EM GE 

= MdV zy = | 

For a length of conduit dz: 

wAh dt = 

age CATT (24) 

In the flared portion of the tube the velocity is expressed as a ratio of the velocity in 

the straight portion; for example (Fig. 6), 

7 wedi AV 2 AL:V 
*~ A, 7, Gia Ae ~ AL + i = ae 

i 
a fe Ala aV az _ AL, aV fe i 4 

i Jo. (Abe (Ames Aleldig — fy dileala . Ain A ee 

Now, integrating with respect to rz, we obtain the instantaneous loss of head due to 
giving the water in the flared tube Z, an acceleration increment corresponding to the 
increment dV in the straight portion of the tube: 
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es AL, dV Ai 
hy (Anas loge A (26) 

Similarly, for the flared portion Lz, 

_ AL, dV Ae 

NaN seed \aiig es A te 
And finally for the straight portion L, 

LdV 
i ab (28) 

Adding Eqs. (26) to (28), we obtain an expression of the form 

dV 
Ne, = Par (29) 

and the total head 

EON ones h=6 di + By (30) 

Also, by hydraulic continuity, 

A,dh = AV dt (31) 

where A, is the area of lock chamber. 

Velocity Vy at section Ay~ 

Note: 
Included angle not to exceed 10° in flared sections. 

Fie. 6. Analysis of Venturi-loop filling system. 

We seek a simultaneous solution of Eqs. (80) and (31) to give the timeé. Since the 

resulting differential equation 

@h | BA. (F) hA 0 

Tae AAV oa 

is not solvable by any means known at present, we resort to the familiar device of 

arithmetic integration. In Hq. (31) for a small assumed vatue of Ah for a given time 

interval At, we compute the average value of velocity during the interval V. We next 
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Taste 1. ArirHMetic INTEGRATION-VENTURI-LOOP CONDUITS-—KENTUCKY PROJECT 

(System I) 
Area of conduit at valve = 202 sq ft Headwater elevation = 370 ft 

Tailwater elevation = 305 ft 
Valve opening rate = 2.4 fpr n 

Ke — 

Length of straight portion of tube L 
average velocity in conduit near valve 

19.83 ft 
V = velocity in conduit near valve Length of flared portion of tube Li = 93.33 ft 
Area of lock chamber = 110 X 675 = 74,250sqft Length of flared portion of tube Lz = 101.08 ft 

rt 5 

Column (4): 202Va At = 74,2500) Column (10); Ah = babar 

_ 404 X 50 X Va _ 50Ah 

Oe 780 AY = 545 
Va = 

Ae 367 AV = 9.18Ah 

Gd) | @) (3) (4) (5) (6) (7) (8) (9) (10) (11) 

' _ |W.s. elev Valve e i Avg = 
Time, || Velocity | versee| Abs | in | Head on iid tric-} seco? a acoelersi| ca. Maree 

V, fps velocity Va/ chamber conduit, tion loss ation ation 9.184h, fps eee Ee Vien tose stouit a he tt Ber head, £0) pera ges) {PS P 

0 0 0 0 305.00 65.00 0 0 0 0 0 

t= 50 
50 10.03 5.015 1.36] 306.36 63.64 61.45 2,19 1.095} 10.03 | 10.03 

t= 50 
100 15.53 12.78 3.48] 309.84 60.16 61.13 =—0:.97 0.61 5.58 | 15.61 

t= 50 
150 18.38 16.96 4.62) 314.46 55.54 53.97 1.57 0.30 2.77 | 18.38 

t= 50 
200 20.00 19.19 5.22} 319.68 50.32 51.536; —1.216 (Cee le dee 1,62 | 20.00 

t= 50 
250 21.75 20.88 5.70) 325.38 44.62 43.04 1.58 0.185 AON | PAL A) 

t= 50 
300 25.08 23.42 6.39| 331.77 38.23 39.07 —0.844 0.368 3.38 | 25.08 

t= 50 
350 26.45 25.77 7.02) 338.79 31.21 30.08 3. 0.145 1.34 | 26.42 

t= 50 
400 28.10 27. 28 7.45| 346.24 23.76 24,52 —0.764 0.183 1.68 | 28.10 

t= 650 
450 25.50 26.80 7.30| 353.54 16.46 16.25 0.210] —0.277| —2.54 | 25.56 

t= 50 
500 21.20 23.35 6.37] 359.91 10.09 11.26 —1.17 —0.48 —4,38 | 21.18 

t= 650 
550 15.35 18.28 4.99] 364.90 5.10 5.90 —0.80 —0.64 —5.87 | 15.31 

t= 50 
600 9.50 12.43 3.39} 368.29 i 7fil 2.26 0.55 0.63 5.79 O52; 

t= 50 
650 4,22 6.86 1.87| 370.16 —0.16 —0.45 —0.61 —0.58 = 532 4.20 

t= 50 
700°) —1.35 1.43 0.39] 370.55 =0).55 —0.046) —0.60 0.605 5.55 1.35 

t= 50 
750 | —2.95 —2.15 —0.59| 369.96 0.04 0.22 0.26 (0) 11¢/ —1.56 |—2.91 

t= 50 
800 0.20 | —1.38 | —0.38] 369.58 0.42 0.00 0.42 0.34 3.11 0.20 

t= 50 
850 210 i als} 0.31} 369.89 Oma 0.11 0 0.21 1.93 2.13 

t= 50 
900 0.80 1.45 0.40} 370.29 | —0.29 0.01 | —0.30 | —0.15 | —1.38 0.75 
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= V, Vi being the velocity at the end of 
ees AV 

calculate AV from the expression a> 

the preceding interval. 

Equation (31) is then applied as a test at the end of the interval: h being equal to 

h, + Ah: V to V; + AV, where the subscript 1 denotes values at the end of the pre- 

ceding interval. Table 1 is a typical example of such calculation. 

This tabulation affords a ready answer to a question frequently raised by hydraulic 

engineers in connection with all lock-filling systems, namely, why filling always con- 

tinues some distance beyond upper pool level. Referring to the line of integration at 

time t = 650 see, it will be noted that, when the water surface elevation in the chamber 

reaches 370.16 ft, the velocity in the filling conduits is still quite appreciable, 4.22 fps. 

Accordingly, owing to the inertia of water in the conduits, the chamber level con- 

tinues to rise until this velocity is decelerated. Because of the superelevation of 

water in the chamber, the flow then reverses in direction until the water surface eleva- 

tion in the chamber drops sufficiently to decelerate this reversed flow and initiate flow 

in the normal direction from the pool to the chamber. As shown by the computation, 

this pendulation of chamber levels continues until damped down by conduit friction. 

LONGITUDINAL CONDUIT AND LATERAL PORT SYSTEM 

Because of the exceedingly great labor involved, and in view of the fact that labora- 

tory model tests must be conducted in any event to determine hawser stresses, it 

would be impractical to undertake the analytical determination of design for a longi- 

a ee 
Area=a Area=a Area=a 

Length of laterals negligible 
Litt Sefeet 

Fic. 8. Elementary filling system. Longitudinal conduit with short laterals. 

tudinal conduit system with the usual great number of laterals. The chief value of 

the analytical approach in this case is that it affords a rational explanation why uni- 

formly spaced ports do not give uniform distribution of water inflow along the longi- 

tudinal axis of the chamber, and why the laterals adjacent to the lower lock gates 

frequently come into action more quickly than laterals adjacent to the valves or upper 

lock gates. Analytical methods enable us to understand why differential port spacing 

with the closer spacing at the upper gates is the optimum arrangement for quiet 

lockage. 

For the above purpose it will be entirely sufficient to employ the vastly simplified 

manifold system indicated in Fig. 8, consisting of a longitudinal main conduit with but 

three laterals. Our plan of attack is (1) to develop pertinent equations, neglecting the 

effect of contractions which cause head loss at the entrance to the laterals, (2) to 

incorporate the effect of such contractions in a second system of equations, (3) to 
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calculate a numerical example by each of these two methods and thus throw into bold 

relief the profound effect of what might, at first inspection, appear to be a mere 

trivial refinement. 

Just as in the case of the Venturi-loop system, we are again dealing essentially 

with a mass-acceleration problem in which the head difference is expended in over- 

coming friction and allied losses and in accelerating the conduit velocity. The valve 

opening rate is necessarily slow to ensure quiet lockage, so that compression of the 

water and stretching of the conduit wall may, without significant error, be neglected, 

2.e., We ignore water-hammer effect. 

As in the case of the Venturi-loop system, we shall denote by BV? and @U? all 

losses of head manifested eventually as lost energy in the form of heat and by ¢V 

the summation of all acceleration head losses. We shall employ the symbol V for 

the main conduit, U for the laterals, and appropriate subscripts will identify the 

particular branch under consideration. 

In the analysis we assume that the water surface in the chamber is a horizontal 

plane at all times, so that the head difference from upper pool to chamber is the same 

by paths through each lateral successively. We proceed to write equations for head 

difference and relationships dictated by hydraulic continuity. 

Dy av, Ls dU, 
= 2 f h Vie se Onlse se g di ar gq dt (32) 

Ly dV, Le dV2 Ls dU» 

h = BiV 2 + B2V 2? + 62.U2? + 0 “at ae q di Sl q a (33) 

o Ly dV, Le dV. L3 dV; Dy dl Is Fe 

h = BiV 2 + BoV2? + BsVa? + O3U 3? + iy at a ai ti a a aot (34) 

AV, — AV2 = aU, (35) 

AV2— AV3 = aU2 (36) 

AV3 = aU3 (37) 

= dh = AV, dt (38) 

If we proceed to solve these seven equations for the seven unknown variables in 

the conventional manner, we once again encounter the familiar differential equation 

of type 
2 2 

ar +1 (7) + Ch = 0 

for which no solution is yet known. Accordingly, we employ the device of arithmetic 

integration with the arrangement given in Table 2, The method of attack is to work 

with Eqs. (32), (35), and (38) until V2 in Eq. (35) reaches a significant magnitude. 

We then add to the calculation Eqs. (33) and (86) and continue until Vs reaches a 

significant magnitude in Hq. (36). From then on, we employ all seven equations. 

The results of the example of Table 2 are given in Fig. 9, from which it will be 

noted that the laterals do not all come into action at once, but that there is quite an 

appreciable time lag between the initial functioning of the successive ports and that 

they come into play in the order of their distance from the upper lock gates. 

In the analysis thus far, we have assumed that the flow in all portions of the system 

is axial, i.e., we have made no allowance for the effect of contractions at the entrance 

to the laterals. We shall now incorporate this feature in Eqs. (82) to (38). 

In this connection there are two possibilities depending upon whether the lateral 

is long or short. In either case the cross-sectional area of the discharge will be the 

same at the plane of intersection of the two tubes and will be equal to a cos a. 

In the first case, that of the short lateral, the V component will be expended on 
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Taste 2. ArirHmMetic INTEGRATION-LONGITUDINAL CONDUIT WITH LATERALS 

Headwater elevation = 370 ft Friction loss Li (including entrance loss) = 0.01U0V12 

Tailwater elevation = 305 ft Friction loss Lz = 0.005V 22 

Valve opening time = 450 sec Friction loss Lz = 0.005V 3? 

Lock chamber area = 74,250 sq ft 

Discharge at U1, U2, and Us; assumed axial, with orifice discharge coefficients all equal to 0.80. 

Time, sec 

30 60 90 

FE TYING; (SOC re cere ee eon een e Ne © Soe alel werent ae sai cokenlot hens si shetis Ne 30 60 90 

Velocity Variance cea cree te tier causemeza oe oid csr ere isere anares 13.613 18.32 19.78 

AVGTAR er ViClOCIbyah aang hDS)araeee hore eciens wea aed ieieie eben eters 6.807 15.97 19.05 

400Via At 
=== = IR tae on Cee bo Minas tee Ue RAL alsin a eas : ; 3.08 74,250 ZAN (Bei eta renee ea EN eerste eam AES 1.098 2.58 0 

W:S.welevationmnchamber: lithe mevaraiketeetcs science testo 306.098 308.68 311.76 

Friction loss in Li includes valve obstruction head loss, ft..... 56.72 59.80 52.50 

Average acceleration head = fa a, PU a eo anNare at aeneeenc aoa 1.412 0.488 0.151 

Neceleration head for La,ebon scat aecrnietnienctsarnateienseaenree ieee 2.82 —1.84 2.14 

Head) oni pores Ug chGe az alates saves cone ecinterauersveronaae ate mats tnurmare cater 4.36 3.36 3.60 

Velocitythrough, Wan fpsansmamemiccmiccciet de crniistsrserseaers 16).73 14.70 15.22 

Velocity V2 = Am 3h), EDS yaaa ates essere 5.248 10.97 12.17 

Brietionnlose slic, G60 crus ocneo-c eat a etaric eran oot erare area naar UR Kee 0.14 0.60 0.74 

: L2 AV2 
Average acceleration head = oe Bl ORG ag eee tutes cr areaeoagerenrte 1.627 1.776 0.37 

Acceleration head fOr Lo, tte aura sea cine one ae meee 3.25 0.30 0.44 

Head“ont ports Uoiit.c: oman 40 Oey ashore ero En eee 0.97 2.46 2.42 

Velocitysthrough Ue atpsseerseiacn scl nerieiaeeier ecient 7.89 12.56 12.48 

Z 2 — Jo Velocity Va = AYs = 00s, EDS MG eee ee 1.303 4.69 5.93 

Hrictionsloss is Etech acy were eee tee crete aren eter en eoeed sare 0.01 0.11 0.18 

Average acceleration head = mAs, FG seston. oteteae tye Meneee, Sake 0.41 1.052 0.38 

Acceleration head ford yan hte ein cietere ecient ition 0.82 1.28 —0.52 

Head ontport Urs tbe esate rac voces. ceinceintaven oa tare eae Rete eae: 0.14 L07 2.76 

Velocityathrough GG atps sae is inion aera ore er ete 3.00 8.30 13.30 

VolumetWa-|- 7 Uica- a UisaneAtcunithee eee eet ene 41,400 94,800 114,800 

Volume to chamber in At = ae Ahy cu tte g- 4.62 eees| 740,900 95,600 | 114,200 

producing pressure upon the side wall of the lateral, and the discharge into the chamber 
aU, 

will be at efflux velocity U, and cross-sectional area a cos a = ————————-_ In other 
\ Ue 

words, in Eq. (35) we replace a by cae ;in Eq. (36) we replace a by ae 
ae ee A, Ova 

aus 
and in Eq. (37) we replace a by In performing the arithmetic integra- 

/ U3? + V3? 

tion, we employ values of U, and V, from the previous time interval as a first trial 

and then refine the procedure to effect the requisite balance. For the very first 

interval, the first trial will naturally be made with the values a and A. In the second 

case, that of long laterals, the discharge will, after passing the contraction, expand 

and fill the tube so that the head loss is properly computed for the standard case of a 
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VELOCITY-FEET PER SECOND 

Valve opening time 450 seconds. 

Discharge coefficients at all 
laterals assumed constant and 

equal to 0.80. 

0 20 40 60 80 100 

TIME - SECONDS 

Fia. 9. Showing contraction at laterals. 

CROSS SECTIONAL 

MAIN CONDUIT 

V, = Average velocity in main conduit near lateral 

U, = Velocity at efflux into lock chamber 

iz 

Fie. 10. Performance chart. Elementary filling system. Longitudinal conduit for 

three short laterals. 
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sudden increase in cross section of conduit from a cos eto a. If the velocity is U, at 

just after making the right-angle turn, and 
: ae ate U 

efflux into the chamber, it will be : 
COS a 

the component V, will, as before, be expended in producing pressure upon the side 

wall of the lateral. The head loss in the lateral chargeable to effecting the turn will be 

U, 2 

(= a vm) U? ( ie aa i 

2g 2g \cos a 

T 
in which, as before, cos a = coerce ny The head loss is, accordingly, 

Ay UO ENce 

2 2 

2 (Glee a 1) for the first lateral 
Jy 

His 2 

34 ia a see i for the second lateral 

9 ie (MOE es i for the third lateral 
g 3 

These values are incorporated in the coefficients 6;, 62, and 6; in Eqs. (32) to (84). In 

making the first trials of the arithmetic integration, values of U, and V, from the pre- 

ceding interval may be employed and then refined for the second and succeeding trials. 

It will be evident from this derivation that the contraction losses for the first ports 

may be so large relatively that the ports farthest removed from the lock valves come 

into action first. This has frequently been observed in actual prototype operation. 

Table 3 gives a sample of the arithmetic integration process for the case of short 

laterals. The corresponding operations for long laterals follow directly from the 

derivation. The chief value of the foregoing analysis is to demonstrate that uni- 

form port spacing for the system of main longitudinal conduits with lateral branches 
cannot be expected to give uniform discharge into the lock chamber. 

From a study of Tables 2 and 8 it will be apparent that the degree of contraction 

at the entrance to each lateral port depends upon the relative magnitude of conduit 

and port velocities at the successive laterals. Although there is quite a marked differ- 

ence in the valve opening rates for the two cases shown in this table, this does not 

result in any relative difference in the distribution of flow through the various laterals. 

However, let us consider for a moment the common case of a long main conduit with 

tO or 15 laterals. When many laterals are used in this fashion, the cross-sectional 

area of each will be small in proportion to the main conduit area. Consequently, the 

major portion of the discharge will still be undelivered to the chamber after passing 

the first and second laterals. In addition, this velocity will cause a proportionately 

great drop in pressure head at the first two orifice outlets so that the head on these 

orifices will be small and the efflux velocity through the first two ports will be very 

small. Our formula for contraction coefficient for this case of a large conduit velocity 

and small port velocity will then give a very large contraction at the first few ports, so 

that the major initial flow will be delivered by the downstream ports. It has been 

observed in some model tests for high lifts and during early stages of filling that the 

flow in the first two laterals would actually reverse and be in the direction from the 

chamber to the main conduit. To carry out this demonstration by arithmetic integra- 

tion for 15 ports would obviously be a task of prohibitive proportions; but that the 

mechanism of filling under such conditions would proceed substantially as just indi- 

cated above will be evident from the behavior of the integration process in Table 3. 
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Tasie 3. ArirHMeEtic INTEGRATION-LONGITUDINAL Conpbuir with LaTERAL Ports, 

VARIATION IN CONTRACTION aT Ports CoNnsIDERED 
Headwater elevation = 370 ft Friction loss Li 

Tailwater elevation = 305 ft Friction loss Ly 

Lock chamber area = 74,250 sq ft Friction loss Ls 

Effect of difference in contraction at port entrance included in computation. 

(including entrance loss) = 0.010Vi2 

= 0.005 V 22 

= 0.005V 32 

Valve opening time, Valve opening time, 

450 sec 90 sec 

MIU IG SOC s lafereiave ssi s:ialioaciisacr=aave [eusicslie cebiar os oh aueiesteartess chive eon ieeattets 30 30 

WiElOcity NVA hp tn. Wet nant nereatule Avieie dria rare cee aes 13.604 23.15 

AV OLAVERVElOCIt yl). 1a, LOS eriaasy eae Ueno eae 6.81 Leos 

400Via At _ 
“74,250 RB ORCS Ma hs Saat Ae er any sat en vag, Hue ee ch tec a HY 1.10 LSh 

W. S. elevation im chamber, {6.55445 ¢ 65. 0040000+ee5000 306.10 306.87 

Friction loss in L1includes valve obstruction head loss, ft. 56.64 47.75 

Average acceleration head = *! a CGN Oe nies, 3 1.408 2.398 

Acedleration bead for Ui, 1tiac vac ew eae cee wee ee es 2.82 4.79 

MASALA OT POT Gatos kb ceiie ty 7 ta siege calcwls oman aPeenane ats arm ate ale 4.44 10.59 

Melocitymtoroug hatin fps crcrscrscer itera culate green rina nate 16.92 26.10 

U 
Discharge coefficient inti Su Roo oe Oe 0.748 

VU? + Vi? 
A — aU Velocity V2 = Avi 0, ee eats OU ook bee gen 5.38 10.93 

nr CoromMMlossla7 Lommtrpc nite ner sicial cleieiecle: ese etary shae aver cchons 0.15 0.60 

Average acceleration head = ee AY RR uee ate Rie reas ease 2 1.670 3.40 

Mecelerationn head forslian sti ssetsbeteteie si eteveuctorete eo<taeere deren 3.34 6.80 

Head onsportiUls, Ltina sere scm claineciels one DF Coca A Porte 0.95 3.19 
Welocity: throught Wier fst e oes celle ric oleustel sue ein iv ie einseye 7.82 14,32 

To 2 
Discharge coefficient ad LEIS Oa 5 ae 0.823 0.795 

V U2 + V2 
U2 Walsctey Vestn NS Ee ee eet 1.36 3.82 

nL GtlOTLOBS ean hus erp iicere stereo te le ces erate ee eteles eeh cian 01 0.07 

3 A 
Average acceleration head = ae = ft. 0.42 1.185 

PNOCELONADION MEA CUROL Liat banimswenens isis ite nidisie scemeiie Wienesc ils 0.84 PSHE 

IBicpyaliGpat joven. Lig hOs ness oe ones no Ge SOS bing ne 6 Ole aoe ur 0.10 0.75 

Welooty through) Ue, fps cae eats ite re = seuencin ners as sane 2.54 6.95 

U 
Mineharrercoeticlen t= nn PEN ee ery ee 0.880 0.878 

VJ Us2 + V2 

Volume. Uy -- Us += Us in Ab Cu ft. ccc pelea see 40,900 69,500 

i 74,250 a 
Volume to chamber in At = —>— Ah, cu EG ree carhticacden artes 40,900 69,500 
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SECTION 33 

IRRIGATION 

By Rowuanp F. Kaser 

In determining the feasibility of a contemplated irrigation project, three funda- 

mental questions must be carefully considered: (1) Are the project lands suited to 

agricultural use from topographic and soil-structure viewpoints? (2) Are available 

water supplies sufficient in quantity and suitable in quality to meet the irrigation 

requirements? (3) Will the cost of the necessary engineering works per acre of 

irrigable land be low enough to justify construction? 

The greater part of this section is devoted to the physical aspects of irrigation work, 

such as water supply, water requirements, water losses, consumptive use, and irriga- 

tion methods. The principles governing the design and construction of irrigation 

works are discussed elsewhere. 

LAND CLASSIFICATION 

Land classification must be carefully considered in planning new projects. Such 

classifications must be made by agricultural and soil experts working in cooperation 

with engineers. Some lands, which may be easily and economically watered, may not 

merit inclusion in the irrigable acreage because of unproductive soil composition, 

undesirable soil texture, difficult drainage possibilities, presence of undesirable soluble 

salts, or danger of developing alkali surfaces under continued irrigation. Other lands, 

which may cost more to irrigate, may deserve inclusion because of ideal soil character- 

istics, easy drainage, and high prospects of developing into permanent and prosperous 

productive areas. 

1. Purposes of Classification. Land classification is undertaken to provide an 

inventory of the relative suitability of available lands for sustained production under 

irrigation. This primary purpose usually can be served by a survey of reconnaissance 

scope. Following the selection of the outlines of the project area on the basis of the 

reconnaissance survey, a semidetailed survey is undertaken to provide the basis for 

selection of the lands to be served with irrigation water, for determination of the 

probable productivity of those lands and the crops for which they are suitable, and for 

determination of the criteria for design of irrigation and drainage works. The semi- 

detailed survey also provides information on the need for soil reclamation to remove 

deleterious salts and on the characteristics and location of the lands requiring such 

treatment prior to successful cropping. In some cases, a detailed land-classification 

survey will be necessary in specific locations where critical problems such as soil- 

reclamation needs, farm-drainage requirements, or other considerations require more 

precise definition than that furnished by the semidetailed survey. 

2. Physical Properties. Physical properties which are important to the irrigability 

and drainability of land include (1) topographic relief and slope, which influence the 

cost and type of water-distribution facilities and the labor requirements for water 

applications to the fields; (2) texture, grading, and depth of the surface soil and subsoil, 

which determine the water-holding capacity and drainability of the soil; and (3) natural 

drainage characteristics, such as surface drainage channels, drainage outlets, and 

33-1 
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subsurface materials—gravel layers, hardpan formations, impervious soil or rock 

strata—which influence the drainability and reclaimability of the soil. The land 

classification must locate and identify changes in each of these characteristics with an 

accuracy commensurate with the scope of the survey needed. 

Air drainage should be studied in classifying lands where appreciable areas may be 

adapted to fruit or winter vegetable culture. Experience has shown that crops of such 

nature, grown on low-lying lands where wind movements are obstructed by sur- 

rounding hills and consequently are not adequate to provide satisfactory air drainage, 

may suffer severe damage from frost at times when similar crops, grown on nearby 

sloping topography where wind movements provide ample air drainage, may suffer no 

damage at all. For example, orchards on the sloping hillsides of the Roza and Tieton 

divisions, Yakima project, Washington, frequently are undamaged by frost when 

similar orchards on low-lying lands near the town of Yakima are severely damaged. 

Many comparable examples occur in the citrus-fruit sections of Arizona and California, 

as well as in other sections of the West. Consequently, it may sometimes be 

desirable to include sloping hillside regions in the irrigable areas, even though the 

preparation of land and conveyance of water may cost considerably more per acre than 

in the low-lying, more level divisions of the projects. 

3. Chemical Properties. Chemical properties of the soil determine the need for 

reclamation treatment, the reactions to be expected when irrigation waters having 

certain chemical characteristics are applied, and the fertilizers and other treatments 

required to obtain optimum crop yields. In irrigation work, the term alkalz is used to 

mean soluble salts that may be brought to the surface by capillary soil-moisture move- 

ments and precipitated as the moisture evaporates. The commonest alkali compounds 

are the sodium sulfates, chlorides, and carbonates. Other alkali compounds are the 

potassium and magnesium carbonates, chlorides, and sulfates, and the calcium 

chlorides and nitrates. Sodium carbonates, which cause the decomposition of organic 

matter and the formation of a dark-colored crust at the surface of the ground, are called 

black alkali. Sodium carbonate (sal soda), sodium bicarbonate (baking soda), and 

sodium chloride (table salt) are especially detrimental to plant growth, the first 

two being the more objectionable and more difficult to remove from the soil. Non- 

caustic compounds that do not deflocculate the soil, such as sodium chloride and 

sulfate, are often called white alkali. 

The proportions of alkali salts that the soil may contain and still be irrigated 

profitably vary with the character of the soil, fertility, drainage, methods of irrigating, 

and crops grown, as well as with the kinds of salts present. The danger of nonalkali 

lands developing alkali surfaces under continued irrigation depends on the permeability 

of the soil, quantity of water applied, drainage facilities, and saline content of the 

irrigation water. Persons classifying alkali lands, or areas that may develop alkali 

surfaces, should consult agricultural references which present the findings of the latest 

research activities applied to similar problems.! With a few exceptions, grasses, small 

grains, alfalfa, and root crops are more resistant to alkali than are corn, beans, peas, 

melons, and fruits. 

The presence of noticeable quantities of alkali on the ground surface or considerable 

proportions of salts in the soil may not be serious if the ground is permeable and can be 

economically drained, and if sufficient water can be applied to maintain percolation 

toward drainage outlets. If the lands are properly drained, objectionable quantities of 

alkali sometimes can be leached out of the soil by flooding the surface during the winter 

months, by growing crops such as rice which require or can tolerate the application of 

1“ Diagnosis and Improvement of Saline and Alkaline Soils,’ U.S. Department of Agriculture 
Handbook 60, 1954. 



LAND CLASSIFICATION 33-3 

large amounts of water, or by other special applications of water for the purpose of 

leaching out the salts to achieve reclamation. 

4. Drainability. One of the principal purposes of a land-classification survey is to 

assess the properties of the land which influence surface and subsurface drainage. 

Physical properties concerned with drainage are listed in Art. 2. Chemical properties 

of the soil may also influence drainability. Excessive concentrations of sodium or 

sodium salts in the soil or in the irrigation water applied can cause a soil which would 

otherwise have adequate permeability to “tighten up.’’ The resulting reduction in 

permeability can, under extreme conditions, render the soil unproductive, and reclama- 
tion of that soil may not be economical. 

Drainage is important in the suitability of land for permanent productivity under 

irrigation. Excessive and prolonged inundation resulting from heavy rainfall on the 

land itself can be destructive to growing crops and also can affect adversely the soil 

structure and permeability. High water tables affect adversely most irrigated crops 

by reducing the thickness of the root zone which the plants can utilize for essential 

nutrients (see Sec. 39, Drainage). 

Reclamation of saline and alkaline soils usually can be accomplished by the passage 

of large amounts of water through the soil profile, and this cannot be done efficiently 

if the soil permeability is low. <A gradual buildup of salts will occur in the soils under 

continuing irrigation unless natural drainage processes or constructed drainage 

facilities are effective in removing from the soil, on an annual basis, a volume of salt 

equal to that brought in by the irrigation water. Accordingly, the soil permeability 

must be adequate for the accomplishment of routine leaching—application of sufficient 

irrigation water to the fields to meet the evapotranspiration needs plus the water 

required to convey excess salts to the water table—and subsurface drainage must be 

adequate to carry away enough groundwater to prevent the water table from entering 

the plant root zone. 

5. Sampling and Testing. Land-classification surveys include observation of the 

land and soil in the field, collection and laboratory analyses of samples of the soil and 

groundwater, field testing of the soil permeability, and examination of aerial photo- 

graphs. The field observations and collection of soil samples are facilitated by the use 

of auger holes, test pits, and occasional deep drilling. The density of the sampling, 

that is, number of auger holes and test pits of various depths per square mile, depends 

upon the purpose and scope of the survey and the variability of conditions within the 

area being surveyed. General criteria established by the Bureau of Reclamation for 

these surveys are summarized in Table 1. 

Auger sampling of agricultural soils is usually done by manually operated augers, 

although modern equipment includes power-operated augers mounted on vehicles of 

various types. Vehicular-mounted augers take much less time per hole and permit a 

land classifier to cover more acres per day than would be possible with a manual auger. 

This advantage is somewhat offset by the fact that better identification of thin soil 

layers can be obtained with the manual auger. Test pits permit the classifier to 

inspect the various soil layers down to a considerable depth to identify the soil struc- 

ture and to obtain undisturbed and other samples of the several layers. These test 

pits are usually dug manually, although truck-mounted large-diameter power augers 

can be used to expedite the work. 

Field permeability tests are usually necessary where there are clay soils or other 

indications of low permeability. This is because experience has shown that laboratory 

tests on disturbed soil samples often result in misleading permeability values and 

because of difficulties in collecting, transporting, and testing an “undisturbed” 

sample. Up-to-date reference sources should be consulted for details of equipment 
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TaBLE 1. Minimum REQUIREMENTS BY TYPES OF CLASSIFICATION * 

Detailed 

econ- Semi- 

Bre detailed Fully developed 
New or highly 

lands uniform new 

land areas 

Land classes recognizedyt.............. i Ps Bi, I, Ds By G i eh 2 eas Ip aS) 2s iO 

Scale oh Dasesmlaipaie mene wanes Cee eeriseeirmen 1:24 ,000 1:12,000 1:4,800 1:12,000 

Max distances betiveen traverse, miles. . il ORS 0.25 0.5 

ME CUTBE Yi bUae xeon pate AS ce es ieee eeeigee seen 75 90 97 97 

Field progress per day (one land classi- 

fier-‘and crew), sq miles... .....-..+> 3-5 1-3 0.25-1 1-3 

Min area of class 6 to be segregated from 

larger arable areas, acres............ 4 ORS 0.2 On2 

Min area for change to lower class of 

arableslands ACTOS sti .co% coc eta aon 40 10 2 10 

Min area for change to higher class of 

arablerlandacreserry maniac ase 40 20 10 20 

Min soil and substrata examination: 

Borings or pits (5 ft deep) per sq mile 1. 4 16 4 

Deep holes (10 ft or more) per town- 

SEED ore cued oo ton ceieen han ed ca mame ag uf 2 4 2 

* From ‘‘Irrigated Land Use,’’ Bureau of Reclamation Manual, Vol. 5. 

+ See Table 2 for a description of these land classes. 

and procedures which may be employed under various field conditions and in field 

laboratories. ! 

Soil samples collected for land-classification purposes must be properly tagged and 

identified by number, location of hole, depth below surface, and any other pertinent 

information. The samples should be tagged also to indicate the tests which should be 

made on the contents. It may be feasible on large projects to construct and equip a 

special laboratory for the purpose of testing the soil and water samples collected for 

that project; however, on most projects it probably will be desirable to have the 

samples tested by a commercial laboratory or by a public-owned laboratory which is 

authorized to do commercial work. Because many of the details of project formula- 

tion and design depend upon results of the land-classification survey—the conclusions 

of which are based on the field observations and laboratory analyses—it is essential 

that that survey be scheduled to begin early in the project investigation and that time 

be allowed for the collection and analysis of soil samples and interpretation of results. 

6. Classification Standards. lLand-classification surveys must be conducted and 

the results interpreted in accordance with standard specifications in order that data 

within and between areas and regions may be compared for purposes of resource 

appraisal and development. Generalized land-classification specifications used by the 

Bureau of Reclamation, and developed from the extensive experience of that agency in 

project development and operation, are summarized in Table 2. The generalized 

specifications are broad in scope and apply to gravity irrigation in potential and 

existing project areas. These specifications must be reviewed and refined as necessary 

to meet the needs of each land-classification survey to be undertaken. The amount of 

1“ Diagnosis and Improvement of Saline and Alkali Soils,” U.S. Department of Agriculture Hand- 
book 60, 1954. 
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LAND-CLASSIFICATION SPECIFICATIONS—GENERAL* 

Land characteristics Class 1—Arable Class 2—Arable Class 3—Arable 

Soils 

Texture 

Depth: 

To sand, gravel, 

cobble 

or 

To shale, raw soil from 

shale or similar ma- 

terial (6 in. less in 

each instance to rock 

and similar material) 

To penetrable lime 

Sandy loam to friable 

clay loam 

36 in. plus—good free- 

working soil of fine 

sandy loam or finer; or 

42 in. of sandy loam 

60 in. plus; or 54 in. with 

minimum of 6 in. 

gravel overlying imper- 

vious material or sandy 

loam throughout 

18 in. with 60 in. pene- 

of 

Loamy sand to very per- 

meable clay 

24 in. plus—good free- 

working soil of fine 

sandy loam or finer; or 

30-36 in. of sandy loam 

to loamy sand 

48 in. plus; or 42 in. with 

minimum of 6 in. of 

gravel overlying imper- 

vious material or loamy 

sand throughout 

14 in. with 48 in. pene- 

Loamy sand to perme- 

able clay 

18 in. plus—good free- 

working soil of fine 

sandy loam or finer; or 

24-30 in. of coarser- 

textured soil 

42 in. plus; or 36 in. with 

minimum of 6 in. of 

gravel overlying imper- 

vious material or loamy 

sand throughout 

10 in. with 36 in. pene- 

zone trable trable trable 

Alicalimitiva 1 aurener a was Ac pH less than 9.0 unless} pH 9.0 or less, unless} pH 9.0 or less, unless 

soil is calcareous, total | soil is calcareous, total |} soil is calcareous, total 

salts are low, and evi-| salts are low, and evi-| salts are low, and evi- 

dence of black alkali is | dence of black alkali is | dence of black alkali is 

absent absent absent 

Salimityiecewsrke cya oes Total salts not to exceed | Total salts not to exceed | Total salts not to exceed 

0.2%. May be higher] 0.5%. May be higher} 0.5%. May be higher 

in open permeable soils | in open permeable soils | in open permeable soils 

and under good drain-|} and under good drain-| and under good drain- 

age conditions age conditions age conditions 

Topography 

BLODES yey cemee mie tatietcs Smooth slopes up to 4% | Smooth slopes up to 8 % | Smooth slopes up to 12 % 

in general gradient in| in general gradient in| in general gradient in 

reasonably large-sized | reasonably large-sized | reasonably large-sized 

bodies sloping in the] bodies sloping in the] bodies sloping in the 

same plane same plane; or rougher | same plane; or rougher 

slopes which are less| slopes which are less 

than 4% in general] than 8% in general 

gradient gradient 

Surface................] Even enough to require | Moderate grading re-| Heavy and _ expensive 

only small amount of | quired but in amounts] grading required in 

Cover (loose rocks and 

vegetation) 

leveling and no heavy 

grading 

Insufficient to modify 

productivity or cultural 

practices, or clearing 

cost small 

found feasible at rea- 

sonable cost in compar- 

able irrigated areas 

Sufficient to reduce pro- 

ductivity and interfere 

with cultural practices. 

Clearing required but 

at moderate cost 

spots but in amounts 

found feasible in com- 

parable irrigated areas 

Present in sufficient 

amounts to require ex- 

pensive but feasible 

clearing 

Drainage 

Soil and topography... . Soil and topographic 

conditions such that no 

specific farm-drainage 

antici- requirement is 

pated 

Soil and topographic 

conditions such that 

some farm drainage 

will probably be _ re- 

quired but with recla- 

mation by artificial 

means appearing feasi- 

ble at reasonable cost 

Soil and topographic 

conditions such that 

significant farm drain- 

age will probably be re- 

quired but with recla- 

mation by artificial 

means appearing expen- 

sive but feasible 
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TaBLe 2, LAND-CLASSIFICATION SPECIFICATIONS—GENERAL* (Continued) 

Class 4—Limited Arable 

Includes lands having excessive deficiencies and restricted utility but which special economic and engi- 

neering studies have shown to be irrigable 

Class 5—Nonarable 

Includes lands which will require additional economic and engineering studies to determine their irri- 

gability and lands classified as temporarily nonproductive pending construction of corrective works 

and reclamation 

Class 6—Nonarable 

Includes lands which do not meet the minimum requirements of the next higher class mapped in a 

particular survey and small areas of arable land lying within larger bodies of nonarable land 

* From “Irrigated Land Use,’’ Bureau of Reclamation Manual, Vol. 5. 

refinement necessary will increase with the detail of the classification. The project 

specifications must result in significant differences in productivity and payment 

capacity between land classes and must assure that subclasses within land classes will 

have comparable payment capacity. In preparing for land-classification surveys, 

reference should be made to up-to-date bulletins and manuals presenting detailed 

descriptions of procedures and methods. ! 

CROP EVAPOTRANSPIRATION 

7. Principles of Evapotranspiration. In the process of applying irrigation water 

to the crops, certain losses of water through evaporation occur and these losses are 

somewhat characteristic of the particular crop—even though they are influenced, of 

course, by the methods employed in applying the water. For this reason, the term 

consumptive use came to be used to denote the minimum amount of water—usually 

expressed in inches or feet of water depth or in acre-feet per acre of crops—required 

from all sources to support optimum growth of a particular crop under field conditions. 

The consumptive-use requirement of a crop thus includes water evaporated from the 

fields as well as that transpired by the plants or used by the plants in building plant 

tissue. The term crop evapotranspiration has been used as synonymous with and in 

lieu of consumptive use in most recent literature because it is a more descriptive term 

for the processes involved. 

8. Methods of Estimating. Several methods have been developed for estimating 

the evapotranspiration requirements of crops. The method which will yield the best 

estimate for a given situation depends upon the basic data available and the nature of 

the estimate required. Brief discussions of some of the methods now in use, and the 

circumstances under which each of them is usable, are described in the following 

paragraphs. 

General Methods. These methods are primarily useful for reconnaissance or 

appraisal studies which do not require consideration of specific crops or cropping 

patterns. Most of them are usable with climatological data which are ordinarily 

1“Trrigated Land Use,”’ Bureau of Reclamation Manual, Vol. 5, Part 2, Land Classification; and 
“Soil Survey Manual,” U.S. Department of Agriculture Handbook 18, 1951. 
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available and produce results in terms of annual or seasonal requirements rather than 

for periods of 1 month or less. 

Lowry-Johnson. This method was developed in 1941! for use in the Western 

United States and is applicable to a variety of climatological conditions and lengths of 

growing season. It involves use of a graphical relationship between evapotranspira- 

tion (consumptive use) of water in feet of depth during the growing season and an 

index computed as the sum of the daily amounts, during the frost-free season, by which 

the maximum temperature in degrees Fahrenheit exceeds 32 degrees. The relation- 

ship is based on experimental data determined by inflow-outflow studies for several 

irrigated areas. It is not applicable for short periods representing parts of the frost- 

free season or for cropping patterns which differ from those generally in use in areas 

having the indicated ‘effective heat.’’ Likewise, it is not applicable for areas which 

have unusual conditions with respect to wind, humidity, or insolation. 

Thornthwaite. This method was developed in 19482 and involves use of an 

empirical equation to estimate the “potential evapotranspiration”’ in a given area by a 

stand of perennial grass. This method has been used for the preparation of maps 

showing the estimated annual potential evapotranspiration in many countries of the 

world. esearch studies? have demonstrated that monthly evapotranspiration of 

perennial rye grass at Davis, Calif., varies during the year between limits of 1.3 and 2.0 

times the estimated potential evapotranspiration computed by the Thornthwaite 

method. Estimates of potential evapotranspiration produced by the Thornthwaite 

method can be used as indexes for crop requirements where monthly adjustment 

factors have been established to reflect local climatological conditions and growing 

conditions of specific crops. The Thornthwaite equation is as follows: 

PE 2cbe 

where P.E.T. = potential evapotranspiration, cm/month 

¢ = mean monthly temperature, degrees centigrade 

c and a = constants selected to represent the climatological conditions at the 

station or area, the latitude of the area, and the month of the year 

Penman. This method involves use of an equation developed in 19484 for esti- 

mating evaporation on the basis of data for wind velocity, vapor pressures for saturated 

vapor and air, and estimation of crop evapotranspiration by multiplying the evapora- 

tion values by empirical constants depending on latitude and length of daylight.® 

This method has been widely used throughout the world and has been found to give 

good results in comparison with experimental determinations of actual crop evapo- 

transpiration. The Penman equations and relationships are as follows: 

Ey = 0.35(e4 — ea)(1 + 0.01U) 
A Ee 
eae has en Oy 

x) — 67 .4(0.56 — 0.092 ~/ea) (0.10 + 0.90 7) Pen eee) (0.18 + 0.55% x 

1 Lowry, Rosert L., Jr., and Arruur F. JoHNsoN, Consumptive Use of Water for Agriculture, 
Trans. ASCE, paper 2158, 1942. 

2 THORNTHWAITE, C. W., An Approach toward a Rational Classification of Climate, Geog. Rev., 
33, 55-94. 

’ Pruirr, W. O., ‘‘ Procedures for Estimating Crop Water Requirements for Use in Water Alloca- 
tions and for Improvement of Irrigation Efficiency,’’ Department of Irrigation, University of California, 

February, 1964. 
4 Penman, H. L., Natural Evaporation from Open Water, Bare Soil and Grass, Proc. Roy. Soc. 

London, April, 1948. 
5 PenMANn, H. L., Meteorology and Agriculture. General Survey of Meteorology and Agriculture 

and an Account of the Physics of Irrigation Control, Quart. J. Roy. Meteorol. Soc., July, 1949. 
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where H = daily heat budget at the surface, mm of water/day 

Ra = mean monthly extraterrestrial radiation, mm of water/day 

r = reflection coefficient (about 0.25) 

n = actual duration of bright sunshine, hr/day 

N = maximum possible duration of bright sunshine, hr/day 

« = Boltzmann constant (2.01 * 107-9 mm/day) 

7, = mean daily air temperature (absolute) 

éa = saturation vapor pressure at mean dew point, mm of mercury 
Ey = evaporation, mm /day 

€, = saturation vapor pressure at mean air temperature, mm of mercury 

U = mean wind speed at 2 m above the ground, miles/day 

Ey = evapotranspiration of water, mm /day 

T = rao (d)eq/ (a). 

P/E Index. This method is based on the following formula developed by C. W. 

Thornthwaite for the computation of a ratio between monthly precipitation in inches 

and temperature in degrees Fahrenheit: 

log 5 = log 115 + (log P — W log (T — 10) 

where P = average monthly precipitation, in. 

T = average monthly temperature, degrees F 

P/E ratios of 1.0, 1.8, 3.2, 4.4, 5.8, 6.0, 6.8, 6.1, 4.6, 3.5, 2.3, and 1.5 for the months 

of January through December, respectively, were found by Munson! to represent 

adequate conditions for normal plant growth in the Western United States. The sum 

of the 12 monthly P/E ratios is the P/E index, and a value of 47 for that index corre- 

sponds to conditions for normal plant growth. By entering the formula with the 

average monthly temperature and the desired P/E ratio, the required consumptive 

use—assumed equal to the precipitation value—is determined. The method checks 

well with other general methods. 

Methods for Specific Crops. These methods provide results for a single crop. 

Accordingly, they are most useful in determining water requirements for actual or 

assumed future cropping patterns, as distinguished from water requirements for 

generalized or typical cropping patterns. Water requirements for entire farms or 

projects are computed as the sums of requirements for the areas of land devoted to each 

of the several crops involved. Because these methods permit evaluation of the char- 

acteristics of each of the several crops—and usually for monthly or shorter periods 

during the growing season—they produce results which are generally more reliable for 

use in design of irrigation structures and in water dispatching for project operation 

than can be obtained by use of the general methods. 

Blaney-Criddle. This method was developed in 1945? for use in estimating crop 

evapotranspiration requirements by use of the limited climatological data usually 

available. The empirical formula employed is 

u=Kkf and U = KF = sum of kf 

where f = tp/100 

¢ = mean monthly temperature, degrees Fahrenheit 

p = monthly percentage of daytime hours of the year (Table 3) 

1 Munson, Wenveuu C., Method for Estimating Consumptive Use of Water for Agriculture, 
Proc. ASCE, J. Irrigation Drainage Div., December, 1960. 

2 Buaney, Harry F., and Wayne D. Crippte, ‘‘A Method of Estimating Water Requirements in 
Irrigated Areas from Climatological Data,’’ Soil Conservation Service, U.S. Department of Agriculture, 
1945. 
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TaBLe 3. MontTHiy PERCENTAGE OF Daytime Hours oF THE YEAR* 

For Latitudes 0 to 65° North of the Equator 

eee Jan. Feb. | Mar. | Apr. | May | June | July | Aug. | Sept. | Oct. | Nov. | Dec. 

65 SeO2) Oe S 7. 96) Oe Or 272) ARIS Toe 5O) tl at Si 855 1 6.539) 4.08) 2.62 

64 SOL moet SoOO MIR OZ amleRoONtonosimla 26) ell aOSieSe5 Onl Ono ll soe lsnOe 

63 4,07 | 5.39 | 8.04 | 9.86 | 12.29) 13.24) 12.97 10.97) 8.56 | 6.73 | 4.52 | 3.36 

62 Zeca || 2K) | kOe || GO) || alah, ala | sey ey) || BPP 7/83) HO fie || 2S) taxes | (steko) || A rao | Se ass 

61 AOU ono S. 8,09 e974 Ll O4) L266 L225 I Ost les.55:) 6288 14.86 eso 

60 ALONG 207 ae Silene ORG OM lie i8s ee ate ase ORGS Seo4allOeOD mmol leans. 

59 4.86 asco | Sito | -O.64 | 11164 12019) 12.13 ) 102601), 8.58 FREE STs ee ir | Re bas 

58 D102 5.84 | 8714 19059) 115150)) 127001) 1196) 10452) 8.53) 7.06 | 5.380 |) 4.54 

57 ay Ihe tt) Ao) S1P5 9.68 WE BS Ti Satis Osta 8.52) | Fats i) S42 4-71 

56 Doak | Bi CMs | te, lee |) Mees aL AG ail GNSS) lal h74 | AMO) Xa) See || Rey || SRF |) eb ely 

55 5.44 | 6.04 | 8.18 | 9.44 | 11.15 1353) 0154) 10229))) 85h WAZ O20) one 

54 250 OT LO UE Sole O40 1d 04 Leo ao et O22) SFO) Fake li oor 5.16 

1583 OPO Sm MORALOm Sa ON Ors OOo 4. ililen? Onmluiens OU OMG: leet Omnia 52 a> mS amma SO 

§2 3.09 | 60225) 8 2d OV382 | 10285) 11441719) 10210)) 8.48) 7.36 }) 5.92 5.42 

eal HC) | Ge || hes | GB). LOMO) O27 UU OOM ONOSi esata ale te40n 6 200Mmomod: 

50 5.99 | 6.82 | 8,24 | 9.24 | 10.68] 10.92) 10.99} 9.99| 8.46 | 7.44 | 6.08 | 5.65 

48 6.17) 6r4d Ao) |) ye I MOG) WO ee Moy sah 9.89] 8.45 erisyil 6.24 | 5.85 

46 6°38") (6.50: | 8.28.) 9.21 100388.) 10293) 10165") 927985438 088) Cue GOs 

44 GRASTINOROM Onc uOn om lOn 2a ONS ONMlO 49) Ona Sel 712645) 16.50) | 6222 

42 CEG CRG Sass SION OS eLOe2 4 OMSo ie Ono 2s.4ONl via Om|OnG2 sor So 

40 CR OM MON ie aeS Om moe Ou MLOnOLn LOO SMM Oko NRO n Oo Seo laaionl mOsm mOm a: 

38 Gpstsie |) or 7/ 8.33 | 8.89 9.90} 9.96] 10.11] 9.47} 8.387 | 7.80 | 6.83 | 6.68 

36 6.98 | 6.85 | 8.35 | 8.85 9.80] 9.82} 9.99] 9.4 $8.36) || 7585 || 6.93 | 6.81 

34 ee LOM Ge OLN Sic S Ones S Om mecO reals ee Oils ORS Sil NEOs le Sep alle OOM me O2m GEOG 

32 ee OU Oni Sa SOM lS ao Ch) QVCO) ove) Geek sh Bee |) Wey | rc ilale |) On 

30 ol POP | Sh aeser || ye 70h Geb se 19N49)| “O56 7)|) 92a (8133 77599 17220) |) 716 

28 LEO | TG |) SB || Stare Gye uoy || CV siS) || Rey sGayshil| Roy TERA tote eA | ORE || Petey | 7é ye 

26 WECESS WP GAR dekistoxsk |) tS ley! Ose |) “OE204) OU4On Ori Sr e2o S06" 7 36) tran 

24 ISS PGE || BS) | Sao) 9.30} 9.19} 9.40] 9.06} 8.31 | 8.10 | 7.44 | 7.47 

22 Ao |) oral | AO) || tS aie Ry eel eye |) XB OS | Oy ORL RSh KO) || BIBS Wh re tak I eas 

20 Tiss | 2 PRS | OL | S83 OSH ORO 2h Oe 24 Se Ooi Se 2ON Selene OSillienOo 

18 WoeBo | Bal || ewe | BBO | Os) SOS. Caley || a eNO) See) || ES Stay | reas I re re 

16 a | etsy |) CE GAY) SF OL Sasol oeOS i SaSolliGa2ouloecoulm a Coe eeSs 

14 AY || Pek) | fils) | Gass} 8.94} 8.77] 9.00) 8.80] 8.27 | 8.27 | 7.79 | 7.938 

12 8.06 | 7.43 | 8.44 | 8.40 SES eSuO Os sn O2n Sell. Zon eGeosen lesson lec Ol 

10 Solis ere (aul Secon rod CteVh PE ASSO ai CM TALI) Ry | eke Oil |) estarahe) 

8 8.21 | 7.51 | 8.45 | 8.34 See SOS |) sOrSs| Se OOll Sy Zornes (nl GeO Sill ns ke 

6 PAY | 7 ava. If keke Peete! 8.681) 8.45) 8.71) 8762)" 8.24 | 8240) | 8.04 ||"8726 

4 SrSGu lOO Sean WeSuZSall Srozill Sco so sO4| Smo deSezo esata i selOnl Siro 

2 8.438 | 7.638 | 8.49 | 8.25 S200) Se29)|) Saou eSnool Seen SetO. 8. 16.) eae 

0 8.50 | 7.67 | 8.49 | 8.22 8.49} 8.22] 8.50] 8.49} 8.21 | 8.49 | 8.22 | 8.50 

* From Tech. Bull. 1275, Agricultural Research Service, U.S. Department of Agriculture, in coopera- 

tion with the office of Utah State Engineer, as revised by Wayne D. Criddle. 
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TasBLe 3. Montruity Percentace or Daytime Hours or THE YEAR (Continued) 

For Latitudes 0 to 50° South of the Equator 

Latitude Jan. | Feb. | Mar. | Apr. | May | June | July | Aug. | Sept. | Oct. | Nov. | Dec. 
, south, deg 

0 8.50| 7.67 | 8.49 | 8.22 | 8.49 | 8-22 | 8.50-|.8.49 | 8.21 | 8.49 | 8.22] 8.50 
2 8.55) 7.71 || 8:49) | 8.19 P8i44 |-8 17 8.43 | 8.44 18220) 18 52 |) 8227 198.55 
4 8.64] 7.76 | 8.50 | 8.17 | 8.39 | 8.08 | 8.20 | 8.41 | 8.19 | 8.56 | 8.33] 8.65 
6 8.71) 7.81 | 8.50 | 8.12 | 8.30 | 8.00 |) 8-19 | 8737 | 8.18 |) 8.59 8.38] 8.74 

8 8.79 | 7.84 | 8.51 | 8.11 | 8.24 | 7.91 | 8.138 | 8.32 | 8.18 | 8.62 8.47 | 8.84 

10 8.85| 7.86 | 8.52 | 8.09 | 8.18 | 7.84 | 8.11 | 8.28 | 8.18 | 8.65 | 8.52] 8.90 
7) §.91/ 7.91 | 8.53 | 8.06 | 8.15 | 7.79 | 8.08 | 8.23 | 8.17 | 8.67 | 8.58 || 8.95 
14 8307 O70 804.) 8.03) 1 SOC sien 7 108.8219) | Sad 6e ies 769) 8.65} 9.01 

16 9.09 | 8.02 | 8.56 | 7.98 | 7.96 | 7.57 | 7.94 | 8.14 | 8.14 | 8.76 | 8.72] 9.17 
18 9.18| 8.06 | 8.57 | 7.93 | 7.89 | 7.50 | 7.88 | 8.10 | 8.14 | 8.80 | 8.80] 9.24 

20 9.25 | 8.09 | 8.58 | 7.92 | 7.83 | 7.41 | 7.73 | 8.05 | 8.13 | 8.83 | 8.85] 9.32 
22 9.36 | 8.12 | 8.58 | 7.89 | 7.74 | 7.30 | 7.76 | 8.00 | 8.13 | 8.86 | 8.90] 9.38 
24 9.44] 8.17 | 8-59 | 7.87 | 7.65 | 7.24 | 7.58 | 7.95 | 8.12 | 8.89 | 8.96] 9.47 
26 9.52|| 8.28 | 8.60 | 7.81 | 7.56 | 7.07 | 7.49] 7.90 | 8.11 | 8.94 | 9.10) 9.61 
28 9.61] 8.31 | 8.61 | 7.79 | 7.49 | 6.99 | 7.40 | 7.85 | 8.10 | 8.97 | 9.19] 9.74 

30 9769)108.33 | 8263) | 7075 | 743° | 6-945) 7230) 97.80) |) 8.09) |) 9200) | 9524) 9780) 

32 OW 7161/8236) 18.64). 72708 7 84uGeShuln7 200) 7273818205) 10040) sons Tn On sa 
34 9.88| 8.41 | 8.65 | 7.68 | 7.25 | 6.73 | 7.10 | 7.69 | 8.06 | 9.07 | 9.38] 9.99 
36 10.06] 8.53 | 8.67 | 7.61 | 7.16 | 6.59 | 6.99 | 7.59 | 8.06 | 9.15 | 9.51/ 10.21 
38 10.14] 8.61 | 8.68 | 7.59 | 7.07 | 6.46 | 6.87 | 7.51 | 8.05 | 9.19 | 9.60] 10.34 

40 10.24] 8.65 | 8.70 | 7.54 | 6.96 | 6.33 | 6.73 | 7.46 | 8.04 | 9.23 | 9.69] 10.42 
42 10.39] 8.72 | 8.71 | 7.49 | 6.85 | 6.20 | 6.60 | 7.39 | 8.01 | 9.27] 9.79] 10.57 
44 10.52] 8.81 | 8.72 | 7.44 | 6.73 | 6.04 | 6.45 | 7.30 | 8.00 | 9.34 | 9.91] 10.72 
46 10.68] 8.88 | 8.73 | 7.39 | 6.61 | 5.87 | 6.30 | 7.21 | 7.98 | 9.41 | 10.03] 10.90 
48 10.85] 8.98 | 8.76 | 7.32 | 6.45 | 5.69 | 6.13 | 7.12 | 7.96 | 9.47 | 10.17] 11.09 

50 1103/9406) Sim | 7,25) )| 6.31 | 5.48) 175,98 1°7.03.) 7.95) 9458 10,32) 1 30 

f = monthly consumptive-use factor or index 

k = monthly coefficient determined from experimental data 

u = monthly evapotranspiration by the crop, in. 

U = seasonal evapotranspiration, in. 

F = sum of the monthly consumptive-use factors for the growing season of the 

particular crop 
K = seasonal crop coefficient 

In metric units, 

ees (45.7¢ + 813) 

¢ 100 
1 = mean monthly temperature, degrees centigrade 

= monthly evapotranspiration, mm 

Because of its simplicity and adaptability to readily available data, the Blaney- 

Criddle method has been widely used in the United States and throughout the world 

for the planning and operation of irrigation projects. The method was first developed 

to estimate the seasonal requirements of crops for irrigation water, and the crop 

coefficients presented in the early literature on the method were seasonal values, also. 

Because of the need for monthly determinations of water requirements for canal and 

structure design, these seasonal coefficients have often been applied erroneously to 



“GLOL 
‘
I
M
 

“Y99L 
“HOV 

“Ideq 
‘s°Q 

W
o
l
d
 

x 

OF
’ 

0 
$
9
0
 

8L
°0
 

8L
°0
 

29
) 

0 
6P
F 

0 
£
6
0
 

“
H
B
O
 

‘
e
y
e
d
 

| 
S
9
1
q
e
I
e
B
e
a
 

[T
BU
Ig
 

69
0 

~L
°0
 

0L
°0
 

cr
 

0 
PU

RO
 

“B
po
rs
ny
y 

|
 

a
a
y
 

680 860 €6 0 FL 0 170 ‘JUV ‘oyuourwsoeg | $90}BULO J, 

OF
’ 

0 
08

 
°0
 

0
6
°
0
 

S2
10
) 

Sr
 

0
 

E
C
.
 

IN
 

@
e
p
u
e
 

l
i
e
 

e
e
.
 

S
9
0
}
B
j
O
I
 

SOT 06 1 00°T os 0 0Z°0 *rAwbey oneayoyepa ||y 2-2 1 $90}840g 

69°0 
00°T 

80°T 
0
8
0
 

0S 
0
 

1
3
0
 

“IQON 
‘BnIGs}j00g 

|" °°‘ 
s}yeeq 

resNg 

0g 
0
 

1
6
0
 

$
9
0
 

0€°0 
eqaier 

banve hep; 
pop 

2 
ee 

s
u
v
a
q
h
o
g
 

0
9
0
 

OL
'0
 

0L
°0
 

09
°0

 
“
J
e
O
 

‘e
rv
eq
ie
g 

wy
uy

g 
|
"
 

su
ve
q 

3
7
1
M
 

he
r 

(0
) 

0
8
0
 

S
8
0
 

G
8
0
 

0L
°0

 
Sy
 

0 
02

'0
 

"
X
O
 

“O
oV

TS
aM

 
|
 

o
o
o
 

00
°T

 
00
°T
 

06
°0
 

S
P
O
 

0g
 

0
 

“A
GU

O)
 

AO
IE
AE
N 

ER
TS

 
y
 

| 
u0
44
07
) 

OF 0 &6 0 6G I OFE 08 °0 00 “ZIV ‘AoTIBA JOATY YBG | S180 

sv
°0
 

8£
°0
 

€0
°T
 

G
O
T
 

€6
'0
 

6
8
0
 

6
9
0
 

‘
X
O
 

“B
IG
 

sU
Ie
[g
 

JB
aI
D 

|
 

F
E
O
U
M
 

Z8
 

0
 

G
O
T
 

16
°0
 

GL
 

0 
OF

 
0
 

“s
ue
y 

‘A
YI

D 
U
e
p
i
e
y
 

|
 

R
O
M
 

0S
 

0
 

$
8
0
 

OL
'T

 
$
2
0
 

0€
'0
 

“x
O,

 
B
I
G
 

SU
Ie
Ig
 

JB
oI
H 

| 
W
N
Y
S
I
O
s
 

ur
ei

sy
 

OL 
0
 

$
8
0
 

00°T 
OF 

0 
‘airy 

‘xtueoyg 
|* 

°° 
w
n
y
s
i
o
0
s
 
u
r
e
i
n
 

OL
'0
 

08
°0

 
GL
 

0 
S
9
0
 

0
 

K
G
L
 

IN
E 

“e
Me
ho
ge
nm
ty
 

|
=
 

Ul
0d
 

p
i
e
l
 

Sv
 

0
 

6
9
0
 

09
°0
 

OF
 

0 
‘0
 

PW
ie

ay
 

S
I
M
E
 

@i
M 

| 
s
e
a
n
 

ul
0d
 

p
e
l
 

02
°0
 

L&
°0
 

09
°0
 

88
°0
 

86
°0
 

¥8
°0
 

:O
 

0€
'0
 

€1
'0
 

F
R
O
U
S
T
A
R
 

Gi
a 

ie 
a
 

Se
eS

AL
 

Le
i 

1
2
0
 

6
°
0
 

9F
'0
 

2S
 

0 
£9
°0
 

4
9
0
 

09
°0
 

‘0
 

G
P
O
 

fe
 

G
2
0
 

S
T
O
 

J
U
R
O
 

“
M
o
o
r
q
y
e
y
 

| 
I
N
A
R
I
 

02
 

°0
 

Lv
'0

 
S8
°0
 

8
8
0
 

S
8
0
 

‘0
 

Sy
 

0
 

£
6
0
 

‘J
Ue

O 
‘
B
y
e
q
 

u
m
M
b
e
o
r
 

ue
g 

|
 

©
“
 

4t
MI
zZ
 

sn
on

pr
oe

qd
 

96
 

0 
6P

 
0
 

9S
°0
 

09
°0
 

09
°0
 

8¢
°0
 

¥9
°0
 

0
 

Sv
'O
 

66
 

°0
 

€€
°0
 

92
'0
 

“
m
y
 

‘x
tu
e0
yg
 

|"
 

*"
**

* 
s
e
s
u
r
i
g
 

0¢
°0
 

oc
 

0 
tL

 
0 

8L
°0
 

SL
°0
 

‘0
 

Sb
 

0
 

9
1
0
 

‘J
IV

O 
‘p
ao
sr
ey
y 

| 
°°
 

“ ei
ng

se
d 

ss
vi

n 
0
2
°
0
 

0
8
°
0
 

S2
a0
! 

g9
°0
 

i
O
 

AD
iC

uW
AY

cl
ed

er
ex

or
g|

 
We

 
e
s
 

A
r
p
s
 

S
v
0
 

$9
°0
 

S
8
0
 

00
°T

 
OL

 
ST

 
Sh

 
I 

‘g
l 

06
°0
 

S
1
0
 

¢s
°O

 
ce
"0
 

“Z
IT

Y 
“
S
e
y
 

|
 

S
e
y
 

“
0
9
d
 

"
A
O
N
 

9
0
 

“
d
a
g
 

“
o
n
y
 

A
j
o
 

a
u
n
 

A
C
I
 

d
y
 

“
I
V
I
 

“
q
a
 

‘u
es

 
u
o
 

e
0
0
7
 

d
o
i
g
 

,
Q
O
H
L
E
J
Y
 

T
I
G
G
I
U
D
-
A
G
N
V
I
G
 

NI
 

AS
Q 

YO
d 

Y 
S
L
N
A
I
O
M
A
G
O
D
 

A
T
H
L
N
O
J
Y
 

T
V
O
I
d
A
,
 

‘
Y
 
W
I
A
V
 YE, 

33-11 



33-12 IRRIGATION 

monthly consumptive-use factors to estimate monthly water requirements. Experi- 

mental data which have been available since about 1959 have demonstrated that the 

monthly coefficients for annual crops are only about half of the seasonal value during 

the first month of the growing season and may be 1.5 times the seasonal value during 

the month of maximum requirement. Most of these variations are due to the stage of 

the root and vegetative growth of the plants. It is most important, therefore, that 

appropriate crop coefficients are used for monthly—or other short-period—computa- 

tions of irrigation-water requirements. Typical monthly coefficients for some 

irrigated crops at various locations in the Western United States are given in Table 4. 

Recent research! has demonstrated that the monthly relationship between evapo- 

transpiration for a perennial crop in an area with a year-round growing season and the 

monthly consumptive-use coefficients varies from a low of about 0.3 in winter to a 

high of 1.15 in summer. This illustrates the fact that monthly values used for the 

crop coefficient k in the Blaney-Criddle method must account for a seasonal variation 

in the relationship between evapotranspiration and the consumptive-use factor f. The 

monthly crop coefficients also must vary between areas because of differences in wind 

movement, humidity, and other climatological factors which are not represented by 

TaBLe 5. VALUES OF THE CLIMATIC COEFFICIENT k;,* 

FoR VARIOUS MEAN AIR TEMPERATURES (Tf 

a kt i Oly ki fork ke 

36 0.31 61 0.74 86 ik alzs 

37 0.33 62 0.76 87 1.19 

38 0.34 63 0.78 88 T2t 

39 0.36 64 0.79 89 1.23 

40 0.38 65 0.81 90 1.24 

41 0.40 66 0.83 91 1.26 

42 0.41 67 0.84 92 1.28 

43 0.43 68 0.86 93 1.30 

44 0.45 69 0.88 94 Trot 

45 0.46 70 0.90 95 1.33 

46 0.48 pil 0.91 96 1.35 

47 0.50 72 0.93 97 1.36 

48 0.52 73 0.95 98 1.38 

49 0.53 74 0.97 99 1.40 

50 0.55 75 0.98 100 1.42 

51 0.57 76 1.00 

52 0.59 itd 1.02 

53 0.60 78 1.04 

54 0.62 79 Os 

55 0.64 80 1.07 

56 0.66 81 1.09 

57 0.67 82 L210 

58 0.69 83 1.12 

59 OF7L 84 1.14 

60 0.72 85 1.16 

* Values of k, are based on the formula k; = 0.0173¢ — 0.314. For mean temperatures less than 

36°, use ky = 0.300. 

+ From U.S. Department of Agriculture Soil Conservation Service Technical Release 21. 

1 Pruitt, W. O., “Procedures for Estimating Crop Water Requirements for Use in Water Allocations 
and for Improvement of Irrigation Efficiency,’’ Department of Irrigation, University of California, 
Davis, Calif., February, 1964. 



CROP EVAPOTRANSPIRATION 33-13 

air temperature and duration of daylight hours. Experience and judgment are 

necessary for the selection of appropriate crop coefficients for use in the Blaney- 

Criddle method for areas where experimental results are not available as a guide for 

the extrapolation of data from other areas and other climatological conditions. 

Modified Blaney-Criddle. This method! involves some improvements in the 

Blaney-Criddle method. The following modifications are made in the original 

Blaney-Criddle formula: 

k = kike 

where k, = climatic coefficient related to the mean air temperature ¢ as shown in 

Table 5 

TABLE 6. CrOP-GROWTH-STAGE COEFFICIENTS K, 

(Mopirigp BLANBY-CRIDDLE METHOD) 

Perennial Crops (Northern Hemisphere) 

Average k, values by months 

Crop 

Jan. | Feb. | Mar.| Apr. | May | June | July | Aug. | Sept.| Oct. | Nov.| Dec. 

PAULE ALE aver tances us easier sare 0.63 | 0.74] 0.86 |0.99 | 1.09 | 1.13} 1.11]1.06]0.99 | 0.90 | 0.78 | 0.65 

Grass pastures )...-.5-06 0.48 /0.58/0.74|0.85 |0.90 | 0.92 | 0.92 | 0.91 | 0.87 | 0.79 | 0.67 | 0.55 

GrADeSmnrae cere tee > .|0.20 | 0.23 | 0.32 | 0.49 | 0.70 | 0.80 | 0.81 | 0.76 | 0.66 | 0.50 | 0.35 | 0.25 

Citrus orchards......... 0.64 | 0.66 | 0.68 | 0.70 |0.71 |0.72 | 0.72 |0.71 | 0.70 | 0.68 | 0.66 0.64. 

Deciduous, with cover. . .|0.63 |0.74 | 0.86 |0.98/1.09|1.13 |1.12]1.06]0.99 |0.90|0.78/0.65 

Deciduous, no cover..... 0.17 | 0.25 | 0.39 | 0.63 | 0.87 | 0.96 | 0.95 | 0.82 | 0.53 | 0.30 | 0.20 | 0.16 

PAGVIOC HG OS ia sere venis tien aca toleu 0.27 |0.42 |0.58|0.71/0.78/0.81 ]0.78| 0.71 | 0.63 | 0.54 | 0.43 | 0.36 

itu tajee seek srocus rere 0.10 /0.14/0.23 | 0.43 | 0.68 | 0.92 | 0.98 | 0.88 | 0.69 | 0.49 | 0.31|0.15 

Annual Crops 

K, values at listed % of growing season 

Crop 

0 10 20 30 40 50 60 70 80 90 | 100 

Hyeldecorn (grain) wei... sees 0.44 |0.49 | 0.58 | 0.71 /0.93/1.05/1.08/1.06/1.01/)0.93]0.85 

Field corn (silage).............|0.44]0.48| 0.55 | 0.65 | 0.80) 0.97) 1.06] 1.08] 1.06 | 1.02 | 0.96 

Grainvsorghumenah se cae an ee 0.30 | 0.38] 0.60 ]0.83/}1.01/1.07 | 0.99 | 0.88 | 0.76 | 0.65 | 0.56 

Warniver Wheat ar. scr. ceicseeavts ee ou 1461/1 44 aoe SOA SoM SON 230 1 elon 03 10.861 0278 

SMOMIN OST AlNS a) vance ener eaer 0.29 |0.45 | 0.67 | 0.89 | 1.09 | 1.28] 1.31] 1.17]0.90/0.55 | 0.20 

(CROLL he eee atic on eu taes 0.20 /0.25]0.33|0.50|0.79 | 0.97 | 1.02 | 0.95} 0.81} 0.65 | 0.29 

HOTS PCATIB ss a, 6 <0 Reis avedes bawenns a pote 0.50/0.59 | 0.71 | 0.87 | 1.02 |1.10]1.12]1.06|0.94/0.81 | 0.67 

DU PAL DECUS: fcc sais e shel caus 0245)| 0.50) (061 | 02-79") 0.95 1.10) 1.220) 1225 1.20) 1-13 11.04 

EG UMUOCAT Witt ci Zoa~a ms eres ne rues 0.33 |0.40/ 0.51 | 0.72 | 0.98 | 1.17) 1.31 | 1.37 | 1.36 | 1.31] 1.23 

INGGb ea iver laaes, ar aenon Owes ere 0.45 |0.45 | 0.47 | 0.56 | 0.75 | 0.95 | 1.03 | 0.99 | 0.90 | 0.80 | 0.70 

Melons and cantaloupe........ 0.44|0.48 | 0.56 | 0.65 | 0.76 | 0.81 | 0.81 | 0.78 | 0.75 | 0.71 | 0.67 

Small vegetables.............. 0.29 |0.40| 0.57] 0.69 | 0.77 | 0.81 | 0.82 | 0.79 | 0.72 | 0.58 | 0.38 

* Data given only for springtime season of 70 days prior to harvest (after last frost). A, increases 

from 0.50 at seeding to 1.46 during period with average temperature below 32 F. 

! Described in ‘‘ Irrigation Water Requirements,’ U.S. Department of Agriculture Soil Conservation 
Service Technical Release 21, Apr. 29, 1964. 
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k, = coefficient reflecting growth stage of crop. Values for principal crops are 

listed in Table 6 

The climatic coefficient k; was introduced as an empirical adjustment to minimize the 

variations in the resulting k between seasons. Within the limits of experimental data 

in areas in which irrigation is normally employed, this adjustment appears to overcome 

the criticism that the Blaney-Criddle formula does not take humidity and wind move- 

ment into account. The crop-growth-stage coefficient k. values have been calculated 

from reliable research data. 

The modified Blaney-Criddle method is recommended for use in estimating crop 

evapotranspiration requirements whenever reliable information is not available on pan 

evaporation or climatological factors (air temperature, dew point, wind movement, 

and solar radiation) necessary for computation of shallow-lake evaporation. 

Evaporation-index Method. This method of estimating crop evapotranspiration 

uses shallow-lake evaporation as the index to which crop-use coefficients are applied. 

The method is fully described in Bull. 6019 of the Texas Water Development Board! 

100 

90 

BO 

x S) 

2 i 

wo S 

b S 

MEAN DAILY AIR TEMPERATURE °F 

IN 

Fig. 1. Lake evaporation relation. Nore: The International Pyrheliometric Scale which 
became effective in United States on July 1, 1957, provides values which are 2.0 percent less 
than those previously obtained. This evaporation relation is based on radiation values 
obtained prior to that date. For computations based on data subsequent to Saliva wo Si 
increase radiation values by 2 percent. (‘‘Evaporation Maps for the United States,” Technical 
Paper No. 37, Hydrologic Services Division, U.S. Weather Bureau, August, 1959.) 

‘McDanizzs, Louis L., Consumptive Use of Water by Major Crops in Texas, Texas Board of 
Water Engineers (now Texas Water Development Board), Bull. 6019, Austin, Tex., November, 1960. 



CROP EVAPOTRANSPIRATION 33-15 

and is briefly summarized as follows: 

OKO! = IC! SS TG 

where UC = crop evapotranspiration requirement (consumptive use) on a monthly or 

shorter period basis 

IC = climatic index, which is the same as the evaporation from a hypothetical 

shallow lake situated at the locality under consideration 

KU = crop-use coefficient, which reflects the stage of growth of the crop 

Values for shallow-lake evaporation to be used in this method should be computed 

by the graphical solution presented in U.S. Weather Bureau Technical Paper 37! if 

available data on air temperature, dew point, wind movement, and solar radiation are 

adequate. Otherwise, it may be possible to estimate shallow-lake evaporation by 

applying appropriate conversion factors to evaporation data collected from pans, 

Piche evaporimeters, or other instruments. Values for shallow-lake evaporation can 

be computed by use of the graphs presented in Fig. 1. Average values for crop-use 

coefficients to be used in this method are presented in Table 7 for a variety of crops. 

TABLE 7. -CROP-USE COEFFICIENTS FOR USE IN EVAPORATION-INDEX METHOD 

Perennial Crops (Northern Hemisphere) 

Average KU values by months 

Crop 

Jan. | Feb. | Mar.| Apr. | May | June| July | Aug. |} Sept.} Oct. | Nov. | Dec. 

ANITENG GND Ss ei re oper fice ear OFS3"OS9ON ONO!) MOD TOS) Tela | TS20 2a Me 22H Tee 2H OL 86 

Grasswoasturen.c-adek en 1.16 ]1.23)1.19|1.09 | 0.95 | 0.83 | 0.79 | 0.80 91]0.91/0.83 | 0.69 

(CHOSE Saey cotte eae eee 0.15 |0.50/]0.80]0.70 | 0.45 

Gitrussorchards.: «.....- - 0.58 | 0.53 | 0.65 |0.74/|0.73 | 0.70] 0.81 | 0.96 | 1.08|1.03 | 0.82 | 0.65 

Deciduous orchards...... 0.60 /0.80|0.90 |; 0.90 |0.80/0.50|0.20| 0.20 

SUSACAMOw waren nye O%65'1'07 500.80) 1.17) 020 122°) 1-23: 1.24) 15269) 1 27 | 1.28'110.-80 

Annual Crops 

KU values at listed % of growing season 

Crop 

0 10 20 30 40 50 60 70 80 90 100 

BO LGMC ODI ts th Lares tet 1s UT Cece 0.45 |0.51/0.58/0.66/0.75/|0.85/0.96/ 1.08 | 1.20 | 1.08 | 0.70 

GrainrsOnrGh UIs. «ea tector ne 0.30 | 0.40 | 0.65 | 0.90} 1.10}1.20/1.10]0.95 | 0.80 | 0.65 | 0.50 

Winter wheat*.........«......| 1.08] 1.19 | 1.29 | 1.35 | 1.40] 1.88] 1.36 |1.23|1.10|)0.75 | 0.40 

(CALS TNN seer ear a Pa ene eee 0.40 1/0545 '|0.561 0.76 | 1.00) 1.14 | 1.19") 1.11) 0.83) 058 10.40 

DUP AMIpbSetsiaan cae sete er ahOLGO Ono OP4eOn56:t0e73 10,9008) d26) leas e301 O) 

GantalOupesnni:. sei. c2cre «none 0.30 | 0.30 | 0.32 | 0.35 | 0.46 | 0.70} 1.05} 1.22/1.13/0.82)0.44 

POtabOes(ITISH):. a5. se sees ee 0.30|0.40/0.62/0.87/1.06/1.24]1.40]1.50]1.50| 1.40] 1.26 

AAO! DEAR. eprysin-< ats. ora ne oe 3 0.30 | 0.40 | 0.66] 0.89 | 1.04 | 26 Na). 26.0 26) 0-63 1.0.28: 10. 16 

BGHUSH riod r eh eee OU OsconOLDe Ln Oo lL Ot HORS 0580) 10566 0.53 | 0.43 | 0.36 

EE Ces ean AAS reir ee arent, a Cavrrmenaw tart DOOM OB n laste lice 4u | els Salsa on | dene Silene Celene mt OO 

* Data given only for springtime season of 70 days prior to harvest (after last frost). 

| Ivapotranspiration only. 

1 Kouurr, M. A., T. J. Norpenson, and W. E. Fox, ‘‘Evaporation Maps for the United States,’ 

U.S. Weather Bureau Technical Paper 37, 1959. 
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The evaporation-index method is recommended for use in estimating crop evapo- 

transpiration requirements whenever unusual humidity or wind movements prevail in 

the locality under consideration, or when data are available for the preparation of 

reliable values of shallow-lake evaporation. When data are insufficient for the esti- 

mate of evaporation, or when doubtful approximations must be made to develop 

data for use in such estimation, it will be preferable to use the modified Blaney-Criddle 

method. The advantage of the evaporation-index method is that it includes con- 

sideration of humidity and wind movement. The disadvantages of the method are 

that it is time-consuming, particularly if estimates must be made of solar radiation by 

use of standard tables and adjustments for percent of sunshine or estimates of cloud 

cover, and may require use of adjusted data of questionable value for solar radiation 

and wind movement at the proper level above ground. 

Methods which are in many respects similar to the evaporation-index method have 

been developed by Hargreaves,! Olivier,? and Hansen.* Crop-use coefficients given by 

Hargreaves and Hansen, however, are to be applied to evaporation from a U.S. 

Weather Bureau class A pan instead of evaporation from a shallow lake. A coefficient 

of 1.00 to be used with pan evaporation would be equivalent to a value of about 1.45 

with shallow-lake evaporation. 

9. Free-water Evaporation. Although some writers refer to evaporation from pans 

as “free-water evaporation,” the term is generally applied to evaporation from larger 

bodies of water such as lakes and reservoirs whose surface area is of appreciable size. 

Furthermore, the term is usually apphed to evaporation from shallow lakes and 

reservoirs, in which advection or change in water temperature would not have a major 

effect on monthly loss by evaporation. 

Evaporation Pans. Losses of water from pans are influenced by the diameter of 

the pan, the depth of the pan, the color of the pan, the height of the pan rim above 

water surface, coverings of the pan such as screens, the exposure of the pan (on land or 

floating in a large body of water), and the material surrounding the pan (air or earth— 

as in sunken pans). ‘These characteristics of a particular pan and its mounting and 

environment influence, also, the ratio of the losses from that pan by evaporation to the 

evaporation losses from a hypothetical lake or reservoir at the same location. That 

ratio is affected, too, by heat transfer through the pan due to differences between the 

temperature of the air and that of the water in the pan. 

The most widely used pan in the United States for measurements of evaporation is 

designated the Weather Bureau class A pan. It is of cylindrical design—10 in. deep 

and 4714 in. in diameter (inside dimensions).‘ It is constructed of galvanized iron or 

an alloy similar to monel metal. The pan should be installed above the ground level 

and should rest on 2- by 4-in. boards placed flat and spaced at 7.33-in. centers on 

compacted earth fill high enough to keep the bottom of the pan above the level of 

surface water in rainy weather. The boards should be leveled carefully so as to 

extend at least 1 in. above the earth fill to provide air space under the pan. The level 

of water in the pan should be kept between 2 and 3 in. below the rim of the pan. The 

pan coefficient for the class A pan (shallow-lake evaporation divided by the pan 

evaporation) averages 0.70 on an annual basis. As shown in Fig. 2, the annual 

class A pan coefficient at various places in the continental United States varies 

between 0.60 and 0.80. Monthly pan coefficients vary at a particular location or for a 

1 HarGreAvEs, GeorGe H., Irrigation Requirements Based on Climatic Data, Proc. ASCE, J, 
Irrigation Drainage Div., November, 1956. 

2 Oxivipr, Henry, “Irrigation and Climate,’’ Edward Arnold (Publishers) Ltd., London, 1961. 
3 IsRaABLSEN, O. W., and V. E. Hansen, “Irrigation Principles and Practices,’’ John Wiley & Sons, 

Inc., New York, 1962. 

4** Instructions for Climatological Observers,’’ U.S. Weather Bureau Circular B, 10th ed. 
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TABLE 8. ANNUAL EVAPORATION-PAN COEFFICIENTS 

Name PRES Deo Other factors ORS 
ft in. coefficient 

Class A 4 10 Galvanized metal 0.69* 

(BE leva egaeeet nas 6 24 Sunken 0.91% 

Colorado..... 3 18 Sunken, square 0.83* 

VOun ge: eee 2 36 Sunken, screened 0.91* 

92 36 Sunken 1.00F 

9 36 Sunken 0.997 

4 36 Sunken 0.857 

2 36 Sunken 0.78T 

ub 36 Sunken 0.63T 

* “Water Loss Investigations,’’ Vol. 1, Lake Hefner Studies, Geological Survey Circular 229, 1952. 

} Suereut, R. B., Discussion of Paper, ‘‘Evaporation on U.S. Reclamation Projects,’’ Trans. ASCE, 

1927. 

particular body of water, depending upon the thermal characteristics of the body 

of water (temperature of inflowing and outflowing water and change in stored heat). 

Pan coefficients for several sizes and types of pans are listed in Table 8. The 

annual values listed represent average values over a consecutive 12-month period. 

Monthly values, according to the experiments at Lake Hefner,! were found to vary 

between about 20 and 180 percent of the average annual values. The variations in 

average annual lake-evaporation values throughout the continental United States are 

shown in Fig. 3. 

Experiments performed with pans having different colored and treated surfaces? 

yielded evaporation results having the following ratios to results from pans having 

untreated galvanized surfaces: 

Wihaterenameli ace aeti ta OSs 

Orange enamel....<..........- 0.92 

Light yellow enamel........... 0.93 

JMlowoswonbGon foyMNNn ae noo ooo ae < 0.98 

Dark bluetenameln... nee TO?) 

Dark green enamel............ 1.02 

Blackvenamelenmeassmrcr meres 1.06 

Untreatedicoppersees cr eine LsOw 

Piche Evaporimeters. In many parts of the world the only evaporation data 

available are those observed with Piche evaporimeters. These instruments are 

graduated glass tubes, inverted and with a circular blotter held over the lower end by a 

clamp. They are usually installed in a conventionally louvered shelter with other 

weather instruments. While the Piche instruments are cheap and convenient to use, 

the readings obtained therefrom are often more erratic than those from standard pans. 

In arid areas with high temperatures and low humidities, evaporation from the Piche 

blotter pad is so rapid that the edges of the pad may become dry and curl, resulting in 

erroneously low values. Experiments by Keeling’ have indicated that evaporation 

values from a class A pan are about 70 percent of those from a Piche instrument 

installed in a double-louvered shelter. A comparison of monthly data for stations in 

Ecuador and Uruguay where both instruments are in operation under identical con- 

1“ Water Loss Investigations,’ Vol. 1, Lake Hefner Studies, Geological Survey Circular 229, 1952. 

*,Youna, A. A., Discussion on Paper 2262, ‘‘Evaporation from a Free Water Surface,” by G. H. 
Hickox, Trans. ASCE, 1946. 

3 Keevina, B. F. E., “Evaporation in Egypt and the Sudan,” Survey Department Paper 15, Min- 
istry of Finance, Cairo, 1909. 
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ditions indicates that the correlation is poor and that the average relationship checks 

that given by Keeling for monthly values less than about 150 mm, but the average 

ratio may be unity for monthly values of 250 mm or more. 

Estimates from Climatological Data. Estimates of evaporation from water 

surfaces can be made from climatological data by means of the Penman equations! 

presented in Art. 8 or by the graphical solution developed by the U.S. Weather Bureau? 

presented in Fig. 1. Climatological data employed in these solutions include wind 

movement (adjusted to the proper level above ground), mean daily dew-point temper- 

ature, solar radiation, and mean daily air temperature. Wind measurements taken at 

other heights can be corrected to the desired elevation by use of the following formula: 

U; ee U; 

where U;, = wind movement, miles/day at the observation level h, ft 

U, = wind movement, miles/day at a height x ft above the ground 

While estimates of evaporation computed from climatological data may be preferable 

to pan data for use in computations of evapotranspiration requirements—because the 

latter may be biased by the pan location with respect to buildings, trees, or irrigated 

fields—this advantage may be nullified by the need for estimating solar radiation from 

standard values adjusted for cloud cover or percent of possible sunshine. 

10. Crop Coefficients. Coefficients which reflect the water-using characteristics of 

each crop are necessary for each method for estimating evapotranspiration require- 

ments, except for those methods which do not consider particular crops or cropping 

patterns. The latter methods are generally used only for reconnaissance or appraisal 

studies. Discussions of the several methods presented in Art. 8 cover the crop 

coeflicients which apply to each method, and those coefficients are listed in Tables 4, 6, 

and 7. 

Since the actual crop evapotranspiration is difficult to measure accurately under 

field conditions, and requires expensive and complex instrumentation, basic data for 

the determination of crop coefficients are available for only a few experimental sites. 

In the United States, most of these data result from the cooperative investigations of 

the Agricultural Research Service of the Department of Agriculture and colleges or 

universities in states in which irrigation is practiced extensively. Only a few, including 

the Agricultural Research Station of the University of California at Davis, Calif., 

are equipped with large-scale lysimeters capable of measuring evapotranspiration 

under field conditions. Consequently, it is necessary to extrapolate laboratory-type 

data for a relatively few locations to field conditions throughout the world where irri- 

gation is practiced or may be beneficial. 

Much of the published literature on crop coefficients, particularly for the Blaney- 

Criddle method, includes values applicable only to entire growing seasons. While 

these seasonal coefficients are useful for general studies, such as those for determining 

storage-capacity requirements, they do not permit determination of short-period 

requirements for irrigation water, which are needed for design of adequate canals and 

irrigation structures. Many erroneous studies have been made using seasonal crop 

coefficients applied to monthly index data. This results in irrigation-requirement 

estimates that are too great at the beginning and end of growing seasons and are too 

low during the months of peak requirements. 

Crop coefficients for periods of a month or less throughout the growing season of a 

crop reflect the characteristics of that crop at the several stages of growth. Since 

1 Penman, H. L., Natural Evaporation from Open Water, Bare Soil and Grass, Proc. Roy. Soc. 
London, April, 1948. 

2“ Evaporation Maps for the United States,” U.S. Weather Bureau Technical Paper 37, 1959. 
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evapotranspiration includes evaporation from the soil surface in the fields, the crop 

coefficients should also reflect the method used in appkying the irrigation water and the 

frequency of irrigations. The coefficients listed in Tables 4, 6, and 7 are average 

values, and adjustments of those values may be desirable for application in unusual 

situations. For example, the coefficients should be increased for fields with shallow or 

sandy soils where frequent, light applications of irrigation water would be necessary 

and there would be greater opportunity for evaporation losses from wet soil. 

Because actual evapotranspiration has been measured at only a relatively few 

locations and studies for other areas require extrapolation of those data, the Blaney- 

Criddle method must be used with caution in areas where humidity and wind con- 

ditions are different from those at the experimental sites. The evaporation-index 

method and the modified Blaney-Criddle method are generally preferable because 

crop coefficients for those methods have less variation between areas. This situation 

is to be expected because the latter two methods listed take into account more climato- 

logical factors. 

FARM-IRRIGATION REQUIREMENTS 

Requirements for deliveries of irrigation water to farms depend upon numerous 

factors including (1) the acreages devoted to each of the several crops grown, (2) the 

evapotranspiration requirements of those crops under the climatic conditions pre- 

vailing in the area, (3) the effective rainfall in the area, (4) the need, if any, for irriga- 

tion prior to planting, (5) the farm-irrigation efficiency, and (6) other factors such as 

the quality of the irrigation water or the need for leaching of previous accumulations 

of salts from the soil. The farm-irrigation efficiency is the percentage of water 

delivered that is utilized in crop evapotranspiration, and it is influenced by the size 

of the farms because of the effect of conveyance losses between the point of delivery to 

the farm and the several fields. Farm conveyance losses are influenced by the same 

factors which affect losses from the larger conveyance facilities of an irrigation project, 

as discussed elsewhere under Conveyance Losses and Waste. 

11. Cropping Pattern. The term “cropping pattern’’ as used here means the 

percentage of the total field areas actually available and suitable for cropping which 

are devoted to each crop during each of the two principal growing seasons of a year. 

Under this definition, the summation of percentages for all crops grown in an area 

suitable for the year-round cropping could be 200 percent. This would represent 

complete utilization of the land in each of the two seasons and would involve double 

counting of crops such as alfalfa, sugarcane, or citrus orchards, which use water in all 

12 months of the year. 

Cropping patterns for single farms are different from those for a large project, even 

when the particular farm might be included in the project. This is because the 

growing seasons of crops grown on a single farm must be compatible, thereby avoiding 

interference in use of the fields and providing time for harvesting of one crop and for 

seedbed preparation before planting of the next crop. ‘This is not required in cropping 

patterns for large project areas because of diversity between the cropping patterns of 

the several farms. It is quite possible that no single farm would utilize the cropping 

pattern that would apply for the project. 

The distribution of crops in a cropping pattern is influenced by many factors 

including (1) suitability of the soil for various crops, (2) suitability of the climatic 

characteristics for various crops, (3) economic conditions which influence the return 

the farmer may expect to receive for his labor and investment from various crops, 

(4) governmental controls on acreages devoted to crops in which surplus production 

has been experienced, (5) limitations imposed by project regulations (generally to 

avoid having a large percentage of the project land in a single crop which would result 
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in a high peak water requirement, possibly exceeding delivery capabilities or seasonal 

water supplies), and (6) the preferences and experience of the farmers in growing 

certain crops. In the United States it can be assumed that a high technical level of 

farm management will be employed in irrigation enterprises. This will assure the use 

of rotations of crops to improve or preserve the soil fertility and crop distributions 

which will make possible efiicient employment of labor and equipment. Under such 

a level of management, it can be assumed that project cropping patterns will change 

over a period of years as market and economic conditions change. These assumptions 

may not be warranted or realistic in the planning of irrigation developments in many of 

the developing nations of the world. In any event, agricultural economic studies are 

required in order to establish cropping patterns for projects which may be expected to 

be representative of future conditions with respect to water requirements, agricultural 

production, and farmers’ incomes during the economic life of the project works. 

Table 9 presents several typical cropping patterns for project-sized areas. These 

TABLE 9. TypicaL ProsEct CroprinG PATTERNS 

Percentage of irrigable area 

California Texas Argentina | Pakistan 

Wheat and other grains....... ORG OReo) 10.0 60.0 

RCE; vacate racecar cere cu ioaits 8.0 

Oiliseeds*..c uso nice ee 7.0 

Corm (maize). on. e en wees 0.1 4.8 

Crainvsore nate set reen ieee 0 14.4 ae bee) 

SUsarca mesa eee ene es om 8 ety 10.0 

Cottomemre a ccctteae etn ro tiins 0.8 Some) 20.0 Nee XO) 

DUGaT Deetsnerac le eeene tees TORO: 

Weciduousmnruiits een enee eae Ord 0.1 

CAtrUS are eee an ey een 0.5 1% 2 10.0 2) 

Mesetables:e. meta nrine ci: 16.2 49.2 32.5 3.0 

ISAT ENGL TOEMNO con cock ond © 44.2 23.3 35.0 18.0 

patterns illustrate the distributions of crops in irrigated areas in the United States and 

some foreign countries where irrigation is practiced. 

12. Effective Rainfall. Part of the rainfall which occurs during the growing season 

of a crop is lost through surface runoff or deep percolation below the root zone of the 

soil profile. The portion of the growing-season rainfall which is assumed to be utilized 

in meeting evapotranspiration requirements of crops is termed ‘‘effective rainfall’’ in 

irrigation studies. In arid areas effective rainfall may be so small as to be of little 

consequence, while in humid areas it may provide a major portion of the evapo- 

transpiration requirements for optimum growth of many crops. Growth of irrigation 

in humid areas in the United States in recent years is evidence of the economic signifi- 

cance of irrigation as an aspect of efficient farm management. This is because the 

time distribution of rainfall rarely suffices to maintain the soil moisture in the root zone 

within the range necessary for optimum growth during all parts of a growing season. 

Information in Fig. 4 is presented to illustrate this point. Curve 3 shows that at 

Corsicana, Tex., there were 10 periods of 24 days or longer in which no rain occurred 

during the growing seasons of 10 consecutive years. This means an average of one 

such period each year. Since moisture stored in the soil root zone could supply crop 

needs for only about 10 days during the time of greatest water use, such a rainless 

period would result in some yield reduction, if not a complete failure. Curves 1 and 2 

represent more favorable rainfall distributions for crop production. 
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© oa : - - 
Curve Location Avg. rainfall 

no. in 5 months 

(inches) 
60 

Mt. Vernon, Ill. 20.4 

Garden City, Kans. 13.7 

Corsicana, Texas 8.41 | 

Rincon del Bonete, 16.0 

Uruguay 

5O 
ESCO 

40 

30 

20 

Number of occurrences in 10 consecutive years 

O 10 20 30 40 50 

Length of rainless periods in days 
(5-months summer season) 

Fra. 4. Duration and frequency of rainless periods. 

In estimating irrigation-water requirements, the engineer must estimate the 

effective rainfall from records of experienced rainfall in the area of the farm or project. 

In making these estimates, the average moisture level of the soil root zone at the 

beginning of rainfall is important. This moisture level is influenced by (1) the con- 

sumptive use rate of the crop, (2) the moisture-holding capacity of the soil root zone, 

and (3) the frequency and depth of applications of irrigation water or periods of rainfall. 

It may be assumed that through infiltration from rainfall or irrigation applications, 

the moisture level at the soil root zone will be maintained between field capacity and a 

level somewhat above that at which crop growth would be retarded. This means that 

even in arid climates some of the rainfall will occur on soil that is at or near field 

moisture capacity and will not be effective in supplying evapotranspiration. The 

chance of such a situation is reduced if the rate of evapotranspiration of the crop is 

high and if the soil root zone has a large range of usable moisture capacity. 

Studies by the Soil Conservation Service for 50 years of record at 22 Weather 

Bureau stations throughout the continental United States! have resulted in the 

relationship between monthly mean rainfall, monthly effective rainfall, and average 

monthly consumptive use (evapotranspiration) shown in Table 10. Values in that 

table may not be applicable to areas where soil intake rates are low or rainfall intensities 

are consistently high. In such cases, the engineer must make adjustments to reflect 

the local conditions. 

The engineer must consider, also, the frequency distribution of effective rainfall. 

While the crop evapotranspiration requirement will usually vary from year to year by a 

relatively small amount, there may be a large variation from year to year in rainfall. 

It may be desirable, for example, to plan for an irrigation supply that will be fully 

adequate for evapotranspiration requirements in 8 out of 10 years. In such a case if 

could be assumed that the ratio of the desired effective rainfall to the effective rainfall 

determined by use of Table 10 would be the same as the ratio of the growing-season 

rainfall that would be equaled or exceeded in 8 years out of 10 to the sum of the 

\Trrigation Water Requirements,’’ U.S. Department of Agriculture Soil Conservation Service 

Technical Release 21, Apr. 29, 1964. 
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Taste 10. Averace Monruty Errecrive RAINFALL*] AS 

2BLATED TO Mpan Montury RAINFALL AND AVERAGE 

Monruty ConsumprTiveE Us 

Average monthly consumptive use wu, in. 

Monthly 

mean 

rainfall 1.0 2.0 3.0 4.0 

rt, 

in. 

8.0 20) | 10.0 

Average monthly effective rainfall re, in. 

0.5 0.20 | 0.25 | 0.30 | 0.30 | 0.30 | 0.35 | 0.40 | 0.45 | 0.50 | 0.50 

1.0 On55 | ONGON|NOnRGSe On 20" On cOm MOR 5™ ROP SON) FOnSou Ono lOO 

2.0 TSO) |) ahs |) ai |) TS. | aE ey | oss | I) |] We ral) |] Tate | Paw) 

3.0 WOO || GSS || OS || Boo | BA | SO | ee) | Bites | Bec) | ye) 

4.0 TROON E2008 | 2255s 2a 70M 25 9027955 sedoreso0neoroOn i3rs0 

5.0 1-007 | 2,00! | 3700) | 3225 | 3550) 3260 | 3.85 | 4705) 4730) 4°60 

6.0 1.00 | 2.00 | 3.00 | 3.80 | 4.10 | 4.25 | 4.50 | 4.80 | 5.10 | 5.40 

CaO 1.00 | 2.00 | 3.00 | 4.00 | 4.60 | 4.80 | 5.05 | 5.40 | 5.70 | 6.05 

8.0 1.00 | 2.00 | 3.00 | 4.00 | 5.00 | 5.30 | 5.60 | 5.90 | 6.20 

950 1.00 | 2.00 | 3.00 | 4.00 | 5.00 | 5.75 | 6.05 | 6.35 

* From U.S. Department of Agriculture Soil Conservation Service Technical Release 21. 

+ Based on 3-in. net depth of application. For other net depths of application, multiply by the 

factors shown below. 

Net depth of 
application] 0.75 0 

7 

1 ere 2 

TOONS bg Ae 2 On.72 | C277 |) OL 86: 0: 

Note: Average monthly effective rainfall cannot exceed average monthly rainfall or average monthly 

consumptive use. When the application of the above factors results in a value of effective rainfall 

exceeding either, this value must be reduced to a value equal to the lesser of the two. 

monthly mean rainfall values in the growing season. This will require the collection 

and analysis of rainfall records in the project area for the full period of available 

records. The adequacy of the irrigation supply to be provided is a matter of eco- 

nomics, and it may be desirable for high-value crops to provide a water supply that will 

be fully adequate except in very rare circumstances. 

13. Irrigation Applications. Irrigation involves the application of surface or 

groundwater to fields to supplement the soil moisture supply provided by natural 

rainfall as required for increased growth and production of crops. Accordingly, the 

frequency of irrigation-water applications will vary during the growing season of each 

crop depending upon (1) the evapotranspiration rate, (2) the distribution and amount 

of rainfall, (3) the capacity of the usable soil moisture reservoir, and (4) the design 

capacities and method of operation of the irrigation-distribution facilities. The depth 

of water applied at each irrigation varies from about 2 to 6 in., with frequent, light 

applications being required on sandy soils or during the early part of the growing 

season and less frequent, heavier applications being permissible later in the growing 

season or on soils with greater water-holding capacity. 
Effect of Root Depth. At the beginning of the growing season the emerging roots 

can obtain moisture and plant nutrients from the zone of soil at the depth the seeds 

were planted. As the vegetative growth develops above the ground, the root system 

develops in the upper soil layers as required to furnish the moisture and plant foods 



FARM-IRRIGATION REQUIREMENTS 33-25 

needed to sustain that growth. Each crop has characteristic rooting habits which it 
will tend to follow if the soil is deep and uniform and equally moist throughout. The 

depth of rooting increases during the entire growing period. Crops which mature in 

2 months usually penetrate only 2 to 3 ft, while crops requiring 6 months to mature 

may penetrate 6 to 10 ft or more. 

Normally the greatest concentration of plant roots is in the upper layers of soil, 

and this concentration may be accentuated if the root zone is restricted by a high 

water table, shallow soil, or compacted layers (plow pan). When the upper portion of 

the soil is kept moist, plants will obtain most of their moisture supply from near the 

surface. As the moisture content of the upper layers decreases the plants withdraw 

more water from the lower layers. While this may tend to encourage more root 

development in the lower levels, fewer roots exist in the lower portion of the root zone, 

and wilting may result, even though moisture is available, because of the inability of 

the root system to extract enough moisture from the lower levels. Irrigation practice 

in arid regions usually results in the extraction of 40, 30, 20, and 10 percent of the 

moisture supply, respectively, from succeeding quarters of the root zone (from the 

surface downward). 

Average root-zone depths for many of the crops grown under irrigation are listed in 

Table 11. Generally, these depths are reached by the time the foliage of the plant has 

Taste 11. Norman Roor-zongs Deprus or Marure [IRRIGATED 

Crops GROWN IN A DEEP, PERMEABLE, WELL-DRAINED SoOIL* 

Crop Ft Crop Ft Crop Ft 

2 CS en ae 5-10 Cornmi(sweet) ccc oes 3 Pega, fac aes 3-4 

ATHCHOKOS:. 60o.05.6 Gis asc 4 @orn: (field) soe ea 4-5 Potatoes (Irish)...... 3-4 

PRS DELS OMB 6 oe. o at she eihacs-s 6-10 Cottons rene nome nee 4-6 Potatoes (sweet)..... 4-6 

BeanuSamtde sca amerd|) tome @ramberries ines ac: .cs 1-2 Pumpkins. 2s 6 

Becisa(SUAT) en ae 4-6 Deciduous orchards. .| 6-8 Riadisheste. <r ae 1 

Beets (table).......... 2-3 GYAN ace che eed eee 4 DPIMAChe sees oe wre sreerel| wee 

BT OC COMM euelese nist sierwionn ale 2 GTADCS a ,e Reo PO ee 4-6 SQuUsshitren nearness. 3 

WDD ager + gin svew bce 2 Grass pasture........ 38-4 Strawberries.........| 3-4 

Cantaloupes........... 4-6 HT ODS ee. eeeen een Ge 5-8 ROMA tOCSncten.. teers 6-10 

Cane berries........... 3-4 Ladino clover........] 2 MUTI pS a. a see pace eS 

Garros rise eciacirhs 2-3 Toetuuces emcee eats 1-114 Walnuts nicest) tect 2: 

Cauliflower's cic as oon < 2 WE Os ovcaua ewe ea 3-4 Watermelons........ 6 

(CUS ai73 Fo ar tctev Nee. cnn aes Oe 3 Onions ere ec 1 

(CHIE rates a a eestor ee 4-6 Pa SNS een susste ore 3 

* From ‘‘Engineering Handbook, Far Western States and Territories,’ U.S. Department of Agri- 

culture, Soil Conservation Service, Sec. 15, Part I, May, 1957. 

reached its maximum size. Root-zone depths are limited to the soil depth above the 

water table. 
The moisture reservoir available to the plants is determined by the depth of the 

plant roots at the stage of growth under consideration and by the moisture-retention 

characteristics of the soil. The variable factor is the root depth, for a particular field, 

which has a major influence on the depth and frequency of irrigation-water applications 

and on the changes in those applications during the growing season. 

Soil Moisture Capacity. The volume of soil moisture available to the plant is a 

function of root depth and the moisture-holding capacity of the soil between field 

moisture capacity and the minimum moisture content at which optimum plant growth 

can be sustained. Field moisture capacity is defined as the maximum moisture which 

can be retained in the soil against the forces of gravity. It does not include water 
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which might be in the soil under saturated conditions and which, in time, will percolate 

downward through the soil profile. Usually, determinations of field moisture capacity 

are made 2 days after irrigation. 
The moisture content of the soil which results in permanent wilting of plants is 

called the ‘‘wilting point.’’? The wilting point varies with temperature and stage of 

growth of the plant—higher values apply as rates of evapotranspiration increase. 

Generally, the wilting point is from 40 to 50 percent of field moisture capacity. The 

“available moisture capacity” of a soil is the amount of water per unit of soil depth 

between field moisture capacity and the wilting point. This amounts to 50 to 60 

percent of the field moisture capacity and represents the amount of water that can be 

stored in the soil and used to sustain optimum plant growth. Consequently, it 

represents the maximum range of fluctuation of soil moisture content that can be 

tolerated between rains or irrigation-water applications without depression of crop 

yields. 
The available moisture capacity of soils is primarily a function of soil texture. 

Coarse sands have the least moisture capacity and heavy clays the most. Common 

ranges of available moisture capacities for soils of different textures are as follows: 

In. of Water 

Soil Texture per Ft of Soil 

Vidryacoarsexsand at atc wanna are cue een ciel 0.40-0.75 

Coarse. to loamy sands... duc age 0 ca ay ase no lee enen 0.75-1.00 

Sandy loams and fine sandy loams............... 1.00-1.50 

WOaAmssanausiliOamstmenraeece acne tere erences 1.50—-2 .30 

Sandy clay loams, silty clay loams, clay loams..... hi75-2 50 

Sandy clays, silty clays, and clays................ 1.60-2.50 

Peatsiandsmuckesniecramaane reno acme et 2.00-3 .00 

Soil Moisture Reservoir. Irrigation studies which involve water conveyance and 

short-period delivery requirements (generally on a monthly basis) must consider the 

operation of the soil moisture reservoir. The usable capacity of that reservoir 

increases as the root system develops. The reservoir content diminishes as moisture 

is withdrawn by evapotranspiration and it increases as moisture is added by rainfall or 

applications of irrigation water. 

In arid regions it is often necessary to irrigate the fields in advance of planting. 

This “preplanting”’ irrigation is required when the soil moisture reservoir is depleted 

and the soil is too dry for preparation of an efficient seedbed, for germination of the 

seeds, and for initial growth of the plants. The preplanting irrigation application is 

additional to the irrigation water necessary to supply the crop evapotranspiration 

requirements, since it makes up for deficient antecedent rainfall (during a period of 

months prior to the crop growing season under consideration). The amount of water 

to be applied depends upon the length of time following irrigation applications on the 

same land for the previous crop, the condition and covering of the soil surface, and the 

climatic conditions (especially rainfall). Generally, irrigation studies provide for 

sufficient preplanting irrigation to bring the soil to field capacity throughout the depth 

of soil to be used by the roots of the crop to be grown. This will supply moisture 

needed for seed germination and for growth of the young plants until they are able to 

withstand mechanical operations required for application of irrigation water and the 

irrigation water itself. 

Trrigation-water applications will be relatively light and frequent during the early 

parts of the growing season—while the root zone is shallow. Later the applications 

can provide greater depths of water and the frequency will depend upon the rate of 

evapotranspiration by the crop. Often irrigation applications must be made at 

1“ Conservation Irrigation in Humid Areas,’’ U.S. Department of Agriculture, Agricultural Hand- 
book 107, 1957. 
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intervals of a week or less during the period of peak water use, particularly if the soil is 
sandy or shallow. 

It is generally desirable to discontinue irrigation-water applications several weeks 

before the crop is harvested. This practice provides a dry soil surface for harvesting 

operations, reduces the moisture content of the vegetative growth, and conserves 

irrigation water. During this period of maturing of the crop, the moisture needed can 

be drawn from the soil moisture reservoir. The engineer making irrigation studies 

should recognize that the use of the soil moisture reservoir is an essential feature of 

irrigation agriculture and that it results in requirements for irrigation-water applica- 

tions which are phased earlier in time, and adjusted in amount, from the actual crop 

evapotranspiration. 

Computation Procedure. In estimating requirements for application of irrigation 

water for a project area, the engineer must adapt the information given in the preceding 

paragraphs of this section to the local conditions expected to prevail at the time to be 

represented by the estimate. The cropping pattern should represent the distribution 

of crops to be grown in the entire project area, and the planting and harvesting seasons 

selected for those crops should reflect the fact that those operations take considerable 

time and that they are not done simultaneously on all the farms in the project. This 

can be handled in the computations by assuming, for example, that one-fourth of the 

area in a crop would be planted at the beginning and at the end of the planting season 

and that half the area would be planted on the median date of that season. Crop-use 

factors would then be weighted to account for the three planting dates to obtain 

weighted use factors for that crop which would be applicable to the entire project area. 

The depth of water to be applied in preplanting irrigations must be estimated for 

each crop from an analysis of the factors influencing the probable average moisture 

condition in the soil at the time of seedbed preparation. Usually the engineer will 

select a depth of water in inches of depth over the area to be planted to the crop as the 

amount of soil moisture to be added by preplanting irrigations to bring the moisture 

level to field capacity. In some cases it may facilitate the computations to express 

that depth as a crop-use factor to be applied for the appropriate month to the shallow- 

lake evaporation or other index used in the estimating method selected. Such factors 

can be added to the normal crop-use factors and included in the weighting computation 

to obtain project crop factors. 

Another adjustment may be made to the crop-use factors to account for the with- 

drawal of moisture from the soil at the end of the growing season. The engineer must 

select an appropriate depth of water which can be withdrawn from the soil after the 

last irrigation to meet the needs of the maturing crop. That amount of water can be 

expressed as crop factors to be applied to the selected estimating index for the appro- 

priate month or months. Incorporation of this adjustment in the project crop factors 

will involve reduction of the normal crop factors by the appropriate amounts and 

weighting the reduced factors for the selected planting dates to obtain the project 

factors. 

The method of handling the estimated effective rainfall is important if that rainfall 

is sufficient to supply more than the needs of one of the crops in one or more months. 

In such cases it is necessary to consider the effective rainfall separately for each crop, 

rather than lumping it all together as an adjustment to the total project water require- 

ment to determine the amount to be supplied by irrigation water. Otherwise, excess 

rainfall on one field would be assumed (erroneously) to be utilized on another field or 

crop requiring a greater amount of water. 

A typical computation, by the method described above, for the amount of soil 

moisture to be supplied by irrigation water for an irrigation project is presented in 

Table 12. It should be understood that this is an approximate method which is 
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33-30 IRRIGATION 

usually sufficiently precise for the determination of monthly water requirements for a 

project, but more detailed analyses may be necessary for special circumstances such as 

the detailed water operations on a large commercial irrigation enterprise. Detailed 

analyses may require a daily analysis of the evapotranspiration requirements, rainfall, 

and soil moisture reservoir operation. 

14. Deep Percolation and Leaching. The principal factors which affect the field 

irrigation efficiency are those which influence the passage of water through the root 

zone. These include the method of applying the water (row urigation, wild flooding, 

borders, or sprinkler systems); the texture and condition of the soil; the slope of the 

land and the care with which it has been leveled, ditched, or bordered; the rate of flow 

available to the irrigator in relation to the size of field to be irrigated; and the skill of 

the irrigator. Experience has shown that field efficiencies under management levels 

which prevail in the United States generally fall between 60 and 75 percent, with the 

higher value being achieved with sprinkler systems and /or a very high level of manage- 

ment. In general, the minimum allowance for deep percolation is about 20 percent if 

adequate irrigation is to be accomplished. It may be permissible to use a higher field 

efficiency for a project computation than would be appropriate for a single farm, if it 

can be assumed that the surface waste which would escape the farm would be captured 

and used elsewhere in the project. 

If the irrigation water applied is saline, or if the soil is saline or alkaline and requires 

reclamation, it may be necessary to pass additional water through the root zone to 

achieve and maintain a permanent irrigation agriculture. Many areas of the world 

have gone out of agricultural production because inadequate attention was given to 

these requirements, and reclamation of those lands to restore their productivity may 

be uneconomical. The use of saline waters for irrigation supplies should be under the 

guidance of an experienced soil and water chemist, since the relationships are so com- 

plex as to require the services of a specialist. The considerations are (1) that the flow 

of water through the soil must be sufficient to keep the concentration of salts in the 

soil solution below levels harmful to the plants being grown and (2) that a salt inflow— 

TasLe 13. LracHiINnG REQUIREMENT RELATED TO QUALITY OF DRAINAGE AND 

TrrIGATION WATER FOR AN HaQuitiprium Conpirion, 

Ianorine INFLUENCE oF RAINFALL* 

Quality of irrigation water % \eaching requirement for given qualities of drainage water 

Micromhos/ — 5 millimhos/ | 10 millimhos/ | 15 millimhos/ | 20 millimhos/ 
ons/ 

cmt Ppm | MEQ/L ea emt emt emt emt 

EC X 108 EC X 103 EC X 108 EC X 103 EC X 103 

100 63 1 0.09 2 1 ONG, 0.5 

200 125 2 (al? 4 2 1 1 

400 250 4 0.34 8 4 3 2 

800. 600 8 0.82 16 8 55 4 

1,600 1,000 16 1.36 32 16 11 8 

3,200 2,000 32 PDOs 64 32 21 16 

6,400 4,000 64 5.44 128 64 43 32 

* ISRAELSEN, Orson W., and Vaucun E. Hanspn, “‘Irrigation Principles and Practices,’ 3d ed., 

John Wiley & Sons, Inc., New York, 1962. 

t Electrical conductance, which is the reciprocal of resistance, is expressed in ‘‘reciprocal ohms’’ or 

‘“‘mhos,’’ and electrical conductivity is expressed in mhos per centimeter of distance between contact 

points. Since most soil solutions have a conductivity of less than 1 mho/cm, smaller units have been 

designated as follows: 

1 mho/em = 1,000 millimhos/em = 1,000,000 micromhos/em 



FARM-IRRIGATION REQUIREMENTS 33-31 

salt outflow balance must be maintained, preferably with the level of salinity in the 

drainage water such that reuse of the water at downstream points will be possible. 

Extra water applications made for the purpose of permitting the use of saline irriga- 

tion waters or of leaching harmful accumulations of chemicals from the soil root zone 

are designated “leaching requirements.’’ Some indication of the magnitude of these 

requirements is given by data in Table 13, in which the leaching requirement (in per- 

cent of the applied water) is related to the quality of the irrigation and drainage waters. 

As shown in that table by interpolation, a normal deep percolation allowance of 20 

percent—about the minimum to assure adequate irrigation in all parts of the fields— 

provides adequate leaching if the quality of the irrigation water does not exceed about 

1,300 ppm of dissolved salts and if the quality of the drainage water can be about 6,000 

ppm of dissolved salts. While maintenance of a salt balance is important for a per- 

manent agriculture, it is not the sole criterion, since damaging concentrations in the 

soil solution could occur. The engineer should consult recent published literature on 

this subject! and obtain the advice of a specialist if preliminary studies indicate water 

quality may be a problem. 

15. Surface Waste and Farm Conveyance Losses. Conveyance losses on the farm 

vary from near zero to about 15 percent of the water delivered to the farm. The 

lower loss rates are associated with the use of pipelines or lined channels, while the 

higher values are associated with unlined ditches and coarse soil texture. 

Surface waste from individual fields varies with the nature of the soul, slope of 

ground surface, method of preparing the land, and depth of irrigation. Naturally, 

larger quantities of water run off the fields during the greater depths of irrigation. 

Waste is more difficult to control on steep slopes than on flat slopes and more important 

on clay soils than on sandy soils, since either a flat slope or a sandy soil is more condu- 

cive to a higher rate of soil absorption. Waste from individual fields should be kept as 

low as possible, although some surface runoff is not serious if collected and used on 

lower areas. Surface waste can be practically eliminated, or effectively recovered, by 

constructing adequate levees, or drainage ditches, along the lower edges of fields. 

Charges for irrigation water based on actual deliveries and limitations on water supplies 

TaBLe 14. AVERAGE SuRFACE WASTE FROM FIELDS 

PERCENTAGE OF APPLIED QUANTITIES 

Southern Idaho eee 
1910-1913,* Coal Creek Sevier Valley, Utah, 1915-1920t 

p Valley, Utah, yearly avg waste 
avg waste 

1917-1919+ 
Crop yearly avg 

waste, different . : 
Clay Gravelly Sore Shallow Medium Heavy 

loam soil irrigation | irrigation | irrigation 

NICOTINIC a eae eee 19.1 1.8 13-16 6-28 6-24 11-25 

(Chinn eee a pees 25.3 P3553 6-21 

OLADOGR Na pce a4 fies ete me 12-25 1-17 9-29 12-28 

Pugar beets. ...5..... ee Pe On| At Cin et 3-26 17-33 20-35 

* Bark, Don H., Experiments on the Economical Use of Irrigation Water in Idaho, U.S. Dept. Agr. 

dull. 339, 1916. 

+ Fire, Arruur, Duty of Water Investigations on Coal Creek, Utah, Utah Agr. Expt. Sta. Bull. 181, 

1922. 

{ IsRABLSEN and Winsor, The Net Duty of Water in Sevier Valley, Utah Agr. Expt. Sta. Bull. 182, 

1922. 

1 Baton, FranNK M., ‘‘ Formulas for Estimating Leaching and Gypsum Requirements of Irrigation 

Waters,”’ Texas Agricultural Experiment Station Miscellaneous Publication, 111, 1954. 
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or canal deliveries encourage or force the use of practices which reduce wastage of 

irrigation water to a minimum. 

Table 14 shows some average values of surface waste on typical irrigated fields in 

Idaho and Utah. The shallow, medium, and heavy irrigations in the Sevier Valley 

investigations were 2-, 314-, and 5-in. depths in the case of potato crops; and 3- to 

414-in., 6-in., and 8- to 10-in. depths, respectively, in the case of the alfalfa and sugar- 

beet crops. 
Average quantities of water actually lost to beneficial use by surface waste on 

large irrigation projects are considerably smaller than the quantities lost on individual 

fields. Investigations in the Cache La Poudre Valley, northern Colorado, showed an 

average surface runoff equal to 6 percent of the quantity applied.!. An allowance of 10 

percent of the quantity delivered to the fields will usually be an ample provision for 

surface waste in considering a large irrigation project as a whole. 

16. Effect of Irrigation Methods. The method of applying irrigation water to the 

fields to obtain the most efficient water distribution and the best use of labor and 

equipment will vary according to the crops grown, the soil texture, the land slope, the 

levelness of the field surface, the frequency of required irrigations, and the rate of flow 

available to the irrigator. The adaptations and limitations of the common irrigation 

methods are summarized in Table 15. These methods are described in detail in 

standard texts and reference books.’ 

Tasty 15. ADAPTATION AND LIMITATIONS FoR Common IRRIGATION Mpruops* 

I RUVSAON a cwsercdo cee oa ow Light-, medium-, and fine-textured | Slopes up to 3 % in direction of irriga- 

soils; row crops; small stream tion; row crops; 10 % cross slope 

@onrugationwe se Light-, medium-, and fine-textured | Slopes up to 12 % with semipermanent 

soils; close-growing field crops; small | crops; 8% with annual crops; 5% 

stream flows cross slope; rough for equipment 

Border...............| All soils; close-growing field crops; | Slopes up to 3% for annual crops; 

large streams slopes to 8% for sodded pastures; 

good leveling required; 0.3% cross 

slope; uniform grade; problem of 

starting crops in soils which puddle 

readily 

Sprinklerssan sane All slopes; soils; crops; and stream size | High initial equipment cost; lowered 

efficiency in windy and hot climate 

Check (or ponding). ..| Light, medium, and heavy soils; large | Deep soils; high cost of land prepara- 

streams tion; slopes less than 2 % 

Subirrigation......<... Free lateral movement of water in | Special soil and annual precipitation 

soils, rapid capillary rise, underlain | conditions; usually causes drainage 

by low-permeability layer; all crops; | problems elsewhere 

large quantities of water 

* Prepared by Max Jensen and Claude H. Pair, ‘‘Water,’’ Yearbook of Agriculture, 1955, 84th 

Congress, lst Session, House Document 32. 

Irrigation efficiencies vary with the methods of application used and with the 

experience of the irrigator. If the method is suited to the crops and local conditions, 

the irrigation structures are properly designed and constructed, and the irrigator is 

experienced and efficient, field efficiencies in the range of 50 to 70 percent can be 

achieved. The higher efficiencies are generally associated with sprinkler systems 

which generally have pipe conveyance systems, apply the water uniformly, and can be 

controlled readily to apply the exact amount of water desired. Lower efficiencies 

generally result from application by wild flooding, improperly designed systems, inade- 

1 HEMPHILL, Rosert G., Irrigation in Northern Colorado, U.S. Dept. Agr. Bull. 1026. 
2 ISRAELSEN, Orson W., and Vaucun E. Hansen, “‘Irrigation Principles and Practices,’’ 3d ed., 

John Wiley & Sons, Inc., New York, 1962. 
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quate land leveling, or overwatering because of inexperience or lack of restraints on 

use of water. 

CONVEYANCE LOSSES AND WASTE 

CONVEYANCE LOSSES AND WASTE 

This section is concerned with that portion of the project water supply which is lost 

(so far as local use is concerned) between the point of diversion from a stream or 

reservoir and the points where deliveries are made to the farms. Part of the water lost 

finds its way to the groundwater and another part represents operational waste which 

is discharged into drainage channels or streams. Those waters may be recaptured and 

used downstream within the same project or elsewhere. The remainder of the water 

lost in conveyance is nonbeneficial evapotranspiration. 

17. Evaporation Losses. A part of the water diverted into the canal system is lost 

by evaporation from the water surfaces of the flowing canals and laterals. Evapora- 

tion losses vary with the area of the canal water surface and the prevailing rate of 

evaporation. They may be practically eliminated by constructing closed conduits. 

However, such losses usually are not great enough or of sufficient value to warrant the 

expense of such construction. For example, a canal surface 20 ft wide, evaporating 

water at a rate of 14 in. a day, would lose about 2 acre-ft a day in a length of 20 

TaBLE 16. CaNnat Losses AND WASTE ON BuREAU OF RECLAMATION PROJECTS* 

Length of 

canals and Per cent of diversions 

laterals Gross 

diver- 

State Project tanks stony ee 

Total | or en- pine and = eee Ns 
; ft/acre Waste | ered to 

miles | closed, lateral 

miles losses farms} 

Ariz.-Calif. Yuma 336 as 10.75 14 58 28 

California Orland 135 89 4.95 27 9 64 

Colorado Grand Valley 180 7 10.31 43 22 35 

Colorado Uncompahgre 470 11 7.48 13 10 77 

Idaho Boise 1,004 ot 5.15 28 2 70 

Idaho King Hill 96 43 13.21 at 53 

Idaho Minidoka, South Side Pumping 275 4.38 39 3 58 

Montana Huntley 232 4.09 36 30 34 

Montana Lower Yellowstone 202 3.83 44 21 35 

Montana Milk River 210) 1.44 36 19 45 

Montana Sun River, Fort Shaw 99 4.05 36 26 38 

Montana Sun River, Greenfields 190 ee 31 22 47 

Nevada Newlands 319 eae 6.40 41 14 45 

New Mexico Carlsbad 45 Tu 5.11 48 6 46 

N. M.-Tex. Rio Grande 485 10 9.96 32 39 29 

Oregon Klamath 240 2 Diao 39 9 52 

Oregon Umatilla 173 157 10.04 32 18 50 

South Dakota | Belle Fourche 547 58 BSNS) 33 15 52 

Washington Okanogan 68 39 3.66 29 Fgal 

Washington Yakima, Sunnyside 602 125 4.70 23 U 70 

Washington Yakima, Tieton 335 86 3.389 24 2 74 

Wyoming Shoshone, I’rannie 166 Son ayy 42 21 37 

Wyoming Shoshone, Garland 279 4 4.33 38 ff 55 

Wyo.-Neb. North Platte 1,154 200 43 8 49 

* Abstracted 

1223-1224, 1930. 

from BE. B. Debler, Use of Water on Federal Irrigation Projects, 

+ See Table 17 for deliveries in acre-feet per acre and additional pertinent data. 

Trans. ASCE, 94, 
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miles, a quantity equivalent to a continuous flow of about 1 sec-ft—on the order of 

one-half of 1 percent of the canal flow. 

18. Seepage Losses. Seepage losses from canals depend upon (1) the wetted area 

of the bed and banks, (2) the permeability of the canal bed and the underlying soil, 

and (3) the difference in level of the water in the canal and the adjacent groundwater 

table. Such losses are greatest where sandy or other permeable soils predominate and 

where the groundwater table is low. Sometimes the losses are materially reduced with 

time through sealing of the canal bed by the deposition of fine sediments brought into 

the canal in suspension with the diverted water during periods of high concentrations 

of suspended sediment in the streams. The most efficient method of reducing seepage 

is the lining of the canals with concrete or other materials. The Bureau of Reclama- 

tion has carried on extensive research in low-cost canal linings of various types.} 

Careful measurements, made on Irrigation projects in Idaho, showed that small 

farm ditches, carrying less than 1 sec-ft, may lose half their flow in a length of 1 mile. 

The measurements made on canals carrying 10 to 3,000 sec-ft, through sections of 

different soil texture, showed seepage losses per mile varying from less than 0.1 to 10.8 

percent of the flow. Measurements made on canals in the Salt River Valley, Arizona, 

showed an average seepage rate of approximately 0.34 acre-ft /acre of wetted area/day. 

Table 16 shows the average conveyance losses and waste on Bureau of Reclamation 

projects in Western United States, expressed as percentages of total diversions. 

Total lengths of canals and laterals and lengths of lined or enclosed sections are also 

included in the tabulation. Data on predominating soil characteristics and other 

characteristics of those projects are given in Table 17. The canal and lateral losses 

are seen to vary from a minimum of 138 percent of the diversions on the Uncompahgre 

project in western Colorado to a maximum of 48 percent on the Carlsbad project in 

southeastern New Mexico. 

In making detailed studies of irrigation requirements and canal operations, 1t must 

be recognized that higher than average conveyance losses (in terms of percent of the 

diverted flow) occur when relatively small diversions are being made and the percent 

lost is least when the canal system is operating at capacity. The practice of rotating 

flows between the smaller laterals during periods of small diversions, with each of those 

laterals being dry during a considerable portion of those periods, tends to make the 

conveyance losses therein more of a function of the flow carried. On the other hand, 

check structures must be used to a greater extent during canal operations with small 

rates of flow in order to serve the several offtakes adequately, and the backwater thus 

created increases the wetted area of the canals and tends to increase the seepage losses. 

19. Operational Wastes. Operational wastes of water are practically unavoidable 

if optimum service is to be given to all farms. These wastes result from more water 

arriving at critical points in the canal system than can be carried. This situation 

results from rainfall or other factors which produce unexpected canal flows or reduce 

the irrigation requirements below that which has been scheduled, and from unavoid- 

able inabilities to dispatch and to measure diversions and deliveries to achieve a perfect 

balance between diversions, conveyance losses, channel storage, and irrigation delivery 

requirements. 

Waste on Bureau of Reclamation projects varies from a minimum of 2 percent on 

the Boise project in southwestern Idaho to a maximum of 58 percent on the Yuma 
project in southeastern California and southwestern Arizona. ‘The relatively high 

‘Linings for Irrigation Canals,’’ U.S. Bureau of Reclamation, 1963. 

2 Bark, Don H., Experiments on the Economic Use of Irrigation Water in Idaho, U.S. Dept. Agr. 

Bull. 339. 

3 Smitu, G. BE. P., The Use and Duty of Water in the Salt River Valley, Arizona Agr. Expt. Sta. 

Bull. 120, 1927. 
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waste on the Yuma project is due partly to the use of water for power development and 

partly to the operation of the canals at high levels in order to reduce silt deposition. 

Wastage on some of the other projects is high because ample supplies are available and 

the excess diversions can be returned to the streams for rediversion to lower areas. 

Quantities given as waste do not include water used in sluicing sand and silt deposits 

at points of diversion. 

20. Project and Experimental Data. Data on canal losses and waste which have 

been experienced on several Bureau of Reclamation projects are listed in Table 16. 

Table 14 presents typical data on surface waste from fields. Typical irrigation 

efficiencies for three general soil types are listed in Table 18. 

TaBLE 18. TypicaAL WaATER-APPLICATION LOSSES AND IRRIGATION 

EFFICIENCIES FOR DIFFERENT SOIL CoONpDITIONS* 

General soil type 

Item 

Open Medium Heavy 

porous, % loam, % clay, % 

Harmralaveralalossieecnaesn sate sete ne 15 10 5 

Surface-runoft losstcs) acne an 5 10 25 

Deep-percolation loss. ............ 35 15 10 

Field irrigation efficiency.........-- 60 75 65 

Farm irrigation efficiency.......... 45 65 60 

* BLANEY, H. F., and W. D. Crippie, Determining Consumption Use and Irrigation Water Require- 

ments, U.S. Dept. Agr. Tech. Bull. 1275, 1962. 

+ Unlined ditches (loss in new-lined ditches and pipelines is usually about 1 percent). 

REUSE OF DRAINAGE WATER 

When fields are irrigated adequately to sustain optimum crop production and to 

prevent gradual soil salinization, it is inevitable that some deep percolation to drains 

or underlying aquifers will take place. Additional deep percolation results from 

seepage from canals and laterals. Drainage flows include also water wasted at the 

lower ends of fields and excess water discharges from canals through wasteways to 

avoid overflows or breaches of the canal banks. Such excess canal flows are normal 

occurrences in irrigation-project operation and result from errors in measuring or 

controlling diversions or deliveries, unanticipated reductions in farm requirements 

caused by rainfall after water orders had been placed, or smaller conveyance losses than 

had been provided for in the water-scheduling computations. Failure to use or to 

remove these drainage waters can impair land productivity through waterlogging and 

soul salinization. In many areas drainage waters provide a bonus value of additional 

water supplies which augment the original surface-water source and provide for the 

most efficient development and use of the water resource. 

21. Integration of Ground- and Surface-water Use. Many areas irrigated from a 

surface-water source are underlain by aquifers which are recharged by the irrigation 

operations or by lateral groundwater movement from external recharge areas. When 

the groundwater level is near the zone of soil penetrated by crop roots the ideal irriga- 

tion development involves coordinated and integrated use of groundwater and surface 

water to maintain a balance between groundwater pumping and recharge. The 

amount of water pumped must include the volume used for irrigation on the overlying 

lands and an amount to be exported from the area to carry away an annual volume of 
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salts equal to the salts brought to the area in the imported surface water. Because the 

salt concentration in the groundwater is usually considerably higher than that in the 

surface water, the amount of water to be exported for salt-balance purposes is usually 

comparatively small. 

The discussion in the preceding paragraph is predicated on pumping of the ground- 

water, and that pumping is usually accomplished by the use of turbine pumps sized to 

comply with irrigation needs, aquifer characteristics, and the designs of the wells and 

screens. In many areas the aquifer is deep enough to provide a groundwater reservoir 

of large capacity which can be used to compensate for year-by-year variations in 

surface-water supplies. This will require deep-well pumps to be operable over a wide 

range of water-table fluctuations. 

Coordinated use of ground and surface waters requires controlled use of those 

groundwaters which contain potentially damaging concentrations of salts, sodium, or 

bicarbonates. This may require that the groundwater be pumped into large-capacity 

canals so that it will be diluted prior to irrigation use. In other cases it may suffice to 

alternate irrigation applications between ground and surface supplies so that adequate 

dilution is accomplished in the soil. The practice to be followed in a particular case 

will depend upon the chemical qualities of the ground and surface waters and upon the 

chemical properties of the soil and should be determined by a qualified, experienced 

soil and water chemist or soil scientist. 

Irrigated areas that are not underlain by a usable aquifer, or which have an imper- 

meable stratum near the crop root zone, must be drained by open or tile drains. The 

drainage water collected will usually be of adequate quality to be reused for irrigation, 

either directly or diluted with surface water of better quality. This reuse can be 

accomplished within the project area by discharging the drains into canals by gravity 

or by pumping, or the drainage waters can be delivered into the stream channels for 

diversion at a point some distance downstream. 

22. Quality of Irrigation Water. The usability of water for irrigation of crops, or 

the conditions under which a particular water may be used, is determined by the 

chemical quality of the water, the sensitivity of the crops to salts and water-soluble 

elements, and the chemical characteristics of the soil to which the water will be applied. 

The most important quality consideration of irrigation water is the total salt content, 

which is usually expressed in terms of electrical conductivity—micromhos per centi- 

meter—or in parts per million of total dissolved solids. A value of 1,000 

micromhos/cem is equivalent to about 640 ppm of total dissolved solids. 

Irrigation waters are classified into four salinity groups: low salinity, less than 250 

micromhos/em; medium salinity, 250 to 750; high salinity, 750 to 2,250; and very high 

salinity, greater than 2,250 micromhos/em. About half the irrigation waters now in 

use in the Western United States fall in the medium-salinity classification.! 

The second most important factor in irrigation-water quality is the relationship of 

the cations of sodium to those of calectum and magnesium. The most satisfactory 

expression of that relationship is the sodium adsorption ratio (SAR), defined as 

Naw 
A eee 

2 

SAR = 

Because of the highly significant relationship between the SAR of an irrigation water 

and the exchangeable sodium percentage of the soil irrigated with that water, it is 

possible to anticipate the effect of a water on the soil. Irrigation waters with SAR 

values of 8 or less are probably safe, those with values of 12 to 15 are marginal, and 

1 Wiucox, Luoyp V., Water Quality from the Standpoint of Irrigation, J. AWWA, 50(5), 1958 
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continued use of waters with values greater than 20 could lead to serious sodium 

problems. Sodium soils are relatively impermeable to air and water, are hard when 

dry, are difficult to till, and are plastic and sticky when wet. These conditions retard 

or prevent germination and are unfavorable for plant growth. The sodium ion is toxic 

to many plants. 

Boron is an essential element to normal plant growth, but concentrations only 

slightly above optimum are toxic to many plants. Only a few surface waters contain 

harmful concentrations of boron but many groundwaters and many saline soils are 

contaminated. Permissible limits of boron in irrigation water are 0.3 to 1.0 ppm for 

sensitive crops, 1.06 to 2.0 ppm for semitolerant crops, and 2.0 to 4.0 ppm for tolerant 

crops. The sensitive crops are citrus fruits, nuts, and beans; the semitolerant include 

cereals, some vegetables, and cotton; and the tolerant group includes alfalfa, sugar 

beets, and asparagus. 

The concentration of bicarbonate is another major consideration in the quality of 

irrigation water. The use of waters that are low in total salts but high in bicarbonate 

may aggravate the sodium problem if the amount of bicarbonate is considerably in 

excess of the calcium and magnesium present. This excess bicarbonate is referred to 

as residual sodium carbonate. When an irrigation water containing residual sodium 

carbonate evaporates in the soil, caletum and magnesium carbonates precipitate, and 

the sodium percentage of the soil solution increases. Then sodium replaces calcium on 

the soil particles, the exchangeable-sodium percentage of the soil increases, and the 

physical condition of the soil, especially the permeability, may be impaired. In addi- 

tion, the pH may increase and organic matter may be dissolved, giving the dark color 

typical of a so-called black alkali soil.! 

Crops should be selected on the basis of their salt tolerance and the salt content of 

the irrigation water and the soil. The relative salt tolerance of the more important 
crops follows. 

Salt-sensitive 

Avocado Prune 

Citrus Apple 

Strawberries Pear 

Peach Beans 

Apricot Celery 

Almond Radish 

Plum Clover 

Medium Tolerance 

Grape Olive 

Cantaloupe Fig 

Cucumber Pomegranate 

Squash Cauliflower 

Peas Cabbage 

Onion Broccoli 

Carrot Tomato 

Peppers Oats 

Potato Wheat 

Sweet corn Rye 

Lettuce Alfalfa 

High Tolerance 

Asparagus Cotton 

Garden beets Barley 

Sugar beets 

Water-quality considerations are most important when groundwaters or drainage 

flows are being used. This is because those waters characteristically contain concen- 

‘Freeman, Mizron, and H. E, Haywanp, “Irrigation Water and Saline and Alkali Soils,’ Water, 
The Yearbook of Agriculture 1955, U.S. Department of Agriculture. 
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trations of salts and other potentially harmful elements, since they result from the 

passage of water through the soil and the chemical concentrations are increased by the 

removal of pure water through evapotranspiration. 

Brackish water may be used safely for irrigation of crops in some cases when such 

waters are available and supplies of more suitable water are temporarily deficient. 

The amount of brackish water that can be used depends on the salt concentration of 

the water, the number of irrigations between leaching rains or irrigations with fresh 

water, the salt tolerance of the crop, and the salt content of the soil before irrigation. 

A guide for the use of brackish waters for irrigation is provided in Table 19. 

TABLE 19. PERMISSIBLE NUMBER OF [RRIGATIONS WITH BRACKISH WATER 

BETWEEN LEACHING RAINS FOR Crops OF DIFFERENT SALT TOLERANCE* 

Irrigation water No. of irrigations for crops having 

Electrical lod 

Total salts, conductivity, Good salt ote ee Poor salt 

ppm millimhos/em tolerance esd tolerance 

at 25 C 

640 1 Rene 15 U 

1,280 2 ll 7 4 

1,920 3 7 5 2 

2,560 4 5 3 2 

3,200 5 4 2-3 1 

3,840 6 3 2 1 

4,480 7 2-3 1-2 

5,120 8 2 1 

* Lunin, GALLATIN, Bower, and Witcox, Use of Brackish Water for Irrigation in Humid Regions, 

U.S. Dept. Agr. Inform. Bull. 213, 1960. 

RESULTS FROM IRRIGATION 

Irrigation is a management practice which has been utilized for centuries for the 

purpose of increasing agricultural production and income. Feasibility studies of 

potential irrigation developments, whether for individual farms or for projects covering 

thousands of acres, must include determinations of the agricultural production volumes 

and values, the production costs, and the gross and net farm and project incomes for 

conditions with and without irrigation. 

23. Crop-yield Responses. ‘The direct result which irrigation must achieve if the 

effort and expense involved are to be justified is an increase in crop yields over those 

which can be obtained without irrigation. The contribution of irrigation ranges from 

15 to 20 percent of yield without irrigation in the more humid regions to the entire 

yield achieved under irrigation in areas which have little or no rainfall. Yield 

responses for a particular crop in a specific location can usually be estimated from 

yields realized in the area under irrigated and unirrigated conditions. Such evalu- 

ations should be made by experienced agriculturists who can interpret the effects of 

differences in management levels, use of fertilizers and plant-protection measures, and 

other inputs which influence crop yields. 

Production responses from irrigation include not only increases in yields of parti- 

cular crops but those resulting from the situations where irrigation makes possible the 

growth of high-value or high-yielding crops which could not be justified without irriga- 

tion. Irrigation also may make it possible to obtain highly beneficial results from the 
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application of fertilizers. In those cases part of the total yield response is attributable 

to the irrigation water alone and part is due to the integrated action of the water and 

the fertilizers, plant-protection measures, special seeds, and any other aspects of 

modern, efficient farm management made possible by a dependable supply of soil 

moisture. The services of a skilled agronomist are required to apportion the total 

production increase between water and other agricultural input factors if each of those 

factors is to be justified independently. Frequently it will suffice to make a collective 

evaluation of the entire irrigation enterprise, and in that case it is not necessary to 

identify the contribution of each factor to the total production increase. 

24. Effect of Water Shortages. Since irrigation involves the application of 

developed surface or groundwater supplies to supplement those provided by natural 

rainfall, the engineering of the irrigation development requires the determination of 

the increase in the water supply which can be supported economically. Experience 

has shown that it is rarely justifiable to provide an irrigation water supply of a size that 

will support optimum plant growth under all possible conditions of natural rainfall. 

Ideally several alternative levels of irrigation-water supplies should be evaluated 

economically to determine the net farm or project income which could be realized. 

The crop production estimated in each case should reflect the yield depressions which 

might be expected to result from shortages in irrigation-water supplies over 50 years 

or other periods selected for analysis. The level of irrigation-water supply to be 

provided could then be selected as that offering the optimum benefits. As a general 

rule, one 100 percent shortage in irrigation-water supply might be tolerated in a 

50-year period, and the maximum tolerable average annual shortage would be about 

5 percent. 

25. Economic Analyses. Decisions and support for the undertaking of irrigation 

developments or projects are based primarily on economic findings concerning the 

soundness of the enterprise, although frequently social and political aspects, which are 

not susceptible to expression in monetary terms, are also important considerations. 

The economic analyses must cover conditions with and without the irrigation develop- 

ment, thereby determining by differences the economic values which will result from 

the investment in initial and annual costs. The end results to be provided by these 

analyses include determinations of the production increases to be realized; the direct 

economic benefit on the investment expressed in terms of the ratio of benefits to costs 

and in percentage of annual return on the investment; the economic benefits to the 

farmers in terms of increased profit from their investments and returns for their labor; 

and the benefits to the community and the nation in terms of employment opportu- 

nities, business opportunities, reductions in welfare costs, foreign-exchange earnings or 

reductions in foreign purchases, and increased tax revenues. 

The economic analysis usually begins with the preparation of farm budgets for 

typical or representative farms in the project area under conditions with and without 

the project. Those budgets include estimates of the gross income from the area 

devoted to each crop in terms of production sold and production used on the farm; 

production costs including land leveling, farm ditches and drains, seeds, seedbed 

preparation and tillage, fertilizers, plant-protection measures including insecticides 

and fungicides, harvesting, storage, and delivery to market, hired labor, and invest- 

ment in work animals, breeding stock, mechanical equipment, and storage facilities; 

an appropriate allowance for family labor and return on investment; and the net 

amount available annually to the farmer for profit, payments for irrigation water 

delivered, and repayment of the capital and operation and maintenance costs of the 

irrigation project. In addition to providing an evaluation of the capability of the 

farmers to repay costs of building and operating the irrigation facilities, the farm 
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budgets provide information which can be combined to develop the direct economic 

benefits from the project. 

Project costs include the capital costs involved in formulating the project and 

bringing the physical works into being and the costs of operating those works and 

maintaining them or replacing them as required for continuing service. The project 

works include storage facilities, diversion dams, canals and laterals to deliver water to 

each farm, drainage facilities as needed to collect drainage waters from the on-farm 

drainage ditches or tile drains and to reuse or dispose of those waters, and any special 

works required such as desilting works, dredges, pumping plants, or wells. The 

capital costs include engineering services for appraisal and feasibility studies, designs 

and tender documents, and supervision of construction; construction costs; admin- 

istrative costs by the owner or owning agency; and financing costs including interest 

during construction and debt service. Operation and maintenance costs include costs 

of administration, water scheduling and control of deliveries, and the maintenance and 

repair of the project facilities. 

The benefit /cost ratio and the percentage return on investment are two measures 

used in expressing the economic viability of an irrigation development. The benefit / 

cost ratio will vary with the rate of interest charged on borrowed capital; hence the 

analyses must cover the range of interest rates which apply to the available sources of 

financial assistance at the time the study is being made. A benefit /cost ratio may be 

determined by using primary benefits, and a value greater than unity on that basis will 

be recognized as indicating justifiability from an economic standpoint. Primary 

benefits in this case mean the increase in the net income of agricultural production 

resulting from the project. Usually these benefits are determined as the annual 

average over a 50-year period of analysis, discounted to allow for a reasonable develop- 

ment after completion of the works before realization of full production from the 

entire project area. Costs for comparison with average annual benefits would be 

annual values including the amount necessary to amortize the capital investment over 

the repayment period and the costs of operation, maintenance, and replacements. 

A benefit /cost ratio may be determined also from “present worth’’ values computed 

for both benefits and costs to the date when the decision to undertake the project is to 

be taken, using an appropriate discount rate. The discount rate which will result in a 

benefit /cost ratio of unity when the benefits include all values which can be expressed 

in monetary terms is the percentage return on the investment. That percentage 

return is a value frequently used in comparing the relative desirability of undertaking 

or financing alternative schemes or projects. The percentage return or benefit /cost 

ratio will be considered along with intangible social and political factors in the legisla- 

tive process involved in authorization of irrigation projects by governmental agencies. 

Economic analyses of irrigation developments are complex undertakings which 

should be performed by experienced agricultural economists, particularly where the 

irrigation enterprise is a part of a multiple-purpose project for utilization of land and 

water resources. The information to be developed by the analyses and the methods 

of presentation will be influenced to some extent by the requirements of the lending 

agency or agencies which will be approached for financial assistance. 





SECTION 34 

IRRIGATION STRUCTURES 

By Nicuouas M. HEernanpez! 

Structures on irrigation projects include dams, spillways, desilting works, intakes, 

pumping stations, canals, tunnels, pipelines, flumes, inverted siphons, chutes, drops, 

checks, turnouts, measuring devices, wasteways, culverts, overchutes, drainage 

systems, and other features peculiar to the project. 

Dams vary from low diversion weirs to high storage structures. Distribution 

channels vary from small farm ditches, where the flow can be controlled by movable 

canvas barriers, to huge supply canals carrying several thousand cfs. 

The Marala-Ravi Canal in West Pakistan has a maximum capacity of 22,000 cfs. 

Here in the United States, some sections of the All-American Canal, built to carry 

water to Imperial Valley, southern California, have a bottom width of 160 ft, a 

permissible flow depth of 22 ft, and a capacity of 15,000 cfs. Other irrigation struc- 

tures vary almost as widely. 

Hydraulic features of reservoirs, dams, spillways, tunnels, canals, and other major 

structures are described in other sections. The following discussions are confined to 

irrigation structures not treated elsewhere and to such special considerations as 

may be necessary from the viewpoint of irrigation. Except as otherwise noted, 

designs included as illustrations are presented through the courtesy of the Bureau of 

Reclamation. 

DIVERSION WEIRS 

Irrigation projects supplied by gravity diversions from natural streams usually 

require the construction of weirs near the upper limits of irrigable lands, the purpose 

being to raise river surfaces high enough to permit controlled diversion of irrigation- 

water requirements. When two or more feasible sites are available, the weir location 

should be determined on the basis of economic considerations. Ordinarily, adoption 

of a site farther upstream permits a reduction in height of weir, since the canal can 

usually be built on a grade somewhat flatter than the river slope. However, savings 

resulting from a reduced height may be offset by costs of extending the canal upstream. 

When weir-height minimization is under consideration, care also should be taken to 

ensure that flood tail water will not exceed the elevation of the canal system, thereby 

subjecting it to damage during flood flows. 

1. Types of Diversion Weirs. Since canal flows are relatively small proportions of 

total stream discharges during flood periods, diversion weirs must be of overflow or 

open-dam types or provided with bypass channels capable of carrying flood dis- 

charges. If bypass channels are not feasible, the dams must either be capable of 

carrying flood flows over their crests or be provided with enough gates or collapsible 

elements to pass flood discharges without damage. Weirs designed with gates to 

pass flood flows are sometimes called barrages. They are usually built in bays, sepa- 

1 Acknowledgment is made to Mr. Ivan I. Houk for the illustrations, tables, and other material in this 
section which also appear in Section 18, Irrigation Structures, in ‘Handbook of Applied Hydraulics,” 

2d ed., McGraw-Hill Book Company, 1952. 
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rated by piers and surmounted by operating bridges. Flow between piers may be 

controlled by collapsible shutters; by Stoney, radial, roller, or drum gates; or, in com- 

paratively low weirs of inexpensive design, by horizontal removable flashboards. 

Overflow weirs may vary from low temporary cobble and brush barriers, resembling 

beaver dams, to costly concrete arch or gravity structures. Intermediate designs may 

be built of logs, piles, cribs, rock, timber, steel, masonry, or reinforced concrete. 

Overflow weirs of permanent construction are usually provided with gate-controlled 

sluiceways, so that detritus may be flushed out periodically. Fish ladders or other 

provisions for passing fish over the dam may be required on streams where fishing is 

important, as in northwestern United States (see Sec. 23). Earth or earth and rock 

embankments extending to high ground are often built at the ends of weirs, in both 

overflow and open-dam types. 

The most desirable type of diversion weir for a given site depends on height of weir, 

foundation conditions, streamflow, permissible upstream flooding, available construc- 

tion materials, and amount of expense justified. Overflow types are desirable from the 

viewpoint of floating material, since they offer less obstruction to passage of ice, logs, 

brush, and miscellaneous debris. Gate installations are advantageous from the view- 

point of detritus problems, since deposits above the weir are scoured downstream 

during flood periods. Gate installations are also advantageous from the viewpoint of 

canal operation, since they permit some regulation of river surfaces at intake structures. 

2. Design of Diversion Weirs. Diversion weirs should be designed as dams. 

Concrete weirs on rock foundations should be made safe against failure by sliding, 

along any plane in the structure or its foundation, overturning, crushing, or rupture by 

tension. Analysis should include adequate allowances for wind, wave action, hydro- 

static uplift along the foundation, horizontal and vertical water loads, and the structure 

dead load. Where conditions dictate, silt and ice, and dynamic loads due to the 

seismic acceleration of the structure and the mass being retained, that is, water, silt, 

or ice, are also considered. Weirs on sand, gravel, and other earth foundations should 

be made safe against the same forces and should also provide ample bearing resistance, 

percolation distance, and protection against erosion. An analysis of piping and 

percolation movements with the investigation of over 200 masonry dams on earth 

foundations has been published.! Detailed methods of design are discussed in 

Secs. 8 and 19. 

Figure 1 shows some condensed cross sections of diversion weirs built on earth 

foundations. Figure 2 shows some cross sections of weirs built on rock foundations. 

RIVER INTAKES 

In rivers having stable beds and low-water discharges considerably greater than 

diversion requirements, intake structures sometimes may be built without constructing 

diversion dams. However, such cases are rare. Ordinarily, intake structures are 

appurtenant parts of diversion weirs and are built at one or both ends of the weirs. 

Sometimes they are constructed short distances upstream, as when water is diverted 

into tunnel sections instead of open channels. When the intake is to be placed on one 

side of the river, it is advantageous from the standpoint of reducing the amount of 

detritus entering the intake to locate it just downstream of a bend in the river on the 

concave side. Figure 3? indicates results of model tests on bed-load distribution 

between the main course and branch watercourses. If intakes are to be on both sides 

of the river, the diversion should take place in a straight reach of the river. Figure 4 

indicates a diversion scheme in a straight reach. Since obstruction of river flow causes 

1 Lane, E. W., Security from Under-seepage, Masonry Dams on Earth Foundations, Trans. ASCH, 
100, 1235-1351, 1935. 

? From experiments conducted by F. Habermaas; figure from Emil Mosonyi, ‘‘ Water Power Deyelop- 
ment,’’ Vol. 1, Hungarian Academy of Sciences, 1963. 
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RIVER INTAKES 34-5 

detritus deposition above the weir, sluices often must be constructed. This is espe- 

cially true when weirs are of the overflow type. 

Depending upon the habits of the river’s aquatic life, a means for excluding same 

from the distribution system may be required at the intake. A discussion of the 

various devices to effect this is covered in Sec. 23. 

3. Design of Intakes. Intakes should be designed to control and regulate water 

drawn from river channels with minimum entrance losses and as little disturbance as 

possible. Temporary timber structures may be built on small projects, but permanent 

concrete or masonry construction usually is desirable. Ordinarily, a permanent 

structure consists of one or more bays, 

controlled by radial or vertical slide gates, 

the bays being separated by piers and 

surmounted by an operating platform. 

Vertical slide gates are suitable for small 

intakes; but radial gates are usually more 

economical and easier tooperate. Stoney 

or roller gates may be used at large diver- 

sionstructures. Overpour types have the 

advantage of drawing water from river 

surfaces, but undershot types are less 

likely to become clogged by sediment. 

In diversions to concrete-lined con- 

duits, where water is carried at relatively 

high velocities, total areas of gate open- 

ings are usually made about the same as 

conduit areas. In diversions to earth 

canals, where water is carried at rela- 

tively low velocities, total gate areas are 

usually based on velocities of about 5 fps. 

However, full gate openings can be uti- 

lized only during periods of low river flow 

and high irrigation demand. At other 

times, water is diverted through partial 

gate openings, and gate velocities may be © 

considerably higher than 5 fps. 

A transition structure, consisting of a 

concrete floor and diverging curved or 

warped side walls, should connect the 

gate section with the head of the canal. 

The length of the transition should be fia. 3. Typical shapes of diversion. 

great enough to quiet entrance disturb- | Scale-model tests. 

ances and permit the gradual adjust- 

ment of flow to canal dimensions. Transition design will be discussed in Art. 12. 

The gate sill, with connecting transition floor, is usually placed at the same elevation as 

the canal bed. Portions of the abutment walls and piers upstream from the gates 

should be rounded to reduce entrance losses. Figure 5 shows an intake structure 

built on the Salt Lake Basin project, northern Utah. 

4. Sluices. Sluices are usually located at ends of diversion weirs, just below or 

® Main course 95% 
R=180 

=== = Branch 100% 

=O INICOUS CL O/o) 

——— Branch O% 

—— Main course 100% 

All dimensions in cm 

adjacent to intake structures (see Fig. 4), so as to draw water from the front of the 

intake gates. Sluiceway sills should be placed somewhat lower than intake sills, but 

above the river bed. The size and number of sluice gates required depend on the 

detritus-carrying characteristics of the stream. 



34-6 IRRIGATION STRUCTURES 

Bs Outer wall Canal sill 

» Transition stretch ———_——_—+++— Canal 

Skimmer wall PLAN 

Raised water level 

SECTION A-A 

Fic. 4. Canal intake on rivers carrying heavy bed load. 

DISTRIBUTION SYSTEM 

5. General Discussion. The distribution system includes conduits, conveyance 

structures, regulating works measuring devices, protective elements, and miscellaneous 

features needed to deliver water to all parts of the irrigable area. On projects where 

irrigable lands are located on both sides of the river, or where water is diverted at more 

than one point, the distribution system may include two or more separate units. 

When parts of the irrigable area cannot be supphed by gravity flow, the system may 

also include pumping units, consisting of pumping plants, pressure pipelines, and 

various incidental structures required by such methods of distribution. 

On some gravity projects, as where water supplhes are limited and where seepage 

and evaporation losses are to be minimized, distribution systems may consist prin- 

cipally of pipelines, or closed conduits, with their necessary appurtenant works. 

However, distribution systems on most gravity projects consist, primarily, of open 

canals and appurtenant canal structures. 

Conduits on a gravity project usually include main canals, branch canals, laterals, 

sublaterals, such additional ditches as may be necessary to convey water to individual 

farm units, and such waste canals as may be needed to carry surplus delivered and 

undelivered water back to natural channels. Conveyance structures may include 

chutes, drops, transition sections, inverted siphons, lined or unlined tunnels, flumes, 

aqueducts, closed conduits, or other crossings at railways, highways, or drainage 

courses. Regulating works usually consist of canal checks and major gate structures 
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34-8 IRRIGATION STRUCTURES 

such as division works, large lateral intakes, and wasteways. Protective elements 

include automatic spillways, tributary flood overchutes, settling basins, and sediment 

traps. Miscellaneous features include drainage inlets, drainage culverts, farm and 

highway bridges, measuring structures, and other incidental construction. 

Naturally, features for two or more purposes are often combined in one structure. 

For instance, box culverts, checks, radial gate wasteways, and siphon spillways were 

combined in one structure at two locations on the Casper Canal, Kendrick project, 

Wyoming. Furthermore, a single feature may serve dual purposes. Wasteways, 

although essentially of a regulating nature, may also constitute protective struc- 

tures, since they may be used to sluice sand and silt deposits off canal beds, to divert 

canal flow during emergencies, or to discharge excess drainage waters which enter 

canal sections during storm periods. Various elements of the distribution system are 

discussed on the following pages. 

CANALS 

In general on gravity-flow irrigation projects, canals are used as the primary 

water-transporting medium. Canals in the majority of cases are excavated in earth 

or man-placed embankments. Occasionally rock may be encountered along the 

proposed alignment, and this may require the use of other types of conveyance 

structures. 

6. The Need for Canal Lining. The decision whether to have a lined canal or to 

have no ning is an economic one. The relevant factors in making this decision are 

(1) permeability of the native soil, (2) its resistance to erosion, (3) the capitalized cost 

of water diversion, and (4) the amount of water available for diversion. 

When canals are excavated in permeable soils and it is evident that the seepage 

losses through the soil will not substantially change with aging of the canal, some type 

of lining or surface treatment should be used because (1) the area below the canal can 

become waterlogged and nonproductive, (2) the diversion structure, canal section, and 

conveyance structures will require a greater capacity to compensate for the water lost. 

Canals excavated in erodible material will require lower operational velocities; 

consequently larger canal sections and larger maintenance costs can also be expected. 

The capitalized cost of water diversion is influenced by the size of the intake and its 

appurtenant features. If the available water for irrigation diversion is exceeded by 

the diversion demand, then a more impermeable canal section is required to maximize 

the area that can be served. 

7. Canal Linings. The term canal lining implies a treatment applied to an exca- 

vated canal prism to increase the impermeability of the canalsection. This treatment 

can be as simple as filling the canal section with silty water and allowing it to percolate 

through the foundation where the silt can fill the voids. Or it can be as sophisticated 

as precast-concrete elements placed on the foundation. 

For the most part, linings can be classified as (1) exposed linings, (2) buried linings, 

(3) earth linings, and (4) soil sealants. Exposed linings are placed upon the prepared 

earth foundation. The commonest linings are constructed from Portland-cement 

concrete (unreinforced and reinforced), pneumatically applied Portland-cement 

mortar, asphaltic concrete, asphalt macadams, soil-cement mixtures, precast units of 

Portland-cement concrete or asphaltic mixtures, and stone and brick masonry. 

Buried linings are impervious membranes that are placed against the excavated 

earth prism and backfilled with a layer of earth. This layer of earth forms a protective 

cover for the membrane, since the membranes are fragile, have little structural value, 

and rely upon the foundation for fullsupport. Sprayed asphalt, prefabricated asphalt, 

rubber sheet, polyvinyl and polyethylene film, butyl-coated fabrics, and montmoril- 
lonite clay blankets are examples of buried linings. 
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Earth linings are blankets of earth placed on the excavated earth prism. The 

blankets may be compacted to a true thickness of 18 to 24 in. along the invert and 

18 to 54 in. along the sides for medium- to large-sized canals. Thin earth linings 

composed of a 6- to 12-in. layer of compacted cohesive soil protected by a blanket of 

coarser soi] also have been used. Loose blankets composed of selected fine-grain soils 

can be used where suitable equipment for compaction is not available. The latter two 

linings require the use of selected materials and will require excavation and haul from 

borrow areas. 

Soil sealants for increasing the impermeability of the canal are a solution offering 

the least initial cost. Sealants used are silt, diversion water sediments, and chemical 

sealants. Three types of chemical sealants have been used by the U.S. Bureau of 

Reclamation,! (1) a resinous polymer, (2) a petroleum-based emulsion, and (3) a 

cationic asphalt emulsion. These and the earth sealants are applied to the canal by 

introducing the sealant either into the canal flow or into the stagnant water caused by 

damming the canal at intervals. The latter method has proved more effective, with 

reductions in seepage from 25 to 99 percent having been recorded. 

The preceding discussion Justifies a canal lining on the basis of reducing water losses. 

Exposed linings may be required where steep slopes require conveyance of water at 

relatively high velocities or in deep cuts where savings In excavation costs, resulting 

from carrying water at high velocity, overbalance lining costs. Lined canals are 

usually preferable from operation and maintenance viewpoints, except that main- 

tenance costs may be relatively high for concrete-lined canals in cold climates. Fora 

more detailed discussion of canal linings see Sec. 7. 

8. Canal Location. Main canals are usually located along higher edges of irrigable 

areas but may follow interior ridges, depending on local topographic conditions. 

Branch and lateral canals may follow interior ridges or may be located at approxi- 

mately right angles to general ground slopes. Canal locations should follow roads or 

property lines whenever possible. On the Garland Division, Shoshone project, 

northern Wyoming, the main canal parallels a railroad right of way which runs diago- 

nally across the irrigable area, lateral canals branching off on each side at 1.5- to 3.0- 

mile intervals and running approximately parallel around the comparatively uniform 

basin slopes. The basic criterion for canal location is that maximum water surfaces in 

laterals and sublaterals must be high enough to permit deliveries to farm units. 

In planning a canal system for a proposed irrigation project, approximate office 

locations of principal canals are made on topographic maps. Final locations are 

then made in the field, where the engineer can give more adequate consideration to 

local requirements. 

9. Canal Capacities. Capacities for which canals must be designed should be 

based upon the consumptive-use requirements of the crops anticipated after imple- 

mentation of irrigation in the area. 

This quantity of water should then be increased because of inefficiencies in the 

conveyance system and the application of the water to the land. Conveyance losses 

can be attributed to seepage, operational losses, and evaporation. The losses in this 

category represent losses in the distribution system up to farm delivery. Farm 

application efficiency is a measure of the ability to store in the root zone the crop’s 

water demand. The shape and slope of the farm unit, method of application, and 

type of soil are all factors which affect this efliciency. 

The period between irrigations and the selection of the period with the least rainfall 

are then used to determine the canal capacity 

LWA =e 

«12k, 

1“Linings for Irrigation Canals,’’ U.S. Bureau of Reclamation, 1963. 

Q 
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where Q = cu ft of water required during an irrigation period 

W,. = consumptive use of each crop, in. of water 

A = area under each crop, sq ft 

R = estimated effective rainfall, in., during dry period 

E. = conveyance efficiency 

E, = application efficiency 

Capacities for laterals and sublaterals should be determined in a similar method but 

should be increased by 25 percent because of a greater sensitivity to changes in crops 

and water demands. 
10. Canal Cross Sections. Unlined earth sections should ordinarily be provided 

with side slopes of 114:1 to 2:1, depending on earth materials. Extremes of 1:1 and 

21:1 have been used. Side slopes of 134:1 and 2:1 have been used on the All- 

American Canal. Rock sections and lined earth sections may be provided with 

steeper side slopes. Relatively large canals are often designed with berms between 

excavated sections and waste banks. When canal sides are in fill and the excavated 

earth is not uniformly satisfactory, core banks of selected fine materials should be 

specified along the inner slopes, extending from natural ground levels to a minimum 

height of 12 in. above maximum canal water surfaces. In certain cases, it may be 

desirable to compact the core material by sprinkling and rolling. Freeboard provisions 

should vary with size of canal, nature of canal banks, possible variation in water surface 

during full operation, and extent of damages that may result from breaks in canal 

banks. Conerete linings usually should be carried 9 to 24 in. above maximum canal 

water surfaces. 

Canal cross sections may be designed by Kutter’s formula, using roughness factors 

n selected from Table 1. All-American Canal sections were designed for roughness 

TaBLE 1. VaAturs or Kurrer’s RouGcHNgess Factor ror UsE IN DESIGNING 

IRRIGATION CANALS 

Wetted perimeter Canal description Roug bnesy 
factor, range 

@oncretennc.scnence oe ae re Sections free from curvature 0.013-0.014 

CoOneretere rack cic cen sere eee Sections containing curvature 0.015-0.017 

Concrete and gunite..........] Lined bottom with gunited rock side slopes 0.020-0.025 

Concrete and rock, .os0 6. nse on Retaining wall and lined bottom, one rock side 0.020-0.025 

Concrete and rock............| Retaining wall, unlined bottom and one rock side 0.025-0.030 

RiOckr ice ce ae a, oe Main, branch, and large lateral canals 0.030-0.035 

Rak: soca eae Sere en ese Small canals, rough excavation 0.035—0 .040 

Warthiew ids cowmea see ne Main, branch, and large lateral canals 0.020-0 .025 

LEN Gu nibovnth wieh Ans Ruhens chempraeia Ont a Small laterals and farm ditches 0 025-0 .030 

factors of 0.020 to 0.025 in unlined earth sections, 0.014 in concrete-lined sections, and 

0.035 in unlined rock sections. Proper factors for unlined or partly lined rock sections 

depend on size of canal, smoothness of excavation, and proportion of wetted perimeter 

lined with concrete. Sometimes flow in rock canals can be economically improved 

by lining the bottom with concrete and guniting the side slopes. Gunite may also 

be used in repairing damaged linings... Many comprehensive tables for use in design- 

ing canal cross sections have been published.? 

1 Reeves, A. B., Concrete Rehabilitation Work on the Uncompahgre Project, J. Am. Concrete Inst., 
January—February, 1937, pp. 303-310. 

2"*Wydraulic and Excavation Tables,’ 11th ed., U.S. Bureau of Reclamation, 1957. 
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CONVEYANCE STRUCTURES 

11. General. Conveyance structures, as the name implies, are the structures 

necessary to maintain the flow of water when the use of the canal section is no longer 

feasible. Examples where conveyance structures may be required are 

1. Changes in grade caused in crossing existing highways or railways 

2. Topography causing limitations on the breadth of the water conductor 

3. Abrupt changes in grade due to topography 

4. River- or drainage-course crossings 

5. The need for maintaining the water surface over low-lying areas 

6. Where topography greatly exceeds in elevation the canal water surface 

Flumes, inverted siphons, and tunnels are examples of conveyance structures. 

Conveyance-structure design differs from that of canals in that, although they rely 

upon the earth foundation for support, they are designed for either or both earth 

pressures and water loads. Because of this, they are generally built of reinforced 

concrete and in some instances pneumatically applied mortar, steel, or timber. The 

use of timber for the water-carrying part of the conveyance structure should be limited 

to small structures and those which operate more or less continually. Cyclic operation 

may cause warping of the timber, and leaking. 

12. Transitions. The change from a canal section to a conveyance structure 

requires the use of a transition. Transition sections are built to conserve head. Their 

purpose is to minimize losses where the velocity is increasing and to recover as much 

head as possible where the velocity is decreasing. They are used at inlets and outlets 

of flumes, inverted siphons, and closed conduits, as well as at places where the shape of 

the canal cross section suddenly changes. In open conduits, they are usually concrete 

sections with gradually converging or diverging side walls, but may also include grad- 

ually changing bottom grades. In closed conduits, gradual transformations are made 

at tops and bottoms of sections as well as at sides. Sharp angles should be avoided in 

all major transition structures. Transitions in small lined ditches and at ends of small 

flumes and turnouts may include straight bottom grades and straight converging or 

diverging side walls; but all large transitions should be designed with curved or warped 

section transformations. 

The proper length of a transition depends on the relative change in shape of section, 

initial velocity, and velocity change, the longer transitions being required for the 

higher velocities and greater velocity changes. Outlet transitions, where velocities are 

decreasing and flow conditions relatively unstable, should be 10 to 20 percent longer 

than inlet transitions, where velocities are increasing and flow conditions relatively 

stable. Curves in alignment, either within or close to transition sections, have dis- 

turbing effects that tend to increase hydraulic losses. Laboratory measurements in 

small rectangular channels, containing 180-deg curves with inner radii equal to channel 

widths, have shown curve losses as great as two-tenths the velocity head.! However, 

irrigation conduits seldom, if ever, contain such pronounced curvature. 

In carefully designed, warped, transition structures, free from curves in alignment, 

hydraulic losses are probably less than 0.1 the difference in velocity head at the inlet 

and less than 0.2 the difference in velocity head at the outlet. 

As a general rule, designs for transition structures should include the following 

allowances for hydraulic losses, including friction, the exact allowance to be made ina 

given case depending on the size of the transition and the care exercised in design. 

1 YarRNELL and Woopwarp, Flow of Water around 180-degree Bends, U.S. Dept. Agr. Tech. Bull. 

526, 1936. 
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1. Inlet transitions, free from curves in alignment, 0.1 to 0.3 the velocity head of 

the smaller cross section. 

2. Outlet transitions, free from curves in alignment, ().2 to 0.5 the velocity head of 

the smaller cross section. 

3. Inlet and outlet transitions, curved alignments, and 0.05 to 0.1 the head to 

values considered applicable for straight alignments. 

Careful hydraulic calculations should be made in planning all important transition 

structures, in order to secure efficient designs and avoid complications that may be 

experienced if flow occurs at or near critical depths... Ample freeboard should be 

provided at the outlet, so that the water surface will not rise above any part of the 

structure in case the velocity head recovered should be greater than assumed. 

Figure 6 shows well-designed, warped transitions constructed between lined 

earth and rock sections on the Kittitas Main Canal, Yakima project, Washington. 

Figure 14 shows warped inlet and outlet transitions at a monolithic reinforced-concrete 

siphon built on the Heart Mountain Canal, Shoshone project, Wyoming. Figure 7 

shows the table and sample computations necessary for the design of the lined-earth to 

lined-rock transition shown in Fig. 6. The outlet transition-design method would be 

similar, except that a recovery of an 0.8 change in velocity head would determine the 

change in water surface (AW.S8.). 

13. Chutes. Chutes may be pipes, closed box sections, flumes, or open lined 

channels. <A typical chute includes an inlet structure downstream of the transition, 

to control upstream water surfaces and regulate inflow; a relatively long inclined 

section in which the greater portion of the drop takes place; and an outlet structure 

designed to destroy the excessive energy developed in the inclined section. Chutes 

are often used on relatively steep slopes where a single drop or series of drops would be 

more expensive or less desirable from other viewpoints. Open, concrete-lined rectan- 

gular sections are preferable for the larger discharges though concrete trapezoidal 

sections have been used for smaller discharges. 

Velocities in long inclined portions of open chutes are generally greater than 

critical; the drop through critical stage occurs in the transition if the inlet has no 

obstruction to flow such as a gate or stop planks. 

Water-surface curves in inclined portions usually belong in the class where neutral 

depths are less than critical depths and actual depths are intermediate between critical 

depths and neutral depths, the neutral depth being the depth at which the water- 

surface slope parallels the bottom slope.? Water surfaces along inclined portions of 

chutes can be determined by backwater calculations, proper allowance being made for 

changes in velocity head as well as friction losses. Friction losses in concrete-lined 

chutes may be computed by Manning’s or Kutter’s formula, using roughness factors 

of 0.012 to 0.014, depending on smoothness. A sample backwater calculation for a 

chute follows. 

Given: a rectangular chute 10 ft wide discharging 64 cfs per ft of width n = 0.014, 

slope of chute So = 0.10. 

Shee Siaane 
Cuticaltepend aes Ne ein(hel 

g 32.2 

= HOY) iis 

640 
Woes 509 7 12.75 fps 

1 Scopry, Frep C., The Flow of Water in Plumes, U.S. Dept. Agr. Tech. Bull. 393, 1933. 

2 Woopwarb, SHERMAN M., Theory of the Hydraulic Jump and Backwater Curves, Part III, Tech. 
Rept., The Miami Conservancy District, Dayton, Ohio, 1917. 
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CONVEYANCE STRUCTURES 34-15 

Assuming that the depth of flow at the inlet passes through critical, what will be the 

depth of flow 45 ft down the chute? 

Check neutral depth d. Manning’s equation 

pe Wee Ry 
1 

Qn Ba is 
BR = 16 

10d_\% _ 640(0.014) ,...,, 
108 (x ae za) oes 

A trial-and-error solution gives a neutral depth of 0.38 ft. 

For nonuniform flow the length L between two sections designated 1 and 2 can be 

determined by the following equation: 

p= 8/24 + as) = (Ws8/29 + a) 
So — (nV/1.486R*)? 

where Vi,2 = velocity at the particular section 

d;,. = depth at the particular section 

So = channel slope 

V = mean velocity between sections 

R = mean hydraulic radius between sections 

Assume a change in depth of 1 ft; then d, = 4.02 ft; therefore, 

pd Sara iva 
Va = 4.02(10) = 15.92 

52 (ae et itys Wand) Ve 37 
4.52(10) ~ 10 + 2(4.52) 
(15.922/64.4 + 4.02) — (12.752/64.4 + 5.02) 

: 0.10 — [0.014(14.17) /1.486 (2.37) 25]? 

L = 43.8 ft; therefore, the depth of flow at the required section will be approximately 

4 ft. 

Open chutes, carrying water at high velocities, often contain waves and agitated 

water surfaces, even though hydraulic jumps occur at the outlets. Consequently, 

ample freeboard must be provided in inclined sections. The U.S. Bureau of Reclama- 

tion! has recommended that the freeboard be not less than 0.4d, (critical depth) or 

the following: 

Capacity Q, cfs Freeboard, in. 

100 or less 12 

101-500 15 

501-1 ,000 18 

Over 1,000 24 

The above freeboard should be added to the depth of flow in the chute section 

computed using a roughness factor of 0.014. In long chutes the width of the chute 

section can be narrowed a short distance below the intake to effect an economy. A 

spreading transition will then be required between the narrow chute section and the 

stilling pool. The angle of flare on each side of the spreading transition should not 

exceed arctan (+/gd/3V), where V = velocity at beginning of transition with 

n = 0.010, d = corresponding depth of flow. 

The longitudinal profile of the spreading transition is usually to a curve defined by 

the chute slope (tan ¢) and the desired slope of the transition at the intersection with 

1“ Canals and Related Structures,’’ U.S. Bureau of Reclamation, Design Standards No. 3. 



34-16 IRRIGATION STRUCTURES 

the stilling pool (tan a). A-slope of 2 horizontal to 1 vertical for the latter is preferred, 

with upper and lower limits being 11% horizontal to 1 vertical and 3 horizontal to 

1 vertical. 

The curved profile of the transition reduces the hydrostatic pressures on the transi- 

tion floor. To ensure positive pressures on the floor a K value of 0.5 or less is desirable: 

i (tan a — tan ¢)2h, cos? ¢ 
IK = 

Lr 

where Lr = horizontal length of the curved profile 

h, = velocity head at beginning of transition using n = 0.010 

The curved profile is defined by the equation 

(tan a — tan ¢)X? 

2Lr 
Y = Xtan¢@+ 

where Y = horizontal length from origin of curve 

Y = vertical drop from origin of curve to point X on curve 

The outlet structure is some form of stilling pool to dissipate energy to a level that 

will not cause damage by erosion, and also will allow a steady state of flow in the canal. 

The length of the stilling pool, excluding the outlet transition, should be four times the 

depth of flow after the hydraulic jump for structures in use for long duration and three 

times this depth for intermittent or short-duration use. The stilling-pool invert 

should have no longitudinal slope; thus, using the computed depth of flow at the end of 

the chute section d,, the depth of flow d» after the hydraulic jump will be 

= dy 0 dy d\? 
dy 5) at g ai 4 

Hydraulic-energy losses in the outlet transition are ignored; consequently, the 

difference between dy and the normal depth of flow plus velocity head in the canal below 

the outlet will determine the difference between canal and stilling-pool inverts. <A 

chute embodying the design features discussed is shown in Fig. 8. 

Model studies are often desirable in designing outlet sections for chutes carrying 

large discharges. ! 

14. Drops. Drops fulfill essentially the same purpose as chutes but are used when 

the required lowering of water surfaces is small. Drops can be either vertical or 

inclined; of the latter there are two types: the open channel, as in the chute, and the 

pipe drop. 

The vertical drop, as the name implies, causes an abrupt change in elevation of the 

canal inverts. For a concrete drop structure in an earth canal, the change in water- 

surface elevation should not exceed 3 ft. A structure typical of this type is shown in 

Fig. 9. In concrete or hard-surfaced canals, the drop can be as high as 8 ft. The 

length L of the stilling pool can be determined by 

3 == 

Le= | 2:5 a rae 0:7, ) | Vhd- 

where d. = critical depth 

h = drop in canal inverts 

The pool invert should be a distance of d-/2 below the invert of the downstream 

canalsection. To effect relatively tranquil flow, the downstream water surface should 

be at least 0.4d, below the upstream water surface. This allows some plunge to the 

1 ELvevatorsxi, Epwarp A., ‘‘Hydraulic Energy Dissipators,’’ McGraw-Hill Book Company, New 
York, 1959. 
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34-18 IRRIGATION STRUCTURES 

PLAN 

2-3'x 42" Plank 
1g 5 f 

Tooorvank 2-8 718x410 Anchor bolts 
project 3" 

Bottom grade 
lateral 

e-6 ise Protection as 
K + bs directed 
5 Le 

LONGITUDINAL SECTION 

Fig. 9. Vertical concrete drop. 

jet and reduces waves. The use of vertical drops is dictated by a severe change in 

ground-surface elevation and the need to maintain tranquil flow in canal sections close 

to each other, but when water surfaces differ by several feet in elevation. 

Inclined drops are used where the drop in water surface is greater than that allowed 

in a vertical drop and the distance between sections having tranquil flow is not limited. 

Figures 10 and 11 show typical rectangular and trapezoidal inclined drops. The 

hydraulic design of the inclined open-channel drop parallels that discussed in the 

section on chutes. 

Pipe drops accomplish the desired change in water-surface elevations by intro- 

ducing the canal flow into a steeply sloping closed conduit. The sloping conduit 

effects the elevation change, and an outlet structure dissipates the energy. The outlet 

structure may be of the stilling-pool type, but more often an impact stilling basin is 

used (Fig. 12, Table 2). This stilling basin relies upon the impact with the vertical 

baffle for energy dissipation. A downstream water surface is not required.! 

1“ Hydraulic Design of Stilling Basins and Energy Dissipators,’’ U.S Bureau of Reclamation, 
Engineering Monograph No. 25, July, 1963. 
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CONVEYANCE STRUCTURES 34-23 

The design of the inlet to the drop structure should ensure water-surface control. 

If the structure is adjacent to a farm delivery or a division in canal flows, the design 

canal water surface should be maintained in the canal section; otherwise the depth of 

flow at the control could be at critical depth or above. Methods by which the water 

surface may be controlled are weirs, flashboards, slide gates, or, on larger structures, 

radial gates. 

15. Inverted Siphons. Inverted siphons are used to carry canal discharges under 

highways, railways, streams, or across relatively long and deep drainage courses where 

construction of flumes or other aqueducts at or near canal grades would not be feasible. 

They usually consist of reinforced-concrete inlet and outlet transitions with con- 

necting barrels of reinforced concrete, wood staves, or steel. Rectangular or square 

reinforced-concrete sections are used when the head is less than 30 ft. Reinforced- 

concrete precast and monolithic circular sections have been used for heads in excess of 

100 ft. Prestressed-concrete pipe and steel plate can be used for higher heads. Steel 

plate and reinforced concrete were combined in certain sections of the Soap Lake 
Siphon in the state of Washington. ! 

In some cases the siphon barrel may be lowered to an elevation where it may cross 

the depressed ground surface on a trestle. Conduit weight then becomes a factor in 

the design of the trestle, and wood staves in smaller siphons, or steel plate, are most 

generally used. The use of steel plate in water conduits has greatly advanced in recent 

years with the use of phenolic, vinyl, and, more recently, coal-tar epoxy paints to deter 

corrosion. 

The structural design of circular barrel siphons is based upon a hoop stress due to 

the hydrostatic head on the crown of the section, a moment due to the weight of the 

water contained in the section, and the reaction of the foundation assumed in contact 

with the pipe.’ 

In reinforced-concrete siphons, the allowable stresses in the reinforcement are 

reduced as the head increases.? Cognizance of the fact that Hooke’s law is not 

appropriate in curved members is also necessary. Design for an external loading when 

the conduit is empty should also be considered. 

Provision for draining the siphon should be made either by connecting a valved 

pipe at the low point of the siphon or by pumping the water out. If the siphon is 

beneath a watercourse, it must be capable of resisting the buoyant forces exerted by 

the watercourse and the undermining of its foundation by scour. 

Siphons should be inspected and cleaned occasionally. The use of sand and gravel 

traps upstream of the inlet will reduce the amount of cleaning required. Sand traps 

are discussed under Protective Structures. 

The velocity of flow in the siphon is dependent upon the available head and 

economic considerations. Siphons with water containing abrasive suspended material 

should have a velocity less than 10 fps. 

The hydraulic design of siphons should consider the hydraulic losses in the inlet 

transition, closed transition to pipe section (circular-section siphons only), friction and 

bend losses in the siphon barrel, and the hydraulic losses in the outlets of closed and 

open transitions. Friction losses in the transition are usually discounted, but a safety 

factor of 10 percent is added to the losses computed. 

Figures 13 and 14, respectively, show a sample computation of siphon head losses, 

and the siphon on the Heart Mountain Canal of the Shoshone project in Wyoming. 

Siphons designed to have a water surface subject to atmosphere within the closed 

sections of the siphon may entrain air with serious consequences. * 

1"*Soap Lake Siphon,’’ U.S. Bureau of Reclamation, Engineering Monograph No. 5. 
2"Stress Analysis of Concrete Pipe,’’ U.S. Bureau of Reclamation, Engineering Monograph No. 6. 

‘Soap Lake Siphon,”’ U.S. Bureau of Reclamation, Engineering Monograph No. 5. 
‘HWntrainment of Air in Flowing Water—Closed Conduits, Trans. ASCE, 108, 1435, 1948. 
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Fig. 183A. Head losses in pipe bends. 

16. Flume Crossings. Flume crossings at canal grades may include timber, wood- 

stave, metal, or reinforced-concrete aqueducts of either monolithic or precast con- 

struction. They may be supported on piles, pile bents, structural-steel bents on 

concrete pedestals, concrete piers, structural-steel trusses, or other construction. 

Timber-box flumes, supported on piles or pile bents, are often used- to carry farm 

deliveries; metal flumes supported on pile or structural-steel bents are frequently used 

to carry lateral discharges; and large metal or reinforced-concrete flumes, supported on 

concrete piers, steel trusses, or other construction, are used to carry main-canal, 

branch-canal, and large lateral discharges. 

Practically all flumes connecting canal sections should be provided with inlet and 

outlet structures (see discussion of transitions). In relatively small flumes, such as 

those required for farm deliveries, outlet losses need no special consideration, except 

that ample freeboard should be provided to prevent overlapping of the banks or 

outlets. Riprap or other protection against scour may be needed for short distances 

beyond outlet transitions, depending on flume velocities and composition of canal beds. 

The flume sections are designed in the same manner as canals, except that economic 

considerations dictate that the flume section be optimized consistent with allowable 

head losses. The freeboard on the flume should match in elevation that of the canal 

section or be greater if water splashed from the flume is to be avoided. 

Semicircular flumes, free from curves in alignment, are usually provided with free- 

boards varying from 6 to 10 percent of the diameter, the larger percentages being used 

for the smaller flumes, and no freeboards of less than 3 in. being used in any installa- 

tions. Curved flumes require greater freeboards, especially along outer edges of 

curves. 
Figure 15 shows a reinforced-concrete aqueduct, built to carry the Milner-Gooding 

Canal over the Big Wood River, Minidoka project, southern Idaho. 

The structural design of the box flume section considers the vertical walls as beams 

spanning between supports carrying half the flume and water weight. 

When the supporting structure is founded on rock or other firm foundation, not 

subject to appreciable settlement, the flume can be monolithically continuous over 

several supports; otherwise the flume spans should be simply supported. The flume 

walls should also be designed as vertical cantilevers fixed at the flume floor. In some 
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34-28 IRRIGATION STRUCTURES 

instances struts across the top of the flume are used. These struts are either tension 

ties or compression struts, depending upon the proportion of flume width to water 

height. This scheme reduces the amount of cantilever reinforcement required and 

offers lateral support to the compression zone of the wall, but also reduces the effective 

freeboard. Another means of obtaining restraint at the top of the wall, without the 

above drawback, may be achieved by adding a corbel to the top of the wall and vertical 

buttresses on the outside of the wall at the flume supports. The corbel would act as a 

beam spanning between the vertical buttresses and subject to deflection in a horizontal 
plane. The flume floor should be designed for a moment due to the water weight 

minus the cantilever end moments. Axial thrust on the slab caused by hydrostatic 

pressure on the wall should also be considered. 

REGULATING STRUCTURES 

Regulating structures are built where canal water surfaces or discharges must be 

controlled. Checks are built to raise canal water surfaces so that deliveries can be 

made to relatively high lands. Major gate structures are built where main canals 

divide into branch canals, usually called division works, at large lateral intakes and at 

wasteways. Wasteway structures often include automatic spillway elements. 

Temporary regulating works and minor control structures may be constructed of 

timber, but permanent works of major dimensions are usually built of reinforced 

concrete. Water surfaces and discharges are regulated by timber flashboards or 

various types of steel gates. 

17. Checks. Most check structures on irrigation canals with depth of flows gener- 

ally less than 5 ft are designed for flashboard regulation, although checks of this size 

and larger have been designed for a combination of flashboards and a radial gate. 

Check structures on laterals control water surface by use of either flashboards or 

slide-leaf gates. 

Since a check structure has the possibility of having a design water surface on its 

upstream side, and being unwatered on the downstream side, it must be designed 

against sliding and overturning. In analyzing this, hydrostatic uplift on the struc- 

ture’s base should also be considered. Seepage calculations! along the base will give 

values for this force. 

The velocity of flow through check structures with flashboards should not exceed 

3.5 fps, because of the difficulty of placing and removing the flashboards. Checks 

with gates can tolerate velocities greater than 5 fps. Naturally, this must be tem- 

pered to meet acceptable head losses. The total head loss through a check structure 

can be estimated at 0.5 times the difference in the velocity heads of the upstream canal 

section and the check opening. 

Some riprap protection may be required downstream of the check structure in 

earth canals because of the turbulence caused by partial flows over the flashboards, or 

the jet coming from underneath the gate. Figure 16 shows a concrete check con- 

structed on the South Canal, Succor Creek division, Owyhee project. 

18. Division Works and Intakes. Division works and large lateral intakes are 

similar to river intakes but are subjected to less uncontrolled variation in water surfaces 

at upstream ends. They usually consist of one or more bays where flow is controlled 

by gates. Radial or roller gates may be used in structures of unusual size; but radial 

or vertical slide gates are commonly installed in structures of ordinary dimensions. 

In division structures, gates are usually installed at the head of each branch canal, 

so that the division of flow can be regulated at all times and so that flow in any branch 

1 Lane, E, W., Security from Under-seepage, Masonry Dams on Earth Foundations, Trans. ASCE, 
100, 1235, 1351, 1935. 
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34-30 IRRIGATION STRUCTURES 

can be shut off when desired. At lateral intakes, main canal water surfaces may be 

controlled by checks. 

Total gate openings at lined canal intakes are made approximately the same area 

as canal flow sections, since the canals are designed to carry water at relatively high 

velocities. At earth canal intakes, total gate openings are usually based on a velocity 

of about 5 fps. However, actual gate velocities are often higher, owing to operation 

at partial openings. Reinforced-concrete transition structures are provided below 

the gates, so that velocities can become adjusted to canal requirements before leaving 

transition sections. Transition side walls and floors may also be needed above the 

gates, depending on the design of canal sections and layout of gate structures. 

Hydraulic losses through gate openings are seldom controlling factors in designing 

large gate structures. When gates are operated at full openings, entrance losses are 

simply transition losses. When operated at partial openings, available heads are not 

being fully utilized, so that increased losses due to gate contractions are not important. 

Figure 17 shows the South Branch Canal headworks, Kittitas Main Canal, Yakima 

project, Washington. 

19. Wasteways. Wasteways serve two basic functions: (1) to empty the canal 

section and (2) to remove uncontrolled excess canal flows. The wasteways for these 

functions are respectively manually and automatically operated. 

The manual-operated wasteway is designed to discharge the canal design flow at a 

water surface equal to or lower than canal design water surface. The wasteway should 

be located so it may discharge into a natural watercourse capable of accommodating 

the wasteway discharge, plus the flow of the watercourse. For this type of wasteway 

to operate effectively, it must be located upstream of a check structure or division 

works, which must be closed to keep water from going farther down the canal. 

Wasteway discharge is usually controlled by radial gates on larger canals. The use 

of flashboards on medium canals has the drawback of leakage. On smaller canals, 

wasteways may have slide-gate controls. 

The hydraulic design of a wasteway is generally not concerned with conservation of 

head; therefore, velocities may be high. 

The operation of a wasteway usually produces nonuniform flow conditions in the 

canal, with velocities approaching critical velocity, which results in increased scour. 

Earth canals should be paved for adequate distances adjacent to the wasteway, or a 

control section should be used in the wasteway to keep the canal velocities low. 

If the difference in invert elevations of the canal and the wasteway discharge chan- 

nel is great, chute and stilling-pool elements will be required, design of which is the 

same as discussed in Art. 13. 

The automatic wasteway may be either a side-channel spillway or a siphon spillway. 

The former is a long weir, either forming a part of the canal lining or adjacent to the 

canal section, with its crest above the normal operating water surface. When excess 

canal flows raise the water surface in the canal, the water will flow over the weir into a 

collector which discharges into a drainage course. The efficiency of this weir is 

reduced by the fact that the weir is parallel to canal flow. Standard weir coefficients 

will have to be modified to reflect this condition. The velocity of flow in the main 

canal should be low for more efficient operation. Weir formulas are approximately 

correct for canal velocities less than 214 fps. For canals with high velocities, the 

momentum of the water flowing parallel to the weir will cause the upstream end of 

the weir to be less efficient than the remainder of the weir because change of flow 

direction cannot be effected immediately. The use of side-channel spillways requires 

increased freeboard requirements unless small discharges over the weir, due to waves 

or higher water-surface elevations caused by operational errors, can be tolerated. 

The siphon spillway represents a more sophisticated approach to an automatic 
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34-32 IRRIGATION STRUCTURES 

wasteway. By developing a head approximately equal to the change in water surface 

between canal and wasted water, but not in excess of the atmospheric pressure in feet 

of water, the discharge obeys the orifice equation 

Q = CA V/2GH 

Figures 18 and 19! offer a design guide for low-head siphon spillways with various 

outlet conditions. 

ae ce 

TO 

Outlet height > dc SUBMERGED Cer 
OUTLET Outlet height<dc Outlet height<de = Free aon 

AS CANES DEPRESSED OUTLET 
SLOPED-OUTLET CHANNELS FREE -FLOW OUTLETS 

(SLOPE STEEPER THAN CRITICAL) 

Siphon Throat 

breaker Summit 
Upper bend 

14 
Vent to equalize pressure above and below nappe 

Slot to aerate nappe 

; = 
Diverging tub 

Lower bend 

Air trap slot, sloped 

toward vent 

Fic. 18. Typical low-head siphon spillway. 

Flexibility may be obtained by using an adjustable crest made of steel. The siphon 

breaker and seal portion of the upper leg then should also be adjustable. 

Both types of spillways can be incorporated with other canal structures to effect an 

economy. It is not necessary that the adjoining structure be a wasteway since the 

requirements for the location of a manual-operated wasteway are not necessarily the 

same as those for an automatic wasteway. Culverts passing beneath the canal and 

‘Canals and Related Structures,’’ U.S. Bureau of Reclamation, Design Standards No. 3. 
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overchutes are typical of other structures that may be used to accept wasted canal 
discharges. 

PROTECTIVE STRUCTURES 

Protective structures are built to prevent damage to the distribution system by 

flooding or silt deposition. Automatic spillways discussed under Regulating Struc- 

tures may also be considered a protective structure. Overchutes are sometimes built 

to carry drainage course flows across canals at places where aqueducts, flume crossings, 

or inverted siphons are impracticable, to keep flood flows from entering canal sections. 

Culverts are used to carry drainage-course flows beneath the canal prism. Settling 

basins are built to remove the heavier sand and silt loads in river diversions, which 

otherwise would settle to the canal beds and impair the efficiency of the system. 

Sand traps are built at places where local sand troubles are pronounced. 

20. Overchutes. An overchute is usually some type of flume running transversely 

over the canal. It is provided with inlet and outlet sections, consisting of erosion- 

protected floors and training walls of masonry or riprapped embankments, designed to 

prevent drainage-course flows from overtopping canal banks and discharging into the 

canal section. It may or may not be provided with a stilling basin at the outlet end, 

depending on local soil and topographic conditions. Overchutes are used where 

ordinary types of canal crossings are impractical and where heavy loads of sand, gravel, 

and debris carried by drainage courses would soon clog culverts under canal sections. 

Adjacent to, and in crossing the canal, the flow should have a high velocity to 

ensure that the drainage-course bed load is carried over the canal. The use of an 

overchute requires the drainage-course bed to be above the canal water prism. This 

requirement usually places the canal in a relatively deep cut, and unless the drainage 

course has a steep slope, it will have to be deepened below the canal. Figure 20 shows 

an installation near Yuma, Ariz. 

21. Culverts. Culverts are structures that carry drainage-course flows beneath 

canal sections. Principally they are composed of a closed conduit, or multiple con- 

duits, which may or may not have inlet and outlet transitions. Figure 21 shows a 

single-barrel box culvert, built on the South Canal of the Succor Creek division, 

Owyhee project, Idaho. 

The flow condition in the culvert can be categorized as being controlled by either 

the inlet or the outlet. If the former, the discharge will be dependent upon the head- 

water elevation, entrance shape, and conduit size. This condition occurs when the 

conduit has the capability of transporting the water faster than it can enter the 

conduit. Outlet control will exist when the discharge is limited by the capability of 

the conduit and not the inlet. The condition where the tail water submerges the 

outlet is indicative of an outlet controlling discharge. 

Recent publications! and texts? cover culvert hydraulic design for the flow condi- 

tions mentioned. 
22. Settling Basins. Settling basins, properly planned and constructed, are effec- 

tive means of removing suspended sand loads and some of the heavier silt loads. 

However, only relatively small proportions of the finer silt particles carried in sus- 

pension can be removed by settling-basin operation. Such particles are usually 

carried through the basins and later deposited on canal beds or farmlands. Ordi- 

narily, settling basins should be built just below diversion structures, where deposited 

materials can be sluiced back to river channels. When properly designed basins are 

1 Bossy, H. G., ‘Hydraulics of Conventional Highway Culverts,’ Division of Hydraulic Research, 

Bureau of Public Roads, Washington, D.C. ‘‘Culvert Design Aids: An Application of the U.S. Bureau 
of Publie Roads Culvert Capacity Charts,’’ Portland Cement Association, 1962. 

2“'Design of Small Dams,’’ U.S. Bureau of Reclamation, 1960. ‘‘Handbook of Concrete Culvert 
Pipe Hydraulics,’’ Portlend Cement Association, 1964. 
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built at such locations, major sand-removal structures are seldom required at other 

places along the canal system. 

A typical settling basin usually has a skimming weir at the downstream end, over 
which canal flow is withdrawn; a gate-controlled sluiceway at one end of the weir, 

for sluicing deposited material off the floor of the basin; and a sluiceway channel, 

to carry the sluicing discharge back to the river at relatively high velocities. The 

skimming weir should be provided with gates or flashboards, so that canal flow can be 

shut off during sluicing operations. The sides and floor of the basin should be 

riprapped, or lined with concrete, to prevent excessive erosion during sluicing opera- 

tions. In order to minimize interference with canal operation, it usually is desirable 

to design the sluiceway gates and wasteway channel so that velocities developed are 

capable of removing the deposited material from the basin. 

The size of the settling basin is determined by the canal discharge and the maxi- 

mum velocity that can be maintained through the basin with the sluice gates closed, 

without carrying sediment over the skimming weir. Since it is seldom practicable to 

remove all deposited material during a sluicing period, the presence of some sediment 

on the basin floor must be considered in calculating basin velocities during normal 

canal operation. In most cases, it probably is desirable to proportion basin dimen- 

sions so that mean velocities do not exceed 1 fps during normal full canal discharge. 

However, effective results were secured at the Fort Laramie Canal basin, North 

Platte project, Wyoming, where the sediment was mostly sand and the basin was 

designed for a maximum velocity of 1.25 fps.! Figure 22 shows the Fort Laramie 

installation. 

23. Sand Traps. Sand traps are built to trap and remove bed load moving along 

or suspended near the canal invert. Sand traps may be located in the headworks, 
preceding a settling basin, at siphons or drainage inlets, and in canal sections where the 

canal capacity is reduced by sediment deposition. For effective removal of sediment, 

the sand trap should be located near a drainage course so the sediment can be sluiced 
from the canal. 

A sand trap may consist of a short depressed length of canal section provided with 

a sluice to remove sediment. In current favor is the vortex-tube sand trap, which 
had its beginning in the early 1930s.? 

The vortex-tube sand trap consists of a slot in the canal invert, usually circular in 
cross section, with the center located a distance less than the radius below the invert. 

The tube crosses the canal invert at an acute angle with the direction of flow exiting 

the conveyance channel. The outlet should be provided with a gate which can be 

adjusted to correspond to sediment concentrations. Sections other than circular 

have been tested’ but presented no overall material advantage. The vortex-tube 

discharge varies from 5 to 15 percent of the conveyance-channel discharge. The 

spiral flow developed in the tube will remove small cobbles, and a properly designed 

tube will remove over 90 percent of material 1 mm in diameter and about 35 percent of 
material 0.3 mm in diameter. 

Laboratory tests and a survey of literature‘ on vortex sand traps produced the 

following design criteria for effective operation: 

1. The Froude number of the conveyance channel at the vortex tube should be 
approximately 0.8. 

1 Houk, Ivan E., Sand Control Works at Fort Laramie Canal Intake, Eng. News-Record, 100, 
922-926, 1928. 

2 ParsHALL, R. L., Control of Sand and Sediment in Irrigation, Power and Municipal Water Supplies, 
Water Works Association Annual Meeting, Denver, Colo., October, 1933, p. 18. 

3’ RownueER, Cart, ‘Effect of Shape of Tube Efficiency of Vortex Tube Sand Traps for Various Sizes 
of Sand,” Ft. Collins, Colo., 1935. 

4 Rosrnson, A. R., Vortex Tube and Sand Trap, Proc. ASCE, J. Irrigation Drainage Div., December, 
1960. 
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2. The width of the slot should be between 0.5 and 1.0 ft. 

3. The ratio of tube length to opening width L/D should not exceed 20, with the 

maximum length being about 15 ft. 

4, The tube angle should be about 45 deg. 

5. The elevation of the upstream and downstream lips of the tube should be set at 

the same elevation; raising the downstream lip has little effect on operational efficiency. 

6. Tubes of constant cross section operate as well as tubes with varying cross 

sections (tapered). 

7. The required area of the tube can be approximated by the relationship 

Ar =0.06DL sin 6, where D = slot width, L = tube length, and @ = tube angle 

with flow. 

The discharge of the tube can be approximated by the equation for orifice dis- 

charge. The coefficient of discharge should be modified for the velocity of approach 

and the tube geometry. 

DELIVERY STRUCTURES 

24. General. Delivery structure, measuring device, or farm turnout, regardless of 

what it is called, performs the final function of the irrigation system. The design and 

construction skill that went into the diversion, canals, conveyance structures, regu- 

lating structures, and protective structures will be judged predominantly on the 

operation of the delivery structure. It is here that nature’s lhfe-giving substance is 

turned over to the irrigator. Any inadequacy in the delivery structure’s operation 

will most hkely produce condemnation of the entire irrigation system. Therefore, it 

cannot be overstressed that considerable thought should be given to this structure in 

the planning and design stages. 

The perfect delivery structure should incorporate the following: (1) be capable of 

delivering the water an irrigator may need to meet the consumptive use of any con- 

ceivable cropping pattern, (2) accurately deliver the rate prescribed (within 5 percent 

is acceptable), (3) have minimal loss in hydraulic head to effect the delivery, (4) havea 

discharge rate of water delivered that is oblivious to fluctuation in the canal water 

surface, (5) have a rate of water delivered that is also oblivious to fluctuations in the 

water surface of the irrigator’s head ditch, (6) have practical and economical construc- 

tion, (7) have a structure that is easy to adjust for varied discharges, and (8) be 

tamperproof; that is to say, it should not be possible to adjust it illegally. Needless to 

say, no one delivery structure embodies all the above requirements. 

The key to which of the above items may be dismissed is in the distribution system’s 

method of operation. The distribution-system methods are (1) rotation method—a 

fixed quantity of water is delivered to each irrigator at predetermined intervals; 

(2) demand method—each irrigator specifies the quantity of water and time of each 

delivery; and (3) continuous method—the delivery structure is operating continually. 

Distribution may also be accomplished by a combination of the above methods. 

The rotation method, with water being available at intervals for a specified length 

of time, requires a delivery structure with an adjustable discharge. As an example, 

if an irrigator who is delivered water for 12 hr every 10 days decides to put in crops that 

require a 50 percent increase in delivered water, his only recourse with a fixed delivery 

time is to increase the delivery rate. 

The demand method, by virtue of not having any limitation on the length of time 

the water is delivered, allows the use of a delivery structure with a constant or limited 

range of discharge. 

The continuous method would require an adjustable delivery to allow for any 
increase or decrease in water demand. 

25. Classification of Delivery Structures. Delivery structures can be categorized 

into three classifications. Structures in which fluctuations in the water surface of 
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either the canal or the head ditch have relatively no effect on the discharge rate will 

be called invariant delivery structures. 

Structures in which the rate of discharge remains relatively constant, that is, 

(1) fluctuations in the head-ditch water surface as long as the canal water surface 

remains constant and (2) fluctuations in the canal water surface as long as the head- 

ditch water surface remains constant, will be called semivariant delivery structures. 

Structures where the rate of discharge is affected by changes in canal and head-ditch 

water surface and which therefore require water-surface control structures in the canal 

will be called variant delivery structures. 

26. Invariant Delivery Structures. A most interesting delivery structure of this 

type is the autoregulator! of Italian design (see Fig. 23). 

This device is a cylindrical sleeve with circumferential apertures which act as weirs. 

1 ANonyMous, New Automatic Channel Flow Regulator, Water and Water Eng., 1956, pp. 22 

Main feeding canal 

\ 

Floater 
a Cylinder with overflow apertures 

Distribution canal 

Maximum level 

Distribution 
outlet 

Mobile unit Trap door 
One of the overflow apertures 

Empty space between 

twin cylinders 

Constant level 

Dispensing overflow 

Maximum level in the 
distribution canal ‘ 

~ Minimum! HH 
level! It 

Distribution canal with 
constant-rate flow 

Constant (adjustable) 
flow 

W77AW 

Fic. 23. Autoregulator. 
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The cylinder is supported by floats or pontoons at the canal water-surface level. 

Thereby, regardless of fluctuations in the canal water surface, the weir crest remains at 

the original preset distance below the canal water surface. The originator of this 

device claims an accuracy of delivery of over 99 percent. 

A delivery structure of somewhat less accuracy for a fluctuating canal water 

surface is the single-baffle distributor. ! 

This device consists of a battery of slide leaves, each of a different rated discharge. 

Altering discharge rates may be achieved by raising the leaves in combination or singly. 

The distributor discharge remains unaffected by variations in the downstream level 

because it is designed to pass water through critical depth. So long as the down- 

stream water level does not drown out the hydraulic jump, it will exert no influence on 

the discharge rate. This principle has been used on many delivery structures in the 

semivariant classification. The single-bafftle distributor, being sensitive to changes in 

the canal water surface, has been improved upon by the advent of the double-baffle 

distributor. See Fig. 24 for operation curves for the two distributor types. The 

second baffle presents a smaller orifice for discharge with the increased head, and at 

the lower water surface, the contraction of the vena is sufficient to pass unrestricted 

through the orifice caused by the second baffle. The maximum change in water 

surface for comparable single- and double-baffle distributors to maintain discharge 

within +5 percent of the nominal discharge would be 31¢ and 9 in., respectively. 

See Thomas? for descriptions of other invariant delivery structures. 

27. Semivariant Delivery Structures. Critical-flow flumes,* of which the common- 

est in the United States is the Parshall measuring flume, form the major type under 
this classification. 

Figure 25 shows a Parshall measuring flume with a 30-ft throat. Measurement of 

discharge is based on coefficients determined through experiments on prototype 
flumes.° 

The discharge Q, in cubic feet per second, may be estimated as 

Q = K.bY" 

where K, = discharge coefficient ~ 4.0 

b = channel width, ft 

Y, = depth at measuring section, ft 

n = 1.55 

The exact values of K, and n for the particular flume sizes are given in the Parshall 

references cited above. 

Weirs are a most common semivariant delivery structure. The discharge is quite 

sensitive to changes in water-surface heights above the weir crest because the discharge 

is proportional to the water height raised to a power. Criteria for design and con- 

struction and tables for discharge computations are available.® 

28. Variant Delivery Structures. There are many delivery structures that come 

under this classification, but the two commonest in the United States will be covered 

here. The metergate is a gated-orifice-type delivery (Fig. 26)7 where the head loss 

1‘‘Trrigation,’’ Laboratoire Dauphinois d’Hydraulique Neyrpic, July, 1951. 
2 THomas, C. W., World Practices in Water Measurement at Turnouts, Trans. ASCE, 126(II1), 

715-741, 1961. 

3 ParsHALL, R. L., The Improved Venturi Flume, Trans. ASCH, 89, 841-880, 1926. 
4 ParRsHALL, R. L., Parshall Flumes of Large Size, Colo. Agr. Expt. Sta. Bull. 386, May, 1932. 
5 PARSHALL, R. L., Parshall Flumes of Large Size, Colo. Agr. Expt. Sta. Bull. 386, May, 1932. 

PaRsHALL, R. L., Parshall Measuring Flumes of Small Sizes, Colo. Agr. Expt. Sta. Bull. 423, March, 1936. 
6“ Water Measurement Manual,’’ U.S. Bureau of Reclamation, May, 1953. 

7Bauu, J. W., Limitations of Metergates, Proc. ASCE, J. Irrigation Drainage Div., 88 (IR4), 
Part 1, December, 1962. 
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(c) Single-baffle distributor 

Fic. 24. Operation curves for the two distributor types. 
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Reinforced-concrete Parshall measuring flume, 30-ft throat. 
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-¥'G.1. pipe approx. level 
from bottom of well. 

ey 

\2 8" dia x 3' long concrete 
pipe measuring wells 
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Ira. 26. Installation of metergate and metergate flow—measuring principle 
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through the gate is measured and, with the known gate opening, the discharge may be 

determined from tables.! 
For accurate water measurement the following should be noted: (1) the metergate 

should be submerged by one diameter, (2) the outlet should be sufficiently submerged 

so as to establish a pressure gradient on the crown of the pipe, and (3) the length of 

pipe downstream of the gate should be long enough to allow a uniform velocity dis- 

tribution in the pipe at the outlet. 

The constant-head-orifice delivery structure is a two-gated structure. The first 

gate is calibrated for discharges due to a head differential of 0.2 ft; the second gate is 

adjusted so that this differential is obtained. If calibration tables are not available, 
the discharge can be computed using the orifice equation and discharge coefficients of 

0.70 and 0.75 for the first and second gates, respectively. Figure 27? lists the dimen- 

sional criteria for a constant-head-orifice delivery structure. 

Ym= gate opening for 

maximum Q 

y+= full gate leaf travel 

Orifice S = submergence 
gate leaf 

0.2' 

X must be equal to or greater than ''t" for 
maximum Q. 

S is equol to or greater than ym for good 
accuracy. 

For Q up to 10 cfs,L must be at least 2% 
ym or 1°%q y+, whichever is greater 
(3'-6" minimum). 

For Q above 10 cfs, L= 2% ym minimum. 

Fic. 27. Dimensions for a constant-head orifice. 

MISCELLANEOUS STRUCTURES 

Miscellaneous structures not discussed on the preceding pages may include drainage 

inlets, farm bridges, highway bridges, fish-control structures, and other construction 

incidental to irrigation developments. Drainage inlets are provided to supplement 
the canal flow and are located to intercept flows from springs or drainage courses. 

Farm and highway bridges are built where needed for crop and rural population trans- 

portation. Fish-control structures are required by law in many states on hydroelectric 

and irrigation developments. Whether the interests are commercial or sporting, 

considerable expenditures have been made for the protection of fish. 

29. Drainage Inlets. Drainage inlets may be pipes or open channels running 

through canal banks. MRiprap or concrete protection against erosion should be pro- 

1‘“Water Measurement Tables for the Armco Metergate,’’ Armco Metal Products, Denver, Colo., 
1951. 

2“*Canals and Related Structures,’ Chapter 6, Water Measurement Structures, U.S. Bureau of 
Reclamation. 
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vided at both ends. Automatic flap gates should be provided at outlet ends when 

pipes are placed below canal water surfaces. However, the use of flap gates requires a 

water surface or head in the inlet greater than the water surface in the canal. If the 

bed of the drainage course is higher than the canal water surface, a gate is not required. 

In this case an open-channel inlet can be used. 
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NOTES 
All reinforcement shall be placed so that the 

centers of bars in the outer layer will be 2° 
from face of concrete unless otherwise shown. 

Lop all bars 34 diameters at splices 
Thickness of concrete to vary uniformly between 
dimensions shown. 

Base of entire structure to be placed on undisturbed 
natural foundation or thoroughly compacted fill 

Backfill around structure to be compacted as directed. 
If L+ 15k exceeds normal base of canal, inlet shall 

be set back in canal bank as directed. SECTION C-C 

Fic. 28. Drainage-inlet standards for earth canals. @Q = 10 to 100 efs. 

Open-channel inlets can be lined with concrete, rubble masonry, or riprap, depend- 

ing upon the inlet section and the structural requirements for retaining the embank- 

ment through which it passes. Figure 28 shows the drainage-inlet standards for earth 

canals used on the Deschutes project in Oregon; the inlet capacities are from 10 to 

100 cfs. Inlets may terminate at the upper edge of the canal lining when discharging 
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into lined canals but should be carried down the side slope to the bottom of the canal 

when discharging into earth canals. 
Design discharge capacities for inlet structures should be based upon streamflow 

data if they are available, or determined by gathering maximum rainfall and frequency 

data, watershed area, and runoff conditions, using methods described in Sec. 89. The 

flow intercepted should not carry appreciable sediment nor should the discharge exceed 

that which can safely be admitted into the canal. The U.S. Weather Bureau has 

available many technical papers and reports prepared in cooperation with other 

Federal agencies relating precipitation rates to frequency of occurrence. 

30. Farm and Highway Bridges. Farm bridges are usually timber-trestle struc- 

tures. Highway bridges may be of steel or reinforced concrete. Bridges on state or 

interstate thoroughfares are designed in accordance with state or Federal specifications. 

Bridge members spanning the canal should not encroach upon the prescribed canal 

freeboard. Bridge piers located in the canal flow section require no special considera- 

tion, although the canal may be widened to compensate for their obstruction. Piers 

in unstable earth canals may require the canal bed to be stabilized around them. 

31. Fish-control Structures. Fish screens may be needed at canal intakes, and 

fish ladders or other means of facilitating fish migrations may be needed at diversion 

weirs; the latter is covered in Sec. 23. Screens may be classified in three categories, 

stationary, moving, and electric. Stationary and moving screens usually are preceded 

by a trash rack to protect them from becoming clogged by debris. 

Stationary screens are supported on a frame or series of frames covering the entire 

water prism. The screens are inclined from the vertical in an upstream direction and 

can be supported by the same overhead member that supports the trash rack, which 

has an opposite inclination. 

Moving screens are of the rotating-drum or traveling-screen type. The rotating- 

drum screen is a cylinder with screening material forming its curved surface, the length 

of the cylinder being equal to the water-prism width and the diameter being 114 to 114 

times the depth of the water prism passing through the screen. The screen has a 

rotation that is directed upward from the approaching water side. Any trash sticking 

to the screen will be removed by the flowing water when it is immersed on the down- 

stream side. The amount of trash passing the sereen in this manner is inconsequential ; 

the important feature is that the screens are self-cleaning and not prone to clogging. 

The screen diameter is considerably greater than the water depth so that the screen 

velocity when leaving the water surface will have a near vertical direction and fish will 

not be carried over the screen. 

The traveling screen has its primary use in domestic water supply and sewage 

treatment, but it has been adapted for use in screening fish. This screen can be 

described as an endless belt of screening material around two pulleys whose axes are 

horizontal and determine a vertical plane. Since the screen is vertical when it leaves 

the water, there is little likelihood that fish will be carried over the screen. The 

screen need only extend a little more than a pulley diameter above the water surface if 

the flow is tranquil. If the approach to the screen is susceptible to waves, a further 

allowance should be made. ‘There are many innovations on the basic moving screen. ! 

Both types of moving screens mentioned are subject to damage from silt and sand; 

therefore, sand traps and settling basins should precede the screens when the water 

contains appreciable amounts of sand and silt. Screen movement may be supplied by 

a motor drive or a chain drive from a paddle wheel in the conveyance channel. 

Electric sereens are composed of a series of immersed conductors suspended from a 

structure crossing the conveyance channel, and another series of conductors placed on 

1 Leirritz, EARL, Stopping Them: The Development of Fish Screens in California, California Fish 
and Game, 38(1), 53-62. 
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the bed of the channel. A voltage drop across the conductors affords the deterrent to 

fish passage. A large-scale installation of electric screens after promising extensive 

laboratory investigations proved disappointing at the Baker Dam. 

The use of any of the screens mentioned requires (1) that the velocity of the water 

approaching the screen will allow the fish to extricate themselves from the screen, and 

(2) because of the persistence exhibited by fish, a fish bypass flow back to the body of 

water being diverted from should be provided adjacent to the screen. It has been 

observed that fish die of exhaustion in trying to get through the fish screen. The 

velocity of flow is dependent upon the minimum size, type of fish expected, and 

minimum water temperature in which the screen will operate.? For fish a year and 

under velocities between 0.5 and 1.5 fps have been used. Colder temperatures 

decrease the swimming efficiency of fish. 

Although it could be classified as a stationary screen, a louvered system was used 

on the Tracy Pumping Plant and the Delta Mendota Intake Canal.* This system 

consisted of a set of vertical bars or louvers normal to flow crossing the channel at an 

acute angle. _The fish make no attempt to pass through the louver but swim parallel 

to the set of louvers. A fish bypass at the acute intersection of the set of louvers and 

the channel wall is necessary to return the fish. The design criteriat may be sum- 

marized as follows: 

1. The angle of the louver system in the channel may vary between 10 and 15 deg 

with the direction of flow. 

2. Louver slats should be placed at 90 deg to the direction of flow. 

3. Average maximum velocity of water in the channel as it approaches the louver 

system should not exceed 5.3 fps. 

4. A trash rack should be built ahead of the louver system, and there should be a 

minimum of 25 ft of nonturbulent flow. 

5. Bypasses for entry of fish diverted by the louvers should be about 75 ft apart. 

6. Bypass openings should be 6 in. wide. 

7. Trash-rack bars should have a clear opening of 2 in. 

8. Provision should be made for installation of a saline-bath arrangement inthe 

event that young striped bass suffer shock. 

PUMPING INSTALLATIONS 

32. General. Pumping installations are used in delivering water to irrigable areas 

that cannot be reached economically, or otherwise, by gravity systems. Large areas 

are usually supplied from control pumping plants, which are generally cooperatively 

installed and operated. Most large plants pump water from surface sources, Le., 

from canals, rivers, or lakes. Farm plants are usually installed and operated by 

individual landowners. They generally pump from underground sources but some- 

times draw water from surface supplies. In all cases, pumped water is delivered to the 

highest part of the irrigable area, so that further distribution can be made by gravity. 

1 AnpreEw, F. J., L. R. Kersey, and P. C. Jounson, An Investigation of the Problems of Guiding 
Downstream Migrant Salmon at Dams, Intern. Pacific Salmon Fish Comm. Buli. VII, 1955. 

2 Bret, J. R., and D, F, AtpEerpice, Research on Guiding Young Salmon at Two British Columbia 

Field Stations, Bull. 117, Fish Research Board, Canada, 1958. Brett, J. R., D. F. Atperpicer, and 
M. Houuanps, The Effect of Temperature on the Cruising Speed of Young Sockeye and Coho Salmon, 

J. Fish Res. Board, Canada, 15(4), 587-605. Kerr, J. E., Studies on Fish Preservation at the Contra 
Costa Steam Plant of the Pacifie Gas and Electric Co., California Fish and Game, Fishery Bull. 92, 1958. 

3 Hydraulic Studies of Fish Collecting Facilities—Delta Mendota Intake Canal, Central Valley 

Project, Calif., U.S. Bureau of Reclamation, Division Engineer Laboratories, Hydraulic Lab. Rept. 

Hyd-410, 1956. ‘‘Fish Protection at the Tracy Pumping Plant,’’ U.S. Bureau of Reclamation, Region 2, 

and U.S. Fish and Wildlife Service, Region 1, 1957. 

4"Wish Protection at the Tracy Pumping Plant,’’ U.S. Bureau of Reclamation, Region 2, and U.S. 

Fish and Wildlife Service, Region 1, 1957. 
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33. Pumps. In irrigation projects where water is pumped the types of pumps 

encountered fall in one of four broad categories: 

1. Reciprocating pumps, where water is moved by the displacing action of pistons 

or plungers. 
2. Propeller pumps; develop head by the propelling or lifting action of the propeller 

on the water. The mixed-flow pump, which may be considered in this category, 

develops its head in part as above and in part by centrifugal force. 

3. Centrifugal pumps develop head by the impeller accelerating the water from 

the center of rotation. 

4. Turbine pumps develop head by a rotation in a radial plane between the 

impeller vanes as the impeller rotates, the pressure increasing in the water between 

each vane as it rotates from the suction inlet to the discharge outlet. 

The reciprocating pump is used in small installations such as a single farm, because 

its capacity is limited. Turbine pumps are prone to wear if the water has a silt or 

sand content. The capacity is somewhat limited, but heads over 2,500 ft can be 

developed in the smaller pumps. Figure 29! shows three of the pumps discussed. 
Figure 30! is a diagrammatic aid in pump selection, based upon the parameter head vs. 

capacity. This figure gives a conservative estimate of the range for each type of pump. 

It must be remembered that pumps not consistent with the range defined in this 

diagram have been used in some instances. In such cases other conditions would 

dictate the pump selection, and the pump manufacturer would have to guarantee the 

operation of the pump for these conditions. 

Pump selection is generally based on the specific speed NV, which is expressed by 

the following equation: 

_ rpm 
N, < H%4 JQ 

where rpm = pump revolutions per minute 

Q = pump discharge, gal/min 

H = head, ft 

For maximum pump efficiency, the \V, should be in a range between 1,500 and 5,000 

for pumps with capacities in excess of 100 gal/min. 

Pump impeller types with their mean specific speeds are as follows: 

I 

aciale tomas aerate 800 

Brancis) typ@.-.ste eee ets eon O00 

IMFixede flower cred ener 5,000 

Propellerinc tc se ses 10,000 

34. Pump Setting. For pumps that are not submerged the suction head should 

not exceed 22 ft. The amount of submergence at the pump inlet is a requirement 

determined by the pump manufacturer, although the Hydraulic Institute has devel- 

oped a graph (Fig. 31) that sets this and other sump requirements in relation to pump 

capacity. The values obtained should be used for preliminary design only. The 

pump manufacturer should be consulted for the sump dimensions that allow the pump 
to meet its guaranteed efficiency. 

35. Pumping Equipment. The equipment needed for an irrigation pumping plant, 

exclusive of the pumps, are the prime mover, suction and discharge line, discharge-line 

valves, and, depending on the water source, trash racks and fish screens. If the prime 

mover is an electric motor, transformer and electrical breakers may be required. 
Other prime movers are gasoline and diesel engines. 

1“ Turbines and Pumps,’’ U.S. Bureau of Reclamation, Design Standards No. 6, 1960. 
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Fig. 29. Types of pumps. 
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Via. 380. Pump-selection diagram. 
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A valve in the discharge line can be used to throttle or curtail flow of water. In 

mixed-flow or propeller pumps, adjustment of flow by operation of the valve may 

overload the prime mover. Therefore, valves used with these pumps are for closure 

and their operation should be mechanically limited to this; otherwise operation 

procedures should specify no discharge control by valve operation. Valves used for 

discharge regulation are gate, plug, ball, spherical, or butterfly valves. To prevent a 

critical amount of reverse flow in the discharge line and pump, in the event of power 

failure, a cylinder-operated butterfly valve or a check valve should be used. The 

discharge line should then be designed for the pressure rise due to this condition.!. The 

use of a cylinder-operated butterfly valve would require an air compressor and accu- 

mulator tank, whereas a controlled closing check valve would need no ancillary 

facilities. It must be pointed out that head loss through a check valve is considerable. 

36. Plant Efficiencies. Plant efficiencies depend on pumping units, power equip- 

ment, and load conditions. Large, electrically operated, pumping plants, properly 

designed for use in cooperative irrigation enterprises, should have plant efficiencies of 

70 to 75 percent. However, small farm plants seldom have efliciencies higher than 

about 60 percent, even when operating under the most favorable conditions. Tests of 

about 90 small plants in California showed average efficiencies of 49.8 percent for 

plants equipped with centrifugal pumps, 40.5 percent for plants equipped with deep- 

well turbine pumps, and 44.5 percent for plants equipped with deep-well screw pumps.? 

37. Power Requirements. The power requirement for an irrigation pumping 

plant varies with the plant efficiency, discharge pumped, and total pumping head. 

The total pumping head includes static head, pipe friction, loss at pipe bends, and such 

other losses as may be included in the piping system. In a plant pumping from a 

surface supply, static head is the difference between water-surface elevations at intake 

and discharge ends. In a plant pumping from an underground supply, the depth of 

drawdown required to bring water through the soil to the suction pipe must be added 

to the difference in water-surface elevations. The discharge required varies with the 

size of area irrigated and depth of application needed. 

1 ParMAKIAN, JOHN, ‘‘Waterhammer Analysis,’’ Chap. XI, Dover Publications, Inc., New York, 
ane 
Bee atte cts C. N., Principles Governing the Choice of, Operation, and Care of Small Irrigating 

Pumping Plants, Calif. Agr. Hxpt. Sta. Circ. 312, 1928; also see Cost of Irrigation Water in California, 

Calif. Dept. Public Works Bull. 36, 1930. 





SECTION 35 

GROUNDWATER 

By Tuomas R. Camp anp JosepH C. LAWLER 

INTRODUCTION 

1. Role of Groundwater.! That portion of the world’s total water resources 

which, in the hydrologic cycle, finds its way back to surface sources and to the oceans 

beneath the land surface comprises the earth’s groundwater resources. These vast 

resources are closely interrelated with surface water and, of course, know no political 

boundaries. Groundwater exists wherever water can penetrate beneath the land 

surface in permeable material and be transmitted through such material. These 

conditions prevail so universally that groundwater has been an important factor in 

past ages in enabling human occupation of many large regions that otherwise could 

not have been settled. Although many groundwater regions have been defined, much 

more reconnaissance and exploration are necessary to evaluate fully the extent of 

groundwater storage. Large groundwater-storage basins serve to equalize the flow of 

water and, because they are underground, are not subject to so high evaporation losses 

as surface-water reservoirs, nor are they subject toso much contamination. In regions 

where there are large groundwater-storage basins, such basins provide means of 

managing total water resources, whereby water may be stored during times of surplus 

and utilized during periods of drought. 

2. Types of Collecting Works. Rainwater which percolates into the soil beyond 

the reach of vegetation collects in the pores and fissures, and flows, usually in the 

general direction of the slope of the ground surface, toward outlet points. The water- 

bearing strata, called aquifers, include formations of soil and sand, porous sandstone, 

alluvial deposits of sand and gravel, porous lava flows, glacial drift, and limestone 

containing fissures. 

Groundwater occurs in both unconfined and confined aquifers. The upper surface 

of unconfined groundwater is called the groundwater table. Flow through the soil is in 

the direction of the slope of the groundwater table. The water table rises during 

rainy seasons and falls during droughts. Excessive draft of groundwater from wells 

also lowers the water table. Figure 1 illustrates the position of the groundwater and 

shows several different types of collection works. 

A filter gallery is an elongated basin constructed in an unconfined aquifer along the 

shore of ariver or lake. As the draft from a filter gallery lowers the water table at the 

gallery below the water surface in the adjoining body of water, flow is induced from 

the river or lake to the gallery. Filter galleries, formerly an important source of water 

supply, are now generally obsolete. Groundwater-collecting systems are a form of 

filter gallery; they consist of open-joint conduits, laid in an unconfined aquifer, through 

which the water flows by gravity to a collecting basin or pump well. A collector well? 

is a caisson from which perforated or slotted well pipes are jacked horizontally into an 

aquifer, sometimes to lengths of several hundred feet and often under the bed of a 

river or lake. 

1 McGuinness, C. L., The Role of Ground Water in the National Water Situation, U.S. Geol. 

Surv. Water Supply Paper 1800, 1963. 

2 KazMANnn, Trans. ASCE, 118, 404-424, 1948. 
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Fic. 1. Hypothetical section showing relation of groundwater to topography. 

Groundwater in a confined aquifer is under pressure because of the presence of an 

impervious stratum above the aquifer. A well which penetrates the impervious 

stratum to a confined aquifer is called an artesian well. The surface to which water 

would rise because of the pressure in a confined aquifer is called the piezometric surface. 

If the piezometric surface is above the ground surface at an artesian well, the well is 

‘alled a flowing well. 

A number of different types! of springs are encountered in nature. An artesian 

spring 1s one in which the water issues under artesian pressure through a fissure in the 

impervious rock overlying the aquifer. Springs formed at points where the ground- 

water table outcrops are called gravily springs. A gravity spring in which the water 

flows to the surface from permeable material over an outcrop of impermeable material 

is called a contact spring. A fracture or fissure spring is a gravity spring in which the 

water issues from relatively large openings in rock. <A depression spring is a gravity 

spring due to a depression of the ground surface below the water table. During the 

dry seasons of the year, depression and contact springs may go dry owing to the 

lowering of the water table. 

Works for the collection of water from springs consist mainly of collecting basins, 

from which the water may be pumped to the distribution system, and safeguards 

against the contamination of the springwater. 

HYDRAULICS OF GROUNDWATER 

3. Darcy’s Law and Groundwater Flow. ‘The basic principle for describing the 

flow of groundwater dates from the middle of the nineteenth century and the work of 

Henri Darcy with flows through filter sand. Darcy’s law and the law of continuity 

are the two basic concepts for describing the flow of groundwater. Darcy’s law can be 

expressed as 

v= k— (1) 

where v = filtration velocity of the discharge per unit cross-sectional area of the porous 

media through which the water is flowing 

k = coefficient of permeability, also termed the hydraulic conductivity 
dh 5 5 ; aes ; , 

= hydraulic gradient, 7.e., the loss of head divided by the unit length in the 

direction of flow 

1 Mernzur, U.S. Geol. Surv. Water Supply Paper 494. 
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Darcy’s law is considered valid for groundwater velocities resulting in a Reynolds 

number below a range of 1 to 10. Grain shapes, packing, and distribution of grain 

sizes in a natural formation are not definitive, and consequently a range of numbers is 

appropriate rather than a definite limiting number. The concept of a Reynolds 

number originated with the flow of liquids through pipes and is generally expressed as 
follows: 

N, = 24 (2) 
Le 

where NV, = Reynolds number 

vy = liquid density 

v = flow velocity 

d = diameter of pipe 

= viscosity of liquid 

When a Reynolds number is used in connection with the flow of liquids through 

porous media, d is usually taken as a representative grain-size diameter. 

Dupuit applied Darcy’s law to well hydraulics, and Theim, Slichter, and others 

modified the earlier work into equations describing a steady flow condition, generally 

referred to as “equilibrium formulas,’’ where the flow to the well equals the pumped 

discharge. 

Theis is credited with the development of the nonequilibrium theory and the 

introduction of the factor of time to the field of well hydraulics. The application of 

this theory and the related formulas presented problems in mathematics which have 

been circumvented by utilizing graphical solutions. 

For a review of the theory of groundwater flow, the reader is referred to recent 

texts.1:2:8 

Hydraulics of Wells under Equilibrium Conditions. In a confined aquifer, well- 

discharge formulas have been employed for a great many years based on the work of 

early investigators.‘°° These early investigators demonstrated that laminar flow to a 

well under equilibrium conditions could be described mathematically. The develop- 

ment of the equilibrium formulas was based on the assumptions that flow in a medium 

was taking place under conditions described as follows: 

1. That equilibrium of the water level or piezometric surface throughout the area 

of influence of the well has been attained (drawdown stabilized) and that this surface is 

horizontal (no slope) 

2. That the aquifer is of a constant thickness and constant permeability (isotropic) 

throughout the area of influence 

3. That the pumping well penetrates to the bottom of the aquifer and is 100 percent 

efficient and that flow to the well is strictly radial 

The equilibrium formula for nonleaky-arlesian conditions also assumes that the 

aquifer is confined between two confining layers through which no water is entering or 

leaving the aquifer. It is written as 

heen hace eee (3) 
Qrkm Tw 

1 Topp, D. K., ‘‘Ground-water Hydrology,” p. 336, New York, John Wiley & Sons, Inc., New York, 
1959. 

2Hanrusu, M. S., Hydraulics of Wells, in ‘‘Advances in Hydrosciences,’’ vol. 1, pp. 281-482, 
edited by Ven te Chow, Academic Press Inc., New York, 1964. 

3 De Wiest, R. J. M., ‘‘Geohydrology,” p. 366, John Wiley & Sons, Inc., New York, 1965. 
4Surcurer, C. S., Theoretical Investigation of the Motion of Ground Water, U.S. Geol. Surv. 19th 

Ann. Rept., p. 359, Washington, D.C., 1899. 

5 Turnwaure, I, B., and H. L. Russeut, ‘Public Water Supplies,” p. 269, John Wiley & Sons, 
Inc., New York, 1901. 

6 Tuer, G., ‘'Hydrologische Methoden,” p. 56, J. M. Gebhardt, Leipzig, 1906. 
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Fie. 2. Equilibrium conditions for steady-state confined flow. 

where Q is discharge or pumping rate and all other terms are as previously defined or as 

shown in Fig. 2. Equation (3) may be rewritten as 

_ 2.3Q ie 
ie a hy — OPT log rs (4) 

fe ee T(he — hw) (5) 

528 log (re/1w) 

where Q = discharge, gpm, and the symbol 7’ is introduced 

T = coefficient of transmissibility; rate of flow of water, gpd, which will flow 

through a 1-ft-wide section of an aquifer for the fully saturated depth under 

a hydraulic gradient of 1 ft/ft; 77 = average k X m, gpd/ft 

Drawdown in a well includes well losses and should not be used to compute permea- 

bility. Generally, a field investigation involves two or more observation wells. 

When records from such observation wells are available, simultaneous readings of the 

piezometric surface can be used to find the permeability. With Q in gallons per 

minute, Eq. (5) is rewritten as 

— 528Q log (r2/r1) 

m(hy — hi) (6) 

where all terms are as previously defined except 

r, = distance to nearest observation well, ft 

ry = distance to the farthest observation well, ft 

h, — hy = difference in piezometric head in the respective observation wells 

The equilibrium formula for unconfined conditions is written as 

het hee ae (7) 
rk Tw 

where Q is the pumping rate and all other terms are as previously described. 
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Equation (7) can also be written as 

hte hst le 2.3Q | re (8) 
awk Tan 

2.3Q T2 Ppa he ee or hy hy = log = (9) 
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Fig. 3. Equilibrium conditions for steady-state unconfined flow. 

radial distances 7; and 72, respectively (see Fig. 3). 

k(h.? i fe) 

1,055 log (re/rw) 
Q (10) 

where Q is represented in gallons per minute. 

As noted previously, it is not advisable to use records from the pumping well to find 

permeability. Where records from two observation wells are available, Eq. (7) can be 

rewritten with Q in gallons per minute as 

1,055Q log (12/71) 

a ho? = hy? 
(11) 

where all terms are as previously defined except 

r, = distance to the nearest observation well, ft 

ry = distance to the farthest observation well, ft 

hy. = saturated thickness, ft, at the site of the farthest observation well 

hy = saturated thickness, ft, at the site of the nearest observation well 

4. Hydraulics of Wells—Nonequilibrium Conditions. In 1935, Theis! introduced 

'THets, C. V., The Relation between the Lowering of the Piezometric Surface and the Rate and 
Duration of Discharge of a Well Using Ground Water Storage, Trans. Am. Geophys. Union, 1935, 

pp. 519-524, 



35-6 GROUNDWATER 

a formula describing radial flow to a well completely penetrating an isotropic aquifer of 

uniform thickness and infinite areal extent. The formula is sometimes referred to as 

the nonleaky-artesian formula after two additional assumptions made in its derivation. 

It is more commonly known as the Theis formula and is written 

<= (114.6 7) Wu) (12) 

where IW(w) = well function for nonleaky aquifers, values of which are extensively 

tabulated in many texts! crediting Wenzel,* and is dimensionless 

728 
= Di and u = 2,693 Ti (13) 

where S = storage coefficient, which is dimensionless 

t = time after pumping started, min 

s = drawdown at radius 7, ft 

r = distance from observation well to pumping well, ft 

The formula is based on the assumption that the pumped well is 100 percent 

efficient; therefore, when it is employed in connection with field results from a pumping 

test, measurements from an observation well should be used. A calculated solution 
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Fic. 4. Theis nonleaky-type curve. 

of Eqs. (12) and (13) for values of 7’ and S is not possible, and a graphical solution is 

used instead. The Theis-type curve by which a solution of the nonleaky formula is 

possible is prepared on standard log paper, as shown in Fig. 4, from available tables of 

1 Watton, W. C., Selected Analytical Methods for Well and Aquifer Evalution, Illinois State Water 

Survey Bull. 49, 1962. 

2‘*Ground Water and Wells,’’ Edward E. Johnson, Inc., 1966. 
3 WenzeL, L. K., Methods for Determining Permeability of Water-bearing Material, U.S. Geol. 

Surv. Water Supply Paper 887, 1942. 
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W(u) andu. This curve is matched against a curve plotted from the test data so that 

the vertical and horizontal axis of both the Theis-type and test curves are parallel 

when the two curves are superimposed. Both the horizontal and vertical scales 

against which the test data are plotted must be the same as used for the Theis-type 

curve. The vertical scale of the test-data curve is plotted as s (drawdown) and the 

horizontal scale as ¢ (time) where s and ¢ are analogous to W(w) and 1/u, respectively, 

as shown in Fig. 5. As long as the units of the plotted test data are the same as the 
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Fic. 5. Example of matching field data with Theis nonleaky-type curve. 

units in which Hqs. (12) and (13) are represented the values obtained from the test- 

data curve and the Theis-type curve will be comparable. The field-data curve is fitted 

to the Theis-type curve, trying to achieve a good fit between the two curves. A devia- 

tion in some portion of the field-data curve from the Theis-type curve provides infor- 

mation relative to deviation of actual conditions from those as assumed for the 

derivation of the basic formulation. After the best match of the two curves is 

achieved, a match point is selected. It is advantageous to select a point where the 

coordinates of the Theis-type curve are known such as W(w) = 1, 1/w = 10, so that 

calculations are kept simple. The corresponding values for s and ¢ are then substituted 

along with W(w) and wu in Eqs. (12) and (13), to solve for 7 and S. Figure 5 provides 

an example of a time-drawdown curve matched with a Theis-type curve and shows 

that a match point can be selected anywhere within the overlap of the curves. 

It should be noted that the above technique to determine 7 and S is based on a 

time variation of drawdown for a single observation well. If at least three observa- 

tion wells are available, further verification of the estimated values of 7’ and S can be 

obtained by plotting drawdown for each well on the vertical scale vs. 1/r? of each 

respective observation well on the horizontal scale. This is done for the same instant 

of time for each well. A match between the Theis-type curve and test-data curve is 

then attempted with the match point giving a value of 7 rather than ¢, as in the prior 

procedure. 
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The flow of groundwater in unconfined aquifers may also be studied by the Theis 

nonequilibrium formula under certain conditions. In unconfined aquifers, water is 

obtained by gravity drainage, which is not instantaneous. As a result, a varying 

coefficient of storage occurs but changes at a diminishing rate with the time of pump- 

ing. Bolton! suggests that reasonably reliable results may be obtained where field 

data from observation wells located between 0.2 to 0.6 times aquifer thickness are 

available from the pumping well. Bolton’s considerations provide a formula for the 

determination of the time interval after the start of pumping, before which use of the 

nonequilibrium formula is not justified. This formula is represented as follows: 

ter = 37.45" (14) 

where f., = time after pumping began, days, and S, m, and k have been previously 

defined. Walton? presents the formula with the specific yield Sy in place of the storage 

coefficient. In an unconfined aquifer, the specific yield (amount of water that can be 

drained by gravity) and the coefficient of storage will be represented by the same value 

only after the initial drainage effect has been largely minimized. 

The modified nonequilibrium formula, and the graphical solution for it, was pub- 

lished in 1946 by Cooper and Jacob.’ The formula is essentially a simplification of the 

Theis equation and is based on the same assumptions, so that when wu is small, Eq. (12) 

can be expressed as 

s= (114.6 >) (—0.5772 — In wu) (15) 

Equation (15) is generally considered valid for values of wu less than 0.02. 

“Ground Water and Wells’! provides a good review of the semilog graphical solu- 

tions involved with the indirect solution of the modified nonequilibrium formula and 

states that for all practical purposes utilization of the graphical solution of the modified 

formula will provide essentially the same results as the Theis formula for values of u 

less than 0.05. In application, drawdowns in pumping or observation wells are 

plotted against an arithmetic scale, while time or distance from the pumped well is 

plotted against a logarithmic scale to produce semilog plots termed time-drawdown 

and distance-drawdown graphs. Prior to plotting, values should be adjusted for 

partial penetration or other factors which would significantly affect the results. The 

plotted value should produce a straight-line plot, and any variation reflects a condition 

where actual conditions differ from the basic assumptions made in the derivation of the 

formula. 

Application of the plots utilizes the following equations, developed from Eq. (15), 

for the determination of aquifer coefficients: 

esate T = 264 = (16) 

Pies 
S = 27000 ue 

Equations (16) and (17) are applicable to use with time-drawdown plots where 

1 Botton, N.8., The Drawdown of the Water Table under Nonsteady Conditions Near a Pumped 

Well in an Unconfined Formation, Proc. Inst. Civil Engrs. (London), 3 (III), 564-579, 1954. 
ZOperetts 

as: Cooper, H. H., Jr., and C. E. Jacos, A Generalized Graphical Method for Evaluating Forma- 
tion Constants and Summarizing Well Tield History, Trans. Am. Geophys. Union, 27, 524-526. 

4“Ground Water and Wells,’’ Edward E. Johnson, Inc., 1966. 
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As = drawdown difference per log cycle, ft 

to = value indicated by extending straight-line slope to zero drawdown, min 

— og 2 ODS re (18) 

Tt 

oe 4,790r0? te) 

Equations (18) and (19) are applicable to use with distance-drawdown plots where 

ro = value indicated by extending straight-line slope to zero drawdown, ft 

The effective radius of a well cannot generally be determined with a sufficient 

degree of accuracy to allow use of the above method for the determination of the 

coefficient of storage from field data of the pumped well only. Cooper and Jacob! 

pointed out that the modified method supplemented rather than superseded the type- 

curve solutions, and that under certain circumstances it was usable with nonartesian 

aquifers. 

The leaky-artesian formula was developed by Hantush and Jacob? and is written 

s = (114.6 *) W (« 5) (20) 

where W(u,r/B) = well function for leaky aquifers which is defined by an integral 

equation given in Hantush® along with values for W(u,r/B) 

2 

and ey epg (21) Ti 
4 e r ae 

gp Bae Wa eo) 
Il where k’ = coefficient of vertical permeability of the confining layer, gpd/sq ft 

m’ = thickness of confining layer 

Assumptions on which the formula is based are as made for the nonleaky-arlesian 

formula, except that the aquifer is confined by a semipermeable stratum through which 

leakage takes place vertically and is proportional to drawdown without change in the 

water level of the layer supplying the leakage. A modification of the graphical method 

used for solving the Theis formula is employed to achieve solutions for the leaky- 

artesian formula. Figure 6 is taken from Walton‘ and shows a family of type curves 

where W(u,r/B) is plotted against 1/u. In utilizing the type curves, a time-drawdown 

graph is prepared from field data on logarithmic paper of the same scale. The time- 

drawdown plot is superimposed on the type curves with the respective axis parallel and 

a match point is selected after the field-data curve has been matched with one of the 

curves of Fig. 6. The values of W(u,r/B), 1/u, s, and ¢t at the match point are then 

used with the appropriate formulas along with the r/B value for the curve matched 

with the field-data curve to give values for the hydraulic properties of the aquifer and 

confining layer. When the confining layer is impermeable, r/B = 0 and Eq. (20) 

becomes the same as Hq. (12), and the limiting curve of the family of leaky-artesian 

curves is the Theis nonleaky curve of Fig. 6. It is not good practice to place full 

reliance on the values obtained from matching a time-drawdown curve to the leaky- 

type curves, and it is suggested that such values be compared with values obtained by 

1Op. cit. 
2 Hantusu, M. S., and C. E. Jacos, Nonsteady Radial Flow in an Infinite Leaky Aquifer, Trans. 

Am. Geophys. Union, 36, 1955. 3 

3 Hantusu, M. S., Analysis of Data from Pumping Tests in Leaky Aquifers, Trans. Am. Geophys. 

Union, 37, 1956. 

SOD Cite 
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Fic. 6. Non-steady-state leaky-artesian-type curves. 

repeating the process with a time-distance, s against 7, plot matched against a family 

of type curves where values of W(u,r/B) are plotted against r/B with each curve of the 

family representing a different value for w/r?. 

Wells Partially Penetrating an Aquifer. Many artesian wells do not penetrate 

through the full thickness of the aquifer, and many wells are provided with casings 

which are perforated or provided with screens for only a portion of the thickness of the 

aquifer. In such cases, the streamlines are not horizontal in the vicinity of the well. 

They converge vertically and thus increase the velocity in the vicinity of the well. 

The drawdown at the well is greater than for an ideal well. Muskat? gives a solution 

for the case of a well that partly penetrates an artesian aquifer. Kozeny? developed a 

formula for determining the capacity of wells partially penetrating an aquifer of known 

thickness. From the Kozeny formula, Edward E. Johnson, Inc.,* has developed a set 

of curves by which the specific capacity of partially penetrating wells in reasonably 

homogeneous artesian aquifers can be estimated. 

5. Specific Capacity and Safe Yield. The specific capacity of a well is the dis- 

charge per foot of drawdown at the well. In determining the well yield by test, it is 

assumed that the potential in the well is the same from the water surface to the bottom. 

If the well is small in diameter and being pumped at a high rate, it is necessary to 

correct for friction loss and velocity head in the casing in determinations of the 

drawdown. 

For artesian wells, it may be noted from Eq. (3) that the yield is not directly 

proportional to the drawdown. If r. is assumed constant, h, will increase as h, is 

increased, but not at the same rate. If the value of r, is taken such that hy is very 

small compared with h,, the capacity is very nearly directly proportional to the draw- 

down. For artesian wells, therefore, it is usually assumed that the specific capacity 

is constant within the working limits of the drawdown. 

The specific capacity for wells in unconfined aquifers decreases as the drawdown is 

increased. In Eq. (7), he? — hy? may be written (h, — hw)(he + hw). The first term 

' Musxkat, M., ‘The Flow of Homogeneous Fluids through Porous Media,” chap. V, McGraw-Hill 
Book Company, New York, 1937. 

* Kozeny, J., Theorie und Berechnung der Brunnen, Wasserkraft u. Wasserwirtschaft, 28, 101, 1933. 

3“*Groundwater and Wells,’”’ p. 134, Edward E. Johnson, Inc., 1966. 
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h, — hw approximates the drawdown at the well if 7, is small and r, large. With 

increase in the drawdown, the term h, + h, is decreased, the result being a decreased 

specific capacity with increased drawdown. 

The maximum safe yield of a well or well field is limited by the capacity of the 

aquifer to supply water without suffering a continuous lowering of the water table or 

piezometric surface. The maximum safe yield is limited, therefore, by the rate at 

which the groundwater is replenished by rainfall. The seasonal fluctuation in safe 

yield from shallow-well supplies is more marked than for artesian supplies. 

If a well or well field is not developed to the full capacity of the aquifer, the maxi- 

mum yield is limited by the maximum permissible drawdown at the well and by the 

size and method of construction of the well. For fields of shallow tubular wells, the 

maximum permissible drawdown may be limited by the suction head on the pumps or 

by the depth of the wells. For economy of pumping, the drawdown should be kept to 

aminimum. For greatest overall economy, the cost of pumping against the additional 

head due to drawdown should be balanced against the cost of securing additional yield 

by improving the method of construction of the well. In practice, such an economic 

balance is difficult to obtain because it is not possible to predict accurately the yield of 

a well before it is constructed. 

For a given drawdown, the yield increases slightly with increase in diameter. To 

secure the greatest yield, it is also desirable for the well to penetrate the full thickness 

of the aquifer and thus reduce vertical convergence of the streamlines near the well. 

The specific capacity of wells ranges from about 5 gpm for small shallow driven 

wells to over 100 gpm for large-diameter gravel-wall deep wells. 

Special Studies of Groundwater Flow and Flow to Wells. Walton! presents dis- 

cussions of various special formulas for special studies of flow such as partial penetra- 

tion, flow-net studies, constant-drawdown conditions, estimating the time to reach 

equilibrium, multiple boundaries, multiple wells, and estimating economical spacing of 

wells. Lang? authored a paper detailing spacing of wells in artesian aquifers under 

various conditions. Other authors such as Todd* have detailed special studies of 

groundwater flow and flow to wells under considerations not mentioned above. 

Hantush‘ presents tables of various functions of common occurrence 1n problems of 

groundwater flow such as 

Flowing-well function for nonleaky aquifers 

Flowing-well discharge function for nonleaky aquifers 

Gravity-well function 

Well function for leaky aquifers 

The above functions permit special type curves to be drawn. 

Application of Formulas Describing Flow to Wells. When data from actual con- 

ditions vary from predictions made by standard formulation, it shows that conditions 

differ from the basic assumptions on which the formulation was based. If a field-data 

plot on logarithmic paper does not coincide with a nonleaky-type curve, it indicates 

that possibly recharge or leakage was taking place if displaced in one direction, while 

displacement in the opposite direction would indicate boundary conditions which are 

affecting the assumption of constant permeability or constant thickness of an aquifer. 

These variations are not always readily evident, and interpretation in many cases is 

not clear until various approaches are tried and compared, such as the preparation of 

1Op. cit. 
2Lana, S. M., Methods for Determining the Proper Spacing of Wells in Artesian Aquifers, U.S. 

Geol. Surv. Water Supply Paper 1545-B, 1961. 

3 Op. cit. 
“Op. crt. 
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time-drawdown plots in accordance with the nonleaky Theis method and the modified 

nonleaky semilogarithmic plot. Calculations and interpretation are simpler when the 

semilogarithmic plot is used, and the variation from assumed conditions is more easily 

seen than on the curves of other graphical solutions. As previously noted in the 

discussion of this method, its application is useful only when the value of w is small. 

In all analyses, it is important that sufficient information is available. Water- 

table data, for example, might present a problem involving interpretation of distorted 

curves where the effects of gravity drainage might be confused with barrier boundaries. 

This problem can be simply resolved if it is known that the cone of depression is or is 

not distorted. The possibility of boundary effects can be eliminated if data from 

observation wells are available to indicate that no distortion of the cone of depression 

has taken place. 
6. Testing for Groundwater. Inasearch for underground sources of water supply, 

it is often advisable to make various preliminary investigations prior to installing test 

wells so that the more promising sites may be located. These preliminary investiga- 

tions may include tests for electrical resistivity and tests for seismic refraction. 

In the electrical-resistivity method,! the electrical resistance determined by apply- 

ing an electric current to metal stakes driven into the ground and measuring the 

apparent potential difference between two other points gives an indication of the type 

and depth of subsurface material. This method also is useful in locating salt-water 

boundaries because of the decrease in resistance when salt water is encountered. 

Changing the spacing of the electrodes at a given site is an aid in interpreting the 

resistivity data. 

The seismic-refraction method! is based on the time required for a sound or shock 

wave to travel known distances. The sound or shock wave is created by exploding a 

small charge of dynamite (usually less than 1 lb) just below the ground surface. The 

velocity of a shock wave depends upon the media through which it passes and is 

greater in solid rock and less in unconsolidated formations. In saturated strata, the 

velocities are somewhat greater than in unsaturated strata, while in solid rock they are 

substantially greater. Proper interpretation of the data, therefore, will indicate the 

depth to solid rock and whether or not the unconsolidated deposits are hkely to 

contain groundwater. This may eliminate needless drilling in search of groundwater 

deposits. 

The development of groundwater supplies is an engineering project and requires 

knowledge of hydraulics, hydrology, and geology. In spite of popular belief in water 

dowsing, groundwater sources cannot be located by divining rods, nor can any estimate 

be made of the amount of groundwater available at any location by the so-called “pull’”’ 

of the divining rod or forked twig. 

Groundwater storage and the watershed tributary to a well are major factors 

affecting its safe yield, particularly where the pumping rate of the well approaches the 

safe yield of the aquifer. A typical graph of the relationship of yield to storage and 

watershed area is shown in Fig. 4, Sec. 36, under yield of surface-water supplies. 

Figure 4 is based on data from surface supplies, and strictly speaking is applicable 

only to surface supplies in New England. However, the graph can also be used to 

approximate the safe yield of groundwater supplies in New England. The greatest 

difficulty in applying the graph to groundwater supplies is in estimating the available 

groundwater storage. In spite of the difficulty of making a reliable estimate of the 

available groundwater storage, this method of estimating the safe yield of groundwater 

supplies is a valuable tool and, together with pumping tests, increases the reliability of 

estimates of the safe yield. 

1 Topp, ‘‘Ground Water Hydrology,”’ John Wiley & Sons, Inc., New York, 1959. 
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Pumping Tests. In areas where information relative to the safe yield of an aquifer 

is not available, continuous-pumping tests of proposed wells are considered necessary. 

The wells to be pumped during the continuous-pumping test are usually temporary 

test wells. It may be inadvisable to install permanent wells prior to making a con- 

tinuous-pumping test because of the danger that the investment may be wasted if 

subsequent pumping reveals the quantity or quality of water to be unsatisfactory. 

The water being pumped should be discharged through a temporary pipeline a 

sufficient distance from the test wells to eliminate any appreciable “recharge’’ of the 

aquifer being pumped. Extensive flooding of the immediate area especially is to be 

avoided. In addition to the test wells being pumped, it is desirable to have a number 

of observation wells. One or two should be close to the test wells, and additional 

observation wells should be provided in various directions up to several hundred feet in 

distance, so that the drawdown effect over the entire area can be determined. If the 

test well being pumped is near an existing watercourse, it is desirable to have an 

observation well on both sides of the river or stream to determine whether the draw- 

down effect extends to or beyond the watercourse. 

Prior to starting pumping, “‘static’’ water-level readings should be taken at all wells 

and converted to elevations referred to a common base. After the start of pumping, 

readings are usually taken at close intervals at the beginning of the test, and these 

intervals are gradually lengthened to 1- or 2-hr intervals as the test continues. Rain- 

fall records should be kept or obtained from some nearby official source. Records of 

water levels in adjacent streams, rivers, or ponds should be kept and plotted along 

with the water level in the various wells. If, for example, the water level in the test 

wells rises and falls in unison with the water level in a nearby river, it is evidence of a 

hydraulic connection between the two. 

Once started, pumping should be continuous without interruption, except for brief 

shutdowns for engine maintenance, until the water levels in the various test wells 

stabilize. After stabilization, the pumping test should continue for a minimum of 

24 hr, and preferably for 2 or 38 days. The time required for stabilization may vary 

from hours to weeks or more. Most typical groundwater supplies stabilize in less than 

a week. 

After pumping has ceased, observations of the rate of recovery of the water level in 

the various observation wells should be made similar to those made at the start of the 

pumping test, except that after the first few hours, it is not usually necessary to take 

hourly readings. Readings once or twice per day usually will suffice until such time 

as the wells have recovered to static levels. The time required for complete recovery 

may range from hours to several weeks or more, but most typical groundwater supplies 

recover completely within a week or two. 

If the continuous-pumping test is conducted during a period of severe drought, the 

natural groundwater table may be dropping gradually aside from the effects of pump- 

ing. Accordingly, recovery of the wells following completion of the continuous- 

pumping test will not be complete, except over a long period of time. During such a 

drought period, water-level measurements should be taken at the various observation 

wells for several days prior to the start of the continuous-pumping test to determine 

the rate of lowering of the groundwater table caused by drought conditions. This 

information may then be compared with the amount by which the wells fail to recover, 

following the continuous-pumping test. 

Continuous drafts of water from an underground source which exceed the long- 

term mean annual inflow deplete the groundwater storage, and are often referred to as 

“mining’’ of groundwater because it will eventually exhaust the resource in a similar 

manner to the mining of minerals. Although the draft can exceed the inflow in any 

one year without causing permanent depletion, it should not exceed the inflow aver- 
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aged over a series of wet and dry years. Proper interpretation of pumping tests will 

avoid overdrafts or “‘mining”’ of groundwater. 

7. Groundwater Management. ‘The interrelationship of groundwater and surface 

water is basic in solving the problems of groundwater management. Watershed areas 

of surface sources can be readily defined, while groundwater watershed areas may 

extend far beyond their surface indications. All groundwater not returned to the 

atmosphere via transpiration or reaching the ocean beneath the ground eventually 

contributes to surface sources. The use of surface waters integrated with the use of 

groundwaters can improve the efficiency of use of the total water resource to minimize 

cost of development or to maximize yield. This can be accomplished by ground- 

water recharge from surface sources during periods of high surface runoff, and by 

making full use of groundwater during periods of deficient surface flow. In arid 

climates, the conjunctive use of surface and groundwater minimizes overall losses, and 

pumping from basin outlets prevents losses to the ocean. The U.S. Geological Survey, 

by the use of an infrared scanner, has published an atlas of Hawaii's coastal areas, 

pinpointing the location of underground fresh-water flows. It is possible that infrared 

detection of underground fresh-water flows may in the future be of great value in 

groundwater management. 

GROUNDWATER WELLS 

8. Methods of Construction of Wells.'2° Wells are classified as dug, driven, 

jelled, and drilled wells, depending upon the method of construction. Shallow wells 

are sometimes constructed as dug wells, the methods used being similar to methods 

used in excavating any open shaft. Driven wells are constructed by driving a pipe of 

small diameter into the water-bearing formation. The pipe is generally 2!¢ in. or less 

in diameter and equipped with a well point or strainer at the bottom. In its simplest 

form, a jetted well is installed by the washing action of a jet of water washing an open 

or uncased borehole into the ground as the jetting pipe is lowered. In this type of 

construction, a screen may be set inside the original wash pipe, or where the formation 

is stable enough or has been stabilized by artificial means, the wash pipe can be 

removed, a screen attached to a permanent casing pipe, and relowered to the desired 

depth. Through the use of a special screen incorporating a check valve, the sereen 

and casing may be washed into place with one operation. This is common practice 

with the installation of a well-point system used for dewatering construction sites. In 

this procedure, the wash pipe is installed through the casing and attached to the check 

valve at the bottom of the screen. Upon reaching the desired depth, the wash pipe is 

unscrewed from the screen and removed. While both small and large wells have been 

constructed in the past to relatively large depths by some form of jetting action, other 

methods of construction have superseded this form to a large extent except for the 

smaller diameters. A combination of driving and jetting is often used in connection 

with test-well exploratory programs. This method, sometimes referred to as the 

jel-percussion method, employs a chisel-shaped bit attached to a wash pipe to loosen 

and wash to the surface native material from a casing with an open bottom. While 

the fine material is almost entirely washed out of formation samples collected by the 

jet-percussion method, it does provide a more reliable sample than a straight jetted 

well where the formation material that is washed to the surface is not contained by a 

casing. Multiple small-diameter wells installed by either driving or jetting have been 

developed into well fields for many purposes, including municipal supplies. Such 

development can supply large quantities of water where there is a shallow aquifer with 

1 Anon., ‘‘ Wells,” U.S. Army Technical Manual TM-5-297, 1957. 

ORDAN, Raymonp W., ‘‘ Water Well Drilling with Cable Tools,’’ Bucyrus Erie Co., 1958. 
3**Ground Water and Wells,’ Edward E. Johnson, Inc., 1966. 
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an extensive watershed area and a water table within a few feet of the surface of the 
ground. The wells are usually connected to a common suction header. Pumping 

from a well field through a suction header depends upon the amount of vacuum main- 

tained in the system. Such an installation is practical only where the water surface is 

within 15 to 20 ft of the ground surface. Pumping units may be placed at a lower 

elevation within reasonable limitations to compensate for a deeper water surface. 

Deep wells and high-capacity wells for municipal, irrigation, or industrial use are 

installed by several different methods, depending upon the character of the material 

penetrated and the locality. Some of the important methods for installing such wells 

are described below. 

The standard or cable-tool method is used for wells 4 to 12 in. in diameter through 

both earth and rock to depths sometimes exceeding 5,000 ft, and under certain 

circumstances larger-diameter wells have been installed by this method. Drilling by 

the cable-tool percussion method is accomplished by utilizing a four-part string of drill 

tools consisting of a drill bit, drill stem, drilling jars, and a rope socket. The string of 

tools is suspended in the hole from a cable which is attached at the upper end to a 

walking beam which is the principal distinguishing feature of a cable-tool drilling rig. 

The action of the walking beam alternately lifts and drops the string of tools, breaking 

and mixing the material in the drill hole into small fragments for subsequent bailing. 

Various designs of bailers are employed according to driller preference and the char- 

acter of the material to be removed from the drill hole. When the well is to be com- 

pleted in consolidated rock, the drill hole is carried into the rock a few feet, at which 

point a casing is installed and sealed or cemented to the rock. After the installation of 

the casing, the drilling is continued to the depth desired. Regardless of the drilling 

method employed, it is desirable to grout or otherwise seal off water-bearing strata 

containing water of unsatisfactory quality. Water-bearing strata encountered in a 

consolidated rock well may be either cased, sealed, or screened, depending upon the 

quality and quantity of water available from the particular stratum. 

If the aquifer is of loose granular materials, drilling and bailing are done through a 

casing which is installed in the borehole as the work progresses. In the case of munici- 

pal wells where sanitary precautions are important, a larger-diameter outside casing is 

installed to a depth of at least 20 ft. The space between this outside casing and the 

well casing is grouted as a sanitary seal and the outside casing is removed during the 

grouting process. Well construction may include an artificial gravel packing between 

the screen and native material, or the screen may be in direct contact with the native 

material of the aquifer. Gravel-packing techniques and design are further discussed 

later in this section. When gravel packing is not used, normal well completion is 

accomplished by lowering the screen to the bottom of the casing, which is then with- 

drawn sufficiently to expose the screen. The fines in the native material surrounding 

the screen are then removed by a surging and pumping action, termed well develop- 

ment, to produce a sand-free well and reduce hydraulic-head losses in the native 

material adjacent to the screen. 

The California or slovepipe method is used for wells 6 to 38 in. in diameter through 

earth or alluvial deposits. The casing consists of two sizes of lap-riveted or welded 

steel cylinders, one of which just fits over the other, the joints of the outer cylinders 

butting at the mid-points of the inner cylinders. The cylinders are usually made 4 ft 

long and of 12- to 8-gage steel, 8-gage being used for diameters greater than 20 in. 

The casing is forced down by means of hydraulic jacks, the casing being fitted with a 

drive pipe and starter shoe at the bottom. As the casing is forced down, the material 

Within is excavated by standard methods or by means of a mud scow alternately 

raised and dropped. 

When the well has been driven through the aquifer to impervious material, the 
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casing is perforated for the depth of the aquifer by a specially designed tool. Stove- 

pipe casing cannot be pulled back for setting screens. If it is desired to set a screen at 

the bottom, the stovepipe casing must be stopped at the level proposed for the top of 

the screen. The screen is then lowered through the casing to the bottom and is sunk 

into position by bailing the material from within the screen. 

The hydraulic rotary method is now in general use in areas where the formations are 

of unconsolidated sand and clay. A hollow drill rod driving a hollow drill is rotated 

and lowered into the hole, while a slurry composed of water and native or commercial 

clay (driller’s mud) is pumped through the drill rod into the hole. The mud plasters 

the side of the hole and seals the pores, preventing the leakage of the pumped water out 

into the formation. The velocity of the rising slurry is kept high enough to lift the 

cuttings to the surface, while the mud which is plastered into the sides of the hole 

combined with the lateral pressure of the slurry in the hole prevents caving of the walls 

while the casing is being placed. 

It is possible with this method to set 2,000 or 3,000 ft of casing without the necessity 

of reducing the diameter. Bores 10 to 60 in. in diameter have been constructed. The 

larger diameters are sometimes drilled by first sinking a small hole and then reaming to 

large size. 

The small rotary hole may be a part of a test program in which 6- or 8-in.-diameter 

uncased holes are initially installed and electrically logged to provide information on 

underground stratification. Samples of the native material may be taken through the 

drill rod. The small-diameter holes may be cased and screened for observation wells 

or for other test purposes. During the process of boring, samples of the native 

material may be collected. Samples collected in this manner are suspect, since the 

drilling mud is mixed with the sample and may mask the presence of thin clay layers 

in the underground formation. 

It is generally advisable to provide a separate screen of appropriate design for the 

aquifer formation. While well development is an important part of construction 

regardless of the method employed, it is especially important with the hydraulic 

rotary method. The driller’s mud used to seal the face of the borehole during con- 

struction must be effectively removed to provide an efficient well. Different develop- 

ment procedures are necessitated by the design incorporated into the construction of 

different well screens. Well-screen manufacturers generally publish detailed develop- 

ment procedures applicable to the type of screen that they manufacture. 

The reverse rotary method of well drilling is generally considered to be the fastest 

and most practical means of drilling large-diameter holes in unconsolidated formations. 

The flow of drilling fluid, as the name implies, is in the reverse direction when compared 

with the conventional rotary method. The subsurface material loosened by the bit is 

carried to the surface through a drill pipe which is generally 6 in. in diameter. The 

circulation of the drilling fluid is normally maintained between 500 and 1,000 gpm by 

the use of a large-capacity suction pump or by an airlift. The relatively high velocity 

of the fluid in the drill pipe enables the cuttings to be carried to the surface without the 

deliberate use of clay or other additives to increase viscosity. The boring is done 

without a casing and hydrostatic pressure is used to support the walls of the borehole 

during construction. This hydrostatic pressure is provided by maintaining a water 

level in the borehole at least 6 ft above the natural level. A greater differential is 

desirable. Before the drilling fluid is returned to the well, it is passed through a 

settling pit which is normally constructed three times the volume of the material 

expected to be removed from the borehole. While the settling pit does not remove all 

the fine excavated material, the recirculated water does not seal the sides of the bore- 

hole with a mud cake as is done when the hydraulic rotary method is used. While a 

relatively clean borehole may necessitate a large volume of make-up water to maintain 
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the required hydrostatic pressure, it does allow the well to be completed with only a 

minimum of development work. 

Caisson wells are relatively shallow large-diameter wells, sometimes installed where 

it is desired to obtain water from a rather thin water-bearing stratum probably less 
than 35 ft below ground surface. As the caisson is sunk, material within it is removed 

mechanically rather than hydraulically. Openings to allow the entrance of water are 

generally sized according to information obtained from previously installed test wells. 

A common method of installing wells and boreholes is through the use of an earth 

auger. A continuous-flight spiral auger 4 to 6 in. in diameter is often used for explora- 

tory work. In general, auger holes are practical only where fairly stable soil material, 

not subject to caving, is present. When saturated sand is encountered, the con- 

tinuous-spiral auger is unable to carry the material to the surface, and if it is desired to 

complete a well in such a material, it is necessary to jet the screens into place. Where 

an auger is used for large-well installations, the boring is accomplished by a bucket-like 

device with auger-type cutting blades on the bottom. Difficulties with this are also 
experienced when saturated sands are encountered. Some success in completing wells 

with the bucket auger has been achieved by keeping the borehole full of water. <A 

casing is often installed where difficulties are encountered and the well is completed, 

utilizing other methods. This method is not normally used in areas where cobbles or 

boulders would be expected. Auger boring is one of the cheapest and fastest methods 

of boring where favorable conditions prevail. 

9. Gravel-packed Wells.!. The gravel-packed well is a popular and very important 

facility for obtaining groundwater, usually from unconfined aquifers. Gravel- 

developed wells are sometimes erroneously referred to as gravel-packed wells. Gravel- 

developed wells do not havean artificially graded and placed gravel packing, but utilize 

the natural gravel deposits from which the fine materials are removed by intermittent 

pumping, surging, and backwashing so that an envelope of natural gravel surrounds 

the well screen. A variation of the gravel-developed well is sometimes constructed by 

feeding graded gravel to the aquifer through feed pipes alongside the casing while the 

well is being pumped and surged. This method provides little control over the 

thickness, depth, or shape of the so-called gravel packing. 

Large important wells in unconsolidated sand and gravel are now frequently of the 

gravel-wall type. They may be constructed by the California, the cable-tool, the 

hydraulic rotary, or the reverse rotary method. If the California or cable-tool 

method is used, a large conductor pipe or caisson 6 to 12 in. larger than the well casing 

is first sunk down to the full depth of the well. Gravel, which must be selected on the 

basis of the size and grading of the material in the aquifer,” is then fed into the annular 

space between the inner and outer casing, usually by the use of a tremie. See Fig. 7 

for grading of gravel pack, as developed by Mogg. 

As the depth of gravel is increased, the outer casing is pulled back to expose the 

gravel wall to the native formation. The steps of feeding more gravel and pulling 

back the outer casing are repeated until the gravel is well above the elevation selected 

for the top of the screen. The addition of gravel is sometimes continued until the 

surface of the ground is reached and sometimes to a point about 20 ft below the ground 

surface. Whichever method is followed, provision must be made for adding additional 

gravel, since some settlement of the gravel will occur as the well is being developed. A 

concrete seal should be placed around the outer casing to a depth of about 20 ft to seal 

off the well from the entrance of surface drainage. 

The well screen is telescoped into the inner casing and the casing is withdrawn to 

expose the screen to the gravel wall. The top of the screen is usually swaged to the 

1 AWWA Standards for Deep Wells, 1958. 
2 Moaa, Technical Aspects of Gravel Well Construction, J. NEWWA, 77, 1963. 
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casing by means of alead packer. Development of the well is carried out by pumping 

and surging until the contact surface between the gravel wall and the native formation 

is thoroughly cleansed and the fines removed. 

The well-screen opening is selected as the size which will retain 90 percent of the 

gravel pack. The grading of the gravel shown in Fig. 7 would call for a screen slot 

size of 0.020 in. 
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I'ic. 7. The steps in the design of a gravel-packed well. 

Gravel-developed Wells. When the natural gravel is in contact with the well 

screen, it is desirable to develop the well by various means to remove the finer particles 

from the formation. When a well is constructed in this manner, the well-screen 

opening is selected as the 40 percent retained size of the aquifer material. The 

development of the well will bring the finer portion of the material through the screen 

to be pumped out, leaving a more desirable coarser packing around the well screen. 

The literature on well design exhibits a diversity of opinion on the importance of 

the open area and the entrance velocity of water entering the well screen. 

Walton! suggests that well design should take into account the coefficient of perme- 

ability of the aquifer for establishing optimum screen entrance velocities. 

10. Groundwater Recharge.? The natural supply of groundwater is sometimes 

increased by artificial recharging by means of spreading the water on the surface of the 

ground, oftentimes in diked areas; storing the water in reservoirs, basins, and pits; or 

discharging it into recharge wells. In some areas, notably Long Island, New York, it 

is common practice to collect storm-water runoff in seepage pits in an attempt to 

prevent too great a depletion of groundwater resources. Furthermore, many states 

DOpmctts 

2 Baumann, Proc. ASCE, J. Hydraulics Div., 155, November, 1961. 
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require that well water used for cooling and air conditioning be returned to the 
ground.! 

The hydraulics of recharge wells are much different and more complex than the 

hydraulics of water wells. In a horizontal aquifer, the shape of the cone of depression 

of a water well remains unchanged under conditions of a constant rate of withdrawal 

and stabilization of the water level. On the other hand, the cone of impression of a 

recharge well, which is concave upward, continues to become flatter, even at a constant 

rate of recharge, because of the displacement of the native water as the recharge water 

enters the aquifer. Accepting the hypothesis that the recharge water moves radially 

from the recharge well in the form of a wave, its movement may cause the water level 

in an observation well remote from the recharge well to rise long before the recharge 

water itself reaches the observation well. The wave effect is an aid in reducing the ill 

effects of saline or other undesirable waters in areas where recharge is necessary. 
In an inclined aquifer, a recharge well can reach an equilibrium, theoretically, in 

infinite time. A point of stagnation is reached upstream of the well, while the 

boundaries on the downstream side approach two asymptotes, as shown in Fig. 8. 

Spacing of the recharge wells is important where the prevention of saline-water 

intrusion is a factor, because the saline water could flow between the cones of impres- 

sion, if the spacing is greater than W, as shown in Fig. 8. 

Considerable study has been made of the creation of fresh-water barriers, par- 

ticularly along the southern California coast. The relationship of the elevation of 

salt water along the coast to the elevation of fresh water above sea level was discovered 

prior to 1900 by Ghyben and Herzberg working independently along the European 

coast. The hydrostatic equilibrium between the two fluids of different densities led to 

the development of the equation 

jt =2 h 
ps — py * 

where h, is the depth below sea level to the salt-water interface, hy; is the head of fresh 

water above sea level, p, is the density of salt water, and p; the fresh-water density. 

This is known as the Ghyben-Herzberg principle. If the density of salt water is 1.025 

and the fresh-water density is 1.000, 

1,000 
~ 1.025 — 1.000 hs hy = 40h, 

The salt-water interface, therefore, will be at a depth below sea level of forty times the 

elevation of the fresh water above sea level. 

Rates of infiltration in groundwater recharge vary widely. A Task Group of the 

American Water Works Association? reported in 1963 that in seven states, basin 

infiltration ranged from 0.1 to 170 ft per day, while injection wells varied from 58 to 

660 gpm. The presence of salt, microscopic organisms, or other foreign material may 

cause clogging and reduce the rate of infiltration; the formation of air bubbles may also 

reduce infiltration by air binding. 

The use of fresh-water barriers, created by groundwater recharge to prevent sea- 

water intrusion, is practiced extensively on the seacoast in southern California. It 

has been found there that the sea water intrudes inland in the form of a wedge. The 

fresh-water barrier, therefore, should be far enough inland to force all the wedge back 

seaward. Otherwise, the fresh water will separate the wedge and force the landward 

edge still farther inland, creating a saline wave. 

A dispersion zone and the dynamics of groundwater flow in coastal areas cause a 

'Task Group Report, J. AWWA, 48, 493, 1956. 

2 Artificial Ground-water Recharge, Task Group Report, J. AWWA, 55, 707, 1963. 
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Fie. 8. Recharge through well in open, inclined aquifer. 

variance for the location of the interface between fresh and salt water from what would 

be expected by a strict application of Ghyben-Herzberg. De Wiest! and others 

discuss various approaches by which these aspects are involved in coastal areas. 

11. Sanitary Precautions. Wells should be so located as not to be subject to sur- 

1 De Wiest, ‘‘Geohydrology,’”’ John Wiley & Sons, Inc., New York, 1965. 
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face drainage of floodwater and seepage from cesspools, privies, and sewers. A mini- 

mum distance from sources of pollution of 50 to 100 ft or more is sometimes specified, 

but it must be kept in mind that the effectiveness of removal of polluting matter from 

seeping water depends upon the character of the formation through which the water 

percolates as well as the length of the path. The importance of safeguards against 

contamination cannot be overemphasized. Many cases of typhoid and other intestinal 

diseases have been traced to polluted well supplies. No toxic materials, chemical 

compounds, or petroleum products should be stored in or on the ground in the vicinity 

of the well, unless all precautions are taken to prevent seepage into the ground. All 

sewers in the vicinity should be of watertight construction. Garbage and refuse- 

disposal areas should not be located on the watershed of a well. Salt-storage piles for 

highway-maintenance purposes should also be kept off the watershed, and a highway 

drainage system which may contain salt and other objectionable materials should 

discharge at locations where the well-water quality will not be impaired. 

In order to minimize the possibility of pollution and to protect the well casing 

against exterior corrosion, at least a portion of the casing should be sealed with 

concrete or cement grout. Materials, methods, and procedures in grouting and sealing 

wells are covered in the 1958 revision of the Standard for Deep Wells! prepared by the 

Water Works Practice Committee of the American Water Works Association. The 

top of a well should be sealed against the possibility of contamination from the surface, 

and the top of the well or pump-house floor should be drained away from the well. 

Before a well is placed in service, it is desirable to disinfect it by chlorination. Pro- 

cedures and methods of disinfection of wells are also covered in the Standard for 

Deep Wells.! 

12. Well Pumps. Driven-well fields are usually pumped by horizontal centrifugal 

pumps, equipped with a sand catcher on the main suction pipe. The maximum total 

suction lift of these pumps, which includes elevation and friction losses, should not 

exceed 25 ft. Pumps of this type should be self-priming or primed by the installation 

of air aspirators, auxiliary vacuum pumps, or foot valves. 

Deep-well pumps suitable for varying uses are (1) air-lift pumps, (2) reciprocating 

pumps, (3) jet pumps, and (4) vertical centrifugal pumps. Small-bore deep wells are 

pumped by air lifts or by reciprocating deep-well pumps. Large deep wells are 

usually pumped by deep-well turbine pumps. 

Because of the expense of maintenance and limited capacity, reciprocating pumps 

are not used widely. Overall efficiency from motor input to water delivered is about 

65 percent. The plunger pump with a given size cylinder will pump at a constant rate 

regardless of variation in total head. Pumps of this type are normally made for 

capacities up to 300 gpm and operate at heads up to S800 ft. 

The efficiency for air-lift pumps ranges from 20 to 35 percent. These pumps have 

the advantage of having no moving parts below ground. However, the disadvantage 

of low efficiency coupled with the pump’s inability to pump against high-head require- 

ments has limited its use. Air lifts are adapted to crooked wells, to wells discharging 

large amounts of sand, and to installations where reliability is of more importance than 

efficiency. Capacities for well pumping range from 20 to 2,000 gpm. 

Jet pumps are limited in capacity with an average range from 5 to 70 gpm and a 

maximum lift of approximately 150 ft.2. These pumps can be used in deep wells when 

the depth of water to be raised, by suction lift, exceeds the absolute vapor pressure of 

the liquid. A jet pump consists of a pump anda jet. Water is recirculated from the 

discharge pipe of the pump to the bottom of the suction pipe and discharged through a 

1 AWWA Standard 100. 
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jet-type nozzle. The water from the nozzle creates a partial vacuum at this point. 

Additional water is pulled in from the well by this vacuum and is then pushed up the 

pipe leading to the intake of the pump. The advantage of the jet pump over most 

other types of deep-well pumps is that the pump and motor may be set away from the 

well. A jet pump, used in conjunction with a centrifugal pump at ground level, can be 

lowered into the well shaft. These jet pumps can be used in multistage where the 

suction lift becomes very large. This combination will lift water 200 ft, compared with 

15 to 25 ft for the centrifugal pump alone. 

The vertical turbine pump is most widely used for well pumping. For large- 

diameter wells, these pumps have been used to capacities exceeding 7,000 gpm and 
pumping heads of 1,000 ft. Overall efficiencies for turbine pumps range from about 

50 percent for the small installations to above 80 percent for large pumps. This type 

of pump has the advantages of high efficiency, high-head pumping capability, and 

excellent serviceability. The pump when running at constant speed requires less 

horsepower to operate as the head increases and the flow decreases. The impellers 

are always submerged, and no special priming equipment is required as with horizontal 

pumps. The impellers can be obtained semiopen or fully enclosed. Open impellers 

can be adjusted from the top of the line shaft. This will prevent sand clogging and 

permits about a 25 percent variation of the pump capacity. Enclosed impellers 

usually provide higher sustained efficiencies and general stability but no variation in 

pump capacity. A multistage, deep-well turbine pump is simply a special arrange- 

ment of pump bowls or casings in series, usually with a radial-type runner. 

The submersible vertical turbine pump is a type of construction that has the motor 

as well as the pump submerged. A waterproof cable supplies power to the motor. 

This type of pump has advantages in (1) extremely deep wells which may present 

problems with shafting, especially if the well is crooked; (2) installations subject to 

surface flooding which may be damaging to electric motors; (3) applications such as 

booster pumps that are in locations that require quiet operation; and (4) installations 

where there is little or no floor space to install the unit. 

13. Groundwater Models and Computers. Both analog and digital computers are 

now being used in groundwater studies. One of the major problems in management of 

groundwater is the prediction of future changes in water level in the aquifer as water 

continues to be pumped. Various patterns of pumping can be analyzed. Deter- 

minations as to the economic safe yield of a basin being pumped over a period of years 

can be made. The maximum safe yield of a single well pumped over an extended 

period can also be computed. The most economical spacing of wells to provide a 

maximum amount of water at the lowest pumping cost can be estimated. Also, an 

estimate can be made of how long the water stored in the basin can last if sustained 

large-scale pumping is undertaken.! The accuracy of the results obtained from these 

studies depends mainly upon the quantity and quality of data collected to define the 

aquifer. The three major characteristics which must be defined are first, the size and 

shape of the drainage basin; second, the storage coefficient of the basin; and third, the 

coefficient of transmissibility of the aquifer. 

Models for simulating the aquifer system are designed for the analog computer, by 

utilizing the basic laws and continuity relationships of laminar flow and electrical 

flow. The flow of electric current is expressed by Ohm’s law. Electric networks can 

be set up to simulate three-dimensional flow which will satisfy Laplace’s equation. 

Analog computers have been used to study groundwater basins, in both steady and 

unsteady flow. Most of the formations and flow conditions can be represented by 

appropriate circuits. 

The electrical model is constructed in a shape similar to that of the actual aquifer 

1 U.S. Geol. Surv. Circ. 468. 
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system. The thickness of the aquifer and the properties of water storage and trans- 

mittal are represented by electrical properties. By the use of oscilloscopes, drawdown 

curves can be plotted during the period of pumping. The scales of the graph on the 

oscilloscope screen can be read directly in feet of change of the water level and in days, 

months, years, or any unit of time that is desired. Various patterns and rates of 

pumping are tried and their effects are measured. With this model, it is possible to 

analyze quickly the effects of pumping over a long period of time. From this informa- 

tion, the best patterns of water development for a particular aquifer can be determined. 

Large quantities of data for a drainage basin may be compiled through numerous 

groundwater investigations. These data can be stored easily on punch cards and 

magnetic tapes. With the aid of these data mathematical models can be set up to 

represent a given basin. The aquifer data may be identified by a two-dimension grid 

system. A mathematical groundwater model is an expression that describes the 

aquifer functioning. Finite-difference equations describing these functions may be 

solved by the digital computer. 

Variability in the aquifer creates no problem provided the data distribution 

represents continuous smooth functions. This approach allows great flexibility for 

changes in the coefficients of transmissibility and storage; recharging and discharging 

of various areas; gains and losses of water due to interaquifer leakage; and confined 

and unconfined aquifers. 



’ 

=~ 

7 

; 

; 7 

ae 



SECTION 36 

WATER SUPPLIES 

By Tuomas R. Camp anp JosEpH C. LAWLER 

The treatment of the subject of water supplies in Secs. 35 to 38 is limited to the 

material that is not dealt with elsewhere in this book in detail. Such duplication as 

does appear is due to the desirability of emphasizing differences in practice and 
differences in factors controlling the methods of design. 

WATER CONSUMPTION 

1. Uses of Water. The uses of water are generally classified as domestic, commer- 

cial, industrial, public, and agricultural. Domestic use includes all water used in and 

around residences. The amount of domestic consumption varies with the standard 

of hving but is proportional to the resident population. Commercial use includes 

water used in business or commercial districts by persons who are not residents of the 

district. Commercial use is itinerant domestic and hght manufacturing use and 

cannot be stated conveniently in terms of the population of a business district. Such 

use is often best estimated in terms of the floor area of the buildings in the district. 

Industrial use is for manufacturing purposes, and the amount of such use bears no rela- 

tion to the population of an industrial district. Public use of water is for fire fighting, 

street and sewer flushing, and for unmetered public buildings. Waste due to leakage 

and other causes, frequently a substantial portion of the total supply, is sometimes 

classed as public use. Agricultural use is for irrigation purposes. Such use is very 

important for municipal supplhes when great quantities of water are used for lawn 

sprinkling. 

A research project on residential water use conducted by the Johns Hopkins 

University, Baltimore, Md., from 1959 to 1963 showed the tremendous impact that 

lawn sprinkling has on water-supply systems. Table 1 demonstrates that lot size is 

the predominant factor in sprinkling demands. 

2. Per Capita Consumption. The average per capita consumption for a water- 

works is the total consumption for a year divided by the population and the number of 

days in the year. Sometimes the average per capita consumption is based upon the 

population of the community and sometimes upon the number of consumers. The 

population and number of consumers may differ greatly in some cities. 

The average consumption in the United States varies from about 50 to as high as 

500 or more U.S. gal per capita per day (gpepd) with a mean value for the whole 

country of about 150. In strictly residential communities, the consumption is usually 

less than 100 gpepd; but it is higher, the higher the standard of living. Some of the 

factors affecting the amount of consumption are climate, class of consumer, industrial 

use, quality of water, pressure in the distribution system, cost of water, sewer facilities, 

and extent of metering of consumers’ services. For a given city, the per capita 

consumption usually increases as the population increases. 

The quantity of water required for strictly domestic use in residential communities 

of the United States ranges from about 30 gpepd for lower-class districts to about 

115 gpepd for high-class districts. These figures do not take into account necessary 
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TABLE 1. RESIDENTIAL WATER-USE Data* 

Consumption for given period, 
Rati 

gal/day/dwelling unit pe 

Net lot size 

ax d k i 
Avg annual! Max day Peak hr Merida yey hes ce 

avg annual | avg annual 

Domestic Water-use Data (Sprinkling Use Not Included) 

L100 144 183 490 1,2 3.40 

7,000 187 PINGS 414 1.14 Para | 

7,600 214 250 565 Ieee 2.64 

28,000 202 290 860 1.44 4,26 

Sprinkling-use Data (Domestic Use Not Included) 

1,100 12 67 303 5.58 25.2 

7,000 40 470 1,120 eS 28.0 

7,600 49 880 2,080 18.0 42.5 

28,000 130 1,180 3,900 9.08 30.0 

* Geyer, J. C., J. B. Wourr, and L. P. Linaweavyer, ‘‘Report on Phase One of the Residential 

Water Use Research Project,’ Department of Sanitary Engineering and Water Resources, The Johns 

Hopkins University, Baltimore, October, 1963. 

public use of water in residential areas which amounts to 5 to 10 gpepd and leakage or 

water unaccounted for which amounts to 20 to 30 percent of the quantity delivered to 

the system. 

The quantity of water required for commercial and industrial use bears no relation 

to the population. In large American cities, the amount of commercial and industrial 

consumption has been estimated at 15 to 65 percent of the total consumption. 

A study by the Senate Select Committee on National Water Resources of the 

86th Congress, 2d Session (1960) estimated that the water requirements of the munici- 

pal water systems in the United States would be 28,588 million gal daily by 1980 and 

42,543 mgd by the year 2000. Tables 2 and 3 prepared by that committee compare 

the municipal water requirements with the estimated requirements of other major 

water users. 

TABLE 2. REQUIREMENTS OF PRINCIPAL 

WatrerR USERS IN THE UNITED STATES 

Millions gal daily 

1980 2000 

IAPTICULGURG nemerrn rear i cea teres ae atrettees 167 , 166 184 ,230 

IMEiniin ge earn eee coe eee ee 2,672 3,391 

Mian Udaie GUC rer ae ae eine peers ees ae 101,556 229 , 207 

Steam-electric generation.......... 258 ,895 429 ,408 

IMEC alimeren maces cetera 28,588 42 543 

A Wolit-  eena eerie ro osama Amines ors 558 , 877 888,779 
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TABLE 3. ESTIMATED REQUIREMENTS OF 

PRINCIPAL WATER-USING INDUSTRIES 

Millions gal daily 

1959 1980 2000 

fron and steel acc ese ae 9,600 18,750 22,300 

Chemical. x. 22 snse.. nea 8, 800 22,000 52,900 

Eulprandapapersn esc: 5,870 14,400 28,700 

1 ge aa eer Marte ie on 1,728 2.325 2,740 

OMPU MBE 4 cc soe cate sere 764 1,810 =}, 1148) 

COppersci ck Ge ae ones 134 214 268 

3. Fluctuations in Demand. Fluctuations in per capita consumption from day to 

day and throughout any one day are of great importance in design. 

The average consumption per day based upon a year’s record is referred to as the 

average daily consumption. The maximum consumption during any one day in the 

year is called the maximum daily or the maximum 24-hr consumption. The peak 

consumption during any moment of the year, excluding fire drafts, is called the peak 

50 - 

Percentage that hourly consumption is of average hourly 
30 | te aa alt 

B23 4 eo GTO) GN ONS IN 2345 6h deS: QNOM T= 
D is} AoE 
c 2 & 
= Hours of day = 

Tia. 1. Typical hourly variations on days of large consumption. 

or maximum hourly consumption. Similarly, the minimum consumption during 

any one day is called the minimum daily or minimum 24-hr consumption; and the 

lowest momentary rate of consumption during the year is called the extreme minimum 

or minimum hourly consumption. 

The use of water during summer months for sprinkling lawns and gardens and for 

air conditioning causes demands for water which are of considerable magnitude. It 

was reported! in 1958 that in five large water systems in the United States, special 

1 Task Group Report: Study of Domestic Water Use, J. AWWA, 50, 1408-1418, 1958. 
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summer loads attributed to lawn sprinkling, air conditioning, and refrigeration caused 

demands on peak days to be 39 to 77 percent above corresponding days when those 

loads did not occur. Those percentages corresponded to additional demand rates of 

140 to 277 gped. In that same study, the maximum hourly draft rates in those five 

systems were from 37 to 70 percent of the maximum day rate for lawn sprinkling and 

22 to 32 percent of the maximum day rate for air conditioning. 

The maximum daily consumption ranges from 125 to 250 percent of the average 

daily consumption, with an average ratio for the whole country of 175 percent. For 

cities of more than 100,000 population, the average ratio is 150 percent (Table 4). 

In general, it may be said that fluctuations are greatest in smaller cities, but the 

local factors affecting the demand are much more important than size of community. 

In estimating future demands for a city, it is not safe to neglect local factors. 

Fluctuations in demand below the average are in general much less than fluctua- 

tions above the average. The extreme minimum draft is never zero even for the 

smallest system, as there is always some leakage or waste. 

TasBLe 4. VARIATIONS IN RaTES AND DEMAND* 

Percent of annual average 

Less than 100,000 population More than 100,000 population 

Max: 

Mion thiemeern ere 120-150 110-130 

IDE Wists aor eta 150-250 125-175 

EL GUTee rns tah 300-400 200-300 

* Bappirr, H. E., J. J. Douanp, and J. L. Cunassy, ‘‘Water Supply Engineering,’ 6th ed., p. 10, 

McGraw-Hill Book Company, New York, 1962. 

The hourly variations of consumption on the days of large demand are of impor- 

tance in design inasmuch as these variations affect the storage requirements in dis- 

tribution and filtered water reservoirs. A typical curve of hourly fluctuations is 

shown in Fig. 1. The fluctuations will be greater than shown in Fig. 1 for small 

communities and less for larger municipalities. 

4. Fire Demand. The quantity of water used for fire fighting in relation to the 

total consumption for the year is negligible, but the heavy demands for brief periods of 

time during fires greatly influence the design of distribution systems and storage 

reservoirs. The rate of fire flow for the entire system indicated by the American 

Insurance Association (formerly the National Board of Fire Underwriters!) is given 

by the following empirical formula: 

Qi= 1,020 1/2 (PS 0072) (1) 

in which Q is the rate of fire flow in U.S. gpm, and P the population in thousands. 

The formula is applicable to populations up to 200,000, in which case 12,000 gpm is 

required. For populations greater than 200,000, an additional flow of 2,000 to 8,000 

gpm is required for a second fire. 

The Association recommends that sufficient water be available to sustain the fire 

flow and the maximum daily flow for at least 4 hr for a population of 1,000, 5 hr 

for 1,500, 6 hr for 2,000, 7 hr for 3,000, 8 hr for 4,000, 9 hr for 5,000, and 10 hr for a 

population of 6,000 or more. 

Usual practice in determining fire flows for municipalities is to use the above 

‘Standard Schedule for Grading Cities and Towns of the United States with Reference to Their 
Fire Defenses and Physical Conditions,’’ National Board of Fire Underwriters, 1956. 
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formula as a guide but to make the actual determination of required fire flow on the 

basis of character and congestion of buildings. In some cases the required flows so 

determined will differ materially from that computed by Eq. (1). 

Distribution systems should be so designed as to make it possible to concentrate 

the fire flow given by the preceding equation at any point in the high-value commercial 

or industrial areas of the city at a time when the normal draft is equal to the maximum 

daily consumption. In residential districts, according to the Underwriters: 

“The required fire flow depends upon the character and congestion of the build- 

ings. Sections where buildings are small and of low height and with about one-third 

of the lots in a block built upon require not less than 500 gpm; with larger or higher 

buildings, up to 1,000 gpm is required, and where the district is closely built, or build- 

ings approach the dimensions of hotels or high-value residences, 1,500 to 3,000 gpm 

is required with up to 6,000 gpm in densely built sections of 3-story buildings.”’ 

TaBLe 5. Warer CONSUMPTION FOR TypicAL LARGE FIRES 

NBFU 
: Actual use 

requirements 
Popula- 

tion = — 

City, date nearest Ext a 

U.S. Fire | Dura- Ta | Fire Dura- ee 
census flow, tion ll eee nl ietows tions eae! 

million million 
gpm hr gpm hr 

gal gal 

Salem, Mass.,* June 25-26, 1914..... 43,697 | 6,000 10 3.6 | 15,000 13 16 

Fall River, Mass.,* Feb. 2-3, 1928... 115,274 | 10,000 10 6 18 ,000 12 20 

Nashua, N.H.,* May 4-5, 1930...... 31,463] 5,000 10 3 6,500 19 5 

Norfolk, Va.;* June 7, 1981..¢...0.05 129,710 | 10,000 10 6 8,500 14 SRO. 

Chicago, IIll.,t May 19-21, 1934...... 3,376,438 | 20,000 10 12 70,000 56 | 69.5 

Cambridge; IMiass,, 965, cn. ccct ste 107 ,716 | 10,000 10 6 8,000 

* Mowry, Water Consumption during Fires, J. NEWWA, 46, 93, 1932. 

+ Gayton, The Chicago Stock Yards Fire, May 19, 1934, J. AWIVA, 27, 803, 1935. 

The water used for fighting several typical conflagrations is shown in Table 5 

with the duration of each fire and the maximum fire flow. For comparison, the 

requirements of the National Board of Fire Underwriters are also given. In all but 

one of the examples, the maximum fire flow and quantity of water used exceeded the 

Underwriters’ standards. 

5. Forecasting Demand. Asa preliminary to the design of waterworks or exten- 

sions to an existing plant, it is necessary to estimate future demands and agree upon 

one or more suitable design periods. The design period for a large water supply which 

requires many years to complete may be more than 50 years. The design period 

may be only 10 years for pumps, filter units, and other items that may be added with 

facility in a short time or that have short lives or high rates of obsolescence. 

Demands are estimated from the per capita consumption and the population, 

due account being taken of industrial and commercial use and fire demand. For 

extensions to distribution systems, population density is an important factor. Zoning 

regulations tend to stabilize population densities and hence to increase the reliability 

of estimates of future population density. 

Table 6 contains the rates of flow, exclusive of fire flow, which may be of importance 

in the design of water facilities. 
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TaBLE 6. DiscHaRGE TABLE FOR WATERWORKS DESIGN 

Extreme | Min daily | Average | Max daily | ,, 
: ; Peak con- 

min con- | consump- | daily con- | consump- ; 
x % ‘ 3 sumption 

sumption tion sumption tion 

Beginning of design period.............. A B (6 

Bin dtotadesigne period emearre cicero onrears ae ae D E F 

For a system provided with no storage, facilities must be provided for all rates of 

flow from A to F in the table and in addition thereto for the fire flow. If elevated 

storage is provided for hourly fluctuations in demand, pumps and filters may operate 

at constant rates during any one day. In this case, items B to HE are significant for 

design. The average daily consumption is of importance in estimating costs of 

operation. 

6. Population Estimates. The prediction of future population is at best only a 

guess. The accuracy of the prediction if done intelligently is greatest with large 

populations and small periods of forecast. The normal growth curve of cities of large 

population is one of increasing rate of growth for a time followed by a decreasing rate 

of growth. 

Table 7 shows estimates which have been made of the ranges of population which 

might be expected in the United States up to the year 2000.1 

TaBLe 7. PopuLATION ESTIMATES 

Population in millions 

1970 1980 2000 

LONE nen ae coe ec 224.9 266.7 

INGCIGNS Gs cannot 207 243.8 329.3 

Jobylolaagenmn ean eeo ol cae) 277.6 430.8 

The best basis upon which to estimate future population trends of a community 

is its past development. If the curve of population up to the present time is com- 

paratively smooth and no major changes in the factors affecting population growth are 

anticipated, the curve may be projected into the future. If the city is free to extend 

its boundaries, there is no way of knowing whether the rate of growth during the 

design period will continue at approximately the present rate, will decrease, or will 

increase. In a particular case, the probability of boundary extensions and the effect 

of such extensions on the population may be taken into account in projecting the 

curve. The extent to which a given area is built up should be considered in estimating 

the future population growth of that area. Curve A of Fig. 2 is a straight-line projec- 

tion of the growth curve of Milwaukee from 1910. The actual population of the city 

in 1920, 1930, 1940, 1950, and 1960 is shown by crosses. 

The projected growth curve of a community may be estimated by comparison with 

the past growth of other cities. The past growth curves of the cities selected for the 

comparison should be somewhat similar to the growth curve of the community prior to 

the time when their populations were the same as the present population of the com- 

munity. This similarity being the case, it is assumed that their growths subsequent 

1 Senate Select Committee on Water Resources Activities in the United States, 86th Congress, 
2d Session, Committee Print No. 5. 
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1,400,000 

1,300,000 
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Boston 

1,100,000 St. Louis 

Milwaukee 

Straight-line projection 

Average of 4 cities ——- —— —— 
1,000,000 

900,000 

800,000 

700,000 

Population 
600,000 

500,000 

400,000 

300,000 

200,000 

100,000 

1880 1890 1900 1910 1920 1930 1940 1950 1960 

Years applying to Milwaukee curve 

Fic. 2. Forecast of population for Milwaukee. 

to this time will be an indication of the trends to be expected in the future growth of 

the community. Curve B of Fig. 2 is a projected growth curve of Milwaukee from 

1910 determined by this method. 

The density of population for whole cities varies in the United States from less 

than 10 to about 80 persons per acre.! The density of population varies widely, 

however, from district to district within a city. The density in a high-class residential 

district fully built up may be less than five persons per acre, depending upon the size 

of the lots. In a middle-class residential district, fully built up with single-family 

houses, the density will be 15 to 30 persons per acre. In a densely built-up residential 

area consisting of two-family houses and six-family apartment buildings, the density 

will be 30 to 100 persons per acre.? In districts built up with five- and six-story 

apartment buildings, the density will run from about 800 persons per acre for high- 

class apartments to 1,000 persons per acre for tenements. The population density 

in industrial and mercantile districts will usually be 10 to 380 persons per acre. The 

preceding figures are for fully built-up districts. They take into account the area 

occupied by streets and alleys but do not account for parks, lakes, and cemeteries. 

In order to estimate the future population of a portion of a city or district, the 

character of occupancy and degree of population saturation must be taken into 

account. Such estimates are essential to the design of distribution works. For very 

small areas, say 25 acres or less, it is unsafe to estimate future populations at less than 

1 Mercaur and Eppy, ‘‘ American Sewerage Practice,’’ Vol. I, p. 186, McGraw-Hill Book Company, 

New York, 1928. 
2 Bapnirt, ‘Sewerage and Sewage Treatment,’ p. 29, John Wiley & Sons, Inc., New York, 1940. 
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the saturation values even for short design periods. For larger areas, the degree of 

population saturation will decrease as the size of the area increases. If the character of 

the various districts in a city is controlled by zoning regulations, estimates of future 

population density will be much more reliable than if no such regulations exist. Even 

for a city with a zoning ordinance, the growth rate of small areas within the city is so 

difficult to predict that for design purposes higher growth rates should usually be 

assumed than for the city as a whole. The smaller the area of the district, the higher 

should be the assumed growth rate. 

SOURCES OF WATER SUPPLY 

7. Classification. Water supplies are classified as surface and groundwater supplies. 

Surface supplies may be divided into two groups: class a, those from large rivers or 

lakes which must be pumped into the distribution systems, and class 6, those from 

smaller upland streams which require storage reservoirs and aqueducts or pipelines 

for delivery, usually by gravity, to the distribution systems. Groundwater supplies 

are obtained from wells, springs, and filter galleries. 

In 1963, there were about 17,000 public water-supply systems in the United States 

serving 146 million people. About three-fourths of these people are served by surface 

supplies and the remainder by public groundwater supplies. Some 50 million persons, 

or approximately 26 percent of the total population, use private well supplies. 

8. Reliability of Source of Supply. An important consideration in the selection of 

a new source of water supply is its reliability. A new supply should be capable of 

furnishing an adequate quantity of water continuously with a minimum danger of 

interruption due to breakdown or other causes. 

The relative order of reliability! from the standpoint of quantity of water is 
substantially as follows: 

1. A supply from a practically inexhaustible source distributed to and throughout 

the city by gravity 

2. A gravity source of supply that is inadequate at times and therefore requires 

storage reservoirs 

3. A never-failing source that requires pumping 

4. A source of supply that requires both storage reservoirs and pumping 

9. Effects of Source of Supply upon Water Quality. The quality of water is deter- 

mined by its content of living organisms and by its content of mineral and organic 

matter. Living organisms may be present in suspension and in colloidal dispersion. 

Mineral and organic matter may be in solution, in colloidal dispersion, and in sus- 

pension. Practically all the foreign matter in water is collected as the water flows 

over the surface of the ground or through the soil and rocks. Rainwater is saturated 

with the gases of the atmosphere, but it contains few other impurities except in areas 

where the atmosphere is charged with smoke, industrial fumes, or dust. 

Water that flows over the surface of the ground collects silt and particles of organic 
matter in suspension. A small portion of these materials will go into solution. 

Surface waters also contain bacteria from the topsoil and other microorganisms and 

aquatic life which feeds upon the organic matter in the water. If pesticides are used 

on the watershed, toxic material may also be present. If the watershed is inhabited, 

the water may contain industrial wastes and sewage together with the living organisms 

and disease germs which are associated with such wastes. 

Water that percolates through the soil or rocks dissolves the more soluble of the 

1 Baspirt, H. E., J. J. DoLann, and J. L. CLeaspy, ‘“‘ Water Supply Engineering,” 6th ed., p. 581, 
McGraw-Hill Book Company, New York, 1962. National Board of Fire Underwriters, Standard 
Schedule for Grading Cities and Towns, 1930. 
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minerals with which it comes in contact. The quantity of such minerals held in 

solution depends upon their abundance in the soil and the amount of carbon dioxide 

dissolved in the water. Most of the carbon dioxide in groundwaters is obtained from 

the topsoils in which this gas is continuously being generated by bacterial action. 

Groundwater is practically free from suspended matter, for such material is effectively 

strained out in the pores of the soil. Groundwater is usually free from sewage and 

industrial wastes but may contain traces of wastes and some bacteria if they are free to 

percolate through crevices or large soil pores to the groundwater near wells or springs. 

Water from surface supplies is a mixture of surface runoff and groundwater. The 

quantity of dissolved substances in surface waters depends upon the relative content 

of groundwater as well as the solubility of the substances with which the water has 

come in contact. River waters of the class a group tend to be turbid, sometimes 

colored, and are usually polluted with sewage and industrial wastes. Lake waters of 

the class a group are usually clearer than river waters but are also subject to pollution. 

Waters of the class b group are usually quite clear and pure and are suitable in their 

natural state for human consumption. They are, however, subject to pollution from 

transient population and cannot be considered safe without protective measures. 

The protection may be by regulation of the watershed by patrolling and placarding, 

by closing it entirely to public trespass, or by treating the water. 

When surface waters are stored in impounding reservoirs, their quality is usually 

changed considerably. The first and most noticeable effect is the clarification of the 

water due to the settling of suspended particles. Color is also reduced owing to 

bleaching by sunlight and the coagulation and settling of colloidal color particles. 

From the standpoint of safety of the water for drinking purposes, storage results in a 

reduction of the bacteria, particularly pathogenic organisms. Storage of 1 to 2 

months will render a water practically free from typhoid bacilli if they are present in 

the inflowing water. The extent to which these improvements in quality take place 

is dependent principally upon the length of the storage period. 

The impounding of surface waters also results in impairments to their quality 

which are particularly troublesome in new reservoirs. Bacterial decomposition of 

the organic matter on the floor of the reservoir is accompanied by a depletion of the 

dissolved oxygen in the water and the formation of carbon dioxide. The corrosiveness 

of the water is increased by the carbon dioxide, and it also causes the solution of 

deleterious minerals such as iron and manganese and the hardness-producing minerals 

calcium and magnesium from the soil of the reservoir floor. The extent to which 

these changes take place depends upon the amount of organic matter available for 

decomposition on the reservoir floor and the character of the mineral matter in the 

soil and rocks. 

If the reservoir is deep enough so that wave action is insufficient to destroy the 

stratification of the water because of temperature and consequent density variations, 

the carbon dioxide content will be greatest at the bottom and the oxygen content least. 

The variation in chemical composition with depth is accompanied by a variation in the 

character and numbers of microorganisms. In regions where the water tempera- 

ture passes through that of maximum water density (4 C) in the spring and fall, turn- 

overs occur in deep reservoirs which mix the water from top to bottom and stir up 

the bottom sediment. During these turnover periods, which last from a few days to 

several weeks, the water is of poor quality. 

During periods of high rainfall, the total amount of suspended matter in surface 

waters increases because of soil erosion. The concentration of suspended matter in 

runoff from heavily wooded watersheds may decrease with increase in runoff, but both 

concentration and total amount of suspended matter will increase with the runoff 

from cultivated and deforested watersheds. During periods of drought, the con- 
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centration of dissolved minerals in surface waters increases. Powell! shows an 

increase in the hardness of the Delaware River water due to low runoff at one point 

of as much as fivefold. 
The quality of groundwater from a given source is not affected greatly by rainfall, 

and the mineral content changes only slightly from season to season. This is par- 

ticularly true of deep-well supplies. The quality of groundwater is affected by its 

abundance. Where the water is plentiful, it is usually not excessively hard; where it is 

sparse, it is likely to be highly mineralized. Most deep-well and artesian supplies 

are quite hard. Most shallow-well waters are relatively soft. They are also more 

subject to dilution and interchange with surface runoff and are therefore more likely 

to be polluted and infected than are deep-well waters. 
Dissolved mineral matter has little effect upon the potability of water. It is a 

serious economic factor, however, for other domestic and many industrial uses. The 

average hardness of surface- and groundwater supplies and the iron content of ground- 

waters of the United States are given by Powell in the 1934 Report of the National 

Resources Board. Figures 3a, 6, and c summarize more recent information on the 

hardness, dissolved solids, and iron content of finished waters in the United States.’ 

SURFACE-WATER SUPPLIES 

10. Yield. The quantity of water that may be drawn continuously from a stream 

or lake depends upon the area of the watershed, the topography, vegetation, rainfall, 

climate, and amount of storage. The maximum quantity of water that may be 

drawn continuously after deducting losses due to evaporation from the proposed 

reservoir surface, leakage through and under dams, and necessary withdrawals for 

riparian owners downstream is called the safe yield. The estimated safe yield must 

exceed the estimated future demand if a proposed water supply is to be adequate. 

The safe yield of a source of supply can be estimated only from records of the past. 

The most reliable information from which to predict yield is a hydrograph of the 

stream for a long period of years at the location of the proposed intake or dam. The 

hydrograph should be of sufficient duration to include a period of extreme drought. 

If no such hydrograph exists, it is necessary to supply equivalent data by adjusting 

hydrographs made at other points nearby or by computing runoff from rainfall 

records. The methods that may be used for estimating runoff are described in 

Sec. 1. Surface supplies are more frequently taken from small upland streams than 

from large rivers both because of the superior quality of the water and because of the 

savings to be had in pumping costs. Hydrographs are seldom available for the 

smaller streams, although rainfall records are usually available at nearby stations. 

Hence, the computation of runoff from watersheds by means of the rainfall-loss method 

is more commonly desirable for water supplies than for water-power projects. 

If the minimum runoff from a watershed is insufficient to satisfy the estimated 

demand but the average runoff over a period including the driest period of record is 

more than sufficient, the demand can be met by the construction of one or more 

impounding reservoirs. The methods of estimating the amount of storage necessary 

to provide or, conversely, the safe yield from a watershed having a given reservoir 

capacity are described in Sec. 4. 

A mass curve showing accumulated net runoff throughout a period of extreme 

drought may be constructed from the hydrograph and studied to determine the 

relation of storage volume to safe yield. A comprehensive report? of the yield of 

drainage areas in New England was made by the Committee on Yield of Drainage 

1 Report of National Resources Board, Dec. 1, 1934, p. 313. 

2 Quality of Water Furnished Cities in the United States, U.S. Geological Survey, February, 1959. 
3 J. NEWWA, December, 1914. 
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Number of 
~~ supplies 

= 400 

200 

Population Served, 4 
thousands 

I'ic. 3c. Iron in excess of 0.30 ppm in 1,157 public water supplies of the United States, 
1952. 

Areas of the New England Water Works Association for the extreme drought which 

started in June, 1908. The Committee on Rainfall and Yield of Watersheds in 

New England in its second! (1940) and third! (1941) progress reports studied the 

yields in the light of subsequent records and presented curves of safe yield for various 

amounts of storage and water surface area. Figure 4 shows average curves based 

on the 1941 composite curve of the NEWWA Committee. 

11. Selection of Sites for Impounding Reservoirs. The proper location of an 

impounding reservoir for a water supply is determined primarily by the existence of 

1J,. NEWWA, September, 1945, pp. 285 and 310. 

1000 

800 

600 

Safe yield-thousand gals. per sq. mi. per day 
80 I0O0 120 140 160 180 200 

Storage-million gals. per sq. mi. 

Ira. 4. Safe yield of watersheds in New England. 
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suitable damsites. It is also influenced by the quality of the water that may be had 

from the reservoir, the size of the watershed, and the distance of the reservoir from 

and its elevation with relation to the point of distribution. To be acceptable, a 

proposed reservoir site should have a tributary drainage area which, with the storage 

capacity it is possible to impound, will produce a satisfactory yield. Moreover, it 

should be possible to construct the works and supply water of acceptable quality to 

the city at less cost than from another available site. 

A reservoir site that is capable of supplying pure water that may be distributed 

with little or no treatment is ordinarily preferable to a proposed supply that will 

require continuous treatment, other factors being equal. It should be noted, how- 

ever, that water-quality requirements are becoming so exacting and the difficulties in 

the prevention of pollution are so great that few supplies will be both safe and satis- 

factory for future American communities without some kind of treatment. Many 

supplies that have been selected because no treatment was thought necessary will in 

the future require treatment plants. Such problems as taste and odor control, cor- 

rection of corrosiveness, reduction of iron and manganese content, and reduction of 

color, which arise occasionally in the operation of nearly all waterworks reservoirs, 

are difficult to meet without filtration plants. 

The density and distribution of population upon a watershed are important factors 

with regard to pollution and possible infection of the supply. A watershed containing 

scattered dwellings located at some distance from the main streams is obviously 

preferable to one upon which there are sewered municipalities and industries. 

Regional planning of water resources resulting in the early selection of future reservoir 

sites is desirable. Population and industrial development on the watersheds can 

thus be better controlled. 

Waters from streams in limestone regions are not so desirable as water from a 

catchment area in a noncalcareous region because of hardness. It is desirable that a 

watershed should be free from considerable amounts of swampland. Swamps 

contribute to high color in the water and also produce extensive growths of micro- 

organisms which may occasionally seed the reservoir. Hilly drainage areas with 

considerable farmland are undesirable because they produce water high in turbidity 

during heavy rainfall. 

The shape of a proposed reservoir should not be favorable to short-circuiting of 

runoff to the intake. Narrow reservoirs with their major axes in the direction of the 

prevailing winds are subject to this danger. Large reservoirs with storage capacity 

for a year or more are not so subject to troubles from microorganisms as small ones. 

If the banks of the reservoir are steep and the water is deep around the edge, fluctua- 

tions in water level will have little effect upon the water quality. If large portions of 

the reservoir are so shallow, however, that they are uncovered by the lowering of 

the water surface and are subsequently submerged, difficulties are likely to ensue from 

decaying vegetable matter, color, and microorganisms. 

The amount of storage to provide at a given reservoir site depends upon the height 

to which the dam can be built economically, the storage required for the desired yield, 

the capacity of the watershed to replenish the reservoir following droughts, and 

sometimes the effect of volume of storage and fluctuations in reservoir level on the 

water quality. It is frequently cheaper to build more than one reservoir on a water- 

shed than to store the required volume of water behind a single dam. In this case, 

the intake is usually located at the lower reservoir, and only during dry periods is this 

reservoir replenished by opening gates in the upper dams. 

If a reservoir is constructed with too much capacity, the watershed may be 

incapable of filling it and of delivering water to the city at the same time. It is 

desirable, however, to have sufficient capacity so that it will never be necessary to 
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draw the water level too low during a drought. The water remaining in a reservoir 

after the level has been drawn down severely is usually high in color, microorganisms, 

and carbon dioxide. Moreover, the actual time of storage is so low that short- 

circuiting may occur during freshets. 

12. Preparation of Reservoir Sites. The site of a proposed reservoir should be 

cleared of all trees and brush, and a marginal strip around the water’s edge should be 

grubbed. This marginal strip should extend above the high water level and to some 

depth below the average water level. If funds are available, it may be desirable to 

riprap the steeper banks in order to prevent the growth of weeds and water plants and 

to protect the banks from erosion due to wave action. 

Plants that grow around the water’s edge with their roots submerged, sometimes 

to depths of 20 ft below the water surface, may impart tastes and odors! to the water. 

It is usually too expensive to riprap all the areas upon which such growths will develop. 

Areas that are too shallow and are subject to exposure when the water level is lowered 

should be filled in or stripped of fertile topsoil to prevent growths. Sand or gravel 

is best for filling as clay will impart turbidity to the water. If the expense of pre- 

venting weed growths is too great, weeds that cause trouble may be killed after the 

reservoir 1s in operation by lowering the water level to expose the roots. The dead 

weeds may then be burned off and removed. 

Swampy areas on the reservoir site should be excavated and the muck removed. 

If this is too expensive, the deposits may be covered with gravel or sand. All habita- 

tions on the site should be destroyed and removed. Barnyards, privies, and cesspools 

should be cleaned and manure piles removed. 

It was formerly considered good practice to strip or remove the top layer of soil 

from the entire reservoir area in order to eliminate organic matter subject to bacterial 

decomposition. This policy was inaugurated by the late Desmond FitzGerald for 

the Boston water supply after exhaustive studies. The Wachusett Reservoir, con- 

structed about 1900, was thoroughly stripped. The advantage of stripping is that a 

clean basin for storing water is provided immediately. Experience indicates that 

after 10 or 15 years the quality of the water is about the same whether the reservoir 

was stripped or not. The great expense for stripping is not usually justified today, 

since the money can better be spent for adequate purification works which will usually 

be required in the future in any event. 

For other details with regard to the construction and operation of reservoirs, see 

Sec. 4. 

13. Watershed Control. In addition to the cleaning up of the reservoir site itself, 

it is desirable to remove possible sources of pollution and contamination on the water- 

shed. In order to accomplish this, it is frequently necessary to purchase the property 

upon which such sources of contamination exist. Future control of the watershed 

is best effected by ownership of the entire area. When complete ownership is too 

expensive or otherwise impractical, marginal strips around the reservoir and other 

strategic areas including principal tributary streams may be acquired. 

All habitations,upon these marginal areas should be removed, and farmlands and 

other deforested lands should be planted to trees. Evergreens are superior to decid- 

uous trees for this purpose, because théy contribute less color to the water, because 

leaves from deciduous trees frequently blow into the water, and because there is less 

transpiration from evergreen trees than from deciduous trees. Reforestation of the 

areas contiguous to reservoirs is advantageous in several respects. It reduces the 

amount of silt and clay that would otherwise be washed into the reservoir, and it also 

results in retarding runoff and thus reduces flood flows. The shading provided by 

evergreen trees during the winter months also retards the snowmelt and slows the 

1 Arnoup, Weed Growths in Reservoirs, J. AWWA, 27, 1684, 1935. 
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rapidity of runoff without excessive evaporation losses. Many water-supply agencies 

have established a forest-management program on their watersheds and realize a 

substantial income by selected cutting of mature evergreen trees. 

A water-supply agency must supply its consumers with a safe and palatable water. 

To this end, the American Water Works Association adopted the following statement 

of policy on the recreational use of domestic water-supply reservoirs (a statement 

adopted by the Board of Directors on Jan. 26, 1958, and revised Jan. 25, 1965): 

“Reservoirs may be classified as: 

“1. Equalizing reservoirs—reservoirs within the area served and delivering 

finished water ready for consumption to the distribution system. 

“2. Terminal reservoirs—areas providing end storage of water prior to treatment. 

“3. Upstream reservoirs—reservoirs providing storage of untreated water at 

various points In the watershed to provide or supplement the supply at the terminal. 

“4, Multipurpose reservoirs—reservoirs constructed for purposes in addition to the 

supply of domestic water, over which the water purveyor does not have complete 

control. 

“Hqualizing and Terminal Reservoirs. Policy: It is considered generally that 

recreational use of equalizing and terminal reservoirs and the adjacent marginal lands 

is inimical to the basic function of furnishing a safe and potable water supply to the 

system’s customers and should be prohibited. 

“Upstream Reservoirs. Impounded or stored water in upstream reservoirs can be 

classed in three categories: 

“Class A: Water derived from an uninhabited or sparsely inhabited area, at or near 

the point of rainfall or snow melt collected in a storage reservoir, clean and clear enough 

to be distributed to the consumers with disinfection only. 

“Policy: Safe practice in the water works field recognizes the necessity of permitting 

no recreational activity on the water and watershed lands in and about such storage 

reservolrs. 

“Class B: Water impounded from an area not heavily inhabited and allowed to flow 

from storage in a natural stream to the point of withdrawal and requiring treatment in 

varying degree in addition to disinfection. 

“Policy: Limited recreational activities on such reservoirs and adjacent lands are 

considered permissible under appropriate sanitary regulations. 

“Class C: Water which has flowed in a natural stream before storage for a consider- 

able distance, having received polluting materials from municipalities, industries, or 

agricultural areas; confined in a reservoir primarily for purposes of storage until such 

time as low stream flow makes the stored water necessary for the use of the down- 

stream city; and later allowed to flow from the reservoir to the tributary water works 

in an open stream accessible to the public; and requiring complete treatment. 

“Policy: Recreation is considered permissible under appropriate sanitary regula- 

tions. The determination of the kind and extent of recreational use shall be the sole 

responsibility of the water works executive of the system involved, whose primary 

obligation it is to provide a safe and potable water, and subject only to existing police 
powers. 

“Multipurpose Reservoirs. 

“Policy: Recreation normally will be permitted. Water withdrawn from multi- 

purpose reservoirs for domestic water supply purposes shall be given the same com- 

plete treatment as those waters derived from polluted sources. 

“Summary. The American Water Works Association registers its opposition to 
legislation permitting or requiring the opening of domestic water supply reservoirs 

and adjacent lands to recreational use. Control of water supply reservoirs must 
remain the prerogative of the water purveyor.” 
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Inasmuch as the most desirable watersheds have in general already been developed 

and controlled for public water-supply purposes and since demands for recreational 

uses are increasing, it is quite apparent that there will be more and more multiple use 

of water-supply reservoirs. With the exception of equalizing and terminal reservoirs, 

recreational activities can be permitted on public water-supply reservoir watersheds 

without hazard to public health if adequate water-treatment facilities are provided 

and particularly so if waters used for recreational activities can be diverted from 

equalizing or terminal reservoirs during the recreational seasons. Flood-control 

reservoirs, when designed for the specific purpose, can be used for water-supply pur- 

poses. Hydroelectric plants can be built at dams on water-supply reservoirs for 

another multiple use with no health hazard. 

The use of pesticides on public water-supply watersheds to control the growth of 

undesirable animals, insects, or plants is a real health hazard to water consumers. 

The major pesticide compounds used most extensively on watersheds are aldrin- 

toxaphene and DDT, both chlorinated hydrocarbons, and parathion and methyl 

parathion, which are organic phosphorus compounds. The evaluation of the hazard 

of using any pesticide on a public water-supply watershed must be based on toxicity 

persistence and exposure;! toxicity being the amount that can be tolerated by a human 

being over a specific time period, persistence being the length of time the compound 

remains in its basic state, and exposure the dosage per unit area with relation to runoff. 

The sanitary quality of the water can be protected to some extent by the enforce- 

ment of the regulations established by health departments. These regulations usually 

prohibit direct acts of pollution and set distances limiting the proximity of sources of 

pollution to the streams and reservoirs. Methods of enforcement include the posting 

of the regulations at points on the watershed and patrolling and policing the watershed. 

14. Dams. Descriptions of types of dams, spillways, and other appurtenances and 

methods of design are given in Secs. 8 to 28. Certain features of intakes and outlet 

works that are peculiar to waterworks are discussed in the following article. 

In the design of spillways for water-supply dams, the flood flow per square mile of 

drainage area desirable to provide for is usually greater than for water-power projects 

because so many water supplies are taken from small mountain streams. The records 

of floods in many parts of the world indicate the possibility in almost any location of 

runoffs in excess of 2,000 cfs/sq mile for catchment areas less than 10 sq miles. Some 

excessive floods have exceeded 4,000 cfs/sq mile on even larger catchment areas. 

Corrections for storage above the spillway crest during flood flows will reduce the 

discharge passing over the spillway. In the selection of the maximum spillway head 

and the length of the spillway, consideration should be given to the effect of fluctua- 

tions in water level upon the quality of the water. 

15. Intakes. Intake structures for surface supplies consist of some form of conduit 

with protective works and screens at the open end and gates or valves for regulating 

the flow. In the location and design of intake works, both reliability of operation and 

water quality are important considerations. The factors that influence reliability 

and the quality of the water at the intake differ with the character of the body of 

water from which the supply is taken. Four general classes of intakes may be 

differentiated as follows: 

1. Intakes in large rivers 

2. Intakes in small streams requiring diversion dams 

3. Intakes in large shallow lakes or reservoirs 

4, Intakes in large deep lakes or reservoirs 

Intakes in large rivers should be so located that the ports are submerged at all 

stages of the river to a sufficient depth to avoid trouble with ice cakes or floating 

1Taytor, Watershed Sanitation, J. NU WIWA, 78, 1964. 
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debris and to preclude the entraining of air. The ports should also be several feet 

above the bottom of the stream so that sand and gravel being transported on the 

bottom will not be drawn into the intake. In order to meet these requirements, it is 

often necessary to locate the intake in the deepest part of the stream and away from 

the shore, particularly if the river is subject to large fluctuations in stage. Under 

these conditions, the water must be conveyed from the intake to the shore through a 

pipe laid in the river bottom or through a tunnel constructed under the bottom. 

Pipes laid in or on the river bottom should be securely anchored. 

For small water supplies, submerged pipelines are usually used with some type of 

submerged crib or a screened bellmouth at the open end. For large supplies, tunnels 

are often required; and in this case, the intake itself must be of the exposed type in 

order that the intake shaft may be used in constructing thetunnel. Intake towers are 

usually constructed of masonry circular in plan or similar in shape to a bridge pier. 

The top of the masonry structure must be above the maximum high water, and the 

structure must be designed to withstand impact due to floating debris in times of flood. 

One or more chambers consisting of vertical shafts open at the top are provided in the 

interior of the structure which connect with the tunnel below. The intake ports are 

constructed through the walls of the structure to the interior chamber. The masonry 

structure is usually surmounted by an operating house. The intake ports should be 

provided with gates which are preferably mounted within the interior chamber. 

Screens may also be provided in the chamber, so that cleaning of the screens and opera- 

tion of the gates may be performed by attendants within the operating house. At 

least one port and gate should be provided at the bottom of the interior chamber to be 

used for flushing sediment out of the chamber. If the intake is not too far out in the 

river, access to the tower from the shore should be provided by means of a bridge. 

If the river stage does not fluctuate too much, it is sometimes possible to construct 

the intake on the shore of the river. The necessity for a tunnel or subaqueous pipeline 

is thus avoided, and the design of the intake structure is much simplified. 

Most intakes in large rivers are so low with relation to the distribution system that 

pumping is required. The pumping stations are usually constructed on the river bank 

adjacent to the intake. The site should be on high ground which is accessible during 

flood stage for the bringing in of fuel and other supphes. The pumps must be placed 

so that the suction lift, including friction, is not more than 15 or 20 ft when the river 

is at its lowest stage. This requirement frequently necessitates the construction of 

very deep pump wells with the pumps located many feet below high water level. If 

the pumps are located in a dry well, as is usually the case with larger stations, the walls 

of the building must be made watertight to an elevation above the maximum flood 

stage. The walls and floor of the pump well must be designed to withstand the water 

pressure during flood stages, and the whole structure must be designed against flota- 

tion. In cases where the intake can be built at the bank of the river, it is sometimes 

economical and otherwise desirable to combine the intake and pump station in a single 
structure. 

Intakes in small streams frequently require the construction of small diversion 

dams for the double purpose of providing a sufficient depth of water at all flows to 

divert water into the intake port and a settling period in order to reduce the turbidity 

of the water. A small period of quiescent flow will also permit suspended leaves and 

wood either to rise to the surface or to sink if they have become waterlogged; and it will 

also favor the formation of sheet ice in cold weather and thus reduce the difficulties 

from anchor and frazil ice. Supphes of this type are usually small gravity supplies 

located at some distance from the distribution systems. It is not usually feasible to 

keep an attendant at the intake or even to make daily inspections. It is therefore 

desirable to design the intake so that it will function reliably with a minimum of atten- 
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tion. Water from this class of supplies contains a great deal more suspended vegetable 

matter such as leaves, pine needles, moss, and twigs than does water from large rivers. 

The problem of screening is particularly important, therefore, especially in the autumn. 

Both bar racks and mesh screens are frequently necessary with this type of intake, 
the former to protect the latter from heavy floating objects. The opening in bar 

racks when used alone cannot be made small enough for effective removal of small 

suspended particles. If hand raking is required, the racks should have a slope of 2 to 

4 in. horizontal to 12 in. vertical, and a suitable raking platform should be provided 

above high water. The bars of the rack should be supported top and bottom at the 

downstream edge of the bars so that the tines of the rake may penetrate between the 

bars to the full depth of the bars. 

Screens should have not less than two and sometimes as many as eight meshes to 

the inch, depending upon the character of the floating matter in the water. Screens 

2 

type (welded) 

Flat bar type (welded) 

"Ton-cap”mesh 

TYPES OF COARSE SCREENS 

Fic. 5a. A small intake structure. 

should be of corrosion-resistant metal, easily removable, and, if hand cleaning is neces- 

sary, provisions should be made for washing them with a hose stream. Manually 

operated screens should be installed in duplicate so that screening of the water may 

be continuous while a screen is being cleaned. Provision should also be made for 

sanitary disposal of the screenings and waste wash water. Low velocities and small 

openings are necessary to prevent the entrance of fish. Figure 5 shows some screen 

arrangements for small supphes proposed by Cunningham.! In Fig. 5a, the screen 

is placed vertically so that leaves drifting against the screen will tend to slide ver- 

tically upward or downward off the screen, the direction depending upon their den- 

sity. In order to encourage this tendency toward self-cleansing, the velocity through 

the sereen must be very low. In Fig. 5b, the drum screen revolves because of the 

water impinging upon the vanes and thereby throws the screenings off into the 

waste. A constant water level is necessary for the satisfactory operation of this 

screen. In Fig. 5c, the screen is ordinarily cleaned by washing it down with a hose 

stream, but if brushing is necessary the screen may be tilted as shown. 

1 CUNNINGHAM, Waterworks Intakes and the Screening of Water, J. AWWA, 23, 258, 1931. 
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3 t08 mesh 
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(Application to pipe intake) 

Fia. 5b. Self-cleaning leaf screen. 

An unusual type of intake on a small stream is the Ware River intake! of the Boston 

Metropolitan Water Supply. Water is delivered from this intake through a vertical 

shaft 18 ft 8 in. in diameter to the Quabbin Aqueduct tunnel about 250 ft below. 

Water is taken into the shaft by means of nine automatic siphons having a maximum 

capacity of 3,100 cfs. The flow in the Ware River is allowed to pass downstream up to 

a maximum of 131 cfs, everything in excess of this amount up to the capacity of the 

intake being diverted during normal operation. The water level in the small reservoir 

is kept practically constant at 1.0 ft below the crest of the diversion dam, except when 

the streamflow exceeds the capacity of the works at which time water flows over the 

dam. Operation is entirely automatic. 

Intakes in large lakes or reservoirs should be located in the deepest water economi- 

cally available. In the case of large natural lakes, such as the Great Lakes, it is seldom 

feasible to locate an intake in water that is more than 30 or 40 ft deep because of the 

excessive distance of deep water from the shore. In large lakes, wind and convection 

1 KeNNISON, Boston Metropolitan Water Supply Extension, J. NEWWA, 48, 147, 1934. KeENnr- 
son, Ware River Intake Shaft and Diversion Works, Civil Eng., August, 1934, p. 388. 

Operating platform, 

Fira. 5c. Upward flow screen for fine screening. 
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currents will keep the water circulated and mixed to depths as great as this. In large 
impounding reservoirs, however, the most desirable location for an intake is usually 

at or near the dam where greater depths can frequently be had. Moreover, impound- 

ing reservoirs are usually not so exposed to wind action as are large natural lakes, and 

the zone of circulation is therefore of less depth. Below the zone of circulation in a 

deep reservoir or lake is a small region of transition in which the temperature changes 

rapidly with depth, and below this region is a zone of stagnation in which there is very 

little circulation of water. In the bottom zone, the chemical and biological character 

of the water may vary considerably with depth. 

Intakes in large shallow lakes are comparatively simple in design. If the supply is 

a small one, a subaqueous pipeline with a submerged crib or bellmouth at the open end 

may be used. Where ice is a major difficulty, the ports should be kept about 25 ft 

under the surface. 

For large supplies such as for Chicago and Cleveland, exposed cribs several miles 

from shore are used. The location of the cribs is determined by the desired depth of 
the ports and the proximity of pollution. 

The tunnel shaft is usually extended up into the interior chamber of the crib and 

equipped with screens at the top. The intake ports should be submerged about 25 ft 

and may be equipped on the inside, as at Buffalo, with gates. The crib should be 

surmounted with an operating house which should be provided with living quarters for 

the attendants anda boat landing. In Chicago, the crew consists of four men normally 

on each crib with two additional men in winter because of ice difficulties. 

The design of Great Lakes cribs is controlled largely by the requirements of 

protection against storms and waves by ice difficulties. The large diameters are 

dictated by the necessity of stability during storms. Ice difficulties are minimized by 

placing the ports deep and keeping entrance velocities down to 8or4in./sec.  Vortices 

in the ports should be avoided if possible. Screens may have to be raised in winter to 

prevent clogging with frazil. Steam or compressed air may also be used to blow the 

ice from the sereens. Dynamite charges of one-fourth to one-half stick have been 

used to dislodge ice from the crib ports. For some intakes, breakwaters have been 

constructed for protection. 

Deep reservoirs should be provided with intakes or gate houses designed so that 

water may be taken at several different depths. The advantages of this provision are 

1. Avoidance of microorganisms which live near the surface and require sunlight, 

many of which produce objectionable odors in water 

2. Avoidance of surface water at too warm a temperature during the summer 

3. Avoidance of too much turbidity during windstorms by drawing from the surface 

4. Avoidance of troublesome plankton by drawing from a depth at which they are 

not prevalent 

5. Avoidance of too much carbon dioxide by drawing near the surface 

6. Reduction in the quantity of coagulant required by drawing bottom water 

high in iron 

7. Avoidance of too much iron, manganese, color, and hardness by drawing near 

the surface 

A common type of deep reservoir intake is in the form of a masonry tower exposed 

above the water surface and housed for the gate and sereen hoisting machinery. In 

order that the tower may be in deep water, it is frequently necessary that it be some 

distance from the shore. Sometimes bridges are built from the shore or the dam to the 

intake, but if it is too far out boats are used by the operators. In order to make the 

tower accessible during all weather, it is sometimes built into the dam. If the dam is 
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of earth, this procedure may require expensive retaining walls in order to provide a 

vertical face for the intake ports. Ports should be at two or three different levels, 

depending upon the water depth. Gates and screens should be inside the tower for 

protection. In important works, emergency gates or stop plank grooves should be 

provided in front of the sluice gates to permit the unwatering of the intake well for 

repair to service gates. It is also desirable, in order to increase reliability, that the 

intake well be divided into two parts equipped with duplicate gates, screens, and outlet 

pipe. Thescreens are commonly placed in an interior wall across the direction of flow. 

Blowoff gates and pipes should be provided at the bottom of the tower for flushing 

sediment out of the tower and silt from the reservoir around the base of the tower. 

Intakes of this type can usually be constructed in the dry, but the walls and gates must 

sometimes be designed to withstand very high pressures. 

The use of large-diameter well screens installed so as to backwash them hydrauli- 

cally has been successful for screening surface water in a number of installations.! 

Where ample headroom conditions are available, the screens are placed vertically 

because of the smaller horizontal area required; however, horizontal installations have 

been made where there are low overhead conditions. 

16. Pipelines and Aqueducts. Descriptions of types of pipelines and aqueducts 

and methods of design are given in Sees. 5 to 7. For pipelines in distribution systems, 

see Sec. 37. 

1J. AWWA, 50, 1337, October, 1958. 



SECTION 37 

WATER DISTRIBUTION 

By Tuomas R. Camp anp JosepH C. LAWLER 

The distribution system of a waterworks consists of the pipes, valves, hydrants, and 

appurtenances used for distributing the water; the elevated tanks and reservoirs used 

for fire protection and for equalizing pressures and pump discharges; and the consumer 

service pipes and meters. For administrative purposes, booster pump stations and 

treatment works located within the bounds of the distribution system are sometimes 

classed as distributing works. 

A distribution system should be so designed that an adequate supply of water is 

available to the consumers and for fire protection at all times at a minimum of cost. 

It should also be so constructed and operated that the chances for contamination 

of the water after it has entered the system are reduced to a minimum. Since most 

distribution systems have developed with the growth of the community served, the 

problem of designing a complete new system seldom arises in the United States except 

for small towns. The principles involved in the design of a complete system may be 

employed in the design of extensions and reinforcing mains with modifications to suit 

each individual case. 

The twofold function of distribution systems as designed in America requires 

(1) the relatively uniform distribution of water throughout the system for ordinary use, 

and (2) the concentration at any point in the system of high rates of flow for fire 

extinction. The investment! in the distributing system varies from over 90 percent 

of the total waterworks investment for small communities supplied from wells to about 

40 percent for large cities; whereas the percentage of the cost of the distribution system 

chargeable to fire protection varies from about 60 for small towns to about 4 or less for 

large cities. 

DESIGN OF PIPE DISTRIBUTION SYSTEMS 

1. Pressure and Flow Requirements for Normal Consumption. The pressure 

required in the mains for normal domestic consumption depends upon the height of the 

buildings served directly without pumping within the building, the maximum instan- 

taneous rate of flow through the house service pipes, and the friction losses in meters, 

house services, plumbing, and fixture outlets. 

The maximum rate of flow through a house or building service pipe depends on the 

number and character of plumbing fixtures in simultaneous use. In a system con- 

taining many fixtures the load depends on the flow capacity of each fixture, the 

frequency of use, and the length of time involved in a single use of the fixture. The 

maximum flow required for adequate supply to a building by the theory of probability 

using ‘‘fixture units’’ is a basis for evaluation. A fixture unit is defined by Dr. Roy B. 

Hunter as “a factor so chosen that the load producing values of the different plumbing 

fixtures can be expressed approximately as multiples of that factor.”’ 

Fixture-unit ratings for estimating water-supply demands are shown in Table 1.* 

”) 

1 See ‘‘ Water Works Practice,’ p. 297, American Water Works Association, 1929. 

2 Hunter, R. B., National Bureau of Standards—Building Materials and Structures Report 

BMS65, 1940. 
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TABLE 1. Frxrure-uNIT RATINGS FOR 

EstTiMaTING WATER-SUPPLY DEMANDS* 
No. 

of Fixture 

Fixture and Type of Installation} Units tf 

Lavatory or washbasin: 

Public: or-oficettoiletze.n cane oo arn ciaietre maker 2 

PTV GOS eer aed Cee ee Aa a ee 1 

Water-closet flush valve: 

uplicsonoficertoile tere: dere aserce ese aeee aren eaettne 10 

PPaVaUG ccc. ccatin wouueteesenes nc crsuerecsuade etpneiet tis; ek vee aa 6 

Water-closet flush tank: 

Publictor officeitoietenenastcseteie kerr tte iereneeeeenetien: 5 

Private sy ol- eee ea eee ain Sac ioc Dace ea eure 3 

Urinals, public or office toilets: 

Pedestal-urinaliiushy velviemcrsscs ee rrtetrterrecnaans 10 

Wallorstall-arinaliftishivalyerserae ear eer 5 

‘Wiall=vor stall-arinall flushitank:..-- ssn use ee see 3 

Bathtub or separate shower head: 

Public or Ofieer,: <a sac-ctevs secre ober eaten ieee cenieea com 4 

IPRA CY sat < oe ei eae ee ce aan aimee ge Sp eee Dene 2 

Bathroom group, private: 

With flush-valve‘supplys. «ose cmt ani ne een 2 se 8 

Withaftush=tanlk. supply). acre tires tee ete ee wi 6 

Separate:showershead a. temccue seater. siete errs as 2 

Kitchen sink: 

iPublicwhotelwonmestalranteanerenits ce scree setts 4 

PHIV ECG Re Cesc Ree oe Cot heres 2 

ServicersinleG. As = pees actg es es Poors ghersltic. aoe aes pells 3 

Laundry trays (1 to 3) or combination fixture......... 3 

* For supply outlets likely to impose a continuous demand when other fixtures are in extensive use, 

add the estimated continuous demand to the total demand for fixtures. For example, 5 gpm for a sill 

cock or hose connection is a liberal but not excessive allowance. 

+ Fixtures not listed in the table, if installed in relatively small numbers compared to the rated 

fixtures, may usually be safely ignored in estimating for the building main and large distributing 

branches. If installed in sufficiently large numbers to justify their consideration, they may be assigned 

fixture-unit ratings on the basis of a comparison with a rated fixture that uses water in similar quantities 

and at similar rates. For example, if washsinks or washtroughs with multiple supply outlets are to be 

installed, each supply outlet may be considered as comparable in demand to that of a washbasin in 

public service. 

t The ratings given in the table are for the total hot- and cold-water demand. The engineer will 

need to exercise judgment in estimating separately for hot- and cold-water demands, depending to a 

large extent on conditions. The following are suggested as ample allowances under favorable condi- 

tions: For main hot-water branches allow three-fourths of the total fixture units as given by the table 

for all fixtures using hot water; for main cold-water branches compute the total fixture units separately 

for fixtures that are and are not supplied with hot water and add three-fourths of the total for fixtures 

that are supplied with hot water to the total for fixtures that are supplied with cold wateronly. If the 

character of the water is such as to produce corrosion and caking in the hot-water lines, it may be 

advisable either to allow the full table rating in estimating the demand for hot-water branches or to 

allow for a decrease in diameter by selecting the next larger size of pipe than that indicated by the 

computed estimate. 

§ Ignore demands for service sinks except for hot-water supply and that for the cold-water branch 

to the fixture itself. Other fixtures, similarly used out of hours, may be treated similarly. 

Flows which will not be exceeded more than 1 percent of the time may be determined 

from Fig. 1.1 If plumbing fixtures, such as lawn sprinklers and air-conditioning units, 

are likely to impose a continuous demand when other fixtures are in extensive use, the 

continuous demand should be added to the estimated flow obtained from Fig. 1. 

The approximate flow and pressure requirements for some common domestic-fixture 

outlets are shown in Table 2. 

1 National Bureau of Standards Building Materials and Structures Report BMS66. 
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A substantial loss of pressure is required at high flows through house meters, and 

the pressure loss varies considerably with different makes of meters. The Standard 

Specifications for Cold-Water Meters adopted in 1941 and 1964 by the American 

Water Works Association and the New England Water Works Association limits the 

pressure loss to 15 psi for meters 1 in. and smaller and to 20 psi for larger meters at the 

maximum flow capacity (see Table 10). The limiting pressure losses at other rates of 

flow may be estimated by assuming that the pressure loss varies as the square of the 

discharge. The estimated maximum loss of head through meters for residences 

equipped with tank toilets is thus 3.6 psi, and for residences equipped with flushometer 

toilets is 12 psi, unless the flushometers are fed from tank storage within the building. 

If the pressure loss in the house service pipe and water lines within the building is 

assumed at 20 psi, the total pressure loss from the main to a residence with tank toilets 

at peak flow of 10 gpm is about 28 psi. The pressure required at the street level for 

excellent flow to a three-story building is therefore about 42 psi. [Experience indicates 

that flow is adequate for residential areas if the pressure is not reduced below 35 psi. 

TABLE 2. FLOW REQUIREMENTS TO House PLUMBING FIXTURES 

Excellent Pressure at outlet 

Fixture flow, (faucets wide open), 

gpm psi 
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Flushometers and shower mixing valves cannot be used satisfactorily with such low 

pressures. 
In business districts, the required pressure for normal use depends directly upon the 

height of the buildings. Buildings up to about 20 stories in height may be con- 

veniently served directly from the pressure in the street main In many cases. The 

pressure required at the street for a 20-story building will be about 120 psi. Such high 

pressures are not ordinarily desirable in the mains or in plumbing systems because of 

leakage and waste, but they frequently exist in the lower sections of a district in 

which there are marked differences in ground elevation. Very tall buildings are 

usually served with their own pumping equipment, and the building water piping may 
be divided into several pressure zones. 

The capacity of the pipes in a distribution system should be sufficient to deliver the 
maximum domestic flow together with the fire flow. In the absence of maximum 

daily consumption figures the Underwriters estimate the flow on the basis of consump- 

tion in other cities of similar character and climate, but such estimates should be at 

least 50 percent greater than the average daily consumption. The maximum daily 

consumption is defined as the maximum total amount of water used during any 24-hr 

period in the past 3 years. High consumption that will not occur again, such as 

water-main breaks, should not be included. 

For design purposes, the estimated maximum daily consumption at the end of the 

design period should be used. The domestic-consumption loads for each district in 

the distribution system may be computed from the estimated population and the per 

capita consumption for the maximum day. A study undertaken by Jerome B. Wolff, 

of Johns Hopkins University, reports that consumption in residential areas is related 

to lot sizes, the ratio of peak hour to average day varying from slightly less than 4:1 

for group houses to more than 40:1. The results of the Johns Hopkins study for 

residential areas of Baltimore County, Maryland, are tabulated in Table 1, Sec. 36. 

Forecasting future use for industrial consumption depends upon the nature of the 

industries involved. It is difficult to predict future industrial consumption for 

undeveloped areas; established industries, on the other hand, may have planned future 
growth and water-consumption needs. 

2. Flow and Pressure Requirements for Fire Protection. The fire flow for the 

whole system and for each district within the system, as required by the Underwriters,! 

is given by Eq. (1) and the paragraphs that follow it in Sec. 36. The Underwriters 

recommend that when pumping engines are used a residual pressure at the hydrants of 

not less than 10 to 20 psi should be maintained with fire flow plus domestic flow, 10 psi 

being allowed only where hydrant spacing and sizes are adequate. 

If hose streams are to be used direct from hydrants a higher residual pressure is 

required. For communities of not more than 6,000 people and having not more than 

10 buildings exceeding 3 stories in height, a residual pressure of 60 psi is required. For 

other places, a residual pressure of 75 psi is required if hydrant spacing is such as to 

allow short hose lines; and in thinly built residential sections or in small villages having 
buildings of small floor area, not over two stories in height, a residual pressure of 50 psi 

may be satisfactory. Most communities now have mobile pumping equipment, and 
direct hose connections are not commonly used, except where high pressures exist. 

The criterion for design for systems having mobile pumping equipment available is 
therefore usually 20 psi. 

In districts in which the mains are designed for a normal pressure just sufficient to 

give adequate domestic flow to homes, it is evident that there will be an insufficient 
pressure for fire fighting without mobile pumpers. According to the American Water 

Works Association,” it is desirable that a normal pressure of 60 to 75 psi be maintained 

‘Fire Engine Tests and Fire Stream Tables,’’ National Board of Fire Underwriters, 3th ed., 1959. 
2““Water Works Practice,’ p. 298, American Water Works Association, 1929. 
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on a distribution system for the following reasons: 

“a. It willsupply ordinary consumption for buildings up to 10 stories in height. 

“b, Gives effective sprinkler service in buildings of 4 or 5 stories. 

“c, Permits direct hydrant-service for a few hose streams, insuring quicker 

operation by the fire department. 

“d,. Allows a larger margin of fluctuation in local pressures in meeting sudden 

drafts, and offsets losses due to partial clogging or excessive length of service pipes.” 

An additional advantage of such a high pressure is that it will permit the wider use 

of flushometers and shower mixing valves. The advantages of higher pressures, how- 

ever, should in every case be weighed against the additional pumping cost, for all the 

water pumped must be against the additional head. 

Four methods are in use for supplying pressure for fire streams, as follows: 

1. The maintenance of sufficient pressure on the mains at all times for direct 

hydrant service for hose streams 

2. The use of emergency fire pumps to boost the pressure in the distribution system 

during fires 

3. The use of mobile pumping engines which take suction from the hydrants 

4. The use of a separate high-pressure distribution system for fire protection only 

The first method is not ordinarily economical for large communities but is usually 

the best method for villages not provided with full-time fire departments and mobile 

pumpers. The second method is applicable to villages requiring higher pressures for 

fire fighting than are desirable for normal consumption and in which there are no 

mobile pumpers. It is more economical but less reliable than the first method. The 

third method is preferable for all communities large enough to maintain modern and 

well-trained fire departments. The fourth method is in use only in portions of some 

of the large cities. Separate high-pressure systems are usually supplementary to the 

main distribution system and thus give added fire protection in high-value districts. 

Pressures of 150 to 300 psi are used in high-pressure systems. 

The effective reach of fire streams for smooth nozzles and for various nozzle pres- 

sures, as determined by Freeman,! is shown in Table 3. The corresponding values of 

the discharge and pressure loss in 2!4- and 3-in. best-quality rubber-lined fire hose, as 

given by the National Board of Fire Underwriters,” are also shown. Nozzle pressures 

are velocity heads in pounds per square inch at the nozzle tips, measured by means of 

Pitot tubes. The effective reach is the distance in feet from the nozzle at which 

streams will do effective work with a moderate wind blowing. It will be noted that the 

vertical reach ranges from about 78 percent of the nozzle velocity head at 20 psi to 

only 46 percent at 90 psi. The maximum practical vertical reach is therefore about 

100 ft, and the streams are more effective if the nozzles are elevated. 

For inside hand lines a 119-in. hose with a 19-in. nozzle is run in initially. The 

small hose is then backed up by 2!4-in. hoses with 11¢-in. or larger nozzles. Shutoff 

nozzles are usually used. Cellar, foam, or fog nozzles are commonly used. When the 

nozzle pressure exceeds about 50 psi, the jet reaction is too great for the nozzle to be 

held by hand. For fighting large fires from the outside, 1!9-in. or larger nozzles 

should be used with siamesed 2!9-in. lines using a deluge set, or a deck nozzle or turret 

type. Such nozzles are usually fixed in position and require pressures of 65 to SO psi. 

For direct hydrant service in business areas with 250-gpm standard streams and 

300-ft lines, it may be noted from Table 3 that hydrant pressures of about 95 psi are 

required. Since such high pressures on the system are not normally advisable, mobile 

1Vreeman, Trans. ASCH, 21, 303, 1889. 
2“ Wire Engine Tests and Fire Stream Tables,'’ National Board of Fire Underwriters, 6th ed., 1959. 
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pumping engines are usually employed for important fires. The ordinary capacities of 

pumpers range from 500 to 1,000 gpm with some of the larger cities having pumpers 

with capacities of 1,250 to 1,500 gpm. 

3. General Arrangement of Pipe System. The location of the small distributor 

pipes in a distribution system is controlled by the location of the consumers and by the 

location of property requiring fire protection. The pipes are usually laid in the streets 

at some standardized position between curbs. In the case of very wide streets, how- 

ever, it is sometimes cheaper to install a main behind the curb on each side of the street 

because of the saving in service pipes. The system should be gridironed with con- 

necting pipes laid on the cross streets at intervals not exceeding about 600 ft whether 

or not there are consumers on the cross streets. Dead ends should be avoided in order 

to minimize troubles from corrosion and from organic growths. Moreover, a pipe fed 

from both ends has a capacity equivalent to that of two pipes. 

A large system will consist of supply mains, arteries, and secondary feeders spaced 

at intervals of about 3,000 ft in the grid system and preferably looped. The approxi- 

mate location of the feeders will be determined largely by the distribution of the 

consumers and high-value property. 

For fire protection, the Underwriters! specify a minimum size of main of 6 in. for 

residential areas and 8 in. for high-value districts if cross-connecting mains are not 

more than 600 ft apart. On principal streets and for all long lines not cross-connected 

at frequent intervals, 12-in. and larger mains are required by the Underwriters. 

Gate valves should be so located that no single case of breakage in the pipe system, 

exclusive of arteries, shall require more than 500 ft of pipe to be shut from service in 

high-value districts, or more than S00 ft 1n other sections, or shall require the shutting 

down of an artery. The valves should be located at street intersections in standard- 

ized positions so that they can be readily found in case of pipe breakage. All small 

distributors branching from larger pipes should be equipped with valves, although the 

larger pipes need not have valves at each such branch. At intersections of large pipes, 

a valve in each branch is desirable. Large supply mains should be gated about 

once a mile and should be provided with air valves at high points and blowoffs at low 

points. Arteries should be gated so that not more than 14 mile within the system will 

be affected by a break. 

Hydrants should be located at street intersections where they are accessible from 

four directions, with one or two hydrants at each intersection. They should be so 

spaced that no hose line need exceed 500 to 600 ft. The spacing will vary from about 

150 ft in high-value districts of large cities to about 600 ft in suburban residential 

districts, the usual spacing being about 300 ft. The requirements! of the Underwriters 

for hydrant distribution are given in Table 4. 

Hydrants are required to have not less than two 2!9-in. hose outlets, standard 

414-in. suction outlets where necessary, and to be connected to the main with pipe not 

smaller than 6 in. and gated. HHydrants should be able to deliver 600 gpm with a loss 

of not more than 2.5 psi in the hydrant and a total loss of not more than 5 psi between 

the street main and the outlet. 

The depth to which pipes should be laid is controlled by the cover required for 

protection against structural failure due to street traflic loads and for protection against 

freezing. Where there is little or no frost penetration into the ground, a minimum 

cover of 18 to 24 in. has been used. For protection against wheel loads of heavy 

trucks, the amount of cover required increases with the size of pipe and is greater for 

steel than for cast-iron mains. For important mains, the amount of cover to be used 

1‘‘Standard Schedule for Grading Cities and Towns of the United States with Reference to Their 

Fire Defenses and Physical Conditions,’’ National Board of Fire Underwriters, 1956. 
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TABLE 4 

Required Fire Average Area per 

Flow, gpm Hydrant, sq ft 

1,000 120,000 

2,000 110,000 

3,000 100, 000 

4,000 90,000 

5,000 85,000 

6,000 80,000 

7,000 70,000 

8,000 60,000 

9,000 55,000 

10,000 48,000 

11,000 43 ,000 

12,000 40,000 

should be determined after an investigation of the stresses produced by wheel loads. 

Less cover is required for pipes under concrete pavements than for pipes under more 

resilient pavements and dirt roads. The depth of cover required for protection 

against freezing may be estimated from Table 5, which shows the frost penetration and 

the depth of cover used in cities with widely divergent climatic conditions. 

4. The Pressure Table and Pressure Districts. The pressure table, or piezometric 

surface, of a distribution system is the imaginary surface above the ground to which the 

water would rise in piezometers connected into the pipes. The pressure at any point 

in the system corresponds to the height of the pressure table above the ground. If the 

pressure table is controlled by elevated tanks or reservoirs within the system, it may be 

called a fixed pressure table. If there are no open surface tanks within the system, the 

elevation of the pressure table may be varied at will by varying the rate of inflow to the 

TABLE 5 

Washing- 

Charles- ONCE Wilming- Bors Chicago,? pce Bee Ottawa,# 

fone SUC leat None Dalyieeen lil. pbs tem MBSE EMS rex’, 
‘ Sanitary 3 Me. Ont. Ont. . 

District 

Brost) penetran| ....5.) 24% s 4 Clay, Gravel with % Paved 

tion, ft 5-544 pavement, streets, 

Sand, 6-7 74 
5-6 Gravel no 

pavement, 

5-6 

Clay or sand, 

5 

Depth of cover, | 2 to 214 4 4 5-ft Pipes toss 7-ft 7 

ft trench in. and trench 

smaller, 

5% 
large 

| feeders, 2 

1 Gipson, J. AWWA, 22, 1315, 1930. 

2 HecuMer, Wiuus, and Gayton, J. AWWA, 28, 841, 837, 849, 1936. 

3 Futter, J. NEWWA, 50, 300, 1936. 

4 Dossin, Martinpaue, and MacDonatp, J. AWWA, 26, 1160, 1159, 1166, 1934. 
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system above or below the rate of consumption. Such asystem has a variable pressure 

table. 
The pressure table slopes in the general direction of the flow of the water because of 

head losses in the pipes, and the slopes are greatest where friction losses are greatest. 

The slopes increase with the consumption and are greatest during fire flows, particu- 

larly in the immediate vicinity of a fire. The fluctuation in the elevation of the pres- 

sure table is greatest at points most remote from the source of supply to the system or 

from equalizing tanks. The shape of the pressure table for any particular condition of 

flow may be illustrated by a contour map. 

When the flow approaches zero, the pressure table approaches a horizontal plane, 

which may be conveniently referred to as the static pressure table. A fixed static 

pressure table is a horizontal plane at the water surface of the equalizing reservoir. 

Actually a fixed static pressure table varies somewhat owing to the fluctuation in the 

elevation of the water level in the equalizing tank. In order to minimize this fluctua- 

tion, equalizing reservoirs should be shallow. A variable static pressure table is a 

horizontal plane at the elevation corresponding to the pressure at the pumps. The 

elevation of this plane may be raised or lowered by increasing the rate of inflow above 
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or reducing it below the rate of consumption. It may be held constant by continu- 

ously varying the rate of inflow to correspond to the demand. Because of the difficulty 

of controlling pressures by changes in the pumping rate, most modern systems have 

equalizing reservoirs. Such reservoirs, when provided with sufficient capacity, permit 

the pumps to operate at a constant rate throughout the daily pumping period and 

provide fire storage. In large systems, better equalization of pressures is obtained by 

having several reservoirs or elevated tanks distributed at strategic points in the 

system. However, some distribution systems are supplied by direct pumping without 

equalizing reservotrs. 

In communities located in hilly country with large differences in ground elevation 

and for very large systems, two or more pressure districts may be required. Each 

pressure district has its own pressure table, and the distribution system in each dis- 

trict operates independently. Connections may be made between the districts by 

means of mains equipped with gate valves normally closed or equipped with auto- 

matic pressure-reducing valves. High-pressure fire systems are usually not connected 

with the distribution system carrying the domestic supply. Complete separation of 

the two systems makes it possible to use a cheap, nonpotable water or salt water in the 

high-pressure fire system. However, cross connections to a potable water system 

constitute a serious hazard.! 

5. General Procedure in Design. In the design of a distribution system, the 

following general procedure may be used. 

1. Preliminary Layout. A preliminary layout of all the pipes is prepared on a 

suitable map of the community. A contour map showing all street and lot lines is 

preferable. The location of all existing buildings, with heights shown, is helpful. 

The layout should include the distributing reservoirs and elevated tanks, with their 

water surface elevations indicated if they are fixed arbitrarily or by the topography. 

The desired residual pressures for peak flows at critical points in the system stated 

in terms of the elevation of the pressure table at these points should be shown. A 

tentative division of the system into two or more pressure zones may be made if 

required. Pipe sizes may next be assumed in accordance with the Underwriters’ 

requirements or the designer’s judgment. These sizes are checked or corrected as 

a result of the hydraulic computations and economic analyses that follow. 

2. Skeleton Systems. If practicable, the system is skeletonized for the hydraulic 

computations by eliminating all the smaller pipes in which the flow is negligible for a 

particular assumed position of the fire load. Figure 3 shows the skeleton framework 

for a small system. The system must be examined for several positions of the fire 

load. Hence several skeleton frameworks may be required. These systems will be 

similar with regard to the larger mains but may differ in the inclusion of smaller pipes 

immediately surrounding the fire. The purpose of the simplified framework is to 

reduce the number of variables in order to make the hydraulic computations practica- 

ble. In skeletonizing the system, it is desirable to examine the magnitude of the errors 

caused by the neglect of smaller pipes. When the error is too great for a particular 

element in the skeleton framework, it is desirable to use an equivalent pipe for this 

element which is of sufficient size to take account of the smaller pipes. In some cases, 

also, the skeleton system may be simplified by substituting a single equivalent pipe for 
several elements. 

For many systems, the small differences in the size of the pipes or the difficulty of 

evaluating the errors due to the neglect of the smaller pipes may make skeletonizing 

impractical. In such cases, approximate hydraulic analyses or the use of electronic 

' Devenvorr, The Pollution and Emergency Disinfection of Rochester’s Water Supply, J. AWWA, 
33, 1334, 1941, 



DESIGN OF PIPE DISTRIBUTION SYSTEMS 37-11 

Source " 

of supply 

105 

Figures near arrows Indiicoite 

domestic loads in g pm. 

Fic. 3. Simplified skeleton distribution system at Warwick, R.I. 

computers may be required since the accurate methods available are too laborious to 

be carried out by hand. 

3. Computation of Loads. In order to simplify the computations the draft from the 

system for ordinary use is assumed to be concentrated at relatively few take-off points 

on the network. The loading points are taken at pipe junctions where feasible in 

order not to increase the number of elements in the system. Fire loads are applied at 

junctions also. The elevation of the pressure table corresponding to the minimum 

desired residual pressure for each loading point should be determined. When the 

loading points are selected it is necessary to divide the system into districts, one to 
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Source 

of supply 

Figures near arrows inolicate | 
domestic loads in g pm. | 

Fic. 4. Pressure contours for domestic consumption. (Hazen-Williiams C = 110.) 

each loading point, in order to compute the loads. The district boundaries are arbi- 

trarily selected, but some of the bounds may be conveniently located on natural 

bounds between districts of different types or on natural fire breaks. The number of 

loading points used is also arbitrarily selected, but the accuracy of the hydraulic 

computations increases with the number of districts selected. Figure 2! shows the 

assumed loading points and district boundaries for a small distribution system. 

1 Couuins and Jonss, Bachelor’s Thesis, M.I.T., 1933. Camp and Hazren, Hydraulic Analysis by 
Electric Analyzer, J. NEWWA, 48, 383, 1934. 
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Figure 3! shows the simplified skeleton system with pipe sizes and lengths and domestic 

loads indicated. 

4. Hydraulic Analysis. Hydraulic computations are made to determine the dis- 

charge and head loss in each pipe element of the system for the domestic loads only and 

for the combined domestic and fire loads for each position of the fire load to be investi- 

gated. From these computations, the shape of the pressure table may be determined 

for each loading condition. Figure 4 shows the pressure contours for the Warwick 

system in feet above sea level for domestic loads only. Figure 5! shows the contours 

for the fire load at point 6. Methods for making the hydraulic analysis are described 

in the following articles. 

1Couuins and Jones, Bachelor’s Thesis, M.I.T., 1933. Camp and Hazun, Hydraulic Analysis by 
Electric Analyzer, J. NEWWA, 48, 383, 1934. 
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5. Correction of Pipe Sizes. The adjustment of pipe sizes to secure the desired 

pressures at critical points and best economy is a trial-and-error process requiring the 

alternate use of economic and hydraulic analyses. Several adjustments may be 

required before the best sizes are found. Methods for determining economic pipe 

sizes are described below. 
6. Hydraulic Analysis of Pipe Networks. The relation between the head loss and 

discharge for any pipe or system of pipes in which there is turbulent flow may be 

expressed as follows: 
i, = Oe (1) 

in which A is the head loss and Q the corresponding discharge. The coefficient k is a 

constant for the pipe or system and may be computed for a single pipe directly from 

the friction formula used. For the Hazen-Williams formula which is widely used in 

America, the value of the constant k if his in feet and Q in cubic feet per second is 

1,594\185 | : 
k = ( C ) 387 (2) 

in which C = Hazen-Williams coefficient 

l = pipe length, ft 

d = diameter, in. 

For the Chézy formula, also widely used, with Manning’s value of the Chézy coefficient, 

l 
k = 2.65(1,000n)? q3-33 

in which vn is the Manning coefficient of roughness and the other symbols are the same 

as above. The value of the exponent x is equal to the reciprocal of the exponent of 

the hydraulic slope in the friction formula used. For the Hazen-Williams formula, z is 

1.85; for the Chézy formula, x is 2.00. If Q is expressed in gallons per minute, the 

value of k from Eqs. (2) and (3) must be divided by 4502. 

The value of k for the Hazen-Williams formula may be obtained quickly for each 

element from Fig. 6 by finding the head loss corresponding to any discharge and divid- 

ing it by Q@*. The same procedure may be used with charts for other friction formulas. 

1. Analytical Relations for Compound Pipes. The hydraulic problem in connection 

with pipe networks consists of solving for the distribution of flow and head loss in the 

individual elements for a given total discharge or for a given total head loss. For 

each element, there are two unknowns, the discharge and head loss, and for the system 

as a whole one unknown, the head loss or the discharge. Hence the number of 

unknowns equals twice the number of elements plus one. 

The equations required for the solution of the unknowns are of three types and 

arise from three laws! as follows: 

. The head loss varies as some power of the discharge, Eq. (1). 

. The algebraic sum of the discharge rates toward any junction point is zero. 

3. The total head loss between any two points in the system is the algebraic sum of 

the head loss of all the elements along any route between the points, and the total 

head loss is the same by all routes. 

1 

2 
9 

Figure 7 shows three simple compound pipe systems and the equations required for 

their analysis. It will be noted that only two types of equations are actually required 

for the solution of series and parallel systems since the other equations are identities 

but that all three types of equations are required for the analysis of a complex system. 

For any network, the number of equations available is sufficient for a solution. To 

solve for the unknowns, the equations must be solved simultaneously, but the direct 

‘Camp and Hazen, Hydraulic Analysis by Electric Analyzer, J. NEWWA, 48, 383, 1934. 
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solution of the large number of simultaneous equations involved in distribution systems 

is impractical for all but the simplest systems. 

practice. 

2. Hquivalent Pipes. 

ing one inlet and one outlet point may be replaced by an equivalent pipe. 

Trial-and-error methods are used in 

A simple system consisting of two or more elements and hav- 

The head 
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(c)- COMPLEX SYSTEM 

Fic. 7. Simple compound pipes. 

loss through an equivalent pipe for any given flow is the same as for the replaced 

system. Equivalent pipes may be found readily by means of flow charts such as Fig. 6 

for simple series and parallel systems such as Fig. 7a and b. 

To find an equivalent pipe for a simple series, assume a discharge rate and find the 

head loss for each element. Any pipe which has for the assumed discharge a head loss 

equal to the sum of the losses in all the elements is an equivalent pipe. Any size of 

pipe may be selected provided the proper length is chosen to give the desired head loss. 

For example, in Fig. 7a, for C = 100, and an assumed discharge rate of 800 gpm, 

h; = 39 and hp = 10 from Fig. 6. Hence h = 49, and 7,350 ft of 10 in. and 2,510 ft of 

8 in. are equivalent pipes. It will be noted that if the discharge is given, a simple 

series may be solved directly from a chart; but if the total head loss is given, an equiva- 

lent pipe must first be found before the discharge can be solved for by means of the 

chart. 

To find an equivalent pipe for a simple parallel system, assume a total head loss and 

find the corresponding discharge for each element. Any pipe that has for the assumed 

head loss a discharge equal to the sum of the discharge rates for all the elements is an 

equivalent pipe. For example, in Fig. 7b, for C = 100, and an assumed head loss of 

30 ft, g1 = 1,250, gz = 810, and gq; = 2,010 gpm from Fig. 6. Hence Q = 4,070 gpm, 

and 2,190 ft of 16-in. pipe is an equivalent pipe. It will be noted that if the head loss is 
given a simple parallel system may be solved directly from a chart, but if the total 

discharge is given an equivalent pipe is first required. 

An equivalent pipe for a complex system such as Fig. 7c cannot be found directly 

by the foregoing methods, for neither the head nor the discharge for any element is 

known when either the head or discharge for the whole system is known. Howland 

and Aldrich! have developed a trial-and-error method for solving complex systems 

using Freeman’s? graphical method. 

1 HowLanp, Expansion of the Freeman Method for the Solution of Pipe Flow Problems, J- 

NEWWA, 48, 408, 1934. Atupricu, Solution of Transmission Problems of a Water System, Trans: 
ASCE, 103, 1579, 1938. 

2 FREEMAN, J. NEWWA, 7, 1892. 
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The equivalent-pipe method is a convenient device for reducing the number of 

elements and thereby simplifying the framework of a distribution system. When used 

for this purpose, it is not necessary to find an equivalent pipe for the replaced elements 

but only to find the value of the constant k of Eq. (1) which corresponds to the equiva- 

lent pipe. For example, the equivalent pipes of the series in Fig. 7a all have the same 

value of k as follows: k = (49/800!85) = 20.9 X 10-® for the discharge in gallons 

per minute. Similarly, the value of & for all equivalent pipes of the parallel system 

(Fig. 7b) is 0.625 * 1075. 

3. Hydraulic Network Solutions. Six methods are available for making solutions of 

the simultaneous equations involved in the hydraulic analysis of distribution systems: 

Uncontrolled trial-and-error method 

Freeman graphical method! 

Hardy Cross method? 

Newton’s method$ 

Electric-network analyzer method‘ 

Hydraulic-model method’ SD SE Ise GS 1S) be 

In the first four methods, a trial distribution of either the flow or the head loss is 

made throughout the system, the corresponding head or discharge is computed or 

measured for each of the elements, and adjustments are then made in the distribution 

of values. The process is repeated until a set of values is obtained which approxi- 

mately satisfy all three laws described above under Analytical Relations. 

In the uncontrolled method, the adjustments in the assumed values are made 

arbitrarily. The convergence of errors by this method is therefore slow and uncertain, 

and it is impractical for most systems. The same may be said of the Freeman method. 

The fifth method consists of the use of an electric-network analyzer in which 

electric resistors are connected together in such a manner that each element of the 

hydraulic system is represented by a resistor in proper position. The analyzer is an 

electric model of the distribution system in which voltage represents head loss and 

current the discharge, with a suitable scale ratio selected for each. When the method 

was first developed, ordinary resistors were used with which the voltage drop is 

proportional to the first power of the current instead of the x power as required by 

the hydraulic system. Because of this defect, it was not possible to represent each 

element of the hydraulic system by a constant electrical resistance; and trial-and-error 

solutions were obtained by adjusting the resistance in all the resistors so that the 

relation of voltage to current in each resistor satisfied the analogous head-discharge 

relation as indicated by Hq. (1). Satisfactory solutions could usually be obtained 

with three adjustments of the resistors. Lamps have now been developed with suit- 

able filaments for use as resistors such that upon heating the filaments the resistance 

changes automatically to represent a hydraulic element without subsequent adjust- 

ment and results can be read as soon as the loads are applied. Figure 5 represents a 

hydraulic analysis of a distribution system by means of an electric-network analyzer. 

1 AupricH, Solution of Transmission Problems of a Water System, Trans. ASCE, 103, 1579, 1938. 

2 Cross, Analysis of Flow in Networks of Conduits or Conductors, Univ. Illinois Eng. Expt. Sta. 
Bull. 286, November, 1936. DoLanp, Eng. News-Record, 117, 475, 1936. 

3 Martin and Perers, The Application of Newton's Method to Network Analysis by Digital Com- 
puter, Inst. Water Engs., 17, 115, 1963. 

4 Couuins and Jones, Bachelor's Thesis, M.I.T., 1933. Camp and Hazen, Hydraulic Analysis by 

Electric Analyzer, J. NEWWA, 48, 383, 1934. MclIzroy, Direct Reading Electric Analyzer for Pipe- 

line Networks, J. AWWA, 42, 347, 1950. 
5 Camp, Hydraulics of Distribution Systems—Some Recent Developments in Methods of Analysis, 

J. NEWWA, 57, 334, 1943. 
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The hydraulic-model method consists of representing the distribution system by 

means of a small-scale hydraulic model. The elements may be represented by con- 

strictions in rubber tubes produced by means of pinch cocks, in which case the value of 

x in Hq. (1) will be about 1.75 but may be higher or lower depending upon the amount 

of throttling. The elements may also be represented by orifices inserted in pipe or 

rubber tubing, in which case x will have a value of nearly 2.0; or they may be repre- 

sented by short tubes inserted in rubber tubing, the ratio of length to diameter of 

short tube being selected to produce the required value of x. Results may be read 

directly on hydraulic models as soon as the loads are apphed. 

The Hardy Cross method is a trial-and-error method in which the adjustments to 

be made in the assumed values are computed and are therefore controlled. Con- 

vergence of errors is often rapid, and suflicient precision in the results can ordinarily 

be had by three adjustments. Two methods may be used: the method of balancing 

heads or the method of balancing flows. The method of balancing heads is as follows: 

1. Assume any distribution of discharge. 

2. Compute the head loss in each element by means of Hq. (1): h = kqot. 

3. With due attention to sign, compute the total head loss around each elementary 

closed circuit: 2h = Dkqor. 
4. Compute also for each elementary circuit without reference to sign the sum: 

Lakqo*. 

5. To balance the head in each circuit (so that Dkq* = 0), set up a counterbalancing 

flow equal to 

Lkqo7 (with due attention to direction of flow) 
A= Z z > 

Laekqo\* » (without reference to direction of flow) 
(4) 

6. Compute the revised flows, and repeat the process until the desired accuracy is 

obtained. 

The flow correction A for each circuit places the heads for that circuit substantially 

in balance if A is small. Since some elements of each circuit are common to other 

circuits, however, the balance of heads in each circuit is disturbed by subsequent 

adjustments in other circuits. Hence several traverses of the system are required 

before satisfactory precision is obtained. The proof of the method is as follows: 

G = Gy =r 

in which g = actual discharge for any element 

qo = assumed discharge 

A = required flow correction 

Then 

kg? = k(qo + A)® = k(qo? + xqo-YA + - + *) 

The remaining terms in the preceding expansion may be neglected if A is small as 

compared with go. For a single circuit, 

Lkqt = 

and from above, 

Dkq? = Dkqo? + ADxkqo?-Y 

Therefore, 

= Lkqo* 

~ SakeqgD ie 
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If A is large compared with qo, Eq. (4) does not give a close approximation of the value 

of A because of the neglect of the terms beyond the second term in the expansion. 

This neglect is not usually important, however, particularly if subsequent adjust- 

ments bring rapid convergence. 

High-speed electronic digital computers make it possible to carry out computations 

for distribution systems by the Hardy Cross method, or by Newton’s method with 

great speed and accuracy. Programs have been developed and computers are located 

in most large cities throughout the country. Numerous problems having many 

unknowns, for which complete solutions were not practical, may now be analyzed. 

Figure 4 represents a hydraulic analysis of the Warwick system by means of the Hardy 

Cross method. Figure 8 shows the skeleton framework with the value of the constant 

k X 10° for each element indicated on the line representing the element. The figures 

nearest each element represent the flow in the element corresponding to the assumed 

distribution of discharge. The underlined figures near each element represent the 

adjusted discharge. The computations are shown in Table 6. 

There appears to be nothing inherent in either the electric analyzer with ordinary 

resistors or the Hardy Cross method which will consistently produce convergence of the 
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37-22 WATER DISTRIBUTION 

errors toward zero with subsequent adjustments. Some networks have been studied 

by the Hardy Cross method with which convergence in many of the loops does not 

occur. In such a case, the designer may have to be content with an approximate 

hydraulic analysis such as the contour and circle methods. 

PIPES AND MATERIALS? 

Cast iron is the most widely used material for the mains of distribution systems for 

sizes up to'about 30 in. In sizes above 30 in., steel pipe and prestressed reinforced- 

concrete pipe compete favorably with cast iron, and in smaller sizes cement-asbestos 

pipe competes favorably. 

7. Cast-iron Pipe and Fittings. There are two methods of manufacturing cast-iron 

pipe, (1) cast-iron pit-cast pipe, and (2) cast-iron pipe centrifugally cast. Pit-cast 

pipe is manufactured by pouring molten iron into a vertical sand mold. Centrifugally 

cast pipe is manufactured by pouring molten iron into a mold rotating at a compara- 

tively high speed on rollers. Centrifugally east pipe may be manufactured in metal 

molds or in sand-lined molds. After the pipe is cast and the mold stripped, rough 

places are ground off, the pipe is cleaned, and slag is removed. The pipe is then 

hydrostatically tested, inspected, and coated. Lighter and stronger pipe may be 

obtained by the centrifugal method of casting, whereas pit-casting methods are 

required for pipe of large diameter. The sizes, weights, and thickness of cast-iron 

pipe may be obtained from the Handbook of the Cast-Iron Pipe Research Association, 

Chicago, Ill., or from the pipe manufacturers. 

Cast-iron pipe may be designed by a method developed by the United States of 

America Standards Institute Committee A 21, sponsored by the American Water 

Works Association, the New England Water Works Association, the American Gas 

Association, and the American Society for Testing and Materials. "The USASI method 

of design takes into account a number of factors. The wall thickness is based on the 

combined loads caused by internal pressures, including water-hammer allowance; the 

external load from the weight of backfill; the weight of traffic plus impact; and the 

trench bedding condition. Tables have been prepared from which the pipe thickness 

may be determined for pit-cast pipe 3 through 60 in. in diameter, and for centrifugally 

cast pipe 3 through 48 in. in diameter for various loading conditions. The standard 

thicknesses of pipe centrifugally cast for the diameters in common use are shown in 

Table 7a. For convenience, these thicknesses may be referred to by standard thick- 

ness class numbers, each class being 8 percent heavier than the preceding class as 

shown in Table 7b. 

Small-diameter cast-iron pipe in sizes 114, 119, 2, and 3 in. and larger may be had 

from several manufacturers with several different types of joints. Small pipes are 

useful in filter plants and pumping stations and for service pipes. 

There are a number of types of joints available for connecting cast-iron pipe as 

shown in Fig. 11.  Bell-and-spigot was once the commonest type of joint, but it is 

now being replaced by joints requiring less skill for installation. Bell-and-spigot 

joints are, however, used extensively for fittings. The commonest materials used for 

making bell-and-spigot joints are lead or cement. Sulfur compounds, formerly used 

quite extensively, are no longer included in AWWA Specifications. When bell-and- 

spigot joints are made, the yarn used to prevent the joint material from running into 

the pipe should consist of one of the following: (1) molded or tubular rubber rings, 

(2) asbestos rope, or (3) treated paper rope. The older practice of using a yarn made 

1 TURNEAURE and RussELu, “‘ Public Water Supplies,” pp. 721-725, John Wiley & Sons, Inc., New 
York, 1924. Barpon, Eng. News-Record, 93, 517, 1924. Tyter, Water Works Sewerage, August, 1939, 
p. 285. 

2 For further discussion of pipelines, see Sec. 3. 
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STANDARD THICKNESS* OF PirpE CENTRIFUGALLY TABLE 7a. 
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Size, 

flat-bottom 

pipe laid D 

B 

pipe laid on blocks, untamped backfill. 

flat-bottom trench, without blocks, untamped backfill. 
C 

300 

50 

100 

150 

200 

250 

300 

100 

200 

50 

300 

350 

50 

100 

250 

300 

350 

350 

* Thicknesses include allowances for foundry practice, corrosion, and either water-hammer or truck 

load. 

} Laying conditions: A 

trench, without blocks, tamped backfill. 

on blocks, tamped backfill. 
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PIPES AND MATERIALS 37-25 

TaBLeE 7b. STANDARD THICKNESS CLASSES FOR CENTRIFUGALLY Cast Pipr* 

Pipe Pipe wall thickness, in., for standard thickness class No. 

size, 

in. 
Zi 22 23 24 25 26 27 28 29 30 

3 0.32 0.35 0.38 0.41 0.44 0.48 OR52 0.56 0.60 

4 0.35 0.38 0.41 0.44 0.48 0.52 0.56 0.60 0.65 

6 0.38 0.41 0.44 0.48 0.52 0.56 0.60 0.65 0.70 

8 0.41 0.44 0.48 0.52 0.56 0.60 0.65 0.70 0.76 

10 0.44 0.48 0.52 0.56 0.60 0.65 0.70 0.76 0.82 

12 este: 0.48 0.52 0.56 0.60 0.65 0.70 0.76 0.82 0.89 

14 0.48 0.51 0.55 0.59 0.64 0.69 0.75 0.81 0.87 0.94 

16 0.50 0.54 0.58 0.63 0.68 0:73 0.79 0.85 0.92 0.99 

18 0.54 0.58 0.63 0.68 0.73 0.79 0.85 0.92 0.99 Le 07 

20 0.57 0.62 0.67 0.72 0.78 0.84 0.91 0.98 1.06 a Dele 

24 0.63 0.68 0.73 0.79 0.85 0.92 0.99 1.07 1.16 25 

30 0.73 0.79 0.85 0.92 0.99 1.07 1.16 1 325. L235 1.46 

36 0.81 0.87 0.94 1.02 ey) 1.19 1.29 1.39 1.50 1.62 

42 0.90 0.97 1.05 aks 122 1.32 1.43 1.54 1.66 1.79 

48 0.98 1.06 1.14 L238 1.33 1.44 1.56 1.68 1.81 1.95 

* Hach class is made 8 percent heavier than the preceding class, starting with the thinnest, 7.e., 

minimum thickness, as the base class. 

from jute or hemp (oakum) is not currently recommended, inasmuch as it was found 

that its use promoted the growth of bacteria. Neat Portland-cement mortar, also a 

nonconductor, has been used successfully as a jointing material. Mechanical-joint 

pipe, or pipe with push-on joints, is commonly used for new installations. The 

method of laying and jointing cast-iron pipe is covered in the AWWA Standard 

Specifications for Installation of Cast-iron Water Mains, C 600. 

The standard types of bell-and-spigot fittings are shown in Fig. 9. USA Standard 

flanged fittings are shown in Fig. 10. Cast-iron pipe fittings with some of the special 

types of joints may be had from the manufacturers. For dimensions and weights of 

fittings see ‘“‘Cast-iron Pipe Handbook”’ or manufacturers’ catalogues. 

8. Reinforced-concrete Pipe. Reinforced-concrete pipe is commonly used in sizes 

from 16 in. and up. In larger diameters, the cost compares favorably with that of 

cast-iron pipe. 

Four types of reinforced-concrete pressure pipe are manufactured: (1) reinforced 

concrete; (2) prestressed reinforced concrete; (3) reinforced concrete with a steel 

membrane or cylinder; and (4) prestressed reinforced-concrete cylinder pipe. The 

AWWA Standards for the design and manufacture of reinforced-concrete water pipe 

are respectively: C 300, Reinforced-concrete Water Pipe—Steel Cylinder Type, Not 

Prestressed; C 301, Reinforced-concrete Water Pipe—Steel Cylinder Type, Pre- 

stressed; and C 302, Reinforced-concrete Water Pipe—Noncylinder Type, Not 

Prestressed. 

Beveled pipe suitable for laying long-radius curves is available, as well as numerous 

standard fittings and adapters. Reinforced-concrete pipe may be tapped under 

pressure for large- and small-diameter connections by means of special techniques 

which are described in the manufacturers’ literature. 

Pipes and fittings are connected by means of a bell-and-spigot-type joint sealed by 
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Fia. 9. AWWA standard cast-iron bell-and-spigot fittings. (The Cast Iron Pipe Research 
Association.) 

a rubber gasket. Cement mortar, or other plastic material, is used to fill the space 

between the ends of adjacent pipes or fittings. Several typical joints are shown in 

IRR, IA 

9. Other Pipe Materials. Steel is widely used for pipelines larger than 30 in., 

particularly for supply lines and other lines in distribution systems that are not too 

frequently interconnected with smaller distributors. Both riveted and welded pipe 

are used. Because of the thinness of the plate used, it is particularly important to 

protect steel pipe against corrosion with interior lining and covering. Galvanized 

steel and wrought-iron pipes with screw joints are widely used for small distributors 

(less than 4 in.) upon which there are no hydrants. Galvanized pipe stands up well 

until the zine coating is perforated, after which corrosion is very rapid. 

10. Asbestos-cement Pipe. Asbestos-cement pipe is made from a mixture of 

asbestos fiber and Portland cement in the approximate proportions of 15 and 85 per- 

cent by weight, with silica added. The American product is made in three classes. 

Figure 13 shows the type of coupling used. The thickness of the pipe is 1.5 to 3 times 

that of the corresponding class of centrifugal cast-iron pipe. Cast-iron fittings and 

gate valves are used, but because of the extra thickness of asbestos-cement pipe, 
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special bells are required for use with the larger sizes of class 150 and heavier pipe. 

Fittings with rubber ring joints for use with asbestos-cement pipe are available from 

several manufacturers. 

Asbestos-cement pipe for pressure below 200 psi is lighter than cast-iron, class 150 

asbestos cement weighing 60 to 85 percent of the weight of the corresponding class and 

size of cast-iron pipe (the percentage increasing with pipe size). The material is a 

nonconductor of electricity and is not subject to tuberculation but may collect iron 

90° Elbow Long radius elbow Reducingelbow  45°Elbow 

Side oull outlet Base elbow Side outlet tee 
elbow 
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co ir 

Reducing tee Side outlet Base tee Cross 
reducing tee 

MY ow 
Reducing cross = Concentric Eccentric Flanged wall piece 

reducer reducer 

Lateral Reducing lateral Wye Hat flange 

Flange and flare Flange and flare Return bend Filler piece 
elbow piece 

Fig. 10. American standard flanged fittings for cast-iron pipe. (The Cast Iron Pipe 

Research Association.) 
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Fic. 11. Typical joints for cast-iron pipe. (a) AWWAstandard bell-and-spigot pipe. (b) 
American standard flanged joint. (c) Dresser or sleeve-type coupling for plain-end pipe. 

(d) Usiflex boltless flexible joint. (U.S. Pipe and Foundry Co.) (e) Molox bolted flexible 
joint. (American Cast Iron Pipe Co.) (f) Tyton joint. (U.S. Pipe and Foundry Co.) 

(g) Victaulic joint. (American Cast Iron Pipe Company.) (h) Standardized mechanical 

joint pipe. (2) Threaded joint for small cast-iron pipe. (American Cast Iron Pipe 
Company.) 
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Fig. 11. (Continued) 

and manganese oxides from waters heavily charged with iron or manganese. The 

material can be cut with a saw and other woodworking tools. Drilling and tapping 

for house services are readily accomplished. Tar coating of asbestos-cement pipe is 

desirable to retard the leaching of free lime from the cement. 

11. Valves and Hydrants. Gate valves for distribution mains are usually of the 

inside-screw or nonrising-stem type illustrated in Fig. 14a and c. The outside screw 

and yolk or rising-stem-type valve, illustrated in Fig. 146, is advantageous in that the 

position of the stem indicates how wide the valve is open; but this type cannot 

ordinarily be used on mains because of the depth of trench required for the rising stem. 

Valves for underground mains are usually provided with bell ends; but spigot ends, 

flanges, and special types of joints are available 

The standard specifications! for gate valves of the AWWA embrace hand-operated 

inside-screw, iron-body, bronze-mounted gate valves of both the solid-wedge and 

double-disk (either parallel seat or inclined seat) type, ranging in size from 8 to 48 in., 

for ordinary water service in approximately level setting under operating pressures not 

exceeding 150 psi. Valves are required to withstand an internal test pressure of 

300 psi and to operate satisfactorily with 150 psi pressure on one side of the gate. The 

diameter of the waterway must be not less than the pipe diameter. In valves 3 in. in 

size and smaller, gates are of solid bronze. In larger valves, disks may be of cast iron 

with bronze rings. Valve seat rings, thrust bearings, packing glands, gear spindles, 

wedging devices, guides, rollers and tracks, and indicator mechanisms are made of 

bronze or are bushed or faced with bronze. Valve stems, stem collars, and nuts are 

made of manganese bronze having a tensile strength of not less than 60,000 psi for 

valve sizes 24 in. and smaller and 80,000 psi for valve sizes 30 in. and larger. Bell-end 

1 AWWA C 500. 
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Fie. 12. Typical joints for reinforced-concrete pipe. (International Pipe and Ceramics 
Corp.) 
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valves up to and including 24 in. are made with sockets for class D pipe. Valves 16 in. 

in size and larger, designed to lie on their sides with horizontal stems, are required to 

have tracks and rollers to carry the weight of the gate as it moves into the bonnet. 

Stuffing boxes are packed with graphited hydraulic packing made of flax or properly 

lubricated braided asbestos or provided with O-ring 

seals. Wrench nuts are of cast iron, 2 in. square at = a 

the base, and provided with an arrow to mark the see Saint 

direction of turn for opening the valve. Gears for 4 | | | 

larger valves may be of cast iron or of steel if enclosed | } I || 

in an oiltight cast-iron gear case. Allferrous parts 4 | | 

of the valve, except finished or bearing surfaces, are + | | 

required to have two coats of pipe dip or varnish on ee 

the interior and three coats outside. (4) 
Large valves are usually provided with gears to 

facilitate hand operation. Vertical-stem valves are 

provided with spur gears (Fig. 146) and horizontal- = a pe Ss 

stem valves with bevel gears (Fig. 14d). Such 

valves may also be provided with bypasses (Fig. 14b) 

to facilitate opening. Smaller valves are usually 

provided with valve boxes (Fig. 14e), and for such 2 

valves it is necessary to remove the box and excavate a 
down to the valve in order to repack the stuffing 

box. It is advisable to install large valves (16 in. (2) 

and larger) in vaults or manholes in order to facili- 

tate repacking and repairs. 

Gate valves are sometimes used on lines between fe om a 

low-pressure and high-pressure districts, and in order 

to obviate the effects of dead ends in the pipe on both 

sides of the gate they are sometimes kept partly 

open. The gates thus act as throttling valves. 

Ordinary gate valves are unsatisfactory when used 

for this purpose owing to the chatter of the disks (3) 

and their deflection downstream, which causes vibra- 

tion and wear on the seats. Square-bottom valves : p 

designed especially for this purpose are now available. oe Bees ume 0) 
: Starting position. (2) Second 

Gate valves may be inserted in a water main _ position—one rubber ring com- 

under pressure by the use of special equipment. pressed. (3) Final position— 

Figure 14f shows a machine which is sealed to the both rubber rings compressed. 

pipe in which the valve is to be inserted. A special 

cutter removes a short section of pipe which is then pulled into the bonnet with the 

cutter and a slide valve is closed. The bonnet is removed and the cutter is replaced 

with the gate valve to be inserted. The bonnet is replaced, the slide valve is opened, 

and the valve is positioned in the opening in the pipe. A special sleeve is then jacked 

against the valve, making watertight joints at the pipe, valve, and sleeve. The insert- 

ing machine is then removed and permanent joints made at the sleeve and valve. 

When a distribution system receives its supply by gravity from a distant reservoir 

at a much higher elevation or through pipes from a high-pressure district, pressure- 

reducing valves are required in order to limit the pressure in the system at times of 

minimum draft. Automatic pressure-reducing valves which maintain the pressure 

constant on the downstream side of the valve are available for this purpose. Figure 15 

illustrates a typical pressure-reducing valve, shown in the closed position. The pilot 

control valve is adjusted by hand for any desired pressure on the delivery side of the 

Ze 

Fig. 13. Simplex joint for 
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main valve. Whenever the delivery pressure lowers below the adjusted value, the 

spring against the pilot diaphragm causes the pilot valve to open and permit water 

above piston B to escape through M and N to the delivery side. The valve thus 

opens owing to the higher pressure under piston B. While the valve is open, water 

flows through the main valve and also through port L and needle valve S into the 

chamber above B. When the flow through the main valve becomes sufficient to raise 

the delivery pressure to the adjusted value, the pilot valve closes and the piston is held 

in position at the proper opening. 

Altitude-control valves are used on the inlet pipes to distribution reservoirs and 

elevated tanks to shut off the inflow and prevent overflow when the water level gets 

too high. Figure 16 shows a typical altitude valve in the closed position. When the 

valve is open, water may flow in either direction. During inflow when the reservoir 

water level reaches the value sufficient to overcome the adjustment of the spring W by 

exerting pressure above diaphragm R, the pilot exhaust valve J is closed and pilot 

valve Hisopened. Water is thus permitted to flow through L and M into the chamber 

above B and close the valve. In the type of valve shown in the figure, the valve will 

aN 

2. a 

Fia. 14a. Inside-screw-type Fia. 146. Outside-screw- Fig. 14c. Details of in- 

cast-iron gate valve. (Lud-  and-yoke-type cast-iron _— side-screw-type gate 
low.) gate valve with spur gears valve. (Ludlow.) 

and bypass. (Rensselaer.) 

Fic. 14d. Inside-screw-type cast-iron gate Fira. 14e. Inside-screw-type cast-iron gate 
valve with horizontal stem, cast-iron bevel valve with horizontal stem and oil-encased 
gears, and bypass. (Rensselaer.) steel bevel gears and bypass. (Darling.) 
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(a) (b) (c) 

Fie. 14f. Valve-inserting machine showing Fic. 14g. Extension valve boxes 
gate valve in place. (A. P. Smith.) and valve wrench. (Kennedy.) 

not open until the reservoir water level is lowered. Hence for removing storage water 

for distribution when the altitude valve is closed, a separate discharge line from the 

reservoir or a bypass around the altitude valve is required, as shown in Fig. 17. 

Other styles of valves are available, some of which are double-acting and will open when 

the pressure on the inlet side of the valve lowers below the pressure corresponding to 

70 fark or 
outlet side | 
of valve 

faust N 

Fic. 15. Automatic pressure-reducing valve. Fie. 16. Single-acting altitude-con- 

(Golden-Anderson.) trol valve. (Golden-Anderson.) 
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Fig. 18. Fire-service connection using two Factory Mutual check valves. (Ludlow.) 
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the reservoir level. Other valves are designed to close when a high-pressure fire 

pump is discharging into the system regardless of the reservoir water level. 

Pressure-reducing and altitude valves are particularly susceptible to trouble from 

freezing in cold weather because of the presence of the small-size control water pipes 

and passages in which water is often still. For this reason, such valves should be 

adequately housed where they are readily accessible, and provisions should be made 

for heating the interior of the housing in extremely cold weather. 

Check valves, which permit flow through a pipe in only one direction, have their 

principal use in the suction and discharge lines of pumps. They are sometimes used 
in distribution systems, however, one use 

being in connection with altitude valves as 

shown in Fig. 16. One important use in 

distribution systems is for the prevention of 

backflow of a separate contaminated indus- 

trial fire supply into the municipal distribu- 

tion system. Any such cross connection 

between an impure and a potable water is a 

Fre. 20a. Com- 
pression-type post 

Fie. 19. Typical horizontal swing check fire hydrant. (A. 
valve. (Ludlow.) P. Smith.) 

potential health hazard, because of the possibility that the valves may not seat tightly. 

An installation consisting of two swing check valves in series (Fig. 18) is recommended 

by the Associated Factory Mutual Laboratories and is accepted by some health 

departments. Figure 19 illustrates a typical horizontal swing or flap check valve. 

There is considerable friction loss through this type of check valve. In cases where it 

is necessary to minimize the friction loss, automatic power-operated check valves of 

various types which provide openings the full area of the pipe may be had. Motor- 

or hydraulic-operated gate valves may be used, but the recently developed revolving 

cone or butterfly valves are superior. Cone or butterfly valves may also be used as 

gate, altitude, and pressure-reducing valves with suitable controls. Tilting-disk check 

valves are also much superior to swing checks with regard to head loss and to chatter. 

Fire hydrants are made in three general types: (1) the post hydrant with a vertical 

barrel extending 2 or 3 ft above the ground surface; (2) the flush hydrant in which the 

top of the barrel and the nozzle are underground in a box whose cast-iron cover is 

flush with the ground surface; and (3) the wall hydrant which is set back in the wall 

of a building. Post hydrants are usually just in back of the curb line, and because of 
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this exposed position they are frequently damaged by motor vehicles. The other two 

types of hydrants are not thus subject to damage, but they are not so satisfactory as 

post hydrants because of their limited capacity and because they are more difficult to 

find quickly. Flush hydrants are not satisfactory in northern climates because of 

the difficulty of keeping the covers clear of snow. 
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H54 Operating nut cap screw ————_ 7 fs 
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Tia. 20b. Details of compression-type post fire hydrant. (A. P. Smith.) 

The standard specifications! (1964) of the AWWA and the NEWWA are for 

post hydrants of the compression-valve (Fig. 20a) and gate-valve (Fig. 21) type. The 

design should permit the ready removal of the valve without excavation and should be 

such that the valve will remain closed in case of damage to the top of the barrel. 

Ilydrants are classed as single-hose, two-hose, and two-hose and pumper, according to 

the arrangement of hose and pumper nozzles. The size of the hydrant is designated 

by the diameter of the valve opening, which should be at least 4 in. for two-hose, 5 in. 

for three-hose, and 6 in. for four-hose hydrants. The length of the hydrant is defined 

1 AWWA C 502. 
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as the vertical distance from the ground surface to the bottom of the connecting pipe. 

Friction losses should be under 1 psi for each 250-gpm fire stream. When the barrel is 

made in sections, the flanges or connection should be at least 2 in. above the ground 

surface. Positive-operating drain valves are required to drain the hydrant completely 

and quickly when the main valve is closed in order to prevent freezing and to close 

tightly when the main valve is opened. The hydrant top should be designed to 

prevent interference with operation due to freezing, and provision should be made for 

convenient lubrication. Barrels, hydrant heads, valve gates, and nozzle caps may be 

made of cast iron. Outlet nozzles, valve seats or seat 

rings, drain valves, stuffing-box glands and gland-bolt 

nuts, and either the operating stem or the operating 

nut should be made of bronze or other noncorrodible 

material. The main valve should be faced with rub- 

ber, leather, or balata or, in case of slide-gate type 

valves, with a bronze ring. All iron parts inside and 

out, except the outside surface above the ground which 

should be painted, are required to have a hot bitumi- 

nous dip coat or two bituminous paint coats. The 

outside surface above the ground should be painted a 

color! to distinguish between private and public hy- 

drants, and the hydrant tops and nozzle caps should 

be given a proper color to indicate the hydrant 

capacity. 

A post hydrant constructed with a safety joint 

above the ground surface permits the top of the hy- 

drant to be knocked off by motor vehicles with a mini- 

mum of damage (see Fig. 206). In installing a 

hydrant, it is desirable that the drain valve be below 

the frost line and be provided with a reliable outlet to 

ensure proper emptying of the barrel in cold weather. 

A usual provision is to surround the bottom of the 
barrel with gravel, but this is inadequate if the ground- 

water table is above the drain valve or if the earth sur- 

rounding the gravel is impervious. It is good practice 

to provide hydrants with gate valves on the supply 

pipes in order to make repairs to a hydrant without 

the necessity of shutting off a section of main. In Tiedt agentes ee 

order to prevent strains on hydrant barrels when the ¢,, hydrant. Maio 

surrounding ground heaves owing to frost action, the 

barrel should be surrounded with gravel to the ground surface and flanges placed 
above the ground as provided by the standard specifications of the AWWA and the 

NEWWA. Some manufacturers provide sliding frost cases of cast iron for protection 

against heaving ground. 

Both hydrants and gate valves in distribution systems are so infrequently used that 

they are subject to jamming due to corrosion and injury from other causes which may 

make them useless when needed. Complete inspections of all valves should be made 

annually and hydrants should be inspected semiannually and after each use, during 

which each valve and hydrant is opened and closed, lubricated, repacked, and repaired 

if necessary. Records of all inspections and repairs should be kept. Such inspections 

frequently result in the discovery of closed gate valves which should be open. 

1 AWWA C 502. 
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12. Corrosion and Electrolysis.1 Corrosion may be broadly defined as the 

chemical action of certain external agencies on metals which causes their deterioration 

or destruction. Metals tend to revert to more stable compounds, of which the metal 

ores, as found in nature, are familiar examples. Corrosion is of great economic 

importance in water distribution, for the deterioration of pipelines and their loss of 

capacity with age are due primarily to corrosion and its products, scale and rust tuber- 

cles. It is also of great importance in water treatment, for the protection of the 

piping against corrosion and the prevention of red-water troubles are now recognized as 

a major function of water treatment. 

The electrochemical theory of corrosion is presented briefly below in terms of 

the corrosion of iron, lead, copper, and zinc, the principal metals used for water 

distribution. 
Water is corrosive to a solid metal when it tends to dissolve the metal as positive 

ions or to furnish negative ions to react with the metal at the interface. Corrosion 

proceeds by a transfer of negative electrons at anodic areas from the water to the 

metal. These electrons flow through the metal to cathodic areas where they are given 

up to constituents in the water. This flow of electrons constitutes a flow of electric 

current, and the circuit is completed through the water by the motion of ions between 

the two electrodes of the cell. In order that the current may flow, there must be an 

electrochemical or half-cell reaction at the anode and an equivalent half-cell reaction at 

the cathode. The two reactions which take place in a particular case are those which 

produce the greatest potential between the electrodes. The actual potential is 

determined by the difference AH of the oxidation potentials of the half-cell reactions. 

The potential # of a half-cell reaction is a function of the water temperature and 

the concentrations of the ions and dissolved substances which take part in the reaction. 

At 25 C, the potential is 

> 0.05916 = one (5) 
n 

where E35, is the standard oxidation potential of the half-cell reaction at 25 C, n is the 

number of electrons transferred, and Q is the product of the activities of the reaction 

products divided by the product of the activities of the reactants. For details see 

Camp.! 

In the presence of dissolved oxygen, an oxide film will form in the anode. If this 

film stays intact, as 1t probably does over most of the metal surface, the metal which 

took part in the formation of the film becomes passive and can no longer take part in an 

anodic half-cell reaction. The film probably does take part in the cathodic reactions 

with further buildup of the film with precipitates. For corrosion to proceed, other 

anodic reactions must take place beneath the film where they are protected from dis- 

solved oxygen or other passivators such as NO», NO; , and Cr2O; ~, which form similar 

oxide films at the anode. Since Zn(OH). is quite soluble below pH 8.8, any film 

formed gives no protection below this pH. At higher pH values, the reaction may 

become so violent that the precipitate is pulled out of the metal surface in a fluffy white 

deposit of considerable thickness. 

At low pH values, the metals enter solution at the anode as positive ions, and at 

high pH values solid precipitates are formed at the anode. It is evident, therefore, 

that except in the case of Zn, corrosion may be retarded by anodic protection through 

a rise in pH value to plate out hydroxide, carbonate, or phosphate at the anode. The 

1 Camp, T. R., ‘‘ Water and Its Impurities,’ p. 145, Reinhold Publishing Corporation, New York, 
1963. 
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degree of protection furnished depends upon the effectiveness of the coating produced. 

Ferrous hydroxide formed on iron will probably oxidize in the presence of dissolved 

oxygen tc form ferric hydroxide, or ordinary iron rust, which is known to be a relatively 

poor coating. For all the metals, the most important cathodic reactions depend upon 

the presence of dissolved oxygen which enters into the reactions. In natural waters, 

the corrosion rate is almost directly proportional to the concentration of dissolved 

oxygen. 

In the corrosion of iron, it will be noted that ferric hydroxide (hydrous ferric oxide), 

or red iron rust, is usually formed at the cathode and it may be formed at the anode 

by oxidation of the hydrous ferrous oxide. Magnetic iron oxide, Fe;O;, sometimes 

found in rust deposits, is a mixture of ferric and ferrous oxides. Iron rust is a loosely 

formed crystalline structure which in water pipes sometimes contains organic deposits 

all of which are easily scoured from the metal surface during heavy drafts to produce 

red water. If permitted to grow unrestricted, rust may be built up into tubercles or 

blisters which restrict the area of the pipe and reduce its capacity. One of the princi- 

pal objects of corrosion abatement, therefore, is to inhibit the formation of iron rust. 

Bronze is a copper-tin alloy. Cast bronze contains about 85 percent copper, 

5 to 10 percent tin, and the remainder zinc and sometimes lead. Silicon-manganese 

bronze, which is quite strong, contains 96 percent copper, 3 percent silicon, and 1 per- 

cent manganese. Brass is a copper-zine alloy containing 60 to about 90 percent 

copper. Red brass with an 85:15 ratio is comparatively immune from dezincification. 

Manganese bronze is a 60: 40 brass modified in casting form with small amounts of iron, 

manganese, aluminum, and nickel for strength and hardness. Copper-nickel alloys, 

cupronickels with more than 50 percent Cu, and moneis with less than 50 percent Cu 

are very resistant to corrosion in both fresh and salt water. Stainless steel is an alloy 

of steel with Cr and Ni. It is highly resistant to corrosion over a wide pII range but 

should not be used in brackish or salt water because Cr forms a complex ion with Cl-. 

Ferrous chromite formed at the cathode in the corrosion of stainless steel is practically 

insoluble. 

When any metal, such as iron, is placed in contact with a more cathodic material, 

such as copper, the corrosion potential is greater than for a single metal. A galvanic 

cell is thus set up, and a form of corrosion known as electrolysis is produced. With 

steel in contact with brass, the corrosion rate of steel is approximately doubled and 

that of brass greatly reduced. If iron is in contact with a more anodic metal such as 

zinc, the zine tends to dissolve. Zinc coatings (galvanizing) on iron thus protect iron 

from corrosion until the coating is destroyed. Although zinc tends to dissolve faster 

than iron, protective coatings are produced by zinc in neutral waters which are more 

effective in retarding the corrosion of zine than the analogous compounds are in 

retarding iron corrosion. In the acid range, however, and in the presence of free 

COs, zinc galvanizing is not a very effective protection. 

Another form of electrolysis known as stray-current electrolysis is best exemplified 

by the corrosion of iron pipes laid in the soil near electric railway tracks. Direct 

current escapes from the rails, or is returned through both the rails and the soil, and 

flows from soil to pipe where the potential is in the proper direction and from pipe 

to soil where the potential is reversed. Where the positive current leaves the pipes, 

the iron goes into solution and pitting of the pipe results. With alternating current, 

the corrosive effect is usually less than 1 percent of that with direct current because 

of the counteracting effect of the reverse in potential. The effects of stray-current 

electrolysis on piping may be mitigated by (1) better bonding of rails, (2) track 

insulation, (3) reinforcement of rail conductivity, (4) increasing the number of power 

substations, (5) interconnection of tracks, (6) insulated negative feeders, (7) three- 

wire system, (8) reversed polarity trolley system, (9) double-contact conductor sys- 
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tem, (10) a-c system, (11) safe location of pipes with respect to rails, (12) insulation of 

pipes and cables, (13) insulating joints in pipes, and other methods. 

The grounding of electric circuits in buildings on water pipes for the safety of 

persons using the electrical equipment is widely practiced. No deleterious effects 

seem to result from this practice provided the connections do not result in the con- 

tinuous or intermittent flow of stray currents through the pipes under normal operating 

conditions. 
There are two general methods for minimizing or preventing the corrosion of metals 

in contact with water or moisture: (1) the protection of the metal itself by the applica- 

tion of a protective lining or covering, and (2) the treatment of the water to remove the 

agents contributing to corrosion or to form precipitates that act as protective films. 

Plastics, such as polyvinyl chloride, are highly resistant to disintegration over a wide 

pH range and are coming into use for plumbing systems. For metal tanks, pipe, 

and structures in contact with the air, water, or soil, protective coatings are used. 

They may be in the form of paints, bituminous coatings, enamels, alloys, zine coatings, 

rubber and plastic linings, cement linings, and concrete encasement. The corrective 

treatment of water is discussed in Sec. 38. 

Cathodic protection! is sometimes used for the interior wetted surface of steel 

water tanks. In this process, a direct current is passed continuously from anodes 

immersed in the water to the tank plates as cathodes. 

Rust tubercles in iron pipelines may be partly removed by pulling cleaners through 

the pipes or by water-driven turbine cleaners. A portion or all of the pipeline to be 

cleaned must be taken out of service during the cleaning operation. Pipelines have 

been restored to almost their original capacity by cleaning, but corrosion proceeds 

more rapidly after cleaning owing to the fact that the surface of the metal is exposed 

unevenly. Loose rust, growths, and sediment in pipes may be partly removed by 

flushing through fire hydrants or blowoffs. 

13. Pipe Linings and Protective Coatings. The AWWA Specifications (1964) for 

cast-iron pipe and fittings require a bituminous coating inside and out of either asphalt 

or coal-tar base. Coal-tar coatings are more durable than asphalt coatings for under- 

ground water pipes after the pipes are in service, but they are more subject to damage 

in shipping and handling the pipes because the temperature range between the brittle 

and softening points of coal-tar pitch usually does not exceed 45 F, whereas asphalts 

have a range of 120 to 130 F. Nearly all cast-iron water pipe is furnished with dip 

coatings unless more effective coatings are specified. Flanged pipe is commonly 

furnished without coating. 

The USA Standard Specifications (1953) for cement lining for cast-iron pipe call 
for minimum thicknesses of 1¢ in. for pipes to 12 in. in diameter, 34¢ in. for pipes 

14 to 24 in. in size, and 14 in. for pipes 30 to 48 in. in size. A satisfactory mortar may 

be obtained with 1 part Portland cement to 1 part sand by volume. Pipe to be lined 

with cement should not be precoated on the inside with tar or asphalt and should be 

cleaned thoroughly. New pipe is cement-lined at the foundry by the centrifugal 

process, the method being similar to that used in applying bitumastic lining. Fittings 

are lined by hand brushing. When water is first applied to cement-lined pipe, some 

free lime and other materials are leached out of the cement and cause hardness and 

alkalinity in the water. This effect usually lasts for only a few days but may continue 
if the water is soft and corrosive and result in the slow disintegration of the lining. 

Smaller pipes may be given hot-tar dip coatings after the cement lining has set, but for 

larger pipes the expansion due to the heat may result in breaking the bond between 

pipe and cement. Bituminous paint may be used with larger pipes. Cement lining 

of pipes in place may be accomplished by special machines. 

1 Hamitton, Water Works Sewerage, November, 1939, p. 433. 
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14. Capacity of Mains. The capacity of water mains is generally expressed in the 

United States in terms of the Hazen-Williams coefficient C. The 1935 Report! of the 

Committee on Pipe Line Friction Coefficients of the NEWWA contains a comprehen- 

sive summary of existing information on this subject. 
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Fic. 22. Summary of estimated and actual trends of age-coefficient relations for tar-coated 
cast-iron pipe. 

The average capacity of tar-coated cast-iron pipes of all sizes and their loss of 

capacity with age are shown in a general way in Fig. 22, taken from the Report. The 

effect of the pH value of the water upon the loss of capacity of tar-coated pipe is 

indicated by Table 8. The value of C adopted for the design of new tar-coated cast- 

TABLE 8* 
Average Capacity Loss in Tar- 

pH Value coated Cast-iron Pipe in 30 

of Water Years, % 

8.0 30 

Ted: 35 

7.0 45 

6.5 60 

6.0 85 

* J. NEWWA, 49, 235, 1935. 

iron pipelines is 135 for mains 16 in. and larger and 125 for smaller mains, which 
includes an allowance for friction due to tees, valves, bends, etc. 

For cement lining applied centrifugally to cast-iron pipe 4 to 24 in. in diameter, the 

data! indicate an average value of C of 184 based on nominal diameter and 150 based 

on actual net diameter. Service tests indicate very little loss of capacity with age, 

1J. NEWWA, 49, 235, 1935. 
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The data! on new bitumastic enamel, centrifugally applied, indicate values of C from 

145 to 160 for supply lines 16 in. and larger and from 140 to 150 for distribution mains 

less than 16 in. in diameter. Bitumastic lining if properly applied is effective in sus- 

taining hydraulic capacity, but experience indicates that it adheres better to steel than 

to cast-iron pipe, and for satisfactory adherence the metal surface must be thoroughly 

clean. Tests on Transite? and other asbestos-cement pipe indicate values of C from 

145 to 165. For design purposes, a value of C of 140 is recommended for Transite 

pressure pipe. The capacity of asbestos-cement pipe is expected to remain constant, 

for no deterioration was observed in some lines which had been in service for 16 years. 

A AAT AT AAD ADAP TLD AAAI AT a at a 

i 
Ce 

Fig. 23a. Corporation tapping machine. Fie. 236. Corporation tapping 
(Mueller.) machine with tapping tool in use. 

(Mueller) 

Measurements of head losses due to 6- and 12-in. bends, tees, and crosses in dis- 

tribution systems by Schoder and Vanderlip’ indicate that the additional loss in excess 

of that due to straight pipe is less than the velocity head for a single fitting even for 

the worst case of flow division. The average loss for 90-deg bends is about 0.1 the 

velocity head for AWWA standard long-turn bends and about 0.27 for short-turn 

bends. The average loss for crosses and tees with deviated flow is about 0.51 times 

the entry velocity head for AWWA standard long-turn fillets and about 0.57 for 

short-turn fillets. An investigation by Ricketts’ of the head losses between two points 

in a typical distribution system for both average and fire flows, in which the Schoder_ 

1J. NEWWA, 49, 235, 1935. 

2 McGinnis, J. AWWA, 26, 596, 1934. 

3 Cornell Univ. Eng. Expt. Sta. Bull. 20, September, 1935. 
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Vanderlip head-loss values for tees and crosses were used, indicated that the loss due 

to fittings was about 1.3 percent of the total loss and was about the same for both 

long and short types. A saving of 3 to 10 percent of the cost of fittings was indicated 

by the use of short instead of standard AWWA tees and crosses. From a study by 

Wiggin! of the economics of bends, the long-turn bends were shown to be more eco- 

nomical because of the reduced friction loss. 

15. Customers’ Services. Service taps 14 to 2 in. in size may be made to mains 

under pressure by means of corporation tapping machines (Fig. 23a). With such a 

machine held tight against the main, the pipe is drilled and tapped with a special tool 

(Fig. 236). The tool is then withdrawn above the flap valve, which is closed to prevent 

the escape of water, after which the tool is removed from the cylinder by unscrewing 

the cap. A corporation cock is then substituted for the tool in the boring bar, which is 

inserted in the cylinder, and the cap is screwed on. The flap valve is opened and the 

corporation stop is screwed into the pipe, after which the machine is removed. 

Fic. 24. Mechanical joint-tapping sleeve and valve and power-operated tapping machine. 
(A. P. Smith.) 

Taps 2 to 8 in. in size may be made to mains under pressure with the tapping 

machine shown in Fig. 24. This machine operates through a tapping valve which is 

held to the pipe permanently by means of a tapping sleeve, the service pipe being 

attached to the flanged end of the valve. Similar machines are available for making 

larger taps up to 42 in., the larger machines being power-operated. Most service taps 

are made with corporation tapping machines. ‘The larger taps are useful for large 

consumers, for fire-protection services, or for connecting new mains or hydrants into 

the system. 

Small service lines consist of corporation cocks with or without lead goosenecks, 

the service pipe to the curb at which point an accessible curb cock is usually placed, 

the service pipe into the building, the meter, and a stop-waste valve. The meter is 

preferably placed at the curb (Fig. 25a), except in very cold climates or where cellars 

are available. Goosenecks are for the purpose of providing flexibility to relieve strains 

due to unequal settlement. They are omitted with lead pipe and sometimes with 

copper tubing. Services should be deep enough to avoid freezing in winter. 

Small service pipes, 5g to 144 in., may be made of copper tubing, galvanized steel, 

wrought iron, and iron-pipe-size brass or copper, the preference’ in America being in 

the order named. For sizes 114 in. and larger, cast iron is also available, with and 

1 Cornell Univ. Eng. Expt. Sta. Bull. 20, September, 1935. 

2 AWWA C 800. 
3J. AWWA, 44, 1021, 1952. 
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without lining. The use of plastics for service pipes is also coming into more prominent 

use. The use of lead pipe is not recommended as advisable for use in underground 

service lines. Service pipes may be laid by excavation for the full length of the pipe, 

by boring under the pavement, and by jacking or driving the pipe under the pavement. 

Lead and copper tubing cannot be jacked. According to Pracy,! the relative costs of 

services installed in San Francisco under pavements where driving was used for iron- 

size pipes were as follows for several different materials in the order of increasing cost: 

Cover and /1d. 

CORR seam © 

Pavement 
or roadway 

(Corporation 
stop 

(a)-INSTALLATION FOR MODERATE CLIMATE 

Street /evel 

Extension service box 
’ Minneapolis pattern 

lh upper section 
(no inside rod) 

~<<Invertead key 
Minneapolis top 
curb cock 

(b)-INSTALLATION FOR COLD CLIMATE 

Fic. 25. Typical customers’ services. (Mueller.) 

(1) galvanized steel, (2) I.P.S. brass, (3) I.P.S. copper, (4) copper tubing, and (5) AA 

lead. Where no pavement was encountered, the relative costs were as follows: 

(1) copper tubing, (2) galvanized steel, (3) I.P.S. brass, (4) I.P.S. copper, and (5) AA 

lead. The type of material best suited for a given case depends not only on first cost 

but also on the corrosive qualities of the water and the soil. 

The size of services should be determined from the customers’ demand, the avail- 

able pressure, and the friction losses, but should preferably be not less than 34 in. 

Corporation cocks and meters? should preferably be the same size as the service, except 

that meters must also be selected for accurate registration at low flows and this pro- 

vision may call for a smaller meter. Friction losses in new services may be estimated 

by means of Table 9. 

1J. AWWA, 46, 775, 1954. 
2J. AWWA, 23, 1435, 1931. 
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ear train 

Measuring chamber 

Screen 

Fic. 26. Disk meter with open gear train and frostproof housing. (Neptune.) 

TasBLe 9. PressuRE Losses IN NEw SERVICES* 

Values of k in p = kQ? 

p = pressure loss, psi for @ gpm 

100 ft of service pipe Meter yokes 
Compres- 

Size, Corp. Curb |————————| sion stop- 

in. cocks 2 cocks : waste 

Copper | Lead SEN eet Straight Ham a valves 
iron iron horn 

ba OTOLGG ra. cee 0.40 abate all (Me Pekave at cet iiss cans wohene 0.011 0.036 0.031 

34 0.0095 | 0.15 0.16 OP LAENT irarererat OFGO8 2M Nyaa 0.013 0.020 

1 0.0029 | 0.04 0.045 OCs sly Etec OSOOLG? Varara-c asc ll) - xen 0.013 

Aas ase se OnO0S51|MOrOOS5 dlmeactres 0.01 
1 el ores 0700855 | O1O0G0" mmr. 0.004 

LIMON alle t or4e. O20008) |FOVO0083 |e 0.001 

* Compiled from data from Niemeyer and Bruhn, J. AWWA, 24, 631, 1932, and other sources. 
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16. Service Meters. Cold-water service meters serve two main purposes, to give 

a basis for charging for water used and to restrain waste. For the second purpose, it 

is highly desirable that all services be metered, both to restrain all customers from 

wasting water and to furnish a basis for detecting waste due to leakage from mains by 

balancing meter readings against total inflow. Service meters register continuously 

the total flow that passes through. The important characteristics of meters are 

accuracy and sensitiveness, durability, low pressure loss, cost, and ease and economy of 

maintenance. 

Meters are classified as displacement, current or velocity, compound and fire- 

service meters. Displacement meters are of the piston, rotary, and nutating-disk 

types and displace a fixed quantity of water with each stroke or revolution. They 

are made in sizes from 3¢ to 6 in. Displacement meters of the disk type (Fig. 26) 

are almost universally used on supply lines to dwellings. Current meters, operated 

Fie. 27. Compound meter. Disk meter above lever valve, current meter at left. 
(Hersey.) 

by the flow of water through a propeller or water wheel, are made in sizes from 114 

to 72 in. When a low friction loss is required, current meters of the proportional 

type may be used. In this type, only a portion of the water passes through the 

propeller, which is on a bypass, the remainder flowing through the main waterway, 

which contains a friction ring between the bypass connections. Current meters are 

not sensitive to small flows. Compound meters (Fig. 27) consist of a combination of a 

main-line meter of the current or displacement type for measuring large flows and a 

small bypass meter of the displacement type for measuring small flows, together with 

an automatic valve mechanism for diverting the small flows through the bypass meter. 

This valve remains closed for low flows. Compound meters are made in sizes from 116 

to 12 in. Fire-service meters (Fig. 28) are compound meters having the main-line 

meter of the proportional type. They are the type required by the Fire Underwriters 

on private sprinkler and fire-hydrant connections and are made in sizes from 3 to 12 in. 

In the disk-type meter, a disk (Fig. 26) moves in a circular chamber owing to 

the passage of water through the chamber on both sides of the disk. The motion 

of the disk is described as nutating or similar to that of a spinning top in dying except 

that the disk as a whole does not revolve. It is kept from revolving by a vertical 
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diaphragm fastened to the chamber which passes through a slot in the disk. Water 

enters the chamber on one side of the diaphragm and passes around the disk ball and 

out on the other side of the diaphragm. Disks are made of hard rubber, usually in 

three pieces which are held together by a threaded spindle. The top of the spindle, 

revolving around a pivot, drives the gear train (which may be either open or of the 

oil-enclosed type), which in turn drives the register in the top of the meter. Magnetic 

couplings to the gear train are coming into more prominent use, eliminating packing 

problems at the connection. Two types of meter housings are furnished, spht casing 

and frostproof. The bottom of a frostproof housing consists of a separate plate so 

bolted on that should the contents of the meter freeze the bottom will fail, with a 

minimum of damage to the working parts of the meter. 

¢ Fic. 28. Fire-service meter. Disk meter on bypass, proportional meter and automatic 

valve on main line. (Hersey.) 

The specifications for cold-water service meters of the AWWA and NEWWA 

(1964) require meters of all types to be designed for an operating pressure of 150 psi. 

Bronze or nonferrous material is required for measuring chambers and cages of all 

meters and for outer cases of disk meters 2 in. and smaller. Larger meters may have 

cases of cast iron with suitable protective coating. Gear trains and strainers are to be 

of nonferrous metal and measuring disks and wheels of vuleanized rubber. Registra- 

tion of new meters is required to be accurate within the normal test flow limits given 

in Table 10 to 1.5 percent for disk meters and to 3 percent for other types. The 

registered flow at minimum test flow must be not less than 95 percent of the actual 

flow for all types. The pressure loss at the upper normal test flow limit should not 

exceed 15 psi for disk meters | in. and less in size, 20 psi for larger disk meters, current 

and compound meters, and 4 psi for fire-service meters. 

The sensitiveness and accuracy of meters at low flows are very important. Most 

well-made modern disk meters will retain their accuracy fairly well within the normal 

test flow limits for 15 to 20 years, but their sensitiveness to low flows falls off with 

age. Hven new meters which conform to the preceding specifications for accuracy 

will fail to account for about 2 to 3 percent of the total water passed because of under- 

registration at low flows. Periodic testing of meters and repair of those which need 
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Taste 10. Trust Frow Limits ror Coup-waTER SERVICE METERS 

(In gallons per minute) 

Disk meters Current meters Compound meters Fire-service meters 

Size 

EY Minimum Nera Minimum Novmal Minimum Nomad Minimum 

ves ao test flow best tO) test flow rest Som test flow oe Bow test flow 
limits limits limits limits 

54 | 1 to 20 44 

3% | 2 to 30 4% 

1 3 to 50 34 

13¢| 5to 100 14% 12 to 100 if 2to 100 % 

2 8to 160 2 16 to 160 10 2to 160 Wg 

3 16 to 300 4 24 to 350 15 4to 320 1 8to 400 2 

4 28 to 500 as 40 to 600 20 6 to 500 144 8to 700 2 

6 48 to 1,000 12 80 to 1,400 30 10 to 1,000 3 16 to 1,600 4 

8 |v eka eress ee 144 to 2,500 50 16 to 1,600 4 28 to 2,800 7 

LOW lipase wees 224 to 3800 US 132 to 2,300 8 48 to 4,400 12 

12> il, feparsraenee +... 1320.to 5,800 100 (32 to 3,100 14 48 to 6,400 12 

16 400 to 11,500 150 

it are essential to minimize loss of revenue. The waterworks associations! recommend 

testing at intervals not exceeding 5 years for small meters and more frequently for 

meters larger than 1 in. Registers are available which may be read from outside of 

customers’ premises. These registers have a remote connection to a meter located 

within the building. 

Inlet annular chamber Throat annular chamber 

Inlet cone Outlet cone 

Throat lining 

ee N 

Low-pressure pipe connection 

High-pressure pipe connection 

Fie. 29. Cross section of typical Venturi meter. (B.I.F. Industries.) 

Tests of 824 5¢-in. meters of the open-gear type which had been in continuous 

service in Indianapolis? for periods up to about 20 years showed that the oldest group 

conformed to about 2 percent accuracy within the normal test-flow limits. At 

0.17 gpm, however, the registration varied from about 80 percent of the total flow 

for the 5-year-old group to only 41 percent for the 20-year-old group. The calculated 

unrecorded flow at the time these meters were removed was estimated at 5.4 percent 

1 See ‘‘Water Works Practice,’’ pp. 700, 707, American Water Works Association, 1929. 
2 NIBMEYER, Leso, and Horstman, J. AWWA, 26, 819, 1934. 
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for the 5-year-old group to 17.3 percent for the oldest group. Comparative tests 

indicated the superiority of oil-enclosed gear trains over open gear trains in sustained 

sensitiveness to low flows. The Indianapolis system is fully metered, 96.9 percent 

of the meters (in 1933) being 5¢-in. disk meters. It was estimated that about 6 per- 

cent of the unaccounted-for water was due to underregistration of meters. 
At Hartford,! where (in 1932) 87 percent of the meters are 5<- and 14-in. disk 

type and account for about 53 percent of the water revenue, studies of the rate of flow 

to a number of one-, two-, and three-family houses indicated that 27 to 50 percent 

of the total water was used at rates less than 1 gpm in houses with tank-type water 

ir valve 

Low-pressure well cap 

Chain spool 

Operating chains 
ee sure connection 

vere ease valve 
is Mercury check seat 

Low-pressure mercury well 

High-pressure connection 
Float 

Mercury 
<3 % 

Mercury checks 

High-pressure mercury well 
Mercury check seat Sp Marcin | 

Mercury U tube a et | 

Fic. 30. Instrument for converting differential static pressure to rate of flow reading 

(B.I.F. Industries.) 

es Mercury drain plug 

closets. At rates less than 2 gpm, 38 to 78 percent was used. In houses with flush- 

ometer closets, 10 to 33 percent was used at rates less than 1 gpm and 20 to 55 percent 

at rates less than 2 gpm. _ In tests of the accuracy of the meters in these houses both 

before and after repairing them, it was found that about 7 percent of the water was 

unrecorded before repair and about 2.3 percent after repair. 

Two types of meters in common use, in addition to the displacement meters 

described above, are (1) pressure-differential and (2) magnetic flowmeters. These 

meters are used extensively in larger water-supply mains or for applications where the 

rate of flow is to be determined. Pressure-differential meters include orifice plates and 

Venturi meters with numerous modifications. In a pressure-differential-type meter, 

the difference in static pressure between two cross sections of the meter is used to 

1 Griswoup and Gentner, J. NEWWA, 46, 288, 1932. 
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determine the rate of flow, which is indicated by means of a pointer or recorder or is 

totalized through appropriate instrumentation. With an orifice plate, the differential 

static pressure between taps upstream and downstream of the orifice is used to ascertain 

the rate of flow. 

A Venturi meter provides a more stable differential producer under a variety of 

approach conditions and produces a lower head loss than does an orifice plate. For 

these reasons, it is more commonly used in waterworks application than the orifice-type 

meter. The construction of a Venturi meter is shown in Fig. 29. 

Cover 

Electromagnets 

Core 

Insulating liner 

Cover 

Fig. 31. Magnetic flow transmitter. (The Foxboro Company.) 

The differential static pressure produced by either a Venturi meter or an orifice 

plate is applied to a manometer to indicate the rate of flow. Figure 30 shows a 

mercury manometer adapted to convert a pressure differential to an indication of flow. 

The position of the float causes the chain to rotate the chain spool, thereby positioning 

a pointer or activating a totalizer. 

A magnetic flowmeter has an advantage in that there is no constriction in flow and 

the friction loss is no more than that of an equivalent length of pipe. A magnetic 

flowmeter is very sensitive and is capable of measuring rapidly fluctuating rates of 
flow, as well as flow reversals. 
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A magnetic flowmeter is shown in Fig. 31. Electromagnets create a uniform field 

in the meter. A voltage generated by the movement of water, a conductor, through 

the magnetic field is determined from diametrically opposed electrodes mounted flush 

with the sides of the meter. The voltage thus measured is translated directly to the 

rate of flow. 

DISTRIBUTING RESERVOIRS 

17. Classification and Purpose. Distributing reservoirs are used for storing water 

within or contiguous to the distribution area. Such storage may be designated as 

elevated storage if it serves to control the pressure table and ground storage if the water 

must be pumped into the mains. Distributing reservoirs are of two general types: 

(1) surface reservoirs which have little or no elevation above the ground and which are 

usually constructed of earth or masonry or a combination of earth and masonry; and 

(2) elevated reservoirs built entirely above the ground such as standpipes and elevated 

tanks which are usually of steel, reinforced concrete, or wood. Many surface reser- 

voirs are built on hills and thus comprise elevated storage. Reservoirs are said to be 

“floating on the system’’ when the water enters and leaves by the same pipe. 

Distribution reservoirs serve a variety of purposes as described below. 

With regard to water quantity: 

1. Fire Storage. The immediate availability of large quantities of water within 

the system for fire fighting safeguards the community and results in lower fire insur- 

ance rates. Elevated storage is a more effective protection and results in lower 

insurance rates than ground storage. 

2. Storage for Fluctuating Demand. Reservoirs are filling when the rate of pump- 

ing or filtration exceeds the demand rate and are emptying when the reverse occurs. 

This action permits pumps and treatment plants to operate at constant rates through- 

out any one day and thereby allows the use of pumps and treatment plants of less 

capacity. Filtered water reservoirs come within this classification if the discharge 

from them fluctuates with the demand. 

3. Emergency Storage. The storage of sufficient water within the system gives 

protection against the failure of a supply conduit or intake delivering water to the 

system from a distant source. 

With regard to pressures: 

4. Equalizing Pressures in Distribution System. Reduction of the amount of 

fluctuation in pressure at points in the system due to fluctuating demand results in 

improved service to consumers and better pressures to fire hydrants. 

5. Raising Pressures at Remote Points. Location of elevated storage near points 

distant from pumping stations or main supply results in improved pressures during 

periods of peak demand. The same improvement may be accomplished with ground 

storage and booster pumps. 

6. Equalizing Heads on Pumps. Location of elevated storage near pumping 

plants results in more uniform pumping heads and permits the selection of pumps for 

and their operation at highest efficiency. 

Distributing reservoirs are built with and without covers. In order to prevent the 

contamination of the water from dust, fumes, bird droppings, algae growth, and other 

causes, it is highly desirable that distribution reservoirs be covered. This precaution 

seems particularly appropriate for waters that have already been purified at consider- 

able expense. Elevated tanks and standpipes are usually covered. Many small 

surface reservoirs are provided with concrete or wood covers, but many large surface 

reservoirs built in natural depressions at comparatively small expense are too large to 

be covered economically. Water from uncovered distribution reservoirs should be 

chlorinated from a public health standpoint. 
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18. Capacity and Location. The capacity required for distribution reservoirs is 

determined from their functions, 1, 2, and 38, above. The fire storage may be esti- 

mated from the population in accordance with the Underwriters’ requirements 

(Sec. 36). The storage required for fluctuating demand should be determined from 

the fluctuations on the maximum day and the proposed period of pumping or filtration. 

Wherever possible, filter plants should be operated throughout the 24 hr in order to 

secure uniformity of results, but since this requires several shifts it is not economically 

feasible in small towns. 

The storage required for hourly demand fluctuations is the maximum cumulative 

difference between the amount of water pumped or filtered and the water used. It 
may be computed or determined graphi- 

cally from either a mass or rate curve. 230 

For example, in the rate curve illustrated 
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Fic. 32. Storage for fluctuating demand. Fic. 32a. Storage for fluctuating demand. | 
Constant pumping rate throughout the One-shift pumping at constant rate from 
24 hr. 8 a.M. to 6 P.M. 

shift from 8 a.m. to 6 P.M., the storage being 48 percent of the daily demand for this 
case. 

The emergency storage should be determined from the estimated time required | 

to repair the supply works that have been damaged and to place them back into 

service. The amount will vary greatly with the length and size of the conduit and | 

the means by which and the extent to which the works are subject to damage. Such 

storage may vary from a few hours’ supply to several weeks’ supply. 
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The total amount of distribution storage required may be estimated from a 

reasonable combination of the three classes of storage, viz., fire, fluctuating demand, 

and emergency. A major fire may readily occur on a day of large demand, but it is 

quite unlikely that emergency storage will be required at the same time. If the 

conditions are such that the required emergency storage is very large in comparison 

to the sum of the other two classes, the latter may be neglected safely. 

The location of storage may be determined by the function of the reservoirs, the 

available sites, or both. Storage for the control of pressures should be elevated, and 

the location of reservoirs for this function should be within or near the regions where 

pressure improvement is desired. If there are hills in the proper location, surface 

reservoirs may be used; otherwise elevated tanks are required. Elevated storage is 

more effective if distributed strategically among a number of reservoirs, but the cost 

usually is greater than for a single reservoir. When a number of reservoirs are used, 

the capacity of each should be determined by the demand of the district it is intended 

to serve. 

19. Surface Reservoirs. Surface reservoirs are usually constructed partly by 

excavation and partly by building up of embankment. The most economical sites are 

usually those which require a minimum of excavation and embankment, such as the 

Eden Park Reservoir site at Cincinnati, which is a natural valley with a dam across it, 

or the Loudonville Reservoir at Albany, which consists of three basins built in natural 

depressions of glacial origin. An economical design for a given site is usually one in 

which the volume of excavated material suitable for embankment balances the volume 

of embankment. The bottom of a reservoir should be on firm virgin soil or in cut. 

The sides of a reservoir may be of earth or of masonry walls usually surrounded by 

embankment. In the former case, as much of the sides as feasible should be in cut. 

Slopes of cuts depend upon the material but should generally be not steeper than 1 to 

114. Sides constructed of earth embankment should be well compacted to minimize 

settlement which is particularly important if the basin is to be lined. A satisfactory 

method is to place the fill in 6- to 12-in. layers, each wetted and compacted by rolling. 

Interior slopes of embankments should preferably be 1 to 2 or flatter. Embankment 

placed around structurally independent masonry walls does not require careful com- 

pacting for settlement is of less importance. For more detail on methods of con- 

struction of earth embankment, see Sec. 14. 

If it is economically feasible, surface reservoirs should be lined to protect the 

quality of the water and to prevent leakage or inflow of groundwater. Reinforced 

concrete is invariably used for lining in new construction. Bottom linings consist of 

reinforced-concrete slabs 114 to 12 in. thick, usually provided with contraction joints 

to care for shrinkage and expansion of the concrete. If the side walls of the basin 

are of earth, the interior slopes may be lined in the same manner; but particular 

care should be taken with the joints on embankment slopes. 

Concrete side walls may be designed as cantilever retaining walls, counterforted 
walls, vertical slabs supported top and bottom when a concrete roof is used, and as 

ring-tension cylindrical walls for small circular reservoirs. Figure 33! is an example 

of a circular covered reservoir in which the wall is designed as a vertical cantilever 

retaining wall. In ring-tension reservoirs, sufficient horizontal steel is placed in the 

circular wall to take the entire water load in tension. Since the concrete cannot take 

tension, it tends to crack and is thus subject to leakage. There is some cantilever 

action? in ring-tension walls because of the restraint at the bottom. In some cases 

where embankment is placed against concrete reservoir walls, the passive earth pressure 

is relied upon to assist the wall in carrying the water load. This practice may be 

1Uuuricu, Hng. News-Record, 109, 63, 1932. 
2 See Crist, J. AWWA, 26, 39, 1934. 
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unsafe owing to the possibility of shrinkage of the embankment away from the wall or 

of its subsequent removal for placing pipelines or for other causes. Walls should be 

designed strong enough to withstand full water pressure without supporting embank- 

ment and full embankment pressure with the reservoir empty. 

Provisions should be made to drain off water that leaks through linings and to 

prevent the groundwater table from rising above the reservoir bottom; otherwise the 

lining may be ruptured by the upward water pressure when the basin is emptied. 

To accomplish this purpose, open drains are usually placed under the lining at the 

bottom of side slopes and at intervals under the bottom lining, preferably near and 

Feeder line jin ile 
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Fig. 33. Equalizing reservoir at Provo, Utah. (Ullrich.) 

parallel to joints. Drain pipes should be surrounded by gravel or crushed stone, and 

in some cases it is desirable to place the side slope lining upon a layer of well-compacted 

gravel. 

Surface-reservoir covers are now generally made of reinforced concrete except that 

wood roofs are sometimes used where funds are scarce. Flat-slab construction such 

as is shown in Fig. 33 is widely used and is economical. It is desirable that concrete 

roofs be covered with a layer of earth for the protection of the concrete and to equalize 

the temperature of the water in the basin. It is also desirable that reservoirs be 

constructed in two or more parts so that repairs may be made to one part without 

taking the entire reservoir out of service. Inlet and outlet pipes should be so arranged 
that the water circulates through the reservoir, particularly if the basin is large. 

The proper depth for a reservoir depends upon its function, the site, and the cost. 

Reservoirs for pressure control should be shallow in order to minimize fluctuations in 
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I'ta. 34. A 3-million-gal standpipe with ornamental cupola and pilasters in Madison, Wis., 

73 ft in diameter by 90 ft high. (Chicago Bridge and Iron Co.) 

a 

GEL a ee ee 
; : 4 CE src 

‘ han wae sists 

Fig. 35. Prestressed-concrete water-storage tank. (Natgwn.) 
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pressure. According to Turneaure and Russell,! the economic depth of a surface 

reservoir based upon first cost varies approximately as the fourth root of the capacity. 

In practice, depths vary from 10 to about 35 ft, usually increasing with the capacity. 

20. Standpipes and Elevated Tanks. Circular reservoirs built above the ground 

surface for which the height exceeds the diameter are called standpipes (Fig. 34). 

! Public Water Supplies,”’ p. 619, John Wiley & Sons, Inc., New York, 1940. 





DISTRIBUTING RESERVOIRS 37-57 

They are built of either steel or reinforced concrete, steel being more generally used 

because of the difficulty of securing watertightness in concrete shells with relatively 

high heads. Except for emergency use the water in the bottom of a standpipe used 

for elevated storage is usually not available as storage because distribution-system 

pressure requirements limit the allowable fluctuations in water level to 25 or 30 ft. 

The bottom part of the standpipe shell therefore serves mainly to support the upper 

useful portion of the standpipe; and standpipes become uneconomical when their 

height is such that the tower structure of an elevated tank becomes cheaper than the 

supporting part of the standpipe shell. 
rs 

Fia. 37. A 3-million-gal spheroidal tank at Sacramento, Calif., 77 ft to bottom. It is 
designed for a 6 percent earthquake factor. (Chicago Bridge and Iron Co.) 

Prestressed-concrete water-storage tanks, shown in Fig. 35, are usually constructed 

of either a concrete core wall on which circumferential, and possibly vertical, pre- 

stressing steel is placed, or a concrete core wall with a sheet-steel diaphragm and 

circumferential prestressing steel. Criteria for the design of these tanks have been 

proposed.! It is recommended that the tank incorporate the sheet-steel diaphragm, 

which should be interlocked and sealed by a suitable plastic material. 

After the concrete core wall has been completely formed, the steel wire, initially 

stressed to 140,000 psi, is wrapped circumferentially around the tank. Subsequent 

physical changes reduce this stress to about 105,000 psi. The spacing of the wire is 

determined by the expected depth of water and is increased with depth. A final 

coat of mortar is applied to the prestressed wire to prevent corrosion. 

The design of prestressed-concrete tanks is based on the desirability of having the 

concrete wall of the tank always in compression. By keeping the concrete wall in 

compression, cracking and the subsequent leakage are reduced. High-strength steel 

1 Suggested Specifications for Prestressed Concrete Water Storage Tanks, J. NEWWA, 76, 363. 

962. 
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wire is used to introduce a compressive force to the concrete which Is greater than the 

maximum tensile force due to water pressure when the tank is filled. The use of 

pneumatically placed mortar, precast-concrete panels, and sliding joints has been 

developed in recent years to improve the design of these tanks. 

Steel is the most satisfactory material for elevated tanks. Elevated tanks are 

widely used for elevated storage with capacities up to 4,000,000 gal. 

The commonest design for elevated steel tanks is illustrated in Fig. 36. Type I 

illustrates a tank with both an ellipsoidal bottom and top, and is available in capacities 

up to 500,000 gal. The design utilizes a relatively large diameter for the depth, which 

tends to minimize the variation in water pressure as water is consumed. 

Available in the same capacity range is the Type I] tank. This tank consists of a 

sphere for capacities up to about 250,000 gal, or a spheroid for capacities up to 500,000 

gal. Access to the top is by means of a ladder within the column. Accessories such as 

level controls or pumps are often housed in the tank house. 

Type II] and Type IV tanks are quite similar in design and range in capacity from 

about 200,000 to 4,000,000 gal. The Type III tank has a spheroidal or torus bottom 

and a cylindrical section between the bottom and the roof. The Type IV tank, shown 

in Fig. 37, has a spheroid or torospherical shape. Both types are supported by a circle 

of cylindrical columns with a central riser pipe. 

The Type V tank is of a radial-cone design. The tank is supported by radial 

girders which are in turn supported by cylindrical columns and the central riser. The 

capacity range for Type V tanks is similar to that of Type III or IV. 

21. Appurtenances and Regulating Devices. Distributing reservoirs are usually 

provided with automatic altitude valves which shut when the water level reaches a 

predetermined maximum. In ease of failure of the altitude valve, an overflow should 

be provided which leads to a drain or other suitable outlet. The capacity of the 

overflow should be equal to the maximum rate of inflow to the reservoir. Suitable 

valves should be provided on inlet and drain pipes so that reservoirs and tanks may be 

emptied for repairs or painting. 

Many types of water-level indicators are available for reservoirs and tanks. The 

simplest type for elevated tanks consists of a float attached by wire or chain over a 

pulley to a telltale on the outside. Float gages are very accurate, except in very cold 
weather when ice on the water surface may interfere with their operation. Both 

float and hydrostatic water-level gages may be equipped for remote recording, so that 

pumping-station operators may follow the performance of the reservoir. Telephone- 

company wires are often used for transmitting signals indicating the liquid level in a 

reservoir. It is sometimes desirable that altitude valves be wired for remote control 

so that they may be operated either automatically or from the pump station. Remote 

recording of the position of the altitude valve in automatic operation is also helpful to 
pump-station operators. 
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WATER TREATMENT 

By Tuomas R. Camp 

The treatment of water to improve its sanitary quality is called water purification. 

Purification consists primarily of the removal or destruction of bacteria and the 

removal of turbidity and color. It is accomplished by sedimentation, filtration, 

and disinfection; with or without pretreatment of the water by chemical coagulation. 

A complete plant for this purpose is known as a purification or filtration plant or, 

more broadly, a treatment plant. In modern treatment plants, many other processes 

not related to sanitation are applied to the improvement of water quality to meet the 

exacting requirements of the consumers. ‘These processes include corrective treat- 

ment to retard corrosion, removal of iron and manganese, removal of odors, softening, 

and demineralization. 

QUALITY OF WATER 

1. Composition. The quality of natural water depends upon its content of 

impurities. Water itself is an associated liquid consisting of single molecules of 1.0, 

groups of such molecules, and hydrogen and hydroxylions H* andOH~. The impuri- 

ties in water occur in three progressively finer states of subdivision, suspended, 

colloidal, and dissolved, which are of significance in that they influence the methods 

required for the removal of the impurities. The total amount of solid impurities in ¢ 

water is obtained by the total-solids! test, in which a sample of unfiltered water is 

evaporated and the residue weighed. The result is expressed in parts per million by 

weight, or milligrams per liter, and it includes suspended, colloidal, and dissolved solids. 

A suspension is a dispersion of solid particles that are large enough to be removed 

by filtration or settling. Such particles are macroscopic and contribute turbidity 

to the water. The concentration of suspended matter in water is measured by its 

turbidity or by the suspended-solids analysis. The turbidity of a water is its capacity 

for absorbing or scattering light and is measured by the concentration of fine silic: 

in ppm which produces an equivalent effect. The suspended-solids content of a 

water is the concentration in ppm by weight of solid matter removed from the water 

by filtration through a Gooch crucible or filter paper. There is no definite relation 

between suspended solids and turbidity inasmuch as the latter is influenced by the size 

and character of suspended particles as well as their concentration by weight. The 

ratio of the suspended solids to the turbidity, called the coefficient of fineness, is a 

measure of the size of particles causing turbidity, the particle size increasing with the 

coefficient of fineness. The suspended-solids determination is widely used for con- 

centrated suspensions such as sewage but is difficult to apply to relatively clear water 

and therefore is not commonly used in routine water analysis. 

A colloid, or sol,” is a finely divided dispersion of one material called the dispersed 

phase in another called the dispersion medium. An aqueous suspensoid colloid is a 

1 for analytical methods, see ‘Standard Methods for the Examination of Water and Wastewater,”’ 

American Public Health Association, 1965. 
2See Kruyvr and Van Ktoosrer, ‘Colloids,’ John Wiley & Sons, Inc., New York, 1930; and 

Werser, ‘Inorganic Colloid Chemistry,’ John Wiley & Sons, Inec., New York, 1935. 
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water sol of solid particles that are too small to be removed effectively by ordinary 

filters and which are so small that they exhibit Brownian motion (7.e., they diffuse) and 

that the electric charges on their surfaces are large enough in comparison with their 

mass to cause the particles to repel one another when they move within the sphere of 

action of each other’s charges. The electric charge is due to the presence of adsorbed 

ions on the surface of the solid, and the sign of the charge is determined by the material 

of the particle and the pH value and ion content of the liquid. Neutral or acid mate- 

rials such as silica, glass, and most organic particles tend to acquire negative charges in 

neutral water; whereas basic materials such as the metallic oxides Al,O3 and Fe,O3 tend 

to be positively charged. Many colloidal particles also adsorb water, and when the 

amount of adsorbed water is large as compared with the solid matter in the particle the 

colloid is called an emulsoid. Most of the properties of colloidal particles are due to 

their size. The upper limit of the size of colloidal particles varies widely with the 

character of the particle but is approximately lw (lu = 1 micron = 0.001 mm). The 

lower limit of size is approximately that of single molecules of the substance, or about 

1 myu (1 mu = 1 millimicron = 0.001). 

Colloidal particles cannot be seen with the naked eye except with the aid of a 

Tyndall cone of light. In ordinary light, a suspensoid appears clear but is usually 

colored. Most of the color of water is due to the presence of colloidal particles, but 

some colloids such as silica are colorless. There is no convenient means in routine 

laboratory technique for measuring the amount of colloidal matter in water, but the 

color test is an indication of the concentration of certain types of colloidal matter. 

The color of a water is the amount of platinum in platinum-cobalt color standards 

expressed in ppm required to match the strength of color of the water. In order to 

remove colloidal particles from water, they must first be combined into larger particles 

by coagulation, after which settling and filtration are effective. Some color may also 

be removed by adsorbents or by chlorination. 

A solution is a molecular or ionic dispersion. Solids, liquids, and gases are dis- 

solved in natural waters. Some substances, particularly organic compounds, remain 

in solution largely as molecular dispersions. Other substances, the strong electrolytes, 

ionize completely when they are dissolved in natural water. Practically all inorganic 

rocks or salts found in true solution in natural waters are fully ionized in the concentra- 

tions in which they normally occur. The concentration of total dissolved solids,! 

usually expressed in ppm, is obtained by weighing the residue after evaporation of the 

water from a filtered sample. The determination will include colloidal matter if 

present. Substances in true solution may be removed from water in a variety of ways. 

Some dissolved solids may be removed by adding a chemical that reacts with the 

soluble substance to form a precipitate, the precipitate being subsequently coagulated 

and removed by sedimentation and filtration. Some dissolved substances may be 

removed by an exchange process with zeolites or ion-exchange resins and some by 

adsorption on activated carbon or other adsorbents. Still another method is aeration 

for the liberation of gases and volatile and odoriferous substances and to capture 

atmospheric oxygen for the precipitation of iron. 

Most of the substances that occur in natural waters are shown in Table 1. These 

substances do not all occur in a single water, and their concentration varies widely 

for different waters. Some substances of sanitary significance occurring in water 

because of artificial contamination, such as detergents, radioactive impurities, pesti- 

cides, phenols, and cyanides, are not specifically included in the table. Other sub- 

stances, such as the secretions of certain microorganisms which cause odors but which 

occur in such minute amounts that they cannot be detected by chemical analysis, are 

1“ Standard Methods for the Examination of Water and Wastewater,’’ American Public Health 
Association, 1965. 
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TaBLE 1. SuBsTANcES OccuRRING IN NatTuRAL WATERS 

Dissolved 

Sub- s : 
us pended Colloidal 

stance 

Not ionized Positive ions Negative ions 

Calcium, Bicarbonate, 

Catt (40) HCOs;- (61) 
Magnesium, Sulphate, 

Megt?+ (24.3) SO.4-~ (96) 

Sodium, Chloride, 

Nat (23) Cl- (85.5) 

Potassium, Nitrate, 

KES (S9e) NOs; (62) 
Clay Clay Iron, Carbonate, 

Of Sand Silica, SiOz Fet+ (55.8) CO;3~~ (60) 

mineral | Other inorganic | Iron Oxide, Manganese, Hydroxyl, 

origin soils Fe.0; Mnt+ (54.9) OH™ (17) 

Alumina, Al2O; Hydrogen, Silicate 

Manganic oxide H+ (1) HSiOs~ (77.1) 

MnO2 Borate, 

H2BOs- (60.8) 
Phosphate, 

HPO; — (96) 

H2PO« (97) 

Todide, 

I- (126.9) 

Fluoride, 

F- (19) 

Vegetable color- Nitrate, NO;~ 

ing matter 

Organic wastes Nitrite, NO2- 

Of Organic soil Vegetable color- | Ammonia, Ammonium, Hydroxyl, OH~ 

organic (topsoil) ing matter NH;sOH NHat Bicarbonate, 

origin | Decomposing Organic wastes Carbonic acid, Hydrogen, H+ HCO;3- 

organic wastes H2CO3 

Other organic 

acids Other organic acids 

Free carbon 

dioxide, CO2 

Oxygen, O2 

Nitrogen, Ne 

Hydrogen, H2 

Gases Hydrogen sul- 

phide, H2S 

Methane, CH, 

Sulphur dioxide, 

SO» 

Ammonia, NH3 

Odorivectors 

Living Fish life Bacteria, viruses 

organ- Algae, diatoms | Algae, diatoms 

isms Minute animals | Minute animals 

Figures in parentheses after the ions are the ionic weights. 
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not shown. Their presence and concentration are indicated by odor! measurements. 

Several other substances of some sanitary significance, such as lead, copper, zinc, and 

chlorine, Clo, which enter water because of treatment or from the pipes of the dis- 

tribution system, are not shown since they do not usually occur in natural waters. 

For methods of identification and measurement of concentration of the various 

impurities in water, see “Standard Methods for the Examination of Water and 

Wastewater.’’! Living microorganisms are identified and counted in accordance with 

the microscopic and bacteriological examinations. Chemical substances are deter- 

mined from the sanitary chemical and mineral examinations. A mineral analysis is 

preferably stated in terms of the concentration of the ions. The sum of the milli- 

equivalents of basic radicals (positive ions) equals the sum of the milliequivalents of 

acid radicals (negative ions) in an accurate analysis. The milliequivalent of an ion is 

equal to its concentration in ppm divided by its combining weight. The combining 

weight is the molecular or ionic weight divided by the valence. The valence of an ion 

is indicated by the number of charges. The molal concentration of a substance 

(designated [A] for substance A) is its concentration in ppm divided by its molecular or 

ionic weight and multiphed by 107°. 

2. Ionization and pH Value. Water ionizes in accordance with the following 

reaction: 
HO] He > Os (1) 

The reaction goes to the right very slightly, only one out of every 555 million H,O0 

molecules being dissociated in pure water. The law of mass action applied to the 

dissociation of water is approximately 

HEL tO ie [ee Kis (2) 

Kw is called the ion product of water, and its value is 107}4-° at 25 C. In pure water at 

25 C, both the hydrogen-ion concentration {H*] and the hydroxyl-ion concentration 

[OH-] are equal to 1077. Experimental values? of A, for various water temperatures 

are shown in Table 2. 

TasBiLe 2. JON PrRopuct or WATER 

emp Cen sass tamtete 0 10 20 25 30 40 50 60 80 100 

WG ge CaN is an er A O.11 | 0229 | O68 | 100) | 1547 | 2.901 | 5°48 | 965 23 52 

A substance that dissolves in water to yield H+ or to add to itself OH is called an 

acid. Both these reactions, examples of which are shown below, increase the [H*] and 

decrease the [OH]. 

HCl @ H+ + Cl- (3) 
C0; -> OB; = HCOzs (4) 

Note: Reaction (4) may also be written CO2 + H.0 @ H.CO;3 @ H+ + HCO;-. 

Conversely, a substance that dissolves in water to yield OH~ or to add to itself H* 

is called a base, or alkali. Typical reactions are as follows: 

NaOH @ Nat + OH- (5) 
Na.CO;3 S 2Nat + (COnma= (6) 

and (CO7mm + Tei HCO;7 

1 American Public Health Association, 1965. 

2 Camp, T. R., ‘Water and Its Impurities,”’ p. 56, Reinhold Publishing Corporation, New York, 1963. 
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A substance that ionizes in a manner which does not affect the [H*] is called a salt. 

An example of such a reaction is 

Nal Clea Oli a) 

It follows that at 25 C a solution is acid when [H*] is greater than 10-7 and basic 

when [H*] is less than 1077. For convenience, the exponent of 10 without sign, 7.e., 

the logarithm of the reciprocal of the hydrogen-ion concentration, is used to express the 

acidity or alkalinity of a solution. This figure is known as the pH value. A solution 

with a pH of 7.0 is neutral. Solutions with a pH value less than 7 are acid and greater 

than 7 are alkaline. Most natural waters have pH values between 6 and &. Note 

from Table 2 that the neutral [I1*] changes with the water temperature, being 1.21 X 

10~7 at 30 C, for example. 

The pH value of dilute solutions of strong acids and bases in pure water may be 

computed from the amount of the material in solution, as strong electrolytes ionize 

completely in dilute solutions. For example, a 0.001N solution of HCl or any other 

strong acid in pure water at 25 C has a [H*] of 10-4 and the pH is 3. The pH value of 

solutions of weak acids and bases in pure water cannot be computed directly from the 

amount of material in solution, for the compounds are not fully ionized. In this case, 

it is necessary to take account of the ionization constants of the material and water. 

If a strong acid is added to water containing I1CO;-, the change in [H*] is not propor- 

tional to the amount of acid added. As the acid is added, the bicarbonate ionizes in 

accordance with reaction (4) and the OH~ liberated reacts with the H+ from the acid 

to form water. A similar phenomenon occurs when a strong base is added to water 

containing HCO;-. In this case, as the OH~ is increased by the base, the bicarbonate 

lonizes as follows: 

oo HCOcs maa Ble + CO:an ( ) 

The H* liberated in reaction (8) combines with the OH” of the base to form water. 

This phenomenon is called buffer action, and a buffer solution is one in which the 

change in [H*] upon the addition of an acid or base is less than would be expected 

from the ionizing characteristics of the substance added. The buffer acts as a reser- 

voir of acidity or alkalinity to oppose changes in the pH value. Weak acids or bases 

exhibit buffer action. The pH value of a buffered solution may be computed by the 

simultaneous solution of equations involving the concentrations of all the substances 

in the water, including the ions, and the ionization constants. 

The pH of a solution may be determined by test! electrometrically or colori- 

metrically. 

3. Alkalinity and Hardness. The alkalinity! of a water represents its content of 

OH or of other ions that combine with H* upon the addition of acid. The most 

important of these other ions is HCO ;~, which is usually present in considerable quan- 

tity. In alkaline waters, normal carbonate, CO3~~, is a source of alkalinity since it 

forms HCO;~~ upon the addition of acid. Borates, silicates, and phosphates also 

cause alkalinity, but they are usually not present in natural waters in appreciable 

quantities. Alkalinity is measured by titration with acid. The amount of acid 

required to bring the water to pH 4 expressed in ppm of equivalent CaCQs 1s called the 

total, or methyl orange, alkalinity. If the water is alkaline, the amount of acid required 

to bring the pH down to 8 expressed in ppm of equivalent CaCO; is called the phenol- 

phthalein alkalinity. Methyl orange and phenolphthalein are indicators that have 

significant color changes at about pH 4 and pH 8, respectively. 

1“Standard Methods for the Examination of Water and Wastewater,’’ American Public Health 

Association. 
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Alkalinity is commonly differentiated into three kinds: hydroxide or caustic 

alkalinity, carbonate alkalinity, and bicarbonate alkalinity. Caustic alkalinity is 

caused by OF, and it is negligible ((OH~] = 0.34 ppm or 1 ppm as CaCO; at pH 9.3) 

at pH values less than 9.3. The relation between the carbonate and bicarbonate 

alkalinity and the relation between the bicarbonate and the free CO» are functions of 

the pH value. The mass-action relation for Eq. (8) is 

[H*][CO3~—] = =11 —10.32 c HCO.) 4.69 X 10-1 or 10719? at 25 C (9) 

and for Eq. (4) with the OH~ expressed in terms of Ht it is 

[H*][HCO; ] = LG -7 —6.37 [CO,] 4.31 X 10-7 or 10 at 25 C (10) 

The numerical value of the exponent of 10 in the preceding ionization constants! 

is increased by about 0.01 for each degree centigrade decrease in temperature and 

je 
0.0] 0.1 ete Ie) 100 1000 

Dissociation ratio 

Fie. 1. Bicarbonate ionization at 25 C. 

appears to be decreased slightly by increase in concentration of total dissolved solids. 

Langelier notes a decrease of about 0.01 in the exponent of the constant of Eq. (9) 

for each 100 ppm of total solids. 

The significance of these equations is shown graphically in Fig. 1. The ratio of 

the CO;~~ alkalinity to the HCOs;~ alkalinity is twice the corresponding dissociation 

ratio, as shown on the figure, and the ratio of the HCO;~ alkalinity to the free CO» 

1 See LANpotr-BornstEIn, ‘‘Physikalischchemische Tabellen,”’ Springer-Verlag OHG, Berlin, 1923. 
Also MacInnes and Bexcuemr, J. Am. Chem. Soc., 55, 2630, 1933; and LancEuigER, J. AWWA, 28, 1500, 
1936. 
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expressed as CaCQ; is one-half the corresponding dissociation ratio. It will be noted 

from the figure that, in titrating an alkaline water with acid, at pH 8 practically all 

the CO3~~ has been converted to HCO;~ and at pH 4 practically all the HCO;~ has 

been converted to free CO2. A water must be caustic with a pH above 12 in order to 

convert practically all the HCO; to CO3-~. 

The hardness! of a water represents its content of metals which form precipitates 

under the normal conditions of use of the water. These include all the metals of 

Table 1 except Nat and K* whose salts are all soluble. Most of the hardness of a 

water is due to the presence of Cat+ and Meg**, for these elements occur in substantial 

amounts. Hardness, like alkalinity, is expressed in ppm as CaCO;. It is objec- 

tionable principally because of soap waste and boiler scale. The hardness metals 

form insoluble precipitates with soap, and a lather cannot be obtained until all the 

hardness has been so precipitated. The precipitated hard soap, moreover, may form 

stains upon fabrics being laundered, particularly if Fe and Mn are present. Precipi- 

tated hard soap is no longer an important problem because of the widespread use of 

synthetic detergents which cannot be precipitated by the polyvalent metals. Boiler 

scale is obtained by the precipitation of the metals as salts (principally carbonates, 

sulfates, chlorides, and nitrates) owing to their increased concentration upon the 

evaporation of the water. If the hardness is less than 100 ppm, a water is generally 

considered soft, but for efficient boiler use and for certain industrial processing purposes 

demineralized waters of zero hardness are desirable. The hardness of many waters of 

the Middle West in the United States exceeds 500 ppm, whereas the hardness of many 

waters on the Eastern seaboard is less than 50 ppm. 

4. Sanitary Significance of Impurities. The impurities of greatest sanitary signifi- 

cance in water to be used for drinking purposes are the pathogenic bacteria and other 

pathogenic microorganisms. The most serious water-borne diseases are cholera in the 

Old World and typhoid fever in America, but other important human diseases, such as 

infectious hepatitis, dysentery, and diarrhea, are known to be water-borne, and still 

others may be. The isolation of the causative organism of these diseases from water is 

impractical in routine water examination. Because these diseases are of intestinal 

origin and the source of the germs in water is human excreta, the presence of sewage 1n 

water is evidence of the possibility of the presence of infectious organisms. The 

presence of coliform bacteria whose normal habitat is the intestinal tract of man and 

other mammals is the best evidence of sewage pollution. 

The 1962 U.S. Public Health Service Drinking Water Standards? for water used for 

drinking and culinary purposes on interstate carriers, which standards have been 

adopted by many public health authorities and are widely used, require an arithmetic 

mean coliform density not exceeding 1 per 100 ml of water for all samples collected in 

any one month. Other requirements of the U.S. Public Health Service Standards are 

as follows: 

Physical characteristics: 

1. Turbidity should not exceed 5 units. 

2. Color should not exceed 15 units. 

3. Threshold odor number should not exceed 3. 

Chemical substances: 

1. Alkyl benzene sulfonate (ABS) should not exceed 0.5 mg/l. 

2. Arsenic (As) should not exceed 0.01 mg/l and shall not exceed 0.05 mg/l. 

1“Standard Methods for the Bxamination of Water and Wastewater,’’ American Public Health 

Association. 

2 U.S. Public Health Serv. Publ. 956, 1962. 
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3. Barium (Ba) shall not exceed 1.0 mg/l. 

4. Carbon chloroform extract (CCE) should not exceed 0.2 mg/l. 

5. Cadmium (Cd) shall not exceed 0.01 mg/l. 

6. Chloride (Cl) should not exceed 250 mg/l. 

7. Chromium, hexavalent (Cr*®), shall not exceed 0.05 mg/l. 

8. Copper (Cu) should not exceed 1.0 mg/l. 

9. Cyanide (CN) should not exceed 0.01 mg/l and shall not exceed 0.2 mg/l. 

10. Fluoride (F), when naturally present, should not average more than 0.8 mg/1 

and shall not average more than 1.4 mg/l where the annual average of maximum daily 

air temperatures range from 79.3 to 90.5 F, with increases in recommended and 

allowable average fluoride contents for colder climates up to 1.7 mg/l and 2.4 mg/l for 

air temperatures from 50.0 to 53.7 F. Where fluoridation is practiced, the fluoride 

concentration shall be controlled between 0.6 and 0.8 mg/l] for air temperatures from 

79.3 to 90.5 F up to between 0.9 and 1.7 mg/I for air temperatures from 50.0 to 53.7 F. 

11. Iron (Fe) should not exceed 0.8 mg/l. 

12. Lead (Pb) shall not exceed 0.05 mg/l. 

13. Manganese (Mn) should not exceed 0.05 mg/I. 

14. Nitrates (NO;) should not exceed 45 mg/l. 

15. Phenols should not exceed 0.001 mg/l. 

16. Selenium (Se) shall not exceed 0.01 mg/l. 

17. Silver (Ag) shall not exceed 0.05 mg/l. 

18. Sulfate (SO,) should not exceed 250 mg/l. 

19. Total dissolved solids should not exceed 500 mg/l. 

20. Zine (Zn) should not exceed 5 mg/l. 

21. Radium 226 and strontium 90 should not exceed 3 and 10 micromicrocuries/I, 

respectively. 

22. Gross beta concentrations, in the absence of strontium 90 and alpha emitters, 

should not exceed 1,000 micromicrocuries /l. 

Nore: Concentrations of substances in excess of the above specified limits con- 

stitute grounds for the rejection of the water supply if the limits are prefaced by the 

words “shall not exceed.”’ 

Many of the requirements of the U.S. Public Health Service Standards have no 

health significance, although they are of aesthetic importance. The presence of too 

much Pb may result in lead poisoning. Lead is not present in natural waters but may 

enter the water in wastewaters and by solution from lead services and plumbing sys- 

tems if the water is corrosive to lead. Arsenic, barium, cadmium, selenium, and 

hexavalent chromium are all toxic, and their concentrations must be limited. The 

toxicity! of copper to man has been the subject of much discussion, but it appears that 

Cu in solution is not injurious to man up to concentrations of about 20 ppm, although 

much lower concentrations are toxic to microorganisms and fish. The taste of water 

becomes disagreeable when the Cu content exceeds about 1 ppm, and blue-green stains 

will appear on plumbing fixtures. 

Zinc? appears to be safe in drinking water up to concentrations of about 40 ppm 

but at concentrations exceeding about 5 ppm may impart a milky appearance and an 

astringent taste to the water. Too much MgSO, (Epsom salt)? and NasSO, (Glauber’s 

salt) in water produces laxative effects, NaCl and NaNO; tend to produce thirst, and 

carbonates and hydroxides tend to neutralize the acid of the stomach. Iron is bene- 

ficial to the health, but it is objectionable because of red water and stains. Manganese 

is more objectionable than Fe because of stains and brownish water. Water with pH 

1 See ScuneripER, J. NEWWA, 44, 485, 1930. 

2 See ANDERSON, REINHARD, and HAMMEL, J. AWWA, 26, 49, 1934. 
3 See Potuarp, J. AWWA, 28, 1038, 1936. 
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values from 3.5 to 10.5 has been used continuously for municipal supplies without 

reported harm to drinkers at the extreme pH values, but pH values less than about 8.0 

are usually corrosive to metal pipes. 

The presence of fluoride! in concentrations exceeding 0.5 ppm may result in mild 

endemic dental fluorosis (mottled enamel) in children, although about 1.5 or more ppm 

of F is required for severe cases. It has been found that fluoride in drinking water is 

accompanied by low incidence of dental caries (tooth decay) in children, and many 

health agencies are now advocating the addition of fluorides to drinking water up to 

about 1.0 ppm in regions where caries is prevalent. Because simple goiter has been 

shown to be due to a deficiency of iodine? in the thyroid gland, attempts have been 

made to supply the deficiency in regions where this condition is endemic by adding Nal 

to the water supplies. Studies of the relationship of the incidence of goiter to the 

I content of drinking waters have given conflicting results, however, and it is probable 

that Lin organic combination in foods where it is also more concentrated is more readily 

assimilated than I in water. An excess of iodides in drinking water may cause hyper- 

activity of the thyroid in some individuals. Disinfection by means of iodine or tonic 

silver’ has been used for swimming-pool waters, but these disinfectants should not be 

used for drinking water because of the danger of excess iodides with I and the skin 

disease argyria with excess Ag in the human body. 
The synthetic detergents now used so widely in place of soap are objectionable in 

drinking water because of foaming and taste. Detergents containing ABS will 

produce a noticeable taste in drinking water and also will foam when the ABS con- 

centration is 1.0 to 1.5 ppm. The detergents containing ABS with a branched-chain 

molecular structure are very difficult to remove from water or wastewater (except by 

activated carbon) because they cannot be precipitated chemically and are broken down 

very slowly by bacteria. For this reason, the producers are now marketing deter- 

gents with a straight-chain molecule, linear alkylate sulfonate (LAS), which is readily 

decomposed by bacteria. 

Numerous new organic chemicals are finding their way into our watercourses, 

including agricultural pesticides of many kinds which are toxic to all life. These 

substances are so numerous and varied as to defy detection and identification by 

practical means. The CCE method has been developed as a means for determining 

the gross concentration of some of these organics. 

The limit suggested in the Standards for phenolic compounds (including cresols and 

xylenols) is to minimize odors. It has no health significance. The limit for cyanide is 

based primarily on its toxicity to fish rather than to man. The nitrate limit is to 

prevent methemoglobinemia in infants. 

TYPE AND CAPACITY OF PLANT 

5. Slow and Rapid Sand Filtration. Slow sand filters, also known as English-type 

filters, are beds of sand 30 to 40 in. deep in concrete basins, each about 1 acre in area. 

They were first used about 1830. Slow sand filters are usually preceded by plain 

settling basins with no chemical coagulation. The water passes downward through 

the sand at rates of 2to Smgd/acre. Filter runs are from 2 to 8 weeks, and in order to 

clean the sand the beds are usually taken out of service. Cleaning is accomplished 

by the removal of the top layer of sand to a depth of about an inch or by washing it in 

place by means of special machines. Slow sand filtration is adapted to waters low in 

color and with turbidities less than about 30 ppm. Because this type of plant is not 

suitable for many treatment processes now required, its use for new plants has been 

1 Dewan and Exvove, Am. J. Public Health, June, 1936, p. 567. 

2 Wrston, Am. J. Public Health, July, 1931, p. 715. 

3 Camp, ‘Water and Its Impurities,’ pp. 91, 99, Reinhold Publishing Corporation, New York, 1963. 
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superseded by the rapid or mechanical type of filter plant which first came into use 

about 1890. 

An essential feature of rapid filtration is the use of chemical coagulants applied 

to the water preceding filtration and usually preceding settling. Because of this 

feature, colloidal impurities are flocculated and effectively removed by the filters at 

rates of filtration from 2 to 8 U.S. gpm/sq ft (125 mgd/acre is about 2 gpm/sq ft). 

Very much less bed area is required than for slow filters, and the length of filter runs 

is correspondingly reduced, ranging from about 3 hr to a week. Cleaning is accom- 

plished by upward flow of clean water through the bed at rates sufficient to fluidize the 

bed. The washing process tends to stratify the medium according to grain size with 

the small grains at the top. The underdrainage system is designed especially for the 

washing function, which is accomplished in 5 to 10 min. The depth of filter medium 

commonly used varies from 2 to 4 ft. 

Both slow and rapid filters for municipal use are usually of the gravity type; that is, 

the filters are open at the top with the water level 3 to 8 ft over the top of the filter 

medium. Rapid filters are also constructed in enclosed steel tanks so that the water 

may be pumped direct to the distribution system through the filter. Such filters, 

called pressure filters, are extensively used in industry. 

6. Types of Rapid-filter Plants. lRapid-filter plants are employed both for 

purification and for softening by the lime-soda process. The essential features are 

chemical coagulation (including the softening reactions of the lime-soda process) 

accomplished in flocculation basins, clarification accomplished in settling basins, and 

filtration. Other processes may also be employed such as disinfection, carbonation 

(addition of CO»), aeration, zeolite softening, demineralization, iron and manganese 

removal, and activated-carbon treatment, some of which require separate treatment 

units. The number, size, and arrangement of the units depend upon the character of 

the treatment process as a whole and the plant size. 

Figure 2 is a typical flow diagram showing places of application of chemicals and 

the unit processes in a rapid-filtration plant. The unit processes and the chemicals will 

vary from plant to plant depending upon the quality of the raw water and the required 

quality of the filter effluent. The heavy lines of Fig. 2 show the usual or preferred 

points of application of chemicals and the lighter lines show other points of application. 

Powdered activated carbon is used either continuously or intermittently for 

removal of odors, detergents, pesticides, and other organics. Since removal is accom- 

plished by adsorption on the surfaces of the carbon particles, the carbon should 

preferably be added ahead of the coagulants which will flocculate with the carbon 

particles and reduce their capacity for adsorption, and ahead of the chlorine which 

reacts with the carbon to reduce the effectiveness of both the carbon and chlorine. It 

should be added to the influent of a contact chamber designed to keep the carbon in 

suspension for a period long enough for effective removal, about 5 min. Carbon which 

is sometimes added to the filter influent in small doses may contribute to the formation 

of filter mud balls. 

Chlorine is widely used as a disinfectant and is effective against both bacteria and 

viruses if applied in adequate doses for sufficient contact periods. Disinfection is the 

most important single process for the treatment of drinking water. Prechlorination 

ahead of flocculation, as shown in Fig. 2, is preferable because the long contact periods 

in flocculation and clarification are made available for disinfection and, in some cases, 

for oxidation of hydrogen sulfide, iron, and manganese. Postchlorination, following 

filtration, with a contact period of not less than 30 min in the clear well, is also desirable 

in order to control the chlorine residual entering the distribution system. Ammonia is 

sometimes added with chlorine to produce chloramines in order to reduce the odor of 

free chlorine and to sustain the chlorine residual for longer periods. Chlorine dioxide 
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is also used instead of chlorine in some plants. Free chlorine is a more effective dis- 

infectant than chloramines, and the effectiveness of both is greatly decreased as the pH 

value is increased into the alkaline range. Prechlorination is therefore not very 

effective in plants where the pH is high during flocculation and clarification (that is, 

lime-soda softening plants and plants using ferric sulfate at high pH for manganese 

removal), unless the chlorine is apphed at a contact chamber preceding flocculation as 

shown by the lighter line of Fig. 2. In this case the chlorine contact chamber should 
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have a detention period of 30 min or more, and the activated carbon should be added 

to the flocculators or to a separate carbon contact chamber ahead of the chlorine con- 

tact chamber. Figure 3 illustrates a modern rapid-filter plant at Troy, N.Y. 

The coagulant most widely used is filter alum, which flocculates best at pH values 
of 5.5 to 7.5. Ferric sulfate, ferric chloride, and chlorinated copperas (ferrous sulfate) 

are also used and may be flocculated over a much wider pH range. Copperas has been 

used with lime at pH values above 8.5. In a lime-soda softening plant, the lime and 

soda ash, together with a coagulant, are applied at the flocculation basins, as shown for 

the coagulant in Fig. 2. The pH of the water during flocculation and clarification will 

be 10 to 11. Carbonation with carbon dioxide gas in a carbonation chamber is 
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necessary following clarification to lower the pH and prevent afterprecipitation of 

CaCO; on the filter medium and in the distribution system. If it is required to remove 

magnesium as well as calcium, two-stage flocculation and settling may be used with 

Fie. 3. Modern rapid-filter plant at Troy, N.Y. 
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carbonation between stages. Two-stage flocculation and settling are sometimes 

required for purification plants treating highly polluted or very turbid water. 

Softening plants and demineralization plants for clear colorless water may consist 

entirely of zeolite units or ion-exchange units constructed like rapid filters. Some 

lime-softening plants employ ion-exchange units following filtration to remove part of 

the hardness. Figure 4! is the plan of a lime-softening plant with two-stage mixing and 

1 Roperts, Ohio Conference on Water Purification, 11th Ann. Rept., 1931, p. 52. 
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clarification and zeolite beds following the filters. The settling tanks are equipped 

with sludge-removal equipment, which is usually desirable for softening plants because 

of the large amount of sludge produced. Both carbonation and recarbonation are 

practiced at this plant. The plant is so arranged that any portion of the lime-softened 

water may be passed through the zeolite beds. 

7. Plant Capacity. It is good practice to operate filters and basins continuously 

and at constant rates during any one day, except for the smallest plants where the 

expense of more than one shift is prohibitive. Hourly fluctuations in demand are 

cared for by elevated and filtered water storage. The capacity of a plant is therefore 

determined by the maximum daily demand at the end of the design period (E of 

Table 6, Sec. 36). The capacity should be adequate for the day of maximum demand 

at the end of the design period. The design period for units that are readily dupli- 

cated, such as flocculation basins, clarifiers, and filters, is usually limited to 10 to 20 

years, but the design period selected for the pump rooms, office, laboratory, and 

chemical rooms may be 25 to 50 years. 

The number of filter units and basins in parallel is established from the minimum 

daily demand (B of Table 6, Sec. 36) and economic considerations. There should be a 

sufficient number of units of any type in order that one may be taken out of operation 

without disturbing the process and without dangerous loss of capacity. Filter units 

are built with capacities up to about 5 mgd. Each basin should preferably serve one 

filter but may serve two or more filters. Where feasible, it is desirable to arrange the 

plant so that flow may be divided throughout the plant. This makes it possible to 

treat two portions of the flow differently and to compare the results on the same 

raw water. 

8. Plant Requirements for Purification. A study by Walton! (1954-1956) of data 

from about 60 plants indicates that simple chlorination may be used effectively with 

somewhat higher raw-water counts than 50 coliforms per 100 ml; that coagulation, 

settling, and filtration without chlorination are less effective than simple chlorination ; 
and that conventional rapid-filter plants with adequate pre- and postchlorination can 

meet the Public Health Service Drinking Water Standards with raw-water cohform 

counts greatly in excess of 20,000 per 100 ml (up to 1,000,000 or more). 

Chlorination as an adjunct to filtration for bacterial removal from polluted waters 

is of such importance that it always should be used in ordinary purification plants. 

With chlorination, bacterial efficiency of the filters is of less importance, and their 

effectiveness, along with coagulation and settling, in the removal of turbidity and color 

can be promoted. Modern rapid-filter plants should produce effluents with an average 

turbidity of less than 0.5 unit. In order to accomplish this, the pretreatment should 

be such that the water going to the filters has a turbidity of not more than about 

5 units. The overflow rates usually used in the clarifiers of ordinary purification 

plants for comparatively clear waters range from 600 to 1,500 U.S. gpd/sq ft of floor 

area at the plant capacity. For highly turbid waters, the required overflow rate may 

be as low as 100 gpd/sq ft. The overflow rate in U.S. gallons per day per square foot 

equals 180 times the depth in feet ‘divided by the settling period in hours. 

According to Fleming,? the treatment of waters with turbidities in excess of 

1,000 ppm, such as that of the Mississippi River, requires double coagulation and 

sedimentation with 8 to 12 and 4 to 6 hr for the first and second settling periods, 

respectively. If the turbidity is 1,200 to 2,000 with the fineness coefficient greater 

than 1.1, or is greater than 2,000 with the fineness coefficient greater than 0.7, the 

double coagulation-sedimentation process should be preceded by 8 to 5 hr of plain 

1 WaLTon, Grauam, Effectiveness of Water Treatment Processes as Measured by Coliform Reduc- 

tion, U.S. Public Health Serv. Publ. 898, Washington, D.C., 1961. 

27. AWWA, 22, 1559, 1930. 
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settling. A considerable amount of fine sand is present when the fineness coefficient 

exceeds 0.7, and plain settling to reduce the turbidity to 1,200 or less results in the 

saving of chemicals. Grit chambers are effective if the fineness coefficient exceeds 1.1. 

For turbidities in excess of 2,000 with the fineness coefficient less than 0.7, triple 

coagulation and settling are required with settling periods of 10 to 12, 4 to 6, and 

4 to 6 hr, respectively. 

CLARIFICATION 

9. Settling Velocities of Individual Particles. When a particle is permitted to 

move without interference through a fluid owing to the difference between its density 

and that of the fluid, the settling or rising velocity with respect to the fluid quickly 

Experim 
ine) 

1000 

500 

200 

Oo 100 

oe wo 
2 
= 420 

= 

@ 5 
a 

FF 
[e) 
OS 

oO Oo mo Hh 
ODT 2 Orc Ome OOmO CO O2 (Oh lOS 10 

Reynolds number, R= vd 

O 

Fic. 5. Drag coefficients of spheres in fluids as a function of Reynolds number. 

becomes constant, the resistance becoming equal to the weight of the particle in the 

fluid. The general equation for the settling velocity! of a sphere, obtained by equating 

Newton’s value of the resistance, or drag, to the weight of the sphere in the fluid, is 

as follows: 

SE es ea 11 v Watap (11) 

in which v = settling velocity 

g = acceleration of gravity 

C = drag coefficient 

p = density of the fluid 

pi = density of the particle 

d = diameter of the particle 

Experimental values of the drag coefficient of spheres in terms of Reynolds number are 

shown in Fig. 5.2. For Reynolds numbers up to about 0.5 to 1, the drag is entirely 

streamline, and for larger Reynolds numbers, eddying resistance comes into play. 

The viscous drag,* as developed by Stokes, may be equated to the weight of the 

1 See Camp, Sedimentation and the Design of Settling Tanks, Trans. ASCE, 1946, p. 895. 
2 Camp, Sewage Works J., September, 1936, p. 742. 
3 Camp, Trans. ASCE, 1946, p. 895. 
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sphere to obtain Stokes’ law, which is given below: 

» = 752 (os — oa? (42) 
Sp 

in which yp is the absolute viscosity of the fluid. 

Values of » for pure water at various temperatures are given in Fig. 6. The 

impurities in natural fresh water and in municipal sewage usually occur in such low 

concentrations as to have a negligible effect on the density and viscosity. The 
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impurities in natural sea water, which contains about 3.5 percent by weight of salts, 

increase the density about 2.5 percent but have a negligible effect on the viscosity. 

The change in water temperature between summer and winter has an enormous effect 

on the viscosity and hence on the settling velocity. The viscosity at 0 C is about 

2.2 times the viscosity at 30 C from Fig. 6. Sand grains and heavy floc particles settle 

in the transition region, but most of the particles significant in forecasting removal by 

settling in water-treatment plants settle well within the Stokes’ law region. Particles 

with irregular shapes settle somewhat more slowly than spheres of equivalent volume. 

When the volumetric concentration of suspended particles exceeds about 1 percent 

(10,000 ppm), settling is appreciably hindered and the settling velocities are reduced 

by 10 percent or more. 
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10. Clarification Theory.! Ideal Basin and Discrete Particles. The following 

simplifying assumptions are made to develop the theory for the ideal rectangular basin: 

1. The direction of flow is horizontal, and the velocity is the same in all parts of 

the settling zone. Hence each particle of water is assumed to remain in the settling 

zone for a period equal to the retention period, which is the volume of the settling zone 

divided by the rate of discharge. 

2. The concentration of suspended particles of each size is the same at all points in 

the vertical plane perpendicular to the direction of flow at the inlet of the settling zone. 

3. All suspended particles maintain their shape, size, and individuality during 

settling and settle without interference. Hence each particle is assumed to settle at 

constant velocity for a given temperature. 

4. A particle is removed when it strikes the bottom of the settling zone. 

The settling path of a particle is determined by the vector sum of its settling 

velocity and the velocity of the liquid. Hence, in the ideal basin, particles having 
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settling velocities equal to or greater than vo, as shown in Fig. 7, will all settle out; 

and the removal of particles with any settling velocity v less than v» will be 

OQ le 

Vo Q 

in which r is the removal ratio, and v) the overflow rate, or the discharge per unit of 

tank floor area = Q/A. An overflow rate of 1,000 U.S. gpd/sq ft corresponds with a 

settling velocity of 0.0471 cm/sec. 

(13) 

If the settling-velocity analysis of the original suspension is represented by a curve, 

such as Fig. 8, the total removal ratio for the entire suspension is 

ih Po 
— 1 Po t= [i v dP (14) 

Vo JO 

The value of the last term in Eq. (14) is the average vertical distance from the curve 

(Fig. 8) to the horizontal line for P = Py. The concentration of suspended matter at 

any point in the basin, such as at e (Fig. 9), is 

Hea 
a f Pia Pe (15) 

where P; is the value of P from Fig. 8 for v = (h/H)v)' from Fig. 9. 

1 Camp, Trans. ASCH, 1946, p. 895. 
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The above theory, Eqs. (13), (14), and (15), also apples to ideal radial-flow basins 

in which the velocity is horizontal in a radial direction from the center and varies 

inversely as the distance from the center. 

As a consequence of this theory, the following conclusions may be drawn with 

respect to settling of discrete particles in an ideal basin: 

1. For any given discharge, the removal is a function of the surface area and 

independent of the depth of the basin; or the removal is a function of the overflow rate 

and not the retention period. 

2. The concentration of suspended matter at any cross section in the settling zone 

increases with the depth below the surface and decreases with the proximity of the 

cross section to the outlet end of the basin. 

The settling-velocity analysis curve of a suspension of discrete particles may be 

determined experimentally by quiescent settling in a container such as Fig. 10. At 

various time intervals after the start of the test, samples are 

withdrawn from a given point, such as D, and the concentration is 

determined for each sample. The concentration may be measured 

in terms of suspended solids, turbidity, iron, alumina, color, or 

any other quantity that is reduced by settling. The corresponding 

settling velocity is obtained by dividing the depth of water above 

the sampling point by the period of settling. [xtreme care must 

be exercised to maintain a constant temperature and to reduce 

eddy and convection currents to a minimum. If the test is satis- 

factory and no flocculation of the particles is taking place, the same 
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analysis curve should be produced by samples taken from any depth. On the other 

hand, if the velocity analysis curve from deep samples les below the analysis curve 

for shallow samples, coagulation is taking place and the velocities obtained are 

meaningless. If the particles coalesce, the preceding theory is not applicable. 

11. Clarification Theory.! Ideal Basin and Coalescing Particles. An analysis of 

a suspension which includes the effect of flocculation and is satisfactory for forecasting 

settling-basin removal may be made by determining concentrations in samples from 

each sampling point of the container (Fig. 10) at the end of various time intervals. 

The effects of turbulent mixing? may be approximated by means of a mixing grid 

moving up and down in the sample. Table 3 shows a typical analysis of this type. 

The depth of the container should be as great as that of the settling basin for best 

results, and the capacity of the container should be large enough so that the depth is 

not appreciably changed by the withdrawal of samples. 

The removal may be estimated for any settling period by subtracting from unity 

the average of the concentration ratios. For example, the removal ratio for a basin 

the same depth as the container for a 160-min retention, from Table 8, is 0.645. Fora 

1 Camp, Trans. ASCE, 1946, p. 895. 
2 Camp and Srerm, Velocity Gradients and Internal Work in Fluid Motion, J. Boston Soc. Civil 

Engrs., October, 1943, p. 219. 
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TABLE 3 

Sampling point Concentration ratio 

A 1.0 0.82 0.66 0.47 0.28 0.21 

B 1.0 0.83 0.69 0.50 033 025 

C 10) 0.85 0.72 0.54 0.38 0.30 

D 1.0 0.87 0.75 0.59 0.43 0.36 

Time, min 0 20 40 80 160 300 

basin half the depth of the container, the removal is 0.695 for the same period and 

0.515 for half the period. It may be seen, therefore, that the removal for this suspen- 

sion is not independent of the depth and is influenced by both overflow rate and 

retention period. 

The particles in most of the suspensions dealt with in water-treatment plants 

flocculate during settling. This is notably true of particles of floc formed by chemical 

coagulation, but it has also been observed with clay suspensions. 

12. Velocity and Basin Dimensions.! The velocity in an actual rectangular basin 

is not uniform over the cross section even though uniform dispersion at the inlet end 

and uniform collection at the outlet end of the settling zone are effected. Because of the 

drag on the walls and floor the velocity at these boundaries is zero, and it is greater 

than the average at some points out from the boundaries. The velocity distribution 

over the cross section of most settling basins is not stable, moreover, owing to the 

disturbing influences of masses of water of varying density. This variation in density, 

which is due to temperature differences and differences in concentration of solids and 

entrained gases, though slight is nevertheless sufficient to cause vertical movements 

of water masses, dead spaces, and reversals in the direction of flow. As a result of 

these disturbing influences, the probable time of passage of all the particles in a given 

volume of water will be less than the retention period, and the volume will disperse 

itself while passing through the basin so that the time interval between the passing 

of the first and last particles at the basin outlet will be much greater than at the inlet. 

This phenomenon is called short-circuiting. If two or more succeeding volumes of 

water passing through the basin at the same rate of flow require markedly different 

times for passage, the basin lacks stability of flow. 

A particular type of short-circuiting common to many settling basins is caused by 

density currents. If the incoming suspension is heavier than the basin contents, and 

the basin velocity is insufficient to cause mixing, the heavy suspension will flow along 

the bottom as a density current. Similarly, light suspensions will flow along the sur- 

face. Since the incoming suspension contains more solids than the clarified water in 

the basin and is therefore likely to be heavier, it is better to introduce it near the 

bottom and to make the basin shallow. 

Short-circuiting may be measured by inserting a charge of dye or other tracer 
into the basin influent and observing its concentration in the effluent after various 

time intervals as the slug of water containing the charge passes out of the basin. 

Short-circuiting studies are usually made on model tanks operating in accordance with 

Froude’slaw. Figure 11 shows the results of several such studies plotted in dimension- 

less terms; with the relative concentration c/cy as ordinates and the relative time t/7 

as abscissas, where c is the concentration of the tracer in the effluent after time 1, ¢p is 

the concentration at ¢ = 0 which would result with instantaneous dispersion of the 

tracer throughout the tank, and 7’ is the retention period, volume of basin/Q. If all 

1Camp, Trans. ASCE, 1946, p. 895. 
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the tracer charge is accounted for in the effluent, the area under the curve will be 1.0. 

If the flow pattern is stable and there are no dead spaces, the value of ¢/T7' to the center 

of gravity of the curve will also be 1.0. A stable flow pattern is indicated when the 

same curve can be reproduced with repeated runs under the same conditions. 
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Fic. 11. Typical dispersion curves for tanks. 

The relative time to the center of area t4/T7 is usually less than 1.0 and is smaller 

the worse the short-circuiting. Since half the particles of water pass in less time, ft is 

the probable flowing through time. The dispersion of the water is measured approxi- 

mately by the time of initial appearance ¢; of the tracer in the settling-tank effluent. 

Small values of t;/7’ and t4/T indicate serious short-circuiting; and small values of 

Froude’s number F indicate unstable flow patterns. Table 4 shows the hydraulic 

characteristics of the curves of Fig. 11. 

TABLE 4. HypRAULIC CHARACTERISTICS OF TypICcAL TANKS 

Curve b, H, L, vs v2 
(ase Fig, 11) Type of tank ft ft ft fork F= Ro ti/T ta/T 

A Ideal dispersion | ..... Tea | PCR MN Bec |liPaxcoreccn | [lure tects eve caeeen 0.0 0.693 

B Radial-flow circular | ..... Uf ae a | | a ae De eer LE? |) ete 0.831 

C Wide rectangular Sb TRG 330 Cle Moe. SCuLOss) O30 0.925 

D Narrow rectangular 16 14 273 Bee 2.be oo LO-8 | O62. | 0.908 

EL Baffled mixing 2 22.3 1,056 | 66.6 t MEL OSS | O74: 0.988 

I Ideal settling | ..... ak oal || CRErer cutee i rcrereeeeg| (Runes e meant ae area Hes) | elect) 
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Curves B, C, D, and EF of Fig. 11 are characteristic of progressively better types of 

settling tanks under stable flow conditions. The ideal dispersion tank, the baflled 

mixing chamber, and the ideal settling tank have been added for the purpose of 

comparison. A rough estimate of the effect of short-circuiting on removal may be had 

if it is assumed that the suspension is subjected to varying settling times distributed as 

indicated by the dispersion curves. 

Since, from the clarification theory with discrete particles in an ideal basin, removal 

is independent of depth for a given rate of discharge, it is evident that the most 

economical basin will be that with the least practicable depth. Camp! has shown that 

this is also true for actual basins, even with flocculation and turbulence during settling, 

and that the least practicable depth is that for impending scour of sludge at the peak 

rate of flow. For a particular type of sludge deposit, scour depends primarily upon 

the magnitude of the basin velocity. Experience indicates that the velocity of 

impending scour of settled alum floc is greater than 4 fpm. Reductions in short- 

circuiting and improvements in settling efficiency of existing basins have been reported 

following the judicious use of baffles in the basins normal to the direction of flow. This 

procedure has the effect of increasing /’, but it also may introduce dead spaces and 

eddy currents and cause disturbance to the deposited solids. A more satisfactory 

procedure for existing basins is the use of longitudinal bafiles or of trays. 

The design of new settling basins should be based upon the overflow rates required 

to obtain the desired removal of suspended matter at the expected rates of discharge. 

The basin floor area will thus be established. The required floor area may be provided 

in single-story basins or in multiple-story basins, the choice depending largely upon 

the amount of sludge to be produced and the methods available for sludge removal. 

Multistory basins will generally prove to be the more economical to construct, since 

the required floor area may be provided in the least basin volume the greater the num- 

ber of trays. The depth of a single-story basin to the top of the sludge blanket or the 

clear depth of a single pass of a multistory basin from ceiling to the top of the sludge 

should be the minimum consistent with no scour for best economy except as limited by 

the method of removal of the sludge. 

Figure 12 illustrates in plan two complete bays of a rapid water-filtration plant and 

a longitudinal section through one bay. The settling basin illustrated has three floors 

with two sludge collectors, one for the top floor and the other for both middle and 

bottom floors. The collector blades travel in the direction of flow at a velocity of 

1 to 3 fpm depending upon the rate of accumulation of sludge. The clear height from 

floor to ceiling in each pass should be about 6.5 ft so as to provide headroom for work- 

men during maintenance operations. The width of each bay is limited to about 20 ft, 

the practical limit to the length of collector blades. The spaces occupied by inlet and 

outlet zones and by return bends should not be counted as effective floor area for 

settling purposes because of excessive turbulence and upward components of velocity 

within these zones. 

If the rate of accumulation of sludge is small, the sludge collectors may be omitted. 

In this case, sludge is removed intermittently at intervals of several weeks by with- 

drawing a basin from service, draining it, and flushing the walls and floors with hose 

streams. With this type of basin, additional depth must be provided for the accu- 

mulated sludge so that scouring velocities will not be developed in the depth remaining 

above the top of the sludge blanket. 

Experiments indicate that, with well-designed inlets and outlets, both the inlet 

and the outlet zone will extend out into the basin for a distance about equal to the 

basin depth. Since the floor area in these zones is ineffective for settling, it is obvious 

that the length of a basin should be great as compared to its depth. Since single- 

1 Trans. ASCE, 1946, p. 895. 
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story radial-flow circular tanks and single-story square tanks are quite inefficient for 

this reason, the design of the inlets and outlets for such tanks is a critical problem. 

In order to effect good distribution at the inlet of such a tank and good flow distribu- 

tion over the cross section at the outlet end, with a minimum length for both inlet and 
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Fic. 12. Water-filtration plant showing two complete bays in plan. (a) Equalizing 
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ia. 13. Effect of dispersion wall jets on destruction of ferric hydrate floc. 

outlet zones, it is essential to use orifice walls to the full depth and to have a relatively 

high velocity through the orifices. Unfortunately, such a wall is detrimental at the 

inlet end since the high velocity through the orifices may destroy floc. Figure 13 

shows the effect of the velocity of submerged jets on the destruction of ferric hydrate 

floc, based on experiments by Dennis.! Water containing the floc was allowed to flow 

1 Dennis, A. P., Jr., Master’s Thesis, M.I.T., Cambridge, Mass., 1939. 
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through an orifice wall from the chamber in which it was formed, and settling tests 

were then made by collecting samples for iron analysis at a depth of 15.3 em on both 

sides of the orifice wall. The plotted points in Fig. 13 show the reduction in removal 

by settling for various jet velocities. The top curve shows that removal by settling is 

little affected by inlet jet velocities up to about 2 fps if the overflow rate is very low. 

The bottom curve shows that with high overflow rates inlet jet velocities in excess of 

about 0.1 fps will substantially reduce removal by settling. 

The problem of inlet and outlet design is much simplified if the length of the basin 

is made so great as compared to its depth that the inlet and outlet zones are a negligible 

part of the gross length. For example, the effective settling area in a basin with a 20:1 

ratio of length to depth is about 90 percent of the total floor area. Orifice walls are 

of no benefit in such a tank. 

Settling basins should be covered in order to minimize convection and eddy cur- 
rents due to temperature changes and wind action and to obviate ice difficulties. The 

covering of basins is becoming common practice in design unless the basins are so 

large that the cost is too great. Occasionally natural sites are available, as at the 

Providence, R.I., purification plant, which permit the construction of very large settling 

basins with much more capacity than is needed at a minimum of cost. Under such 

conditions, short-circuiting is of little importance and roofs are not needed. 

13. Inlet and Outlet Devices. The purpose of properly designed inlets and outlets 

is to distribute the water uniformly among the basins and uniformly over the cross 

section of each settling basin at the inlet end and to collect the effluent uniformly at 

the outlet end. Properly designed inlets and outlets assist in the reduction of short- 

circuiting and are very important for short basins with low velocities. The velocity 

in the basin must be reduced to less than 1 percent of the velocity in the influent 

conduit in some cases. 

The water may be distributed across the width of the plant by bringing it in 

through several pipes at intervals across the width, as shown in Fig. 14a, or by bringing 

it in through a single conduit to a transverse influent flume, as shown in Fig. 14b, which 

in turn distributes water across the width through orifices or sluice gates. An equal 

division of flow to all the basins is most readily approached if the water level is nearly 

the same in all; this may be accomplished by means of freely discharging effluent 

weirs all at the same level, or by means of an effluent equalizing channel with a 

substantially level water surface together with submerged effluent slots having the 

same capacity for all tanks. 

A uniform distribution of flow through inlet pipes or orifices, all of the same size, 

may be approached by making the head loss at the inlet pipes or orifices large as com- 

pared with the maximum difference in energy head available at the inlets. The 

maximum difference in available energy head in Fig. 14 will be between inlets A and 

B owing to the change in energy head through the pipe CD or the flume. The head 

loss at one of the two inlets considered is h, = kq?, where q is the discharge through 

the inlet. If hy is the difference in energy head available at A and B and m is the 

ratio of the rates of discharge at the two inlets, the head loss at the other inlet is 

h, — hy = k(mq)?. Then the distribution formula is 

he 1 

ho — hy 7 m Ge) 

This equation may be used to compute the required inlet head loss h, for any desired 

variation in discharge between the inlets. For example, if it is desired that the 

discharge at A vary by not more than 5 percent from the discharge at B, m 5 0.95 

and h, > lOh;. The value of hy may be estimated from friction losses and velocity- 
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head changes.!. The size of orifices or gates may be determined by introducing the 

required value of h, in the orifice formula with the proper discharge coefficient. The 

leading edges of all ports should be rounded to approach 1.0 for the coefticient of 

contraction and thus reduce the required port area. The proper size of inlet pipes may 

be determined by making the velocity head in the pipes equal to the required value 

of h,. The design should be based upon the peak flow and should be checked for 

minimum-flow conditions. 

For settling basins treating water with very fragile floc, high velocities at inlets and 

through dispersion walls are not permissible. Very low velocities in the inlets and less 

satisfactory distribution may be required. Permissible velocities for any particular 

floc can be determined only by test. The best solution for fragile floc and also the 

Section 

(b) 

Fig. 14 

simplest from the standpoint of inlet design is the use of flocculation tanks just pre- 

ceding each settling tank as shown in Fig. 12. With this design the inlets are trans- 

ferred to the inlet end of the flocculation tanks where the velocity may be made as 

high as is required for good distribution of flow among parallel bays. The wall 

openings between flocculation tanks and settling basins may be made quite large, 

the size being limited only by the desirability of minimizing short-circuiting. 

The effluent from settling tanks may be collected uniformly across the width of each 

basin, and the basin water levels may be kept nearly the same by means of freely 

discharging weirs at the same level across the width of all basins at the effluent end. 

Such weirs discharge into eflluent flumes, such as EF (Fig. 14a), which, hydraulically, 

are lateral spillway channels. Where freely discharging weirs are used, the operator is 

free to increase the free fall by lowering the water level on the filters. A free fall of 

1.0 ft is equivalent to a jet velocity of 8 fps, which may be destructive to fragile floc. 

In some plants, the effluent weirs are submerged in operation in order to eliminate the 

1Camp, T. R., and 8S. D. Graser, Dispersion Conduits, J. Sanit. Eng. Div., ASCE, February, 1968, 
p. 31. 
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high velocity of a freely discharging weir and thus prevent the destruction of small floc 

particles going to the filters. Since the surface profile in lateral spillway channels drops 

in the direction of flow, the use of submerged weirs promotes short-circuiting toward 

the downstream end of the flume. Both hazards accompanying eflluent weirs may be 

eliminated by using submerged effluent slots and equalizing channels, as shown in 

Fig. 12. 
The drawdown of the water-surface curve, the effect of friction being excluded, in a 

lateral spillway channel of rectangular cross section and with a level invert (see Fig. 15) 

may be estimated by means of the following equation:! 

Bie (17) =e 2 H NE + qbth 

where H = depth at the upstream end 

h = depth at distance x 

q = discharge per unit length of weir 

g = gravity constant 

b = width of the channel 

This equation results from the integration for the special case of the general differential 

equation developed by Hinds from the momentum theory. It is based upon the 

assumption of hydrostatic-pressure distribution, 

AWeinenaer which is nearly correct in treatment plant applica- 

=~ -—- tions. Equation (17) is correct for parallel-wall 

flumes of other than rectangular cross section pro- 

vided the invert is level; and the effects of sloping 

fae. Wes invert and friction may also be taken into account 

with additional terms. Experimental studies indi- 

cate that the friction loss in the flume may be estimated with values of Darcy’s f 

varying from about 0.03 to 0.12, depending upon the turbulence in the channel, and 

the friction will account for 6 to 16 percent of the water-surface drawdown. 
The distribution formula (16) may also be used for the design of equalizing channels 

and effluent slots such as shown in Fig. 12. In this case, hy may be computed by means 

of Eq. (17) assuming that hy is H — h plus an allowance for friction. Where one end 

filter is taken out of service for washing, the discharge from the settling tank serving 

that filter must flow laterally to the adjacent filter influent, together with one-half the 

discharge of the adjacent tank. For this case, the value of gx to use in Hq. (17) is 1.5 

times the discharge per bay. The velocity through the slot should be limited to about 

2fps (ho S 0.062) in order to minimize floc destruction in the filter influent and so that 

the variation in water level between settling tanks will be negligible as compared with 

the value of ho selected for the inlet ports to the plant. 

The distribulion formula (16) has a variety of other uses, including the design of 

orifice walls, the design of filter underdrains for uniform distribution of washwater, 

and the design of manifold systems for feeding of chemical solutions, air, and carbon 

dioxide. 

14. Sludge Removal. For ordinary purification plants treating comparatively 

clear water, the settling basins may be designed without mechanical equipment for 

sludge removal. Such basins are usually designed with bottoms sloping gently to one 

or more sludge drainpipes; the sludge is removed by taking a basin out of service, 

draining it, and hosing the sludge to the drains. The period of accumulation of 

sludge between cleanings may vary from a few weeks to several months. The 

moisture content of the deposited sludge varies from about 90 percent for very turbid 

ll 

1Camp, Trans. ASCE, 105, 606, 1940. 
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water and for some softening plants to more than 99.5 percent for ordinary coagulation 

of clear waters, and it decreases with time as the sludge compacts. 

Two general types of mechanical sludge-removal equipment are in common use in 

water-treatment plants: the straight-line type of equipment suitable for rectangular 

tanks, and rotary equipment suitable for square tanks and for radial-flow circular or 

square tanks. In the first type, the sludge is scraped in a straight line to sludge hop- 

pers at one end of the basin from which it is removed through a sludge pipe, as shown 

in Fig. 12. In the second type, the sludge is scraped to the center of the basin where it 

is removed. 

The velocity of the sludge-removal equipment should not be sufficient to throw the 

sludge back into suspension. Lower velocities are required for flocculent sludge of 

high moisture content than for granular solids. On the other hand, the velocity of the 

mechanism must be high enough to remove the sludge as fast as it deposits. 

This consideration is of little importance for most water plants but may become of 

consequence with long narrow basins and for very turbid water. The sludge-removal 

mechanism may be operated intermittently with waters of low suspended content, but 

continuous operation is necessary for highly turbid waters and for lime-softening 

plants. 

15. Upflow Sludge-blanket Clarifiers. Upward-flow sludge-blanket clarifiers have 

been under development in the United States since about 1940, starting with the Spauld- 

ing precipitator. They are widely used by industry, particularly for softening; and 

their use is growing for municipal supplies. The sludge blanket or slurry pool is a 

fluidized bed functioning as a filter. The upward velocity of the water at any hori- 

zontal layer in a stable pool is v9/p where vo is the overflow rate at that layer and p is 

the corresponding porosity between the floe particles. This upward velocity is the 

hindered settling velocity of the floc particles, which for small light particles is inversely 

proportional to the viscosity of the water, following Stokes’ law. The volumetric 

concentration of the floe particles is 1 — p. Following Stokes’ law, the value of vo/p 

will increase with the net density of the floc particles. 

The overflow rate vp) at a selected level increases directly with the discharge so that 

with increase in flow the top of the pool will rise to increase the porosity p propor- 

tionately. In order to minimize the range within which the top of the pool will 

fluctuate with changes in flow or water viscosity, the side walls of the tank may be 

constructed to slope vertically to provide an increase in horizontal area with increase in 

depth above the bottom. 

Figure 16 shows the suspended solids content at the top of the slurry pool for 

various overflow rates at the same level, computed by the authors from the results of 

experiments by Bond! at a water temperature of about 15 C. 

The hindered settling velocity vo/p, the porosity p, the volumetric concentration of 

the floc particles 1 — p, and the water content of the floc particles for any overflow 

rate v) may be computed from an experimental curve, such as those shown in Fig. 16, 

if it is assumed that the hindered settling velocity does not change substantially with 

small changes in floc concentration and that the volumetric concentration is directly 

proportional to the concentration of dry suspended solids by weight. If the value of 

vo/p for the selected overflow rate is equated to the value for a slightly higher overflow 

rate vp + dv from the same curve, the following equations result: 

= vo(des/dvo) _ (18) 

Vo(des/dvo) — Cs 

PCs 
w 1 —— (19) 

ps(1 — p) 

(os) = - Ca -}- w (20) 

p Il 0) 

1 Bonn, A. W., Behavior of Suspensions, Proc. ASCE, J. Sanit. Eng. Div., May, 1960, p. 57. 
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where p is the porosity at overflow rate vo, cs is the corresponding concentration of dry 

suspended solids by weight expressed as a decimal fraction, w is the water content of 

the floc expressed as a fraction of the floc volume, p;/p is the specific gravity of the dry 

suspended solids, and p;/p is the specific gravity of the floc. 

Bond’s experiments were undertaken in a tank with vertical glass end walls and 

wooden side walls diverging upward at 30 deg from the vertical. It was found that 

the floc settled on the sloping walls at all levels and rolled down to the bottom of the 

upflow zone, where it was again lifted into suspension nearer the center and rose at 

gradually decreasing velocity. There was little movement of the floc at the top of the 
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Fic. 16. Overflow rates for sludge-blanket clarifiers at 15 C. 

slurry pool and the concentration was about the same throughout the pool. The 

presence of the rollers on the sloping walls indicates that most of the water escaped 

through the top of the slurry pool near the middle at somewhat higher overflow rates 

than the averages reported by Bond. The average overflow rate may, however, be 

used for vp to estimate the porosity by means of Eq. (18); because if the curve (Fig. 16) 

is shifted to the right to reflect the higher overflow rates in the middle, dv» will increase 

proportionately. Nevertheless, higher overflow rates are obtainable if the rollers are 

eliminated by using vertical side walls throughout. 

A study of the curve for fresh alum slurry (Fig. 16) shows that good results were 

produced at concentrations between 4,400 and 7,100 ppm with porosities between 

0.582 and 0.374, floe water contents between 0.9953 and 0.9949, and floc specific 

gravities between 1.0058 and 1.0062. At a concentration of 10,000 ppm, the esti- 

mated porosity was 0.27, the floc water content was 0.9939, and the specific gravity 

was 1.0076. Ata concentration of 710 ppm, the estimated porosity was 0.908, water 
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content 0.9966, and specific gravity 1.0043. The values of vo/p ranged from 0.074 

em/sec for p of 0.27 to 0.129 for p of 0.908. 

A study of the curve for fresh lime slurry (Fig. 16) indicates good results at con- 

centrations between 11,500 and 18,000 ppm with porosities between 0.60 and 0.406, 

floc water contents between 0.9781 and 0.9769, and floc specific gravities between 

1.0068 and 1.0072. At a concentration of 22,600 ppm, the estimated porosity was 

0.307, the floc water content was 0.9752, and the specific gravity was 1.0078. Ata 
concentration of 1,800 ppm, the estimated porosity was 0.861, the floc water content 

was 0.9901, and the specific gravity was 1.00305. The values of vo/p ranged from 

0.13 em/sec for p of 0.307 to 0.196 for p of 0.861. 

To maintain a stable pool, sludge must be withdrawn as fast as floc is added 

to the pool. For vertical side walls, the addition in time ¢ is v9 (Ac,/l) t, where 1 

is the pool depth and Ac, is the floc concentration added to the pool. For exam- 

ple, the time to build up a pool 150 em deep to a suspended solids concentration 

of 6,000 ppm at an overflow rate of 0.05 cm/sec when floc is added at 100 ppm is 

6,000 X 150/0.05 X 100 = 180,000 see or 2.08 days. 
Changes in overflow rate or water temperature will cause the top of the slurry pool 

to rise or fall. If the water surface is not set high enough, slurry may be discharged 

to the filters in high concentrations. To avoid this and to facilitate withdrawal of 

excess slurry, submerged weirs are provided for overflow of slurry to sludge hoppers. 

A maximum slurry level may thus be maintained, but control of the weight of solids 

in the pool is made more difficult. 

The velocity gradients and times used for formation of floc entering the bottom of 

the pool will affect the volume and density of the floc in the slurry pool. Pilot-plant 

studies are sometimes essential for the determination of design factors. 

The velocity gradients and times used by Bond for the data shown in Fig. 16 are 

not available. The velocity gradient at the top of a stable slurry pool may be esti- 

mated by means of Eq. (38). For the case of fresh alum slurry in Fig. 16, at vo of 

0.041 p;/p is 1.0062 for the floc particles including their water content. The porosity 

p is 0.374, v is 0.0114 at 15 C, and from Eq. (41), 7 is 0.0039. From Eq. (38), @ is 

6.07 sec™}. 

Laboratory studies indicate a tendency of slurry blankets to gel into large imperme- 

able masses with channeling of the water through large passes when treating water 

with low turbidities using alum slurries. For satisfactory results, the slurry pool must 

consist of separate floc particles. Adequate preflocculation is required. 

FLOCCULATION 

16. Purpose of Coagulants. Coagulation in its strictest sense means the agglomer- 

ation or flocculation of smaller particles to form larger ones. Coagulants are added 

to water to assist in the removal of finely divided or colloidal impurities that require 

agglomeration before they can be effectively removed by settling and filtration. In 

water treatment, the term is generally used to include all the processes that take place 

from the addition of the chemicals to the formation of the floc. 

The most important of these processes are the formation of colloidal precipitates, 

the neutralization of charges on the colloidal particles, the flocculation of the particles 

by Brownian motion followed by mechanical stirring, and the adsorption by the floc 

of impurities in the water. In most cases, the floc is formed from the precipitation 

of the chemicals added to the water by interreactions or by reaction with soluble con- 

stituents of the water. In some cases, however, the floc is produced by coagulation 

of colloidal particles, such as vegetable coloring matter, already present in the water. 

A part of the lime-softening process consists of coagulation, inasmuch as the pre- 
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cipitates formed in the removal of hardness must be flocculated before they can be 

removed from the water. 

17. Chemistry of Coagulation. The most commonly used coagulant is filter alum 

(sulfate of alumina, Al.(SO,)3-1411,0], which is available commercially in both lump 

and powdered form, and in solutions of about 50 percent. Another chemical in 

common use is copperas (ferrous sulfate, FeSO4-7H2O), also available in solid form; 

and other coagulants are ferric chloride, FeCl;, available as an amorphous solid or in 

concentrated aqueous solution; ferric sulfate, Fes(SO.)s, available in solid form; and 

chlorinated copperas made at the plant by combining Cl, with copperas. 

The reactions are much the same with all the coagulants, with some variations 

that will be pointed out below. In the case of sulfate of alumina, for example, the 

first reaction upon the addition of the chemical to the water is its solution, as follows, 

which with the small concentrations used goes to completion to the right: 

Alo(SO4)3:14H2O & 2Al%F + 3850.-~ + 14H20 (21) 

The Al? ions combine with OH-, which is liberated from the alkalinity of the water 

in accordance with reaction (4), as follows: 

2Al%* + 6OH- @ Al.O3-4H2O (22) 

The extent to which this reaction goes to the right to form the hydrous aluminum 

oxide precipitate depends upon the available alkalinity and the equilibrium constant 

for reaction (22). It will be noted that three OH™ ions are required for each Al** 

ion. If sufficient alkalinity is not available, it must be added to precipitate the Al as 

hydrous oxide. For this purpose, hydrated lime, Ca(OH)s2, is usually added, or to 

avoid increase in hardness, soda ash (sodium carbonate, Na»COs3) or lye (sodium 

hydroxide, NaOH) may be used. Ferric coagulants produce hydrous ferric oxide, 

Fe,03-zH.0, as a precipitate in reactions analogous to (22). Ferrous sulfate cannot 

be used without lime or alkali, as will be explained below. 

When a relatively insoluble compound, such as Al,O3 or Fe:O3, is in equilibrium 

with a solution of its ions, the mass action expression may be written by omitting the 

solid term. The equilibrium constant is called a solubility product. The solubility 

product for reaction (22) is 

PME ONS eh <M S any 25) (CY (23) 

and for Fe2O; it is 

[Fe* (OH |* = 6 x 105% at 25 C2 (24) 

The value of the solubility product for these equations is influenced by both tempera- 

ture and concentration of dissolved solids. 

In the presence of caustic alkalinity, Al.O; dissolves as an aluminate as follows: 

Al,O3; + 20H~ @ 2A10.~ + H20 (25) 

The solubility product for this reaction is 

[AlO,][H*] = 4 X 107!8 at 25 Cl (26) 

Reaction (25) is peculiar to Al. It does not take place with the iron salts. 

1 LatiMER, ‘‘Oxidation Potentials,’ 2d ed., Prentice-Hall, Inc., Englewood Cliffs, N.J., 1952. 



FLOCCULATION 38-29 

When copperas is dissolved in water, Fe++ and SO,-~ ions are liberated in a reac- 

tion analogous to (21), and the ferrous ions react with the CO;~~ ions and the OH- 

ions in the solution to produce ferrous carbonate, FeCO3, and the hydrous ferrous 

oxide, FeO:-cH,0. The solubility products are 

[Fe**][CO;--] = 2.11 & 10-1! at 25 C1 (27) 
and 

[es TOR 128° 10m at 25. Ct (28) 

which indicate that hydrous ferrous oxide does not begin to precipitate until the pH 

exceeds 8.5, although ferrous carbonate starts precipitating at lower pH values. For 

this reason lime is always used in conjunction with copperas, and enough lime is used 

to raise the pH to 8.5 to 10.0. The process is sometimes called the iron and lime 

process. Ferrous oxide is unstable in the presence of dissolved oxygen and is rapidly 

oxidized to hydrous ferric oxide as follows: 

Aeration is helpful in this process as a first step before lime is added in order to furnish 

dissolved oxygen and to save lime by the liberation of free CO». 

The significance of the foregoing solubility products is indicated in Fig. 17, which 

shows the approximate solubility of aluminum and iron oxide floc and of ferrous 

carbonate at various pH values. The best precipitate is obtained at points of least 

solubility, which for alum is pH 5.0 to 7.5 and for ferric coagulants for all pH values 

above about 4.0, the solubility decreasing greatly as the pH is increased. ‘The least 

solubility for hydrous ferrous oxide is at pH values above 9.5. 

Copperas may be used successfully as a coagulant at low pH values if the ferrous 

iron is first oxidized to ferric by the introduction of chlorine into a copperas solution 

to form chlorinated copperas as follows: 

6FeSO,-7H20 + 3Cl. @ 6Fe* + 6SO0,-— + 6Cl- + 7H20 (30) 

This reaction requires about | lb of chlorine to 8 of copperas. Organic-bound iron in 

waters of high color has been effectively oxidized and precipitated by KMnO, at a pH 

of 8.8 to 9.8. 
The hydrous aluminum or ferric oxide when first formed is a positively charged 

colloid in the acid region up to a pH of about 6 to 7.5, adsorbing H* and probably 

some Al*’* or Fe#*+ from solution. In order to flocculate a colloid, a sufficient con- 

centration of flocculating ions of opposite charge must be present. The flocculating 

value of an ion is measured by the concentration required to completely flocculate a 

sol in a given time. The flocculating value? increases enormously with the valence 

of the ion, the relative flocculating values of trivalent, bivalent, and monovalent ions 

being roughly in the order of 500 to 7 to 1. In the case of coagulation with alum or 

ferric sulfate in the acid region, bivalent SO,-~ is automatically present to flocculate 

the hydrous oxides effectively. If FeCl; is used, however, flocculation is not so 

effective because only the monovalent Cl- is present. Investigators* have shown that 

additional negative ions extend the range of pH in the acid region over which rapid 

1 Latimer, ‘‘Oxidation Potentials,’’ 2d ed., Prentice-Hall, Inc., Englewood Cliffs, N.J., 1952. 

2 Kruyr and VAN Kuooster, ‘Colloids,’ John Wiley & Sons, Inc., New York, 1930; WEISER, 
“Tnorganic Colloid Chemistry,’’ John Wiley & Sons, Ine., New York, 1935. 

3 PereRSON and Barrow; Buack, Rice, and Barrow; Barrow, Biack, and Sanspury: Ind. Eng. 

Chem., January, 1928, p. 51; July, 1933, p. 311; and August, 1933, p. 898. 
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flocculation of alum and ferric salts takes place (see Fig. 18) and that, as expected, 

SO,-~ is much more effective than Cl~. These investigators have also shown that the 

colloidal oxides of Fe and Al are negatively charged in the alkaline region, for addi- 

tional positive ions promote more rapid flocculation. This effect is not appreciable in 

the case of alum floc because of reaction (25); but it is quite evident for ferric oxide 

floc, and as expected, Ca** is much more effective than Nar. 
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The curves in Fig. 18 are for coagulation in distilled water containing only the 

added salts. SO, ~ and Cl- were added as sodium salts and Nat and Catt as 

The presence of other salts and the concentration of dissolved solids may 

be expected to affect the position of the curves. The position of the curves is also 

shifted by changes in temperature, and the shift is greatest for smaller doses. 

In the case of highly colored waters, best removal of color may be obtained by 

flocculating at low pH values, 4 or less, in which case very little oxide is formed and | 

Al’* or Fe** becomes an effective flocculating agent for the negatively charged 
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color particles. Double coagulation is often required with an alkali added in the 

second stage in order to remove the residual Al or Fe as hydrous oxide. 

The amount of coagulant required varies from about 0.3 gpg (1 grain per U.S. 

gal, gpg = 17.1 ppm) for clear waters to more than 6 gpg for some waters of high 

turbidity. The proper coagulant to use for a given water, the amount required, 

and the optimum pH value and velocity gradients for effective flocculation can best 

be determined by jar tests on a laboratory stirring device (Fig. 19). Flocculation is 

initiated by the Brownian motion of the colloidal particles which brings them in 

contact with one another. When the particles become too large to be influenced by 

Brownian motion, they are still too small for effective settling and filtration. Hence, 

in order to continue the flocculation process, mechanical stirring is required. The 

stirring must be sufficiently violent to prevent settling but not violent enough to 

destroy the floc particles after they are formed. The laboratory stirring device 

performs in the laboratory the function of the flocculator, and for comparable results 
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Fic. 18. Time of flocculation as a function Fie. 19. Laboratory stirring device. 
of pH value. (Concentration of Al and Fe (Phipps & Bird.) 
equivalent to about 2 gpg of alum. Tem- 

perature not reported.) 

the velocity gradients and temperature should be the same in the jars as in the floccula- 

tion chambers. 

Laboratory tests to determine the optimum pH value in terms of the time of first 

appearance of floc, such as illustrated in Fig. 18, should be made at the temperature of 

the raw water in the plant with the same coagulant dose and the same velocity gradient 

in all six jars. The pH in the jars should be varied by the addition of HCl or NaOH. 

To facilitate the tests the water temperature in the jars should be controlled by 
insulating the jars or by a constant-temperature water bath. The temperature of raw 

water samples at 5 C placed in uninsulated jars in the laboratory will rise to about 

9 Cin 1 hr and to 12.5 Cin 2hr. The first appearance of floc is best observed in a 

Tyndall light beam with a dark background. In order to study the effect of velocity 

gradient, various coagulant doses, and coagulant aids, settling tests must be made in 

the jars following flocculation. The laboratory stirring device should therefore be 

equipped with pipettes for sampling after various periods of settling; and the device 

should be calibrated at various water temperatures for velocity gradient vs. rpm. 

Figure 20 shows such a calibration using 2.0-l samples in 2.0-l beakers. The calibra- 

tion is made by supporting the beaker on a platform suspended from a piano wire and 

measuring the torque required to prevent angular deflection from the still position 
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for selected speeds and water temperatures. The velocity gradient G is computed by 

means of Eq. (31). 

It has been shown by Hudson! that the volume of floc formed is proportional to the 

coagulant dose and varies approximately inversely with the velocity gradient G. 

Inasmuch as 95 percent or more of the floc volume is bound water, it follows that 

destruction of floc consists of loss of bound water. It has been shown that an alum 

dose of 16 ppm will produce a good floc after 45 min flocculation at a G of 16 preceded 

by a 2-min rapid mix at a Gof about 80, but that no floc will result if a Waring blender 
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Fic. 20. Velocity gradient calibration for 2-l samples in 2-1 Pyrex beakers. 

(10,000 rpm) is used for the initial mix. The velocity gradient and time used for the 

rapid initial mix are therefore very important factors in plant performance and 

economy. 

In coagulation of very clear waters, it is sometimes difficult to produce a good floe 

because of the absence of nuclei in the water about which the precipitates may collect. 

Finely divided clay in small amounts (1 to 7 gpg) has been successfully used in some 

cases to promote floe formation and hasten settling. Activated silica and a number of 

organic polyelectrolytes are available for use as coagulant and filter aids. 

18. Feeding and Solution of Chemicals. Chemicals are proportioned to the water 

by dry feeding or by solution or slurry feeding. In the former method, the dry granu- 

1 Hupson, H. E., Jr., Physical Aspects of Flocculation, J. AWWA, 57, 885, 1965. 
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lated chemical is fed volumetrically or gravimetrically from a dry-feed machine of 

which there are several types commercially available. Alum, ferric sulfate, and 

powdered activated carbon can be proportioned without difficulty with dry feeders. 

Hydrated hme and soda ash may he fed successfully if sufficient agitation is provided 

in the hoppers to prevent arching. It is difficult to feed copperas dry because of its 

tendency to cake. Dry feeders for dusty chemicals such as hydrated lime should be 

wholly enclosed. Feed machines are most conveniently fed from storage bins above. 

The chemicals are usually raised to the storage rooms or bins by means of elevators, 

but where large quantities of chemicals are used, pneumatic conveyors are economical. 

Dry feeders usually dose the chemicals into a small stream of water which is discharged 

through a solution pot and a pipe or hose into the water at the desired point. Coagu- 

lants and alkalies should be dissolved before they reach the point of mixing with the 

water. Otherwise a portion of the flocculation time will be used for dissolving the 

chemicals. The solutions of alum, copperas, and soda ash from the dry feeders are 

usually prepared with a strength of less than 6 percent. Hydrated lime, which is 

soluble to only about 0.08 percent at 25 C (not enough to be prepared as a clear solution 

in small water streams), 1s prepared as milk of lime with about the same strength. 

Activated-carbon slurries may be transported at strengths of about 12 percent. Solid 

ferric sulfate may be proportioned by dry feeders but should be mixed for not less than 

20 min with water heated to above 25 C to produce a 35 percent colloidal solution. 

The time required to dissolve solid chemicals is directly proportional to the size of 

the particles in dilute solutions. The rate of solution of alum, ferric sulfate, and ferric 

chloride increases two- to threefold for each 10 C increase in temperature and appears 

to be independent of the concentration of the solute up to about 8 percent. Alum and 

ferric sulfate require about 10 min for each 1.0 mm of size of particle to dissolve at 10 C 

in dilute solutions. Ferric chloride dissolves at nearly a hundred times this rate, but 

lime dissolves at very much slower rates than alum. Solutions should be kept stirred 

during preparation in order to procure uniform concentrations and to speed up the 

process. 
In solution feeding, the solution or slurry of known strength is proportioned by 

means of orifices, V-notch weirs, chemical feed pumps, or rotary dip buckets. Liquid 

alum is available from some suppliers as a 50 percent water solution containing about 

8.3 percent Al,O3 and is delivered in tank trucks or tank cars. Liquid alum crystallizes 

at temperatures lower than about —15 C, and the crystallization temperature remains 

below the freezing point of water with all dilutions. Ferrous sulfate is available in 

some areas (principally from pickling liquors in the steel industry) as a water solution 

containing about 7 percent available iron or about 35 percent copperas. Liquid 

caustic soda (sodium hydroxide) is available in tank-truck and tank-ear lots as water 

solutions containing 50 percent and 70 to 74 percent sodium hydroxide. Since the 

70 to 74 percent solution crystallizes at temperatures below 64 C and the 50 percent 

solution crystallizes at temperatures below 15 C, the solutions should be diluted to 

25 percent as soon as received. The crystallization temperature of all caustic soda 

solutions weaker than 30 percent is below the freezing point of water. Liquid ferric 

chloride may be obtained as a water solution containing 39 to 45 percent ferric chloride; 

and it is usually diluted to 2 to 8 percent for feeding. 

The strong solutions and slurries should be applied to each bay of the treatment 

plant to ensure control of the chemical dose and to permit variation of the dose from 

bay to bay when desired. In Fig. 12, the carbon slurry should be applied at the 

entrance gate of each contact chamber; and the coagulant, chlorine, and alkali at the 

entrance port of each rapid mix. The postchlorine dose should be applied to the main 

filter-effluent conduit between the filters and the filtered water reservoir. 

Solutions of alum and iron scales are quite corrosive. Glazed tile, polyvinyl chloride, 
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hard rubber, and neoprene-lined pipe are satisfactory for conveying the solutions. 

Solution tanks should be lined with rubber, neoprene, acidproof brick, or other acid- 

proof lining. Iron pipe may be used for sodium hydroxide and lime and soda solutions, 

but with milk of lime, flexible rubber hose is better in order that deposits may be 

readily removed. Milk of lime, when cold, may be stored in concrete tanks. Soda 

ash and sodium hydroxide, however, should be dissolved and stored in steel tanks. 

19. Mixing and Flocculation. When strong chemical solutions or slurries are 

added to the water, they should be quickly and uniformly dispersed throughout in 

order to hasten the chemical reactions. The chemical reactions after the chemicals are 

dissolved are almost instantaneous, but the formation of the floc is a time-consuming 

process. The principal function of flocculation basins is to form the floc, and their 

capacity is determined from the time required for this function. Another function of 

mixing, however, is the dispersion of the chemicals in the water. This function is 

automatically performed by all flocculation chambers, but dispersion and flocculation 

may be improved by rapid initial mixing at optimum velocity gradients and times as 

determined by jar tests. 

The agglomeration of small dispersed particles to form larger ones is brought 

about first by true diffusion or Brownian motion and thereafter by the relative motion 

of the suspension, usually by turbulent mixing. It has been shown by Camp, Root, 

and Bhoota! that the Brownian-motion phase of coagulation is completed in a few 

seconds and is therefore of neghgible importance in fixing tank dimensions as com- 

pared to the turbulent mixing phase. 

Camp and Stein? have shown that the speed of flocculation at a point in a moving 

suspension is directly proportional to the concentration of suspended particles and to 

the space rate of change of velocity or velocity gradient at the point. For efficient 

coagulation, therefore, the motion of the suspension should be great enough to prevent 

settling of the floc particles and to produce velocity gradients of sufficient magnitude 

to promote rapid coalescence. The velocity gradients should not be great enough, 

however, to shear apart floc particles already formed. For best results, flocculation 

should be carried out in several stages in a series of tanks, such as shown in Fig. 12, with 

the velocity gradients progressively decreased as the floc particles grow in size. This 

procedure was first developed by Langelier and is known as the Langelier process. 

The velocity gradients throughout a flocculation tank vary considerably, but the 

speed of flocculation may be taken as proportional to the mean velocity gradient G, 

which is given by the relation? 

C= Nd (31) 
Le 

in which W is the work done on the water by shear per unit of volume per unit of 

time and wu is the absolute viscosity. 

The value of W for a tank equipped with mechanical mixers is the difference 

between the power input to the shaft per unit of tank volume with the tank full and in 

operation and with the tank unwatered. For tanks in which mixing is produced by an 

inlet jet, W may be computed from the kinetic energy of the jet. For baffled mixing 

channels, W may be computed from the discharge and head loss as follows: 

Wo Qgphs = gphs 29 
ad V ia ips ( ) 

1J. AWWA, 32, 1913, 1940. 

2? Camp and Stein, Velocity Gradients and Internal Work in Fluid Motion, J. Boston Soc. Civil 
Engrs., October, 1943, p. 219. 
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where Q = discharge 

g = gravity constant 

p = mass density 

hy = head loss 

V = volume of the channel or conduit 

T = retention period, sec 

The maximum values of the mean velocity gradient @ provided in existing floccula- 

tion basins! for water-purification plants built from 1909 to 1932 throughout the 

United States vary from about 20 to 75 fps/ft (sec!). Where the Langelier process 

is used, it is probable that the initial value of G should be from 30 to 100 with even 

higher values (up to 500) for flash mixing and the final value before settling should be 

between 5 and 15 sec~!. Optimum values for G vary widely for different types of floc, 

and jar tests are required for-their evaluation. 

Since the speed of flocculation varies directly with the magnitude of the mean 

velocity gradient G, it follows that satisfactory coagulation should be produced with 

particular values of the product GT for each stage, where 7 is the flocculation period. 

If G and 7 are expressed in seconds, G7’ is a dimensionless number. The overall 
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end baffled mixing basin. baffled mixing chamber. 

values of G7 for American flocculation basins! of all types built from 1909 to 1932 

ranged from 23,000 to 210,000 and correspond to floc periods ranging from 10 to 100 

min. The velocities used for channel mixing chambers range from about 0.3 to 3 fps, 

and the same range of velocities is generally employed for paddle-tip speeds in mechan- 

ical mixers. 

Two general types of flocculation basins are in common use, baffled basins and 

tanks with mechanical stirring devices or tangential flow. Baffled basins are of two 

types: with round-the-end baflles as illustrated in Fig. 21 and with over-and-under 

baffles as illustrated in Fig. 22. One of the important considerations in the use of 

baffled mixing chambers is the head loss, which ranges from about 0.5 to nearly 3 ft, 

depending upon the number of 180-deg bends. The head loss per 180-deg bend is 

approximately 3.5 times the velocity head in the adjacent channels. The head lost in 

the bends is about 80 percent of the total loss in round-the-end chambers and con- 

stitutes nearly all the loss in over-and-under chambers. An advantage of baffled 

chambers is the elimination of power-driven mechanical equipment. 

A major defect in fixed-dimension baffled chambers, as illustrated in Figs. 21 

and 22, is that they must be designed for a particular discharge and water temperature 

to obtain the selected value of G. Since the value of G varies as V/Q3/u in an existing 

chamber, it will increase about 50 percent with a change in water temperature from 

near freezing to 80 C and it will increase about fivefold for a threefold increase in 

1 Camp, T. R., Flocculation and Flocculation Basins, Trans. ASCH, 1955, p. 1. 
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discharge. This defect may be compensated for with round-the-end baffled chambers 

by means of a series of gates, illustrated by Fig. 23, which may be adjusted to provide 

a series of slots, each with a selected width. If the chamber is designed with a velocity 

ranging from 0.15 fps at minimum flow to 0.45 fps at maximum design flow, with all 

gates open, G will range from about 2.2 to 11 sec! at 10 C. The lower velocity, 9 fpm, 

should be adequate to transport most of the floc. The volume of 

LAT~ Slots the chamber should be adequate to provide at least 30-min 

| | ) flocculation at the maximum flow. The gates should be spaced 

Hoe Wat about 12 ft apart for the first 60 ft at the upstream end of the 

\ | chamber and about 24 ft apart thereafter. The head loss re- 
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Fie. 23 Fria. 24. Flocculation chambers with mechanical agitation. 

quired to produce any value of Gin the section of channel between two gates may be 

computed by means of Eqs. (31) and (32), and the gate at the upstream end of the 

section may then be adjusted to produce this head loss. 

Flocculation basins with mechanical agitators are usually made with two or more 

basins in series, as shown in Figs. 12 and 24. In some plants, the mechanical stirrers 

have been omitted, and sufficient velocity is provided at inlets to impart a whirling 

motion to the basin contents. This port velocity is permissible at the inlet to the 

first tank, but it will inhibit floe growth if applied at the inlets of the other tanks in a 

series. For example, for a 15-min retention period per tank at 10 C, the required port 

velocities are 0.79, 1.59, and 3.18 fps for G values of 5, 10, and 20 sec~!, respectively. 

The great advantage of mechanical mixers is the provision for varying the velocity of 

stirring independently of the discharge. This advantage is lost in basins without 

stirring devices. In them, the velocity is proportional to the discharge as it is with 

baffled basins. Another advantage in basins of this type, with or without stirrers, is 

the negligible head loss. 

A serious drawback to mechanical and tangential flow tanks is short-circuiting. 

Hydraulic studies at the Massachusetts Institute of Technology! on miniature mixing 

basins indicate that the minimum time is almost zero, as shown by the experimental 

curve for a cubical tank in Fig. 25. The stirring process short-circuits some of the 

water quickly from inlet to outlet of each chamber. If a charge of tracer is assumed to 

be mixed instantaneously throughout the contents of the first chamber in a series of 

equal size, and the influent to each chamber is assumed to be mixed instantaneously 
with its contents, the relative concentration of the tracer in the effluent of the last 

1 Srp, P. C., unpublished paper, October, 1941. 
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chamber after various periods of time will be as shown by the curves in Fig. 25. It 

will be noted that the experimental curve for one tank closely approximates the 

theoretical curve. The equation for the theoretical curves for n tanks of equal size in 

series was developed by Stein! as follows: 

Cc qu to\ Pam 
= (bt) DP) DES 

¢ (n—1)! (a) a kee) 

where c is the concentration of the tracer in the effluent of the last tank after time f, cp is 

the initial concentration if the tracer is instantaneously dispersed throughout the 
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contents of the n tanks, 7 is the total retention period in the n tanks, and e is the base 

of Napierian logarithms. For a single tank (n = 1), Eq. (33) reduces to 

LiSoeal e7t/T (34) 
Co 

The fraction of the tracer charge F/, which will pass out of the tanks in time ¢ is 

fc 
lo i — dt (35) 

0 Co 

where c/co 1s obtained from Eq. (33). Figure 26 shows the fraction of the tracer 

discharged out of the chambers after various fractions of the retention period. It will 

be noted that after one-fourth the retention period, about 22 percent will be discharged 

from a single tank but 4 percent from three tanks in series; and that after one-half the 

retention period, about 39 percent will be lost from a single tank but only 19 percent 

from three tanks in series. 

Most of the apparatus used for flocculation is of the revolving-paddle type with 

either horizontal or vertical shafts. In most installations only rotor paddles are 

provided and the only resistance to rotation of the water with the paddles is the drag 

on the walls of the tank. This drag may be supplemented with stators to increase the 

1Srein, P. C., unpublished paper, October, 1941. 
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stability of the flow pattern. A number of rotor paddles are usually required with 

varying paddle areas and varying distances from the shaft. The value of the power 

input per unit of tank volume is as follows: 

4n%pCp [ a = ks (24 tp) + 2A ) +k (24 ro + A ) | 8° 
DFv es oH ge D 

i V 
WwW = 

(36) 

where v is the velocity of the blade with respect to the water, F’ is the drag force, V is 

the tank volume, Cp is the drag coefficient, p is the mass density of the water, S is the 

shaft speed in rps, &S is the water speed in rps, A, is the area of a rotor paddle parallel 

to the shaft, 7, is the distance from the center of the shaft to the middle of the parallel 

F, fraction of tracer discharged 
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rotor paddle, A, is the area of a radial rotor arm or paddle of constant width, 7, is 

the length of this radial rotor paddle from the center of the shaft to its tip, A, is the 

area of a stator blade, r; is the radial distance from the center of the shaft beyond which 

the tangential velocity of the water is assumed to be constant at any value of S (r; = 

rp or r,, whichever is the greater), f is the Weisbach-Darcy wall friction factor, and A, 

is the wetted area of the tank walls and floor. The tangential velocity of the water is 

assumed to be directly proportional to 7 out to 7, and constant for greater values of r. 

Equation (36) may be used to design the flocculator mechanism. The outside 

width of the paddle reel should not exceed about 70 percent of the tank width or depth, 

and the paddle area in one plane should not exceed about 25 percent of the cross- 

sectional area of the tank. The drag is proportional to v? at high values of S, as shown 

by Eq. (86), and is proportional to v at low values of 8S. Another equation, similar 

to Eq. (86) but with different terms for the geometric parameters, may be derived for 

the region of streamline drag. The values of & and the drag coeflicient for each 
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region may be estimated! from the geometric parameters if it is assumed that W is a 

minimum at the correct value of k. Variable-speed drives are essential to produce 

the required values of the velocity gradient with changes in the coagulant dose and 

water temperature. 

The velocity gradient in a straight pipe or channel of uniform cross section may be 

estimated by substituting the value of hy from the Weisbach-Darcy friction formula in 

Eq. (32). The following results: 

ere OO Q7 
ois Coie © 34) 

where f is the Weisbach-Darcy friction factor, R is the hydraulic radius, » is the kine- 

matic viscosity of the water, and v is the mean velocity in the conduit. 

The velocity gradient at any level in a filter bed or upflow sludge-blanket clarifier 

may be derived from Eqs. (31) and (32) by noting that 7 = (p/vo)l, where vo is the 

overflow rate or rate of filtration as a velocity, p is the porosity, vo/p is the pore 

velocity, and 7’ is the time of flow through the vertical distance /. The resulting value 

of Gis as follows: 

(Nee (38) 

where 7 is the hydraulic gradient. In a fluidized filter bed or upflow sludge blanket, 

2 = [(p1 — p)/p|(1 — p), as shown by Eq. (41), where pi/p is the specific gravity of the 

filter grains or the floc particles in the sludge blanket (including their water content). 

FILTRATION 

20. Operation of Rapid Filters. The essential features of a rapid sand filter are 

illustrated in Fig. 12. Each filter is equipped with four valves: influent, efHuent, wash, 

and waste. Sometimes a connection is provided from the manifold to the drain and 

equipped with a filter-to-waste valve. The effluent pipe is provided with a rate 

controller which keeps the discharge constant. 

During filtration, the influent and effluent valves are open and the others are 

closed. The water enters from the settling tanks, passes up through and over the 

wash gutters and thence downward through the filter and into the underdrainage 

system and out through the effluent valve. 

When a filter needs to be washed, it is taken out of service by first closing the 

influent valve. When the water has drained down below the level of the gutters, 

the effluent valve is closed and the drain is opened. The wash-water valve is then 

opened slowly, which permits filtered water to enter the manifold from the wash-water 

pump or tank and pass up through the bed over the gutter weirs and out through the 

gutters and drain. When the rate of wash reaches a maximum after about 1! min, 

the filter medium should be fluidized (suspended) with the bed expanded 10 percent or 

more above its normal depth. This rate of wash is maintained until the water above 

the sand begins to clear, usually 2 to 4 min, and then the wash valve is closed. To 

place the bed back into service, the drain is closed and the influent and effluent valves 

are reopened. When the filter is provided with a filter-to-waste connection, the 

filtered water is sometimes discharged to the drain for a few minutes after washing. 

This practice, which is seldom necessary, is to prevent sediment that may possibly be 

near the bottom of the bed from passing into the filtered water reservoir. 

1Camp, T. R., ‘Hydraulics of Mixing Tanks,’’ 1969, John R. Freeman Memorial Lecture, Boston 

Society of Civil ngineers. 
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The permissible length of a filter run between washes is fixed by the head lost 

through the bed or the character of the filter effluent. Usually 7 to 10 ft of the oper- 

ating head is available for loss through the bed and rate controller. When a clean 

bed is put back into service, the head loss through the bed is about 1 ft, the remainder 

of the 7 to 10 ft being taken by the controller, which is nearly closed. As the bed clogs 

and the head loss through it builds up, the controller opens so that the total loss 

through bed and controller remains constant until the controller is wide open. At this 

point, the rate will change; hence washing becomes necessary before this point is 

reached. In many cases, however, a filter will begin to pass abnormal turbidity 

before all the available head is used up. Some filters are designed without rate 

controllers so that the rate of flow decreases as the head loss builds up or so that the 

rate of flow varies with the demand. 

The length of filter run is an important factor in the economy of filtration. If 

filter runs are very short, the capacity of the plant is reduced because of the time 

filters are out of service for cleaning. Moreover, the portion of filtered water required 

for washing, which is subsequently wasted, becomes abnormally high and results in 

higher costs of plant operation. Generally, the water required for washing should be 

less than 2 percent of the total water filtered. The length of filter runs is determined 

principally by the efficiency of pretreatment, the rate of filtration, and the character 

of the filtering materials. 

21. Hydraulics of Flow through Granular Media.' Viscous flow of clean water 

through clean sand and other loose granular media, which has been studied by many 

investigators, appears to be represented very well by an equation developed rationally 

by Kozeny? from Poiseuille’s law of flow through capillary tubes. The same equation 

was later developed independently by Fair and Hatch.’ This equation states that 

the hydraulie slope is 

_ th _ Bel = py? fo 

dl gp Ds Oh 

in which dh = head loss through bed thickness d/ 

p = porosity ratio 

d = diameter of the grains 

v = rate of filtration as a velocity 

8 = dimensional friction factor 

u, g, and p are the same as for Eqs. (11) and (12). It will be noted that the value 

Oe of the permeability coeflicient k of Eq. (1), Sec. 35, is, from Eq. (39), 

pee: (40) 
Bath =p)? 

Silica sand, with a specific gravity of about 2.65, and anthracite coal, with a 

specific gravity of 1.4 to 1.7, are widely used for filter materials. With repeated 

backwashing, any material tends to become stratified with the smaller and lighter 

grains at the top and larger grains below. With filtration downward, most of the floc 

is removed near the top of the bed where, as a result of stratification, the pores are 

smallest. When sand is used alone, this effect shortens filter runs and limits the rate 

of filtration to about 4 gpm/sq ft. Much higher filter rates may be used, up to about 

1 Camp, T. R., Theory of Water Viltration, Proc. ASCE, J. Sanit. Eng. Div., August, 1964, February, 
April, and October, 1965. 

2 Kozeny, J., Wasserkraft und Wasserwirtschaft, 22, 67, 1927. See also Donat, Wasserkraft und 
Wasserwirtschaft, 24, 228, 1929. 

37. AWWA, 25, 1551, 1933. 
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8 gpm/sq ft, if a bed of anthracite with coarse grains is superimposed on the sand bed. 

If the average grain size of the anthracite is about 60 percent larger than the average 

sand size there will be little intermixing at the interface during backwashing. 

The rate of wash required to fluidize the bed is determined by the density and size 

of the largest grains and the highest temperature of the wash water. To minimize 

the cost of washing facilities, the filter grains should not vary greatly in size. The 

materials must be prepared by the supplher between certain limiting sieve sizes, as 

specified by the user. If sand alone is used, the authors suggest that all should pass a 

U.S. No. 18 or No. 16 sieve (1.00 or 1.19 mm) and be retained on a U.S. No. 40 or 

No. 35 sieve (0.42 or 0.50 mm). If anthracite is used on top of the sand, the sand 

should be retained on a U.S. No. 30 sieve (0.59 mm); and the anthracite should all pass 

a U.S. No. 14 or No. 12 sieve (1.41 or 1.68 mm) and be retained on a U.S. No. 18 or 

No. 16 sieve (1.00 or 1.19 mm). 

The stratification resulting from backwashing is far from perfect, and a sample of a 

filter medium collected at any level may contain grains of almost all sizes. In order to 

use Eq. (39) for filtration studies, therefore, it is necessary to use an average grain size 

at each filter level. The average grain size may be estimated by collecting samples 

after prolonged backwasning from the top, mid-depth, bottom, and intermediate 

points (if necessary) of each filter medium for density and grain-size determinations. 

Grain-size determinations are made on each sample by counting and weighing several 

groups of 100 grains each and computing the diameter of the sphere whose volume 

equals the average volume of the counted grains. For other bed levels, the grain size 

is estimated by interpolation. 

Equation (39) may be used for studies of filtration in both the viscous range and 

the transition range between viscous and turbulent flow, and it also may be used for 

fluidized beds, provided £ is evaluated experimentally. The hydraulic gradient 7 may 

be measured in a bed by means of a piezometer column with piezometers at small 

intervals of depth (about 0.1 ft). Figures 27 and 28 show the results of backwashing 

experiments on sand and coal conducted in a 5-in. plastic tube with piezometers at 

0.1-ft intervals of depth. 

The weight of a bed in water per unit of bed area is g(pi1 — p)(1 — p)l, where p, is 

the mass density of the material and / is the depth of the bed. Since filter beds are 

usually constructed to specified depths, the weight per unit area is seldom known and 

the porosity cannot be computed. If the bed is fluidized, however, the weight in 

water per unit area may be readily computed because it equals the friction loss past the 

grains gph, where his the lost head. The weight of a bed being constant, the head loss 

is also constant if the bed is fully fluidized, regardless of increase in wash rate or changes 

in water temperature (neglecting the small change in p with temperature). If the 

bed is fluidized in a small container, the measured head is somewhat greater than that 

corresponding to the actual weight because of arching against the walls; and corrections 

must be made to the measured head and hydraulic gradients as shown for the head in 

Figs. 27 and 28. The average porosity of the unexpanded sand bed of Fig. 27 is 

1 — 1.752/1.64 & 2.09 = 0.49, from the above relation. 

From the above relation, it follows that at any level in a fluidized bed the hydraulic 

gradient is 

i=" —* (1 — p,) (41) 
p 

where p, is the expanded porosity at that level. The porosity at any level in a 

fluidized bed, therefore, depends only on the measured hydraulic gradient and the 

specific gravity of the filter medium. If the values of 7 in Kqs. (389) and (41) are 
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Fic. 28. Results of backwashing experiments with anthracite grains sized between U.S. 
sieves 14 and 18. 

equated, the following results: 

— dor p) pe 
Vw 

Bvp i= Pe 
d? (42) 

where v,, is the wash rate as a velocity, v is the kinematic viscosity of the water, and p, 

is the expanded porosity in the layer where d is the average grain size. From the 
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results of backwashing experiments, such as illustrated in Figs. 27 and 28, p. may be 

calculated for any level by means of Eq. (41) from measured values of 7; and 6 may 

then be computed by means of Eq. (39) or (42). 

The average porosity of a bed at rest may be computed from the weight, volume, 

and average density of the material, as illustrated above; but no means are available 

for determining the porosity variation throughout the depth of the bed. Equation 

(39) may be used to evaluate the product of 6 and the porosity term at any level from 

the results of downflow experiments. If 6 is assumed constant throughout the depth, 

it may be computed by averaging the products of 6 and the porosity term for the 

sampling points and dividing this average by the porosity term for the average poros- 

ity. The porosity for each of the sampling points may then be computed. Values of 8 
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Fic. 29. Effect of Reynolds number on @ for beds at rest. 
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determined in this manner for the sand and coal of Figs. 27 and 28 at mid-depth are 

shown in Fig. 29. The computed porosities for the other sampling points were within 

3.0 percent of the average for the sand and within 5.0 percent for the coal. 

The pore size for the Reynolds number has been taken as the diameter of a circle 

with area approximately equal to the average pore area d VS n/(1 — p), in order to 

remove from the Reynolds number the effects of pore shape. Figure 29 shows that, 

for downward flow, the flow is viscous with 6 constant for Reynolds numbers up to 

8 to 12. The value of 8 increases at higher Reynolds numbers with increase in 

Reynolds number. The upper curves of Fig. 29 are for the beds compacted by tapping 

the wall of the plastic tube. It is evident that, in the viscous-flow regime, 8 changes 

little with wide changes in porosity for sand (rounded grains), but the change is sub- 

stantial (about 10 percent) for coal with angular grains. The porosity at which a bed 

comes to rest after backwashing depends upon the rate of closing the wash-water valve, 

which, if too slow, will result in excessive compacting. Loose filter beds result in 

longer filter runs. The two points in Fig. 29 for the Billerica, Mass., filter plant show 
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that, with viscous flow, 8 is approximately the same for water temperatures from 6 to 

25.5 C and filter rates from 1.93 to 7.35 gpm/sq ft. 

Figure 30 shows the values of 6 in upflow experiments on the sand and coal of 

Figs. 27 and 28. Since each layer contains grains of many sizes, the smaller grains 

will be lifted at flow rates which are inadequate to lift the surrounding larger grains. 

The motion of these smaller grains will increase the value of 6 before the bed expands; 

and if this motion is sustained long enough, the positions of the larger grains will be 

rearranged to compact the bed. Figure 30 shows that at upflow rates too low to lift 

the smaller grains, the value of 6 for sand is approximately the same as for downflow. 
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Fra, 30. Effect of Reynolds number on @ for fluidized beds. 
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For the coal, however, the value of 6 at low upflow rates is substantially less than for 

downflow and it varies widely from top to bottom. This may be explained by the 

fact that the angular-shaped grains tend to orient themselves to develop the least drag 

when the bed is fluidized, and these attitudes tend to be maintained when the bed 

settles back after washing. When the flow direction is reversed, the drag tends to be a 

maximum. After a bed starts to expand, 6 decreases to a minimum value with 

further increases in wash rate and then increases again. Figure 30 shows at what 

points expansion starts and fluidization is complete. 

22. Mechanism of Filtration. Suspended matter is removed from water by sand 

filters through the adhesion of small particles to the surfaces of the grains. The small 

particles are brought into contact with the surfaces of the grains by the convergence of 

the streamlines. In slow sand filters, removal by adhesion and straining may be 

expedited to some extent by flocculation of suspended particles within the pores; but 



FILTRATION 38-45 

experiments by Stein! indicate that the velocity gradients (being of the order of 

200 sec”!) are too high in rapid sand filters to permit much flocculation. 

As the filter passageways become reduced in cross-sectional area owing to the 

accumulation of adhering material, the velocities in the pores and hence the shear 

will increase. When the shear forces become large enough, the rate of adhesion is 

decreased and suspended matter will be carried more deeply into the filter. 

If the floc particles are larger than the pore constrictions, they will deposit right 

at the top of the bed and filter runs will be very short; if very much smaller, they will 

penetrate deeply into the bed and filter runs 

will be longer. As the top pores become 

clogged, some of the suspended particles may 

settle on top of the bed above these pores and 

thus will be removed by sedimentation. The 

mud blanket thus formed, called the schmutz- 

decke, was once thought to be essential to 

proper filter performance. It is now known, 

however, that it bears no relation to the re- 

moval effected and is a positive detriment to 

rapid filters as it is the main source of forma- 

tion of mud balls during the washing process. 

Many filters perform efficiently without a mud 

blanket. 

A certain ripening process of a filter after 

it is first put into service, during which the 

sand grains become partly coated, is known to 

_ 

Depth of sand, 1, in ft. fro 
aD 

improve the efficiency of the filter. This im- : Bottom 
provement is probably due to an increase in 1.96 ofsand, 

effective surface area of the grains. Slow 0S OO SOO SENG 

sand filters are known to be poor removers of Iron content of water,p p m. 

negative color colloids. Rapid-filter sand be- Fy¢. 31. Iron content of water, ppm. 

comes coated with alumina or ferric oxide 

which is adsorbed from the floc. This adsorption process is so slow, however, as to be 

a negligible factor in the removal accomplished in a single filter run. 

The mechanism of filtration is illustrated well by the data from a filter run taken by 

Eliassen? during studies made with an experimental rapid filter at the Providence, R.I., 

water-treatment plant. The finer sand grains were screened out to ensure penetration 

of all the floe into the bed, and the performance of the filter as regards removal and 

length of run before too much floc was passed was correspondingly impaired. Eliassen 

demonstrated that less than 5 percent of the floc volume was solid with the remainder 

water. This is doubtless true of other floc. The average size of the visible portion of 

the iron floc particles in water samples taken from the filter varied from about Il. 

above the filter to about 8u at a depth of 0.89 ft. The size of the pore constrictions 

was about ten to twenty times the floc size. The sand for this bed was contained 

between sieves with openings of 0.42 and 0.88 mm. The penetration of floc into the 

bed during a run at 2 gpm/sq ft is illustrated in Fig. 31. It will be noted that at the 

start of the run about 90 percent removal was accomplished, nearly all the deposit 

being in the top 6 in. of the bed. As the top sand became clogged, its effectiveness 

grew less and the floc penetrated deeper, the total removal decreasing after about a 

fourth the length of the run. During the clogging process, the burden of removal was 

gradually transferred to sand deeper in the bed. 

1 Stem, Doctor’s Thesis, M.I.T., 1940, 

2 Burassen, Doctor's Thesis, M.I.T., 1935. 
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The time rate of clogging and the depth of penetration of suspended matter depend 

upon the grain size and the quantity and size of floc in the applied water. The 

time rate of clogging as measured by lost head dh/dt appears from many observations 

to be approximately constant or to increase slightly with time, if the size and amount 

of suspended matter applied to the filter, the rate of filtration, and the temperature 

of the water remain constant during a run. The time rate of clogging for a given 

water, according to experiments by Baylis! and others,? varies inversely with some 

power between 1 and 2.15 of the sand size; and according to Stein’ varies inversely 

with the square of the sand size. 

Numerous experiments under the author’s direction appear to indicate that 

dh/dt is about directly proportional to the volume of suspended matter in the water 

applied to the filter, other factors remaining constant. Inasmuch as the head loss 

and the rate of application of suspended matter to a filter are both directly pro- 

portional to the rate of filtration, it might be expected that dh/dt should vary as the 

square of the rate of filtration. This is not the case, however, for the solids penetrate 

deeper into the bed with increasing velocities. Experiments indicate that dh/dt 

increases approximately with some power of the rate of filtration less than 1. 

The head at any point in a filter during filtration is equal to the static head at 

the point less the lost head in the sand layer above the point. When the lost head 

exceeds the static head, a partial vacuum called a negative head is produced at the 

point. Negative heads should be avoided in filter effluent pipes, valves, and rate 

controllers because they cause pressure pulsations which travel back to the filters and 

dislodge floc; and they should be avoided in filters because they accentuate the pulsa- 

tions and cause the evolution of dissolved air from the water. Negative heads may be 

prevented in design by providing an effluent overflow (d of Fig. 12) at least 5 ft above 

the rate controller and valve, and a water depth of 7 ft or more above the filter. 

The pressure corresponding to the head loss in the top layer of a filter, which 

becomes very high because of clogging, tends to compact the bed and results in shrink- 

age. Shrinkage is greater for high porosities and for dirty beds. The path of flow 

adjacent to the filter walls is less tortuous and the head loss correspondingly less than 
through the bed proper. Therefore, the head at any depth is greater at the wall than 

at a small distance from it. This difference in head results in flow inward from the 

wall and a corresponding shrinkage of the bed away from the wall. As the shrinkage 

cracks open, short-circuiting of more water and sediment to these cracks results. Mud 

sometimes penetrates through the bed because of shrinkage, and caking of the bed 

near the wall results. Shrinkage cracks also occur in the interior of some beds 

owing to inequalities in flow and shrinkage. Shrinkage can be minimized by using 

coarse grains and washing the beds clean. 

Stein’ demonstrated by photomicrographs that floc particles accumulate on the 

grains of a filter to form sheaths around the grains, thus to increase the size of the 

grains and decrease the porosity. He adapted the Kozeny equation for use during 

filtration, as follows: 

dy? ae (Ql = Po ae Gaye 1 

vBm (pe — 4) ~/g/3(1 = ps) 2 0.25 Fo /3C — p,) 4 0150 

where dy and py are the grain size and porosity at any depth / at the beginning of a 

filter run; and where, at depth / and any time / during a run, 7 is the hydraulic gradient, 

v is the filter rate, 6 is the friction factor, u is the viscosity, and o is the deposit ratio. 

Stein® demonstrated in a study of Hhassen’s experiments that Eq. (43) can be used to 

gp (43) 

1 Water Works Sewerage, October, 1934, p. 352. 
2 Proc. ASCE, December, 1936, p. 1543. 
3 Srerin, Doctor’s Thesis, M.I.T., 1940. 
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compute values of o during a filter run, assuming 6 remains constant. Camp! has 

shown that Elassen’s experiments can be approximated more closely if 8 is assumed 

to decrease during arun. Figure 32 is a graph to facilitate calculations fore. Camp’s 

correction factors for decreasing 6 are also shown in Fig. 32. 
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Fic. 32. Deposit ratio as a function of hydraulic gradient. 

Iwasaki? has shown that the rate of removal of floc from the water at any depth / in 

the bed and at any time / during a filter run is 

de lide (44) 

dl vat : 

where cis the volumetric concentration of floc in the water at depth /and time? and vis 

the rate of filtration at time¢. The validity of Iq. (44) is restricted to cases where the 

1 Theory of Water Filtration, Proc. ASCE, J. Sanit. Eng. Div., August, 1964, February, April, and 

October, 1965. 

2Twasakt, T., Some Notes on Sand IFiltration, J. AWWA, 29, 1591, 1937. 
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volume of floc already deposited is not reduced by loss of water during arun. Ina 

study of Stein’s data from Eliassen’s experiments, Camp! has shown that there was no 

significant decrease in water content of the deposited floc during the runs. The aver- 

age volumetric concentration c in Eliassen’s experiments was about 2.5 & 1074 

(250 ppm) per ppm of iron. 

The rate of removal of floe may be computed from measurements of hydraulic 

gradient within the bed without analyses of water samples collected from the bed. 

Floc removed, volumetric concentration, ppm 
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Fra. 33. Run 1, filter 4, June 29-30, 1964, Billerica, Mass. 

The cumulative head losses at small intervals throughout the depth of the bed are read 

and plotted for the beginning of a run and for the end of selected time intervals 

throughout the run. Values of 7 at small intervals of depth are read from the plotted 

curves, and the corresponding values of « are computed from Eq. (43) or Fig. 32. 

Plots are then made of values of o against time during the run for each small interval of 

depth; and values of do/dt are read from the plots at selected time intervals throughout 

therun. lates of removal are then computed by means of Eq. (44). The cumulative 

removal for each time is then plotted by adding the removals for the small intervals of 

depth starting at the top of the bed, as illustrated by Fig. 33 for alum floc. The solid 

1 Theory of Water Filtration, Proc. ASCE, J. Sanit. Eng. Div., August, 1964, February, April, and 
October, 1965. 
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lines in Fig. 33 were computed using the correction factors of Fig. 32 for reducing 8 

during the run; and the light broken lines are based on 8 remaining constant during 
the run. 

23. Washing of Rapid Filters. The effective washing of a rapid filter requires (1) a 

sufficient velocity of water (or air) past each grain to dislodge the sediment, (2) a sufh- 

cient expansion of the bed to permit the sediment to pass upward between the grains, 

(3) a sufficient wash rate to carry the sediment upward above the bed, and (4) a 

length of wash great enough to allow the sediment to pass out of the filter. 

Karly rapid filters were washed at rates of about 18-in. vertical rise per minute 

(12-in. rise per minute corresponds to a filtration rate of 7.5 U.S. gpm/sq ft) when water 

alone was used and at lesser water rates when air or mechanical raking of the surface 

of the beds was also used. Air is usually distributed to the underside of the sand 

through the water underdrainage system or through a separate perforated-pipe system 

just above the underdrainage system. The difficulty of distributing air uniformly, 

the extra cost of using air, and the danger of air-binding have led to the general 

abandonment of the air-wash method in the United States in favor of higher velocity 

of wash with water. It is general practice to provide rates of wash from 24 to 42 in., 

depending upon the size and density of the filtering material. 

In order to wash-a bed properly, all the grains should be suspended, and a sufficient 

rate of wash should be available to suspend the entire bed at the highest temperature of 

the wash water. Figures 27 and 28 show the expanded depths and wash rates required 

at a particular water temperature for particular beds of sand and coal. If the expan- 

sion / is expressed as the fractional increase in depth by expansion, the data of Figs. 27 

and 28 may be used for beds of any depth; provided the materials and the average 

porosity of the unexpanded beds are the same. Figure 34, with the expansion F for 

these materials plotted against the required wash rates, shows that the beds are fully 

fluidized at an expansion of about 9 percent. For a particular expansion £ in excess of 

the minimum required for full suspension, the values of p. throughout the depth of the 

bed will be the same for any water temperature. From Eq. (42), it is evident that the 

required wash rate for other water temperatures is inversely proportional to the 

viscosity, assuming no change in B. The light lines in Fig. 34 show the wash rates 

required at the extreme temperatures of 2 and 30 C, computed from the viscosity 

ratios. If a 16 percent expansion is selected as desirable for the coal, the correspond- 

ing sand expansion will be 15 percent, requiring a wash rate of about 42 in./min. If 

the maximum available rate is made 36 in., the desired expansion will be available at 

all water temperatures below 23.5 C and the coal will be barely fluidized at 30 C. 

As shown by Eq. (42), the rate of wash for a given expanded porosity, and there- 

fore the cleansing efficiency, varies directly as the weight of the material in water. 

Light materials such as coal require large grain sizes for efficient cleansing. The 

amount of expansion required to get all the grains in suspension depends upon the size 

and grading of the material. Expansions used in practice vary from about 10 to 50 

percent. The freeboard between the top of the sand during filtration and the bottom 

of the wash troughs (see Fig. 12) should be great enough for the maximum expansion 

required. In many sand filters, the surface sand is too small to be washed effectively 

by suspension alone. Baylis! recommends a supplementary surface wash of 2 to 8 

gpm/sq ft applied through perforated pipes immediately above the sand surface at a 

pressure of about 10 lb in the pipes in order to break up the clogged masses at the 

surface before the bed is fully expanded. Mechanical raking is also of value. 

24. Hydraulic Design of Filters. The sizes of pipes and conduits in the pipe 

gallery should be kept small for economy, but in general the velocities at the nominal 

1 Water Works Sewerage, January, 1935, p. 20. 
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expansion of bed,E 

Total 
Fully suspended 

Not fully suspended 

48 60. in./min 

iho) 2® EAS) 

Wash rate vw, cm/sec 

Fie. 34. Wash rates required for sand of Fig. 27 and coal of Fig. 28. 

capacity of the plant and at the maximum wash rate should not exceed the following: 

Pipe Fps 

Filter influent. ....s5..... 2 

Hulten ei uenit eee ee 5 

WER WEHG Seong aneecocne WY 

Wiastomy aterm eee nnn 8 

Filter to waste...;........ 15 

For fragile floc, limiting influent velocities should be estimated from limiting 

velocity gradients which will not rupture the floc. Local considerations, such as 

inadequate head, may require lower velocities than given above for the other lines. 

The principal function of a filter bottom or underdrainage system is to distribute 

the wash water uniformly to the underside of the sand bed. The most commonly 

used type of filter bottom is one composed of perforated pipes surrounded by gravel. 

The perforations are usually circular orifices drilled in the underside of the laterals at 

uniform intervals preferably not greater than 12 in. The velocity of the wash water 

issuing from the orifices is largely dissipated against the floor and in the gravel around 

the laterals. 

The function of the gravel is to support the sand and to spread the wash water 

over the covering area of each orifice before it reaches the sand and thus to prevent 

jetting through the sand. This can usually be accomplished with about 18 in. 

of gravel, which should be graded from about 12 mesh at the top to about 1 in. at 

the bottom. The grading should be such that the particles of gravel are large enough 

at all depths to remain undisturbed by the velocity of the wash water past them, and it 

should be such that particles above cannot fall through the interstices of the lower 

gravel. The head lost through graded gravel during washing is approximately 0.1 ft 
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for each 12 in. depth at a wash rate of 12 in./min with the water at about 0 C and is 

about 0.06 ft at 830 C. Most of the head is lost through the top 3 in. of finer material 
which is the effective agent for the final distribution of the water to the sand. 

A uniform distribution of the wash water to the orifices may be approximated by 

making the orifice head loss great as compared with the maximum difference in energy 

head available for flow through the orifices. Equation (16) may be used to determine 

the required orifice head loss. It is good practice to make the orifice ratio (ratio of 

orifice area to total bed area) 0.3 to 0.5 percent, which, for a 36-in. wash rate and an 

orifice discharge coefficient of 0.6, corresponds to an orifice velocity of 27.8 to 16.7 fps 

and a head loss of 12 to 4.3 ft. The velocity head at the entrance to each lateral 

should generally be less than one-tenth the orifice head loss for good distribution. The 

velocity for a 36-in. wash rate should preferably be less than 6 fps for the laterals and 

8 fps for the manifolds. 

#12 to Ye. 

Leve/ up top of 
Wheeler Filter 
Botton with hand % 
picked gravel. 
Sy" to Ye" wu 
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ee 

‘.... Brass thirmbles ---~ 

Fia. 35. Wheeler filter bottom. 

Inasmuch as the fine gravel supporting the filter sand is the effective agent for 

distribution of the wash water to the sand and since the coarse gravel surrounding the 

orifices functions as an equalizing chamber, uniform distribution of wash water to the 

orifices is not so important as is commonly supposed. 

The use of umbrella-type strainer heads fastened into the tops of the laterals was 

formerly widespread in the United States but has now been largely abandoned because 

of the superiority and economy of perforated pipes. Laterals should be made of 

corrosion-resistant materials. Numerous other types of filter bottoms have been 

developed. Among the most satisfactory are the Leopold bottom and the Wheeler 

bottom. The wash water is delivered to the underside of a Wheeler bottom through 

concrete channels or from an equalizing chamber below the Wheeler slab, in which 

latter case the slab is supported above the filter floor on columns (Fig. 35). 

All filter bottoms which require graded gravel to support the sand depend upon the 

top layer of loose fine gravel to effect uniform distribution of wash water to the under- 

side of the sand bed. In order to function properly, the top layer of fine gravel must 

be carefully sized and placed and must not be displaced by the washing process. 

Unfortunately, some sediment will always pass through the sand during filtration, and 

some of this will accumulate in the pores of the fine gravel so as to increase the velocity 

through this gravel during washing until ultimately the velocity is sufficient to displace 

the gravel and allow the sand to fall through it. ‘This is a defeet inherent with the use 

of loose gravel. The fine gravel may be held in position by means of a perforated 
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stainless-steel plate on top of it and tied to the concrete bottom of the filter by means of 

Each filter should be equipped with a stainless-steel bolts at intervals of about 12 in. 

At manometer to monitor the increase in head loss through the gravel with clogging. 

intervals of 2 to 10 years, the gravel should be removed, washed, and replaced. 

Another type of filter bottom is the porous-plate bottom first developed by Camp! 

in which the filtering material is supported directly upon a false bottom of porous 

plates. The plates are constructed of granular material cemented rigidly together, 

and they are supported above the floor as shown in Fig. 36 to produce an equalizing 

chamber under the plates. The porous plates perform the same function as the top 

layer of gravel in other types of bottoms, but the grains in the plates are not subject to 

L Sane f 
(Gren Bee acl 

q (Gaby: Bony 

tal 
(dam 

(Chace. 

I'tc. 36. Porous-plate filter bottom. 

displacement by the washing process. The pores of the plates gradually clog with 

sediment, and the eventual replacement of the plates or periodic cleaning with acid or 

alkali is indicated. Experience indicates that porous ceramic plates will gradually 

lose strength if cleaned too frequently with acid or alkali, particularly with acid. 

Wash-water gutters with level bottoms may be designed by means of Eq. (17), 

due account being taken of the additional drawdown of the water surface due to 

friction. Usually, gutters discharge freely into the gullets, in which case the depth h 

at the discharge end may be assumed at the hydrostatic critical depth without serious 
error. Equation (17) then becomes 

H = /3h, (45) 

in which h, = the hydrostatic critical depth = ~/g2x?/qb?. 
spaced with clear distances between the weirs 3 to 6 ft. 

In practice, gutters are 

The distance of travel of 

1Camp, J. NEWWA, 49, 1, 1935. 
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waste wash water from the top of the bed to the gutter weirs should be kept small to 

minimize the length of wash. Gutters are made of steel, cast iron, fiber glass, and 

reinforced concrete. Metal gutters should be adequately coated to reduce corrosion. 

Gullets also may be designed by means of Eq. (17) except that the inflow is at intervals 

and not continuous along the length of the gullet. Gullets should be wide enough for 

the access of workmen. 

Filtered water for washing filters should preferably be stored underground so that 

it will not be subjected to rapid temperature changes by the sun or building heating 

system. As indicated by Fig. 34, the rate of wash for the desired bed expansion 

changes greatly with the temperature of the wash water. For best results, the rate 

and length of wash should be controlled automatically from the temperature of the 

water to be used for washing. Control is facilitated by pumping directly from the 

clear well through a wash-water rate controller, partially throttled at the highest 

required wash rate. Duplicate pumps should be provided, each with a capacity 

slightly in excess of the required maximum. Very large filters may have to be 

divided into two or more parts for washing purposes in order to reduce the cost of 

washing facilities and stay within the capacities of commercially available centrifugal 

pumps. 
25. Filter Accessories. Butterfly valves are used in most modern rapid-filter 

plants and are usually power-operated. Since they are operated very frequently, 

they should be well constructed and corrosionproof. The valves are controlled from 

operating tables at the filters or from a central console, and automatic control may be 

used. Continuous recording of rate of flow and loss of head gages is desirable. Filter 

runs should be terminated when the loss of head reaches a preselected maximum or 

when the turbidity of the effluent from each filter reaches a preselected maximum, 

whichever comes first. This is facilitated with continuous recording of the turbidity 

of each filter effluent, and the turbidity of the filter influent is similarly monitored. 

The discharge line from each filter should be equipped with a rate controller as 

shown in Fig. 12, and for large plants master rate controllers are sometimes desirable. 

All rate controllers consist of two essential parts, a measuring device and a valve 

actuated by the measuring device. Venturi tubes are commonly used as the meas- 

uring device and are superior to orifices because of the lower head loss and more 

constant discharge coefficient. Many other accessories such as sampling devices and 

automatic-control equipment for wash-water pumps are desirable for modern plants. 

SOFTENING AND DEMINERALIZATION 

26. Lime-Soda Process. The purpose of adding lime in softening is to convert free 

CO, and HCO;~ to normal CO;-~, which reacts with Ca** to form the precipitate 

JaCO;, and to add sufhicient OH- to remove Mg** as the insoluble Mg(OH)». Ca** 

and Mg++ will be removed to the extent that there are CO;~~ and OH available to 

form the precipitates. If the water contains SO,-~, NOs, or Cl, the so-called 

incrustants that contribute to noncarbonate hardness, the conversion of CO», and 

HCO,;- to CO;-~ does not furnish sufficient CO;~~ to remove the Ca**. Additional 

CO,-~ must therefore be furnished, and the usual method is to add soda ash, Na»CQOs. 

The reactions with lime are as follows: 

Ca(OH). @ Catt + 20H- (46) 

CO, + OH- @ HCO; (47) 
HCO;- + OH- 2 CO;3-~ + H,0 (48) 

Catt + CO3;-— = CaCO; (49) 

Mgt+ + 20H- 2 Me(OH)2 (50) 
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Reaction (46) may go to completion to the right, but the others do not. The ioniza- 

tion constants for reactions (47) and (48) are given, respectively, by Eqs. (10) and (9). 

The solubility product for reaction (49) is 

[Ca**][(CO3s--] = 4.7 K 107° or 1078: at 25 C (51) 

The numerical value! of the exponent of 10 in the foregoing solubility product increases 

about 0.01 for each degree centigrade increase in temperature and appears to decrease 

with increase in dissolved solids by an amount approximately equal to 0.02 times 

the square root of the concentration of dissolved solids in ppm. The solubility 

product? for reaction (50) is 

[Me*+][(OH-]? = 8.9 x 107 at 25 C (52) 

The amount of chemicals required is usually estimated on the assumption that 

reactions (46) to (50) go to completion. Sufficient lime is added in the ordinary 

process to change all the free CO, and HCO; to CO37~, and sufficient soda is added 

to balance the incrustants with carbonates. In order to remove the Mg**, sufficient 

additional lime is required to produce Mg(OH),» and to leave an excess caustic alka- 

linity of 25 to 50 ppm. This process is called the excess lime process, and it should be 

followed after precipitation of the Mg** by recarbonation with CO» gas to neutralize 

the causticity and to precipitate the excess Ca** added. Carbonation is used in many 

lime-softening plants just before the water reaches the filters in order to minimize the 

incrustation of the sand with CaCOs. 

The residual hardness and the analysis of the water after softening may be esti- 

mated by the solution of simultaneous equations involving concentrations and equilib- 

rium constants. The results of such a computation are based upon the assumptions 

that the reactions have reached equilibrium and that all precipitates have been 

removed from the water. The CaCO; precipitate is difficult to flocculate and hence 

may not all be removed by settling and filtration. Mg(OH)> floc is similar to alum floc 

and settles readily, although more slowly than CaCOs. 

Alum improves the flocculation and settling of CaCQOs, although, at the high pH 

values (10.2 to 11), AlO.~ tends to form instead of the hydrous Al,O3. Homack? has 

shown that 250 ppm of CaCOs flocculates well with the addition of 37 ppm of alum 

(3.36 ppm of Al) or 5.17 ppm of Al added as AICl;, but not at all with 18 ppm of Al 

added as NaAlO:. This indicates that Al** acts as a flocculating ion for the CaCO; 

precipitate. Homack* found that the solubility product of Ca(AlO.z). was about 

2.5 X 107" at 25 C. In the presence of CaCO; precipitate, the minimum concentra- 

tion of AlO.~ required to start precipitation of Ca(AlQ.), is 

[AlO.-] = = (COR (53) 

where Ky and Ky are the solubility products of calcium aluminate and calcium car- 

bonate, respectively. Hquation (53) indicates that, at 25 C, an alum dose of 216 ppm 

(19.6 ppm Al) is required to start precipitation of Ca(AlO2). when the CO;-~ con- 

centration is as low as 0.6 ppm, and more alum is required at higher concentrations 

of CO;-~. Calcium aluminate precipitate is therefore not normally present in soften- 
ing slurries. 

The computations for the amounts of chemicals required and for the residual 

hardness are illustrated in the following example for a water having a hardness of 

221.6 ppm, the analysis of which is given in Tables 5 to 7. 

1 LANGELIBR, J. AWWA, 28, 1500, 1936. 

> Latimer, ‘Oxidation Potentials,’ 2d ed., Prentice-Hall, Inc., Englewood Cliffs, N.J., 1952. 
3 Homack, Perper, Master’s Thesis, M.I.T., 1941. 



SOFTENING AND DEMINERALIZATION 38-55 

TasBLe 5. ANnatysis or Raw WATER 

ppm as CaCO; 

Ton ppm Mol 
wt. 

Positive Negative 

(OP ONT ete line SBE or Sd Str rr Sony aCe Aa AR, He eG 59 40 147.6 
EVE at eee vee Pusan oe pe ht get neice ne i 7 18 24.3 74.0 

Neue ie te eee, Oe rege enh PORE car (ot 10 23 ey 
TC Osa tre re ee ey ee 222 Glig le fear 182.0 
CO tae ee ee ees Hh Rete d nie ae ee 0.6 CON me een 1.0 
S Ora te each oe ons ae, ty I Pr ony eee a ee ea 38.6 OG ania |Peapere ef 40.2 
leer rey eo ta rah etn Bettie: eo eM sey 12 Bisa || eee 16.9 
INKED ech Sick eres cE Be Nether nee ie rey et 4 ye oP Aid sa teagehns B42 

243.3 243.3 

Fre euC Oa wetia meso tcnievaefaerorei tiene rand Gvecer ay Meteetrsnisensee teases 8 44 18.2 ppm as CaCO; 

eo Te eet cr omen Nee ov ea OR Ae ce eee eae ee 7.82 

Chemicals required: 

Lime, for CO2 18.2 ppm as CaCO; 

HCO; 182.0 ppm as CaCO; 

Mg*t 74.0 ppm as CaCO3 

Excess 40.0 ppmas CaCO; 

Total = 314.2ppmas CaCO; 
or 233 ppm as pure Ca(OH)» 

Soda ash, forSO,-- ~— 40.2 ppm as CaCO3 

Cle 16.9 ppm as CaCO; 

INO-a 3.2 ppm as CaCO; 

Total = 60.3 ppm as CaCO; 

or 64 ppm as pure NaeCQOs; 

TABLE 6. BaLANcrE OF RADICALS AFTER ADDITION OF CHEMICALS 

ppm as CaCO; 

Positive Negative 

Ca Mg Na SO4 Cl + NOs CO; HCO; OH 

Original ce encdec- 147.6 74.0 vale we 40.2 vAN ea) 1.0 182.0 

AGGEGE oii cies ones 314.2 a 60.3 GOSS Hare nue 314.2 

Brom), COs 22.) 4./|| sca ehoeue ak SCR abn +18.2 ese —18.2 

otal. cia.ceeen: 461.8 74.0 82.0 40.2 20.1 79.5 182.0 | 296.0 
= 617.8 = 617.8 

TaBLE 7. ToTaL Mouat CONCENTRATION OF RADICALS 

[Ca] = 4.618 x 10-3 [Cl + NO3] = 0.402 x 10-3 
[Mg] = 0.74 x 10-3 [CO3] = 0.795 x 10-3 
[Na] = 1.64 x 10-3 [HCO3] = 3.64 x 10-3 

[SO4] = 0.402 x 10-3 [OH] = 5.92 x 10-3 
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When the reactions have reached equilibrium, the Ca, Mg, COs, and OH appear 

both as solid and as ions. The concentration of all constituents is determined by the 

solution of the simultaneous equations shown in Table 8. 

The results obtained by the solution of the equations in Table 8 are shown in Table 

9. The residual hardness is 22.09 ppm, nearly all due to the Cat* in the excess lime, 

and the caustic alkalinity is 41.58 ppm, which corresponds to a pH value of 10.92. 

If the free COs content of the raw water is high, it may be economical to remove a 

portion of it by aeration before the chemicals are added. Spray nozzles are most 

effective for aeration and will sometimes accomplish the removal of as much as 

75 percent of the free CO». As the free CO» gas is liberated, the HCO;~ breaks down 

in accordance with reaction (47) to furnish OH~ and thus raise the pH value. Since 

some of the OH~ reacts with H+ to form water, the alkalinity is very slightly reduced 

by aeration. 

Recarbonation is required after settling in order to eliminate the caustic alkalinity 

added in the excess lime. The reactions that take place upon the addition of CO, 

are shown in Eqs. (47) and (48). If sufficient CO, is added to barely remove the 

TABLE 8 

Unknowns Equations 

(1) [Ca**] {(H*}[(OH 7] = kw (1) 
[H*][CO3--] 2) [OH- fee tl ate (2) [ ] [HCOs-| Ky (2) 

(3) [COs] [Ca**][COs--] = Ka (3) 
(4) [HCO;-] (Me**}[(OH-]2 = Kz (4) 
(5) [H+] [Cat+] + [Cas] = A = 4.618 & 1073 (5) 
(6) (Mg**] (Mgt*] + [Me;] = B = 0.74 X 1073 (6) 
(7) [Cas] [Cas] = [COss] (7) 

(8) [Mes] 2[Megs] = [OHS] (8) 
(9) [COss] (CO3;--] + [HCOs;-] + [COs;] = C = (3.64 + 0.795)10-3 (9) 

(10) [OHs] {[OH-] + [OH.] — [HCO:-] = D = (5.92 — 3.64)10-3 (10) 

OH-, much of the remaining Catt will be precipitated and the water will be further 

softened. If this is desired, carbonation should be followed by secondary flocculation 

with a coagulant or returned sludge and settling before the water goes to the filters; 

this process may be followed by secondary carbonation just prior to filtration to 

minimize afterprecipitation of CaCO; on the sand grains. The Catt may also be 

precipitated by secondary treatment with Na,COs;, but the causticity will remain and 

must be removed later by recarbonation. The final carbonation may be so adjusted 

TaBLe 9. BALANCE OF IONS AFTER COMPLETION OF REACTIONS 

ppm as CaCO; 

Positive Negative 

Cat* Mgt Nat SOQus- |Cl= -— NOs=| COs>> | HCO;- Oris 

ORG eee see 20.8 1529 82.0 _ 40.2 2001 2 26 0.29 41.58 

Noite. Seder 104.09 104.43 
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as to constitute corrective treatment of the water for protection against corrosion. If 

carbonation is carried far enough to throw the residual Ca back into solution, incrusta- 

tion of filter sand will be lessened but further corrective treatment after filtration with 

sodium hydroxide or lime will usually be required. A small dose of sodium hexameta- 

phosphate! may be used instead of secondary carbonation to prevent incrustation of 

the filter sand. 

CO, gas for carbonation may be produced by the following types of plants: (1) gas 

burning, (2) combined gas and coke burning, (3) oil burning, (4) combined oil and 

coke burning, (5) coke burning, (6) utilization of stack gas, and (7) generation and 

use of producer gas. A carbonation plant consists principally of (1) a combustion 

chamber so designed as to permit proper admixture of air and fuel, (2) a washer or 

scrubber where the products of combustion are cleaned and cooled, (3) a drier for 

removing the water that may come over with the gas, (4) a compressor or blower for 

forcing the gas into the carbonation chamber, (5) a gas flowmeter, and (6) a carbona- 

tion chamber in which the gas is diffused into the water. 

For small treatment plants, gas- or oil-burning carbonation plants are most 

satisfactory because of the ease with which the rate of combustion may be controlled. 

Fuel oil yields about 2.3 lb of CO» per pound; kerosene about 3.1 Ib of CO» per pound; 

and gas 82 to 115 lb of CO» per 1,000 cu ft of gas. For large softening plants, gas- 

producer carbonators are economical. Gas is produced from coke and burned under a 

boiler, the steam from the boiler being used to drive the compressor or for other power 

or heating purposes. Coke produces about 8 lb of CO» per pound of coke. The 

burned gas from this type of plant contains up to 19 percent CO»; whereas, from the 

ordinary burning of coke and other types of carbonators, the gas contains only about 

10 to 12 percent CO». One cubic foot of CO, weighs 0.1145 Ib at atmospheric pressure 

and 70 F. 

The gas from the compressor is diffused into the water through perforated pipes 

or diffuser plates in the bottom of the carbonation chamber. The depth of the cham- 

ber may be made the same as the adjacent basins for structural convenience. The 

retention period for the water in the chamber is of no significance, and the size may be 

made just suflicient to accommodate the diffuser system. Perforated-pipe diffusers 

may be designed according to the same principles used for filter underdrains. Corro- 

sion-resistant pipe should be used. 

27. Ion Exchangers. Jon-exchange materials? are solid compounds which contain 

loosely bound ions. ‘The ions bound to the ion-exchange material depend upon the 

concentrations of the various ions in the solution in contact with the ion-exchange 

material and upon the relative attraction between the ion-exchange material and the 

various ions present. Thus a cation-exchange material immersed in a strong salt 

(sodium chloride) solution will bind the Na*t; however, when immersed in a dilute 

solution of Cat+ and Mgtt the ion-exchange material will give up the Na* and bind 

the Cat+ and Met+. Furthermore in the presence of a strong salt solution the ion- 

exchange material will again revert to the Na form, giving up the Ca** and Mg**. 

This ability of ion-exchange materials to exchange one ion for another is used to 

remove unwanted ions from solutions and replace them with more desirable ions. 

Water may be softened by exchanging the Cat* and Mgt* in the water for Na as long 

as Na is available in the ion-exchange material. By the use of appropriate ion- 

exchange materials all the mineral and nonmineral ions found in natural waters may 

be exchanged for Ht and OH, thereby demineralizing the water. 

The following reactions to the right represent ion removal and to the left regenera- 

tion of the exchange material: 

1 Rice and Harcu, J. AWWA, 31, 1171, 1939. 
2See Nacuop, F. C., and Jack Scuusert, ‘Ion Exchange Technology,’’ Academie Press Inc., New 

York, 1956. 
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Sodium cation exchanger 

2NaZ + Catt @ CaZ + 2Nat (54) 

Hydrogen cation exchanger 

QHZ +> Car — CaF —— 20s (55) 

Anion exchanger (strongly basic) 

2RsNOH + 8O.-— @(R.N)SO, + 20H- (56) 

In the above reactions Z represents the cation exchanger and R,N the anion 

exchanger. 

The first ion-exchange materials, “called” zeolites, were natural and synthetic sili- 

ceous minerals which contained aluminum and alkali or alkaliearth. They were used 

principally to soften water. Many nonmineral cation materials have been developed 

TABLE 10. CATION-EXCHANGE MATERIALS 

oe Soassing Mesh eas Salt consumption Behan 

Description ye size Color aD Re CEE Ih, 
form ranee weight, kgr*/cu ft 

Ib/cu ft | lb/kgr* Ibs/eu ft | (as CaCOs;) 

Greensand”. 7 --- =.) Grams 16-50 | Green 85 0.4-0.5 1.0-1.5 2.4-3.0 

Processed greensand...| Grains 16-50 | Black 80 0.4-0.5 1.8-2.8 4.4-5.5 

Synthetic alumino- 

BiliCahen um oe eco eee Grains 16-50 | Yellowish 54 0.4-0.5 3.2-5.0 8.0-10.0 

Sulfonated coal........ Grains 16-50 Black 30 0.4-0.5 Zoo 6.0-8.0 

Sulfonated polystyrene | Beads 16-50 | Amber 54 0.3-0.5 6.6-13.5 | 20.0-30.0 

* Kilograins as CaCQs. 

which are referred to as zeolites or resins. Table 10 lists by type the available cation- 

exchange materials used for water softening together with their properties and 

softening capacities. A 5 to 20 percent NaCl solution is usually used for regeneration. 

The greensands are natural sands which are processed to enhance their ion-exchange 

properties. The synthetic aluminosilicate zeolite is made from mixtures of sodium 

silicate, aluminum sulfate, and sodium aluminate. The resulting gel is dried, crushed, 

and screened. The carbonaceous type is made by the sulfonation of crushed and 

screened coal. The sulfonated polystyrene ion exchangers are made by the copoly- 

merization of styrene and divinylbenzene. The synthetic resin thus formed is then 

sulfonated. The resulting product is small balls 0.3 to 1.0 mm in diameter. As may 

be seen from Table 10 these synthetic resins have about ten times the exchange 
capacity of greensand. Another advantage of the carbonaceous and synthetic 

resin types of ion exchangers for boiler-water treatment is that they do not contribute 

silica to the treated water, a fault of the natural zeolites. The carbonaceous and 

polystyrene resins are also used as hydrogen cation exchangers, which is not possible 

with the mineral zeolites because they would be destroyed by the strong acid used for 

regeneration—2 to 15 percent H.SOx. 

The anion exchangers may be classified as strong-base, intermediate-base, or weak- 
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base. The weak-base and intermediate-base exchangers are cheaper than the strong- 

base type but will remove only strongly ionized acids from solution while strong-base 

exchangers will remove both strongly and weakly ionized acids. The strong-base 

anion exchangers are synthetic resins made from polystyrene with alkyl, alkanol, or a 

pyridinium quaternary ammonium or amine group at the active ion-exchange sites. 

These ion-exchange resins are regenerated with a 3 to 6 percent NaOH solution. 

Cation softeners are built in units similar to both pressure- and open-type rapid 

filters. In addition to the piping and valves provided for rapid filters, cation units 

are provided with salt-solution inlets and outlets. The brine may be introduced by a 

perforated-pipe system at the surface of the bed, in which case the brine flows down- 

ward; or through the underdrainage system, in which case the brine flows upward 

through the bed. Cation beds are made 24 to 75 in. deep and are operated as either 

downflow or upflow units at rates up to 4to 8 gpm/sq ft. Wash-water requirements 

range up to 5 to 10 percent for synthetic zeolites and up to 20 to 25 percent for green- 

sands, the requirements for a single wash and rinse being about 100 gal/sq ft. 

Brine is prepared in a salt storage bin, usually made of concrete with duplicate 

compartments, as a saturated solution containing about 25 percent salt. The 

bottom of the bins is usually made hopper-shaped and provided with a screen and 

about a foot of graded gravel to support the salt. The salt is covered with water 

which dissolves it, the solution being withdrawn from below to a collecting reservoir of 

sufficient capacity to regenerate one softening unit. From the collecting reservoir, the 

brine is withdrawn, diluted to the proper strength, and applied to the unit. The brine 

solution is passed slowly and continuously through greensand, but it is customary to 

hold the brine in synthetic zeolite or resin beds 5 to 15 min. 

It is usually not economical to operate ion-exchange units as filters, as the sediment 

that deposits on the grains reduces the softening capacity of the material. lon- 

exchange units may be used alone with clear well waters not too high in iron, but they 

should follow filters with turbid waters. Cation-exchange units will remove Fe and 

Mn in true solution by base exchange, but with dissolved O» present some of the iron 

nearly always takes the form of Fe,O; and as such coats the grains and reduces their 

softening capacity. Mineral zeolite disintegrates in acid waters and in waters having 

appreciable free CO» content, but this is not true of resinous exchangers. 

Although cation-exchange units produce water of zero hardness, the total dissolved 

solids in the softened water are nevertheless greater than in the raw water and the water 

is high in Na. In contrast with the lime-soda process, which may produce 200 cu ft 

or more of sludge per million gallons of water, there is no sludge-disposal problem with 

the cation-exchange process. As regards softening economy, lime costs only about 

25 percent as much as salt for removing bicarbonate hardness, whereas soda ash costs 

about 25 percent more than salt for removing noncarbonate hardness. Hence cation 

exchange is sometimes used following lime-softening to remove noncarbonate hardness. 

Ion-exchange processes have been used since World War II for demineralization of 

sea water for emergency purposes such as water-supply kits on life rafts. In compari- 

son with other methods which are available, they are not economical for the large-scale 

conversion of brackish water or sea water to fresh water. 

At the present time the most economical commercially available processes for 

desalting brackish waters on a large scale are distillation and electrodialysis. The only 

economically feasible process for desalting sea water is distillation. A number of 

other processes are under investigation, and many improvements are being made in the 

application of the existing processes. A few of the newer processes worthy of mention 

are (1) freeze-thawing, (2) reverse osmosis, (3) the hydrate process, and (4) the solvent- 

extraction process. Some of the methods being investigated to improve the efficiency 

of distillation and reduce the operating problems are (1) multistage flash distillation, 
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(2) thin-film evaporation, (3) vapor-compression stills, (4) fluidized-bed evaporation, 

and (5) liquid-liquid heat-transfer stills. 

In the electrodialysis process use is made of the property of certain plastic mem- 

branes to pass only cations, and of other membranes to pass only anions. An electro- 

dialysis cell consists of ultimate cation and anion permeable membranes between which 

water flows and electrodes at the end of the cell for applying an electromotive force 

across the membranes. When the electromotive force is applied the cations pass 

through the cation-permeable membrane and the anions pass through the anion- 

permeable membrane. Thus the water passing between alternate membrane pairs is 

depleted of salts, while that passing through the intervening pairs is enriched. The 

amount of electric current required is proportional to the amount of salt to be removed. 

Sealing of the membranes and polarization of the electrodes are among the common 

operating problems encountered. Adjustment of the pH of the feed water is one 

means of control of scaling. Polarization is related to the current density and the 

feed-water composition. 

The most widely used method of desalting brackish water and sea water is distilla- 

tion. Distillation plants having capacities up to 1.7 mgd are in use. The larger 

plants, other than United States government demonstration plants, employ submerged 

tube heaters or multistage flash evaporation. The commonest operating problems are 

scaling, corrosion, and biological fouling. These are overcome with various types of 

feed-water treatment which may consist of one or more of the following processes: 

screening, softening, pH adjustment, flocculation, filtration, disinfection, and degas- 

ification. During 1963, large distillation units produced desalted water from sea water 

at a cost of about $1.50 per 1,000 gal, not including the cost of distribution. This is 

ten to twenty times the cost of purification of fresh water. 

28. Iron and Manganese Removal.! [ron and manganese in hard water are 

effectively removed by the lime-softening process. Fe precipitates as ferrous oxide 

or carbonate which is rapidly oxidized to Fe.O; [reaction (29)] by the dissolved Oy». 

Mn precipitates by a similar reaction as white hydrous manganous oxide, MnO-H,0, 

which is similarly oxidized quite rapidly to hydrous manganic oxide, Mn.QO;-xH,0, 

and hydrous manganese dioxide, MnO.2-xH.0, brownish-black precipitates. 

The solubility product for hydrous ferrous oxide is given by Eq. (28) and for 

hydrous manganous oxide is as follows :? 

[Mn++][OH-?? = 2 x 10-1? at 25C (57) 

The solubilities of ferrous iron and manganous manganese corresponding to these 

solubility-product constants are shown in Fig. 37, which also shows the solubilities 

of Fe’t and Mn+. The solubility product for hydrous ferric oxide is given by 

iq. (24) and for hydrous manganic oxide is as follows:3 

[Mn**][(OH—]* = 2 X 107% at 25 C (58) 

Figure 37 shows that to remove Fe** and Mn++ without an oxidizing agent the pH 

must be raised to about 9.6 and 10.6, respectively; whereas Fe*+ and Mn*+ may be 

removed effectively at all pH values above about 4.5. Unless lime softening is 

required, the pH should be low in the flocculation and settling basins so that the con- 

tact period in these units will be available for disinfection by chlorine. Chlorine is an 

ineffective germicide at high pH. It is therefore desirable to use an oxidizing agent 
for removal of iron and manganese. 

1Zaprrn, J. AWWA, 25, 665, 1933; Weston, J. NEWWA, 50, 231, 1936. 

? Latimer, ‘‘Oxidation Potentials,’ 2d ed., Prentice-Hall, Inc., Englewood Cliffs, N.J., 1952. 
3 Computed from data given by Latimer. 
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Fre. 37. Solubility of iron and manganese at 25 C. 

The complete reactions and solubility products for removal of Fet* and Mn** as 

Fe(OH); and MnOz, respectively, with various oxidizing agents, are presented below. 

With dissolved oxygen, 

Fet* + 56H.2O + 1402 = Fe(OH); + 2H (59) 

[Fet*][02]4 Pre. : 
——— ap = 6.0 vr at 25 © )) (A+? Grom Ucn one (66 

Mn*+ + H,O + 1402 @ MnO, + 2Ht (61) 

[Mn**][O2] Mere is at 95 OO aD) (H+? = oro)  LOmetab Zool, (62) 

These reactions require 0.143 ppm O» per ppm Fet* and 0.29 ppm O, per ppm Mn**. 

With chlorine,! 

1 Computed from data given by Latimer. 
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Fet+ + 54H,0 + 14HOCI @ Fe(OH); + 14Cl- + 54H (63) 
[Fe++][HOCI]s _ me 
CRIMEA = 4 X 10% at 25 C (64) 

Mn++ + H,O + HOC] = MnO, + Cl- + 3H+ (65) 

(Mn*+*][HOCI] _ i TORE = 1:05 X 10° at 25 C (66) 

These reactions require 0.636 ppm Cl, per ppm Fe+*+ and 1.29 ppm Cl, per ppm Mnt*, 

With potassium permanganate, ! 

Fet+ + 14H,0 + 144Mn0.- & Fe(OH); + 14MnO, + 54H*+ (67) 
++ |} [Fe JIMnO. ] 3 = 1.78 X 1071! at 25 (©) (68) [H*}98 

Mn++ + 24H,O + }{MnO, = $4Mn0, + $4H* oe 
[Mn*+][Mn0,-]?4 : ss 

fH+]i4 er ee ue 

These reactions require 0.944 ppm KMnO, per ppm of Fet* and 1.92 ppm KMnO, 

per ppm of Mnt*. 

The solubility of Fett and Mnt** corresponding to the solubility products of 

Eqs. (60) and (62), with 1 ppm dissolved oxygen, are shown in Fig. 37. The solubilities 

with Cl, and KMnO, are too low to show in Fig. 37. With 0.1 ppm residual Cl, and 

10 ppm Cl-, the solubility of Fet* is about 0.03 ppm and of Mn** is about 0.01 ppm at 

pH zero. With 0.01 ppm Mn in residual MnO,-, the solubility of Fet* is about 

2 X 10-4 ppm and of Mn** is about 3.7 X 1077 ppm at pH zero. The actual quan- 

tities of Cly and KMnO, required for most waters are less than indicated by the 

reactions because dissolved oxygen is also present. The solubility of Fet* and Mnt* 

for all the above reactions decreases with increase in pH. 

The rate of the above reactions for oxidizing Fe*+t and Mnt* is comparatively 

slow because the concentration of the reactants is usually low, and with surface waters 

the Fe and Mn may be protected within organic colloidal particles. Moreover, to 

remove the precipitates they must be adsorbed on a solid surface or be flocculated for 

removal by settling and filtration. Copper ion, Cu**, is known to enhance air 

oxidation. The presence of large concentrations of MnO» in the floe or on solid 

surfaces greatly improves the removal of both Fet+ and Mnt*. Deferrization or 

demanganization plants, which involve the use of aeration and contact beds of coke or 

crushed stone followed by settling and filtration, have long been used. Aeration is for 

the double purpose of raising the pH value by CO: reduction and of increasing the 

dissolved O2 content. TThesurfaces of the contact material after usage collect deposits 

of MnO, and hydrous Fe,O;.. MnQOzore, pyrolusite, has been used as a contact medium 

because of its high catalytic power. Limestone has also been used because of its basic 

reaction. In cases with high content of organic matter, chlorination or KMnQ, or 

both are effective in oxidizing the organic matter and assisting in the precipitation of 

the oxides. 

Trickling or downflow contact beds should be made 6 to 10 ft deep in order to 

ensure an ample period of contact. The water is sprayed on the surface and allowed 

to trickle downward at rates of 50 to 80 mgd/acre. Upflow contact beds are more 

effective than downflow beds because of the longer period of contact, provided the 

water is previously aerated. Such beds are apt to unload and are more easily cleaned 

1 Computed from data given by Latimer. 
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than tricklers. Aeration is best effected by spray nozzles or superimposed trays filled 

with coke. Filters for deferrization plants may be either rapid or slow sand filters. 

If coagulants are used, rapid filters are essential. 

Manganese zeolite, sodium zeolite treated with manganous chloride and subse- 

quently with sodium permanganate, is effective in the removal of Fe and Mn from 

water. The superior effectiveness of this material results from the catalytic action of 

the MnO, on the zeolite grains. The precipitates are removed by filtration in the 

zeolite bed. The bed is regenerated intermittently or continuously with permanga- 

nate. Precipitates are removed from the bed by backwashing. 

CORRECTIVE TREATMENT OF CORROSIVE WATERS 

Two general methods of attack are available for reducing the corrosiveness of 

water: (1) the removal of the dissolved oxygen and (2) the adjustment of the pH value. 

29. Dissolved-oxygen Removal. Two methods of removal of dissolved oxygen on 

a small scale have been used in industrial plants for some time. One of these methods, 

called deactivation, consists of heating the water to reduce the solubility of Os and 

then passing it over steel scrap which unites with the oxygen to form rust. In the 

other method, called deaeration, the water is heated to just below boiling to free the 

O» and is then allowed to trickle over a series of copper trays to liberate the gas. Both 

these methods require heat and are expensive. 

Powell and Bacon! describe a method in which deaeration is accomplished by 

vacuum. The water is introduced into the top of an enclosed steel tower and allowed 

to trickle downward over bundles of wood laths, while a vacuum of about 28.5 in. is 

maintained inside the tower by means of a vacuum pump taking suction at the top 

of the tower. A 95 percent removal of O2 is obtained by means of the vacuum. The 

remaining dissolved oxygen is removed after the water flows from the bottom of the 

tower by means of a dose of sodium sulfite, a reducing agent. 

In once-through systems, oxygen removal is more expensive generally than 

adjustment of the pH with alkali and is used only where additional chemicals, par- 

ticularly Ca*+, are objectionable in the water. In closed systems for heating or 

cooling, where little makeup water is required, oxygen removal with sulfite is simple, 

effective, and economical. 

30. Adjustment of the pH Value. The chemical adjustment of water to reduce 

corrosiveness is for the double purpose of raising the pH value and of stabilizing 

protective coatings on the interior surfaces of metal pipes. As has been shown in 

Sec. 37, the metals tend to enter solution as metallic ions at low pH values but are 

protected by the plating out of OH” and CO;-~ at the anode in the alkaline range. 

A pH of 9.5 to 10.0 is required to ensure plating out of OH” and CO;3~~ on iron. 

The most commonly used method of chemical treatment for corrosion abatement 

in iron pipes is to lay down a coating of CaCO; on the interior surfaces of the pipes. 

Except for very soft waters, this may be done at pH values lower than 9.5 to 10.0. If 

a water is undersaturated with CaCOs, it will dissolve CaCO; coatings and iron from 

the surface of iron pipes to which it is exposed. If supersaturated, CaCO; will be 

precipitated upon the surface of the pipe and thus form a protective coating. If the 

water is just saturated, coatings of CaCO, will be stable and will protect the iron 

against corrosion. Two methods are available for determining whether a water is in 

equilibrium with CaCO ;: (1) by chemical test using powdered CaCO; and (2) by 

computation from the analysis of the water. 

The chemical test as described by Baylis? requires several days for completion, 

in order that the water may come to equilibrium with the powdered CaCOs with which 

1 Water Works Sewerage, April, 1937, p. 109. 

2 Barus, J. AWWA, 27, 220, 1935. 



38-64 WATER TREATMENT 

it is placed in contact. If after the contact the pH and alkalinity of the water are 

unchanged, the water is in equilibrium with CaCO;. If the pH and alkalinity are 

increased, the water is corrosive to CaCO;, and if decreased, the water is super- 

saturated with CaCO ;. Baylis presents a graph showing the relation of pI to alka- 

linity where a water is in equilibrium with CaCO;. Since the concentrations of Catt 

and total dissolved salts are influencing factors, as has been shown by Langelier,! the 

graph is not the same for all waters even at the same temperature. 

Langelier has developed a method for computing the equilibrium values of a 

water from the analysis and equilibrium constants. If the water is just saturated 

with CaCQ3;, Eq. (51) holds, and the solution of this equation simultaneously with 

Eq. (9) gives the following: 

a+}, = 8+ (HC0,"[Ca4] (71) 

in which [H*], is the hydrogen-ion concentration at saturation and A, and Ky, the 

equilibrium constants of Eqs. (9) and (51), respectively. [H*], is computed by 

means of this equation from the values of [HCO,;~] and [Ca**] as determined by chem- 

ical analysis. The influence of temperature and total solids makes itself felt in the 

values of AK, and K»2. If the computed value of [H*], is less than the [H*] as deter- 

mined by analysis (pH, greater than pH), the water is corrosive to CaCO;; and if 

[H*], is greater than [H*] (pH, less than pH), the water is supersaturated with CaCQ3. 

pH, may vary from about 7.5 for hard waters to 10 for very soft waters. 

The chemical adjustment of a corrosive water is usually done by adding lime, or 

by adding soda ash or caustic soda if it is desired not to increase the hardness. Adjust- 

ment may be made with CO, if the water is oversaturated with CaCQO;. Aeration 

and contact treatment through beds of marble or limestone are also used for corrosive 

waters. Equation (71) cannot be used to compute the amount of treatment or 

chemicals required. These are determined by trial and error, the equation being used 

to check the results. The addition of lime and contact treatment with marble, it will 

be noted, changes all three variables in Eq. (71). Soda ash, caustic soda, and CO, 

affect two of the variables. Aeration affects only the [H*], the influence on alkalinity 

being very slight. Aeration alone is usually not sufficient treatment for a corrosive 

water, for only about 75 percent of the free CO, can be removed; but it may suffice, 

according to Cox,? if the alkalinity exceeds about 100 ppm. Contact treatment with 

limestone or marble, on the other hand, is not economical if the alkalinity exceeds 

about 50 ppm and the free CO, about 30 ppm. The hardness is increased too much 

by the treatment, and the contact period is too long. For waters amenable to treat- 

ment by the contact method, Cox recommends stone about 2 mm in size and contact 

periods of 10 to 20 min. Beds should be equipped for washing. 

When corrective treatment is started with a corrosive water, the water should be 

slightly overtreated in order to lay down a CaCQ; coating on the interior surface of 

pipes. If water is slightly supersaturated, several hours are required for precipitation 

of the excess CaCO; and distant pipes will thus be coated. A coating of 164 to 149 in. 

is satisfactory and does not reduce the carrying capacity of pipes greatly. When a 

satisfactory coating is produced, the water should be brought to equilibrium with 

CaCO; and maintained there. When repairs and extensions are made to the dis- 

tribution system, the coatings in the uncovered pipes should be examined where 

possible as a guide to corrective treatment. Experience indicates that it is very 

difficult to produce a satisfactory protective coating uniformly throughout a dis- 

1 LANGELIER, J. AWWA, 28, 1550, 1936. 
> Cox, J. AWWA, 25, 1505, 1933. 
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tribution system, and that flushometer screens and small meters may be clogged in 

the attempt. 

Sodium hexametaphosphate (Calgon) is being widely used to prevent the for- 

mation of red water where considerable iron is present in a water. Its action in this 

connection is as a peptizing agent to prevent the growth of iron-rust crystals. It is 

also effective following lime softening to prevent aflerprecipitation of CaCO;. It is 

claimed that this chemical is also effective in corrosion abatement by inhibiting the 

solution of iron, but conflicting results have been obtained in practice. 

DISINFECTION 

31. Methods. Disinfection may be effected by the use of (1) chemical disin- 

fectants, (2) ultraviolet light, and (3) heat. The application of heat is a very satis- 

factory method of disinfection on a small scale for laboratory or emergency purposes, 

but it is too expensive for plant-scale disinfection. Complete sterilization may be 

obtained by boiling water 30 min, and disinfection (7.e., destruction of pathogenic 

bacteria) may be obtained by heating to 60 C for 15 min or by boiling for a shorter 

period. Chemical disinfectants are the more generally used in treatment plants. The 

following chemicals have found practical application: (1) chlorine gas, (2) hypo- 

chlorites, (3) chloramine, (4) excess lime, (5) ozone, (6) silver, (7) permanganate, 

(8) bromine, (9) todine, and (10) chlorine dioxide. Some of these chemicals are 

strong oxidizing agents. The first three chemicals are the most widely used and will 

be considered together. 

32. Chlorine and Chloramines. Calcium hypochlorite is available commer- 

cially in the United States in powdered form as Ca (OCl)2:4H2O containing the equiva- 

lent of about 24 lb of Cl. per lb. Sodium hypochlorite, NaOCl, is available in water 

solution containing the equivalent of about 1 lb of Cl. per gal. Chlorine gas, furnished 

in liquid form in pressure containers, 1s most widely used because of its lower cost. 

Hypochlorites dissolve in water to form hypochlorous acid, HOCI. Chlorine gas also 

reacts with water to produce hypochlorous acid and Cl as follows: 

Cis -- HO = HOC! =— He = Cl- (72) 

The reaction goes almost to completion to the right in dilute solutions but is said to 

require several hours for equilibrium. 

Hypochlorous acid ionizes as follows: 

HOC! 2 Ht + OCI- (73) 
The dissociation constant is 

[H*][OCl ] = 3.2 -8 at 25 C} i HOCH 3.2 X 10-8 at 25 C (74) 

Hquation (74) indicates that a hypochlorous acid solution is about 97 percent HOCI at 

pH 6 and about 3 percent HOC! at pH 9. Ch, HOCI, and OCI are known as free 

available chlorine. 
Chloramine is produced by combining chlorine with ammonia or amino compounds 

in the water. Free ammonia and amino compounds are present in many natural 

waters containing dissolved organic matter. If added artificially, aqua ammonia 

(NH,OH) solutions or anhydrous gaseous ammonia, NHs, are used. NH, is apphed 

by means of ammoniators similar in type to chlorinators. The chemical reactions of 

1 Latimor, ‘Oxidation Potentials,’’ 2d ed., Prentice-Hall, Inc., Englewood Cliffs, N.J., 1952. 
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NH; with Cl. in water treatment are varied and not well understood. The most 

important reactions are as follows:! 

NH,t + HOCI]— NH.Cl + Ht + H,O (75) 

Monochloramine 

NH.Cl + HOC] @ NHCl. + H:20 (76) 

Dichloramine 

NHCl, + HOC] — NCI; + H:O (ize) 

Nitrogen trichloride 

NH>2Cl, NHCl., and NCI; are known as combined available chlorine. The concentra- 

tion in water of the available oxidizing chlorine, free and combined, may be determined 

by the ortho-tolidine-arsenite (OTA)! test and the distribution of the components 

Cl, NH2Cl, NHCl:, and NCI; by the Palin? test. The distribution of the components 

depends upon the molar ratio of Cl. dose to NH3, the pH of the water, the contact time, 

and the temperature. 
Experiments by Palin? in chlorinating water at 18 C containing 0.5 ppm of NH;-N 

indicate that, when the molar ratio of Cl. dose to NH; is less than 1, NHCl. pre- 

dominates at pH 4 to 5.5 with considerable free chlorine and NCI; at 10 min, most of 

which is converted to NHCl. at 2 hr. At pH 6 to 10, nearly all the residual is 

NH.Cl with a small amount of NHCl, at pH 5to 7. With molar ratios of 1 to 3, free 

chlorine is present at 10 min from pH 4 to 10 with minimum concentrations at pH 5 

to 7; NCl; is present and more stable at low pH values, the upper pH limit increasing 

with molar ratio to 8.5 at 3.12 molar ratio; and NHCl, predominates in the acid pH 

range with NH,Cl in the alkaline pH range. 

With a molar ratio of Cl. dose to NH; greater than 1 and pH exceeding 5, the total 

residual chlorine decreases with increase in dose to a minimum called the breakpoint at 

a molar ratio of 1.5 to 3, and then increases directly with increase in Cl, dose. Chlorina- 

tion past the breakpoint is called breakpoint chlorination. The reduction in residual to 

the breakpoint results primarily from the decomposition of NHCl,. According to 

Palin, if the initial residual is almost entirely NHCl», it will break down to N», HOC, 

H+, and Cl- with a loss of about 75 percent available chlorine; and if both NHCl, and 

NH.Cl are initially present they may react together to produce No, H*, and Cl-. 

Both free and combined chlorine react with reducing substances in water to form 

products which are not germicides. These substances include Fe**, Mn**, sulfides, 

and organic matter. The amount of oxidizing chlorine for a particular dose and 

contact time which is lost by reaction with reducing substances, to the atmosphere as 

Cl. or NCl; gas and by breakdown of combined chlorine, is called the chlorine demand. 

The corresponding chlorine residual is the dose less the demand, as shown in Fig. 38. 

The residual may include any of the six forms of oxidizing chlorine, Cls, HOCI, 

OCI, NH.Cl, NHCl., and NCl;, because the valence of the oxidizing chlorine atom is 

+1 in each; and it may include other compounds of chlorine with organic matter. The 

reduction of the chlorine atom to —1 is accompanied by the oxidation of the N in the 

chloramines from —3 to zeroin No. NCl, is not considered an appropriate constituent 

of combined available chlorine, because it is a volatile toxic gas to be avoided by 

avoiding the conditions favorable to its formation. Palin’s experiments on chlorina- 

tion of amino acids show that in no case was NCI; found. It appears to be a problem 

only when NH; or urea is present. Figure 39, based on Palin’s experiments using 

' See ‘‘Standard Methods for the Examination of Water and Wastewater,’ American Public Health 
Association, 1965. 

2 Pantin, A. T., ““Chloro Derivatives of Ammonia and Related Compounds,”’ British Waterworks 
Association, November, 1950. 
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Chlorine residual , ppm 

HinGmacn 

8) 

Minimum pH for no NCl3 

4 6 8 40 {2 {4 16 18 
Chlorine dose, ppm 

Breakpoint test, Concord River, Sept. 24, 1956, pH 6.8. 

O { (e 3 4 

Fie. 39. 

Molar ratio Chlorine dose to Ammonia 

Minimum pH for avoidance of nitrogen trichloride. 

NH), shows the pH values above which NCl; will not be present. The 2-hr chlorine 

residual with breakpoint chlorination will contain about one-fourth NCl; and the 

remainder Cl. at pH 

NCl;. Figures 40, 41 

values between 6 and 7.5; and a pH above 8 is required to avoid 

,and 42, which show the chlorine residuals at pH 5, 6, and 7, respee- 

tively, based on Palin’s experiments with NH, indicate that in this pH range NCl; 
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cannot be avoided in chloramine treatment unless the molar ratio of Cl. dose to NH; is 

less than 1.6 and a contact period of about 2 hr is used. 

The purpose of disinfection is to destroy pathogenic microorganisms including 

bacteria, viruses, and protozoa. Since pathogens are not usually present in water or 

waste water in sufficient numbers to use their counts as a measure of the effectiveness 

Ww 

Moles of chlorine residual per mole of NHz 

olar ratio Clo dose to NH3 

Fie. 40. Chlorine residuals at pH 5, 0.5 ppm NH3-N. 

(eS) 

Nm 

Moles of chlorine residual per mole of NH, 
oO 

Molar ratio Clo dose to NH3 

Fre. 41. Chlorine residuals at pH 6, 0.56 ppm NH3-N. 

of a disinfectant, the count of coliform bacteria is commonly used. Coliform bacteria 

are excreted from the human intestine at an average rate per person of about 200 

billion per day and they are present in raw municipal sewage during dry weather in 

concentrations of 50 to 300 million/100 ml. The resistance of coliform bacteria to 

chlorine is about the same as the resistance of the common pathogenic bacteria but 

is considerably less than the resistance of pathogenic viruses and some protozoa. 
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According to Fair and Geyer,! an effective kill of coliforms requires a contact period 

about eighty times as long with OCI- as with HOCI with the same chlorine residual; 

or with the same contact period a residual about forty times as great with OCI- as 

with HOCI. It is evident, therefore, that for economy disinfection with free chlorine 

should be undertaken at pH values below 7 where more than 80 percent of the residual 

is HOCl. Combined chlorine is a slower bacteriocide than HOCl. Kelly and 

Sanderson? have found in chlorination of five strains of polio and two strains of 

coxsackie viruses that 0.3 ppm of free residual chlorine for at least 30 min contact is 

required for 99.9 percent inactivation, and that about 10 ppm of combined residual 

chlorine for about 60 min is required. For adequate virus kills, prechlorination 

appears essential in order to take advantage of the long contact periods available 

during flocculation and settling. Postchlorination also may be used with a short 

contact period in the filtered-water reservoir. 

Ww 

Moles of chlorine residual per mole of NH; 

Molar ratio Clz dose to NH; 

Fic. 42. Chlorine residuals at pH 7, 0.5 ppm NH3-N. 

McKee?’ has shown that chlorination of settled sewage with high doses, 20 to 40 

ppm, for 15 min is capable of reducing the coliform count to less than 100 per 100 ml, 

and that chlorine penetrates into the suspended particles. Camp‘ has shown that 

chlorination of comminuted raw or settled sewage with a dose sufficient to produce a 

combined chlorine residual of 10 ppm after 1 hr, about 20 to 40 ppm, will effect a 

coliform kill in 10 min exceeding 99.99 percent with a survival of about 1,000 per 

100 ml. Camp‘ has also shown that blending of a portion of each sample in a Waring 

blender for 1 min following chlorination increases the coliform count by only 5 to 10- 

fold, thus confirming McKee’s finding that chlorine penetrates suspended matter. 

The residual in sewage chlorination is nearly all NH)Cl. 

There are two purposes in the use of ammonia with chlorine: (1) to prevent odors 

produced by overchlorination or the combination of the Cl, with substances in the 

water and (2) to create a persistent chlorine residual that is effective in preventing 

aftergrowths of bacteria in the distribution system. If the ammonia is used to 

1 Farr, G. M., and J. C. Greynr, ‘Water Supply and Wastewater Disposal,’’ John Wiley & Sons, 

Inc., New York, 1954. 
2 Keuyy, Sauyy, and W. W. Sanperson, Am. J. Public Health, 48, 1323, 1958; and 50, 14, 1960. 

3 McKenp, J. E., ‘‘The Disinfection of Settled Sewage,’’ California Institute of Technology, April, 

1957. 

4 Camp, T. R., Chlorination of Mixed Sewage and Storm Water, Trans. ASCE, 127(III), 452, 1962. 
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prevent odors, it is more effective if applied before the chlorine. The chlorine should 

follow within 10 min or some of the NH; may be lost. Passage of ammoniated water 

through filters prior to the application of chlorine sometimes results in the absorption 

of much of the NH; by the filter sand. If rapid germicidal action together with a 

persistent residual is desired, it may sometimes be accomplished by applying the 

chlorine first, followed in a few minutes by the ammonia. This process also results 

in a saving of ammonia, but it may result in odors with some waters. Breakpoint 

chlorination may be used to control odors if the conditions are such as to avoid NCl3. 

Hypochlorites are prepared as solutions with a strength of 0.5 to 5 percent available 

Cl». Solutions should be protected from light and if stored for more than 2 weeks 

before use should be stabilized with alkali in order to prevent loss of Cl. Commercial 

feed apparatus is available for both manual and automatic control of the dose. 
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Fic. 43. Volume-temperature relations of liquid chlorine in closed containers. 

Liquid chlorine is commercially available in the United States in closed drums of 

100 lb, 150 lb, and 1 ton capacity and in tank cars of 16, 30, and 55 tons capacity. 

The weight of liquid chlorine varies inversely with the temperature, being 91.8 lb/cu ft 

at 32 F and 78 lb at 153.9 F. When shipped under Interstate Commerce Commission 

regulations, the volume-temperature relations in the containers are as shown in Fig. 43. 

It is obvious from the figure that to avoid explosion containers should not be heated to 

above 153.9 F or be filled at lower temperatures with more liquid than is indicated by 

the curve. The vapor pressure of liquid chlorine for various temperatures is shown in 

Fig. 44, from which it may be seen that the gage pressure of a container is about 85 psi 

at room temperature and about 39 psi at 0 C. When the pressure on the cylinder is 

released, the liquid boils away as a gas. 

Liquid chlorine is withdrawn from the container as a gas and fed through a chlori- 

nator into the water. Several types and makes of chlorinators are available, of which 

some proportion the chlorine as a water solution and others proportion the gas directly 

to a water stream. The solubility of Cl, in water as affected by the temperature is 

shown in Fig. 45. Below 49.2 F, solid chlorine hydrate! is formed. It is therefore 

1 Hammer, Jackson, and Tuurston, “Industrial Water Treatment Practice,” p. 412, Butterworth 
& Co. (Publishers), Ltd., London, 1961. 
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desirable that chlorine solutions be kept at temperatures above 50 F or that the solu- 

tion should be sufficiently dilute to assure a negligible formation of chlorine hydrate. 

In the presence of moisture, chlorine gas is exceedingly corrosive. It seriously 

affects the linings of the throat, nose, and lungs, and if inhaled in sufficiently large 

quantities will produce death. The dry gas or liquid may be conveyed from the 
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cylinders to the chlorinator by high-pressure iron or copper pipe, but wet gas and 

chlorine solutions should be conveyed in pipes made of glass, chemical rubber, silver, or 

special alloy, or PVC and other suitable plastics. Rubber should not be used with 

liquid chlorine. Chlorine is about 2.5 times as heavy as air, and it therefore sinks to 

low places when it escapes owing to accidents or leaks. Chlorinator rooms should be 

provided with forced-draft ventilation exhausting at the floor, and the exhaust pipe 

should discharge at suflicient height to secure adequate diffusion of the gas before it 
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reaches the ground. Sprinkler systems handling NaOH solutions are an added precau- 

tion, for alkaline solutions will absorb some of the gas on the floor. All chlorinating 

plants should be equipped with gas masks and other approved safety devices. 

Ammoniators are designed similar to chlorinators, except that different materials 

are used for the conduits in order to avoid corrosion. Ammonia gas is also an irritant 

to the nose and throat and in the presence of moisture is corrosive to copper. Steel 

pipe and valves may be used for conduits. Ammonia is only about half as heavy as 

air and hence rises. Where ammonia is used, ventilation exhausts should be at both 

floor and ceiling. Anhydrous ammonia is sold commercially in steel drums as a 

liquid under pressure. At room temperature, the gage pressure is about 115 psi 

and at 0 C about 50 psi. Precaution should be taken never to mix chlorine and 

ammonia gases, or concentrated solutions of the gases, before they are applied to the 

water, for under certain conditions they may combine to form the highly explosive 

nitrogen trichloride. Sprays of water are effective in removing gaseous ammonia 

from a room since it is highly soluble. Chlorine and ammonia apparatus should be 

housed in a special room provided for that purpose, and in large plants the apparatus 

and containers are preferably housed in separate rooms. 

Experience indicates that a maximum continuous rate of evaporation at room 

temperature may be maintained for liquid chlorine of about 35 lb/day from 100- and 

150-lb cylinders and 400 lb/day from ton containers. Higher rates may be maintained 

by immersing the containers in warm water or passing the liquid Cl, through evapo- 

rators. Ammonia may be evaporated at a rate of about 30 lb/day from 100- and 

150-lb cylinders, and at higher rates with evaporators. 

In dosing chlorine and ammonia into water, it is important that the solutions be 

well mixed with the water to ensure uniform diffusion. Violent mixing is desirable 

and if obtained will usually result in a saving of chemicals. 

In view of the many hazards involved in the handling of gaseous Cl. and NHsg, it is 

desirable to use NaOCl and aqua ammonia solutions in their stead even though their 

cost may be greater. 

Chlorine dioxide has recently been adapted to use for disinfection and odor control. 

Chlorine dioxide, ClO., is a powerful oxidizing agent produced by the reaction of 

chlorine with a solution of sodium chlorite, NaClO». It has been found effective for 

taste and odor control with some waters, and it is a germicide at pH values up to and 

above 10. 

33. Other Disinfectants. Mlallman! showed that germicidal action begins with 

#. coli when sufficient alkah is present for a pH of 11 and that sterilization is complete 

in less than 1 min at pH 13. According to Hoover,? in softening the Columbus, Ohio, 

water, when enough lime is added to precipitate Mg, EF. coli and B. typhosus are killed 

in 48 hr, provided the water does not have a large organic content. Disinfection is 

complete in 5 to 24 hr when an excess of 14 to 1 gpg of lime is added. Disinfection by 

excess-lime treatment is practical only in lime-softening plants. 

Ozone, O;3, is a powerful oxidizing agent and a very effective germicide. It is 

usually produced by the electrolysis of air at 7,000 to 20,000 volts. At 25 C, about 10¢ 

of ozone are produced per cubic meter of air. For disinfection, a dose of 1 to 3 ppm 

of ozone is required. The water should be clear and low in organic matter in order to 

avoid waste of ozone due to oxidation of organic matter. Ozonization of the water is 

usually accomplished by allowing the O; gas to pass upward through a bed of coke 

or gravel through which the water is trickling downward. Ozonized water is very 

corrosive, but the residual dissipates rapidly. Ozone is effective in odor control 

1 Mauuman, J. AWWA, 24, 1054, 1932. 

2 Hoover, J. AWWA, 28, 1196, 1931. 
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because it oxidizes odor-producing organic compounds. Ozonization has been 

extensively used in Europe, but it has been found costly in the United States. 

Ultraviolet light rays with a wave length of 0.3u or less are effective germicides 

in clear water. The light is usually produced by mercury-vapor quartz lamps, but 

carbon arcs are also applicable. According to Perkins and Welch,! ultraviolet rays 

are effective to a depth of 20 in. in clear colorless water, and the killing action is instan- 

taneous on all save certain resistant forms of bacteria. The resistant forms comprise 

less than 10 percent of the bacteria. The usual method of application of ultraviolet 

light is to pass the clarified water in thin layers much less than 20 in. past a series of 

lamps, but, according to Perkins and Welch, this practice is not necessary since the 

resistant forms will survive the whole series. Thoroughly clarified and colorless water 

is essential for the success of this method. The advantages of the method are (1) no 

change in the chemistry of the water and (2) no possibility of an overdose. The 

method is more expensive than the use of chlorine or chloramines. 

Ionized silver? in concentrations of 0.05 to 0.3 ppm effects sterilization of water 

after 2to 8 hr. Much larger doses are required for rapid bacterial kill, and according 

to Morris,’ concentrations as high as 20 ppm appear to have no effect on waterborne 

viruses. Inasmuch as the allowable limit in the U.S. Public Health Service Drinking 

Water Standards is only 0.05 ppm, silver should not be used for disinfection of drinking 

water. It is less effective and much more expensive than chlorine. 

34. Algaecides. Plankton which grow in open reservoirs are troublesome owing 

to the production of odors and because they cause rapid clogging of filters. The most 

widely used method of destruction of plankton is by the use of copper sulfate dis- 

tributed evenly over the water surface. The chemical is customarily distributed by 

dragging a sack of the crystals systematically through the water by boat until the 

desired dose is obtained. Treatment is required only at times when the algae growth 

is heavy enough to cause trouble. The killing action of dissolved copper is similar 

to that of silver. A list of the names of common troublesome microorganisms together 

with characteristic odors produced and the required copper sulfate dose to kill each 

is given in ‘‘Water Works Practice.’ The required dose ranges from 0.05 to 10 ppm, 

depending upon the organism. Methods of identification and counting plankton 

are given in “The Microscopy of Drinking Water’’® and “Standard Methods.’’ If 

copper sulfate is applied in sufficient concentration, it may result in the destruction of 

fish life. The safe dose ranges from about 0.14 ppm for trout to 2.1 ppm for black bass. 

Chlorine is also used as an algaecide, both in liquid form and as hypochlorite. It 

is usually applied at treatment plants, but portable chlorinators are available for dis- 

tributing chlorine over the surface of reservoirs. The dose required varies from about 
0.3 to 3 ppm. If the organisms are causing odors, chlorine may accentuate them at 

the time of application. 

TASTES AND ODORS 

35. Sources and Measurement. The term tastes and odors® as applied to drinking 

water usually refers to cases where only odors are present. Only four true taste 

sensations are recognized: (1) sour or acid, associated with hydrogen ions; (2) sweet, 

found in sugars and associated with hydroxyl; (3) salty, produced by chlorides, 

nitrates, and sulfates; and (4) bitter, associated with alkaloids. Most other so-called 

1J, AWWA, 22, 959, 1930. 
2 See Just and Szniouts, J. AWWA, 23, 492, 1936; and Grsparp, Am. J. Public Health, September, 

1933, p. 910. 
3 Morris, J. C., Disinfection of Water, The Sanitarian, 16, 221, 1954. 

4 AWWA, 1929, p. 168. 
5 WuippLp, Farr, and WuippeLe, John Wiley & Sons, Inc., New York, 1927. 

6 See Farr, J. NEWWA, 47, 248, 1933. 
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tastes are due to odors that reach the olfactory organs at the time the material is 

tasted. 

The sources of odors in water may be classified! as follows: 

1. Essential oils from plankton 

2. Decaying vegetation 

3. Sulfur gases in groundwater 

4. Chlorine 

5. Phenolic wastes from 

Dye plants 

Phenol-manufacturing plants 

Coke-oven plants 

Gas plants 

Wood-distillation plants 

Tar and oil refineries 

6. Nonphenolic wastes from 

Paper mills 

Tanneries 

Beet-sugar mills 

Canneries 

Starch plants 

Sewage-treatment plants 

7. Chlorine combined with substances listed in 2, 5, and 6. 

Odor-producing substances are volatile, and it is the gaseous molecules that pro- 

duce the sensation of smell in the olfactory region of the nose. The concentration in 

solution which is required to produce an odor is so extremely small for many odor- 

producing substances that relatively few of them have been identified chemically. 

The only means of measuring the concentration of such substances is through the 

strength of the odor produced, and the human nose is the measuring instrument. 

Consequently, the measurement of odors is not yet on a very satisfactory basis. The 

smallest amount of a substance required to produce an odor, usually measured in 

terms of its concentration in alr, is called the threshold value of the odor. An odor in 

water is measured by sniffing the air in contact with the water when the air and water 

have come to equilibrium with reference to the odor-producing substance. The 

threshold point may be reached by diluting either the water with odor-free water or the 

air with odor-free air until the odor is just discernible. The ratio of the volume of 

the diluted sample to the undiluted sample is called the threshold number,? or odor 

intensity. 

36. Methods of Control. The following methods? of treatment for control of odors 

have found practical application: 

1. Ammonia, chlorine, chlorine dioxide 

2. Powdered activated carbon 

3. Prechlorination 

4. Aeration 

5. Copper sulfate treatment of reservoirs 

1 See BuswE tu, ‘‘Chemistry of Water and Sewage Treatment,”’ p. 195, Reinhold Publishing Cor- 
poration, New York, 1928. 

2 For methods, see ‘‘Standard Methods for the Examination of Water and Wastewater,’’ American 
Public Health Association, 1965; Spautpina, Am. J. Public Health, 1931, p. 1038; Farr, J. NEWWA, 

47, 248, 1933; Farr and Wetts, J. AWWA, 26, 1670, 1934; and Bayuis and Gubuans, J. AWWA, 28, 

507, 1936. 
3 For extended discussion, see Bayuts, J. R., ‘‘ Elimination of Taste and Odor in Water,’’ McGraw- 

Hill Book Company, New York, 1935. 
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Superchlorination followed by dechlorination 
Potassium permanganate 

Granular activated carbon 

Bleaching clay 

Chlorine for hydrogen sulfide 

Ozone eS Sa Coes — 

The first five methods are widely used. The best method for any particular case 

depends upon the circumstances and sometimes can be determined only by trial. 

Many of the processes have treatment value in other respects, and they therefore 

cannot be evaluated solely on the basis of odor control. Ammonia-chlorine treatment, 

for example, has considerable value in the long-sustained chlorine residual; and all 

the methods involving the use of chlorine, ozone, and permanganate may be primarily 

for disinfection purposes. Aeration has value in iron removal, softening, and corrosion 

control due to carbon dioxide removal. For odor removal, aeration is effective in 

the case of H2S and for very volatile odorous substances from certain of the micro- 

organisms. The destruction of plankton by copper sulfate is of value in increasing 

filter runs as well as for odor control. 

Prechlorination may be used when chlorine successfully oxidizes the odor-produc- 

ing compound or destroys the causative microorganisms and is not itself required in 

sufficient concentration to produce an odor. When the usual dose of chlorine com- 

bines with odor-producing substances to accentuate the odor, it has sometimes been 

found that an overdose of chlorine will destroy the odor provided the residual chlorine 

is later removed by an antichlor. The earliest dechlorinating methods involved the 

use of reducing agents, among which are sulfur dioxide gas, sodium thiosulfate, 

sodium sulfate, sodium bisulfate, and sodium metabisulfate. The reaction of Cl, 

with all these agents produces Cl- ions. Activated carbon may also be used for 

dechlorination, the reaction producing CO, and Cl-. 

Activated carbon effectively destroys most odors by adsorbing the compounds 

from solution onto the surface of the solid carbon. The adsorption process is not well 

understood, and the mechanism probably varies with the character of the compound 

adsorbed. Adsorption is a surface phenomenon, and the rate of adsorption is a func- 

tion of the amount of unsaturated surface area on the adsorbent. Activated carbon 

is prepared from both vegetable and animal (bone) chars which are very porous and 

hence have immense surface areas. The carbons most widely used in water treatment 

are prepared from lignite, a paper-mill wood pulp, and birch and maple wood. The 

process of activation consists of heating the char in steam or air to a temperature 

somewhat less than 600 C. Activation apparently results in the volatilization of 

adsorbed compounds, such as hydrocarbons, leaving the primary carbon surface free. 

Carbon is widely used in the powdered form and is dosed into the water by means 

of either dry or slurry feed machines. It may be applied in a carbon contact chamber 

preceding flocculation (see Fig. 12), with the coagulating chemicals into the rapid 

mixing chamber, during flocculation or just prior to filtration. It is usually better to 

provide separate carbon contact chambers with about 5 min mixing as the first step in 

treatment so that adsorption of odor-producing substances may be substantially 

completed without interference of floc and chlorine. The used carbon will combine 

with the floc in the flocculation chambers and most of it will be removed from the 

water by settling. Provision should be made to add a small amount of carbon to the 

filters if needed, but the practice should be avoided unless needed because it may result 

in mud balls in the filters. The amount of powdered carbon required varies from 

about 2 to 100 ppm depending upon the strength and type of odor. Powdered carbon 

is wasted after use with the sludge of the settling tanks and with waste wash water. 
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A more economical use of the carbon may be obtained with granular carbon beds, 

but additional units similar to rapid filters are required at considerable expense. The 

additional capital cost is not justified in most cases. Carbon beds are made 2 to 4 ft 

deep and are operated at rates of 1 to 6 or more gpm/sq ft. The required rate of 

application of water depends von the concentration and type of odor-producing 

substances to be adsorbed. Carbon beds are usually used after filtration, but the 

beds nevertheless require washing occasionally and should be designed for washing. 

Relatively low wash rates are required for expansion, owing to the lightness of the 

material. The activity of granular carbon is gradually exhausted in service because 

of adsorption of many substances in addition to odor-producing compounds. The life 

of granular carbon may be several years, in which case it may be more economical to 

replace the carbon with new material than to reactivate it. 



SECTION 39 

DRAINAGE 

By Wiut1am W. DonnAN 

INTRODUCTION 

1. Scope of the Section. This section will not deal with removal of storm water 

from city streets or with any matters dealing with urban and suburban drainage. It 

will be confined to principles and practices applicable to agricultural drainage. In 

treating this subject, more emphasis has been placed on the solution of man-made 

drainage problems, although the principles apply equally to natural drainage problems. 

A very detailed and complete discussion of this subject can be found in ‘Engineering 

for Agricultural Drainage’’ (Roe and Ayres, McGraw-Hill Book Company, New York, 

1954). 

2. Drainage Needs. Drainage problems are both natural and man-made. For 

the most part, natural drainage problems occur in the humid areas of the world and 

man-made problems occur in the arid areas. A UNESCO! study in 1961 revealed 

there are over 5.4 million sq miles of arable land and nearly 10 million sq miles of 

meadows and pastures in the world. Perhaps one-fourth of this land would benefit 

materially by the application of drainage engineering. 

Man-made drainage problems usually develop as a consequence of irrigation. 
Historic evidence of this can be found on every continent of the world. A major 

contribution to the decline and disappearance of some ancient civilizations can be 

attributed to their failure to heed the drainage problem. A conservative estimate 

would be that 150 to 200 million acres of cropland are affected to some degree by man- 

made drainage problems around the world. This figure is obtained by taking the 

world acreage of irrigated land,? 300 million acres, and assuming that about one-half to 

two-thirds of this land has potential drainage problems. 

3. Drainage Principles. A properly designed drainage system removes excess 

surface water and/or lowers the groundwater level to prevent waterlogging. Ordinary 

farm crops cannot grow in soil that is saturated with water. Where subsoil waters 

contain salts, these mineral elements migrate to the ground surface because of evapora- 

tion. This concentration in the root zone greatly retards plant growth and prevents 

seed germination. 

Surface drainage is accomplished by the construction of lateral ditches and open 

drains. Subsurface drainage and lowering of the water table are accomplished by a 

system of open drains or buried tile lines into which the gravity water seeps. Water 

collected in drains is conveyed to a suitable outlet. Subsurface drainage can also be 

accomplished by pumping from wells to lower the water table. 

1“ Production Yearbook 1962,”’ Vol. 16, Food and Agricultural Organization of the United Nations, 

Rome. 
2 Guunatt, N. D., “Irrigation in the World, a Global View,’ International Commission on Irrigation 

and Drainage, New Delhi, India, 1955; Worldwide View of Irrigation Developments, Proc. ASCE, 
J. Irrigation Drainage Div., 84(1R3), 1958. 
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DRAINAGE SURVEYS AND INVESTIGATIONS 

Drainage problems differ widely because of the varied nature of the physical land 

and hydrologic conditions. There are no fixed short-cut methods of investigation 

that are uniformly applicable.! Some problems are fairly simple and their solution is 

quickly apparent. Others require only limited investigation. Generally, however, 

the topography, hydrology, soils, and crop-management practices vary so greatly, both 

individually and in their total effect, that a complete and thorough evaluation is needed 

to determine the specific causes of undesirable drainage conditions and their correction. 

Holes must be bored, observation wells installed, soils examined, and hydrologic 

measurements taken. Every source of information relating to the problem must be 

explored and the information analyzed. 

The basic information important in any drainage investigation deals with the 

following factors: (1) topography, (2) sources of water, (3) soils, (4) salinity, and 

(5) water tables. 

4. Topography. Good topographic maps are necessary in order to plan an 

adequate drainage system. The topographic survey is the basis for all subsequent 

investigations since it is the framework upon which are built the soil survey, water- 

level survey, drain location, and depth and outlet feasibility. A topographic survey 

should determine the surface configuration, including the surface slopes, the direction 

of natural drainage, and potential drainage outlets. This survey gives a clue to the 

type of drainage needed. It gives positive information upon which to base specific 

drainage plans. 

If suitable topographic maps are not available, it is recommended that they be 

made by photogrammetric methods. Aerial coverage at an elevation compatible with 

the preparation of photogrammetric contour maps on a scale of 1:5,000 with 1-m 

contour intervals and machine interpolated to !14-m contours is advisable.” 

All survey information should be plotted on plan and profile sheets. Although 

topographic maps provide the primary basis for drainage layouts, profile drawings are 

necessary for planning such details as the depth, slope, and alignment of drains. 

Breaks in slope, benches, alluvial fans, canals, old creek channels, and other natural 

drainageways are important land features. 

For example, analysis of the topography may reveal the lack of natural outlets for 

drainage water. Irrigation systems are usually developed on broad, flat expanses of 

land which are often devoid of natural drainage channels. Therefore, drainage 
systems in irrigated areas usually require a trunk outlet system. Broad, flat fields are 

ideal for tiling in a grid pattern, while benches and swales call for interceptor patterns. 

A basin type of topography often lends itself to pumping for drainage. The objective 

is to key the drainage system to the topography. 

SOURCES OF WATER 

The source of all waters coming into the area must be determined. The water- 

source survey provides a key to the measures needed to remedy undesirable drainage 

conditions. More specifically, the water source often governs the type of drainage to 

be installed. Thus, if excess water is due to precipitation, the remedial measure would 

probably be better surface drainage; if due to canal seepage, an interception drain may 

be indicated; and if due to artesian pressure, pumped wells may provide the most 

practicable remedy. In some problem areas the source of water is obvious. In 

others the sources of water may be both numerous and complex, making specific 

1 Donnan, W. W., and G. B. Brapsuaw, Drainage Investigation Methods for Irrigated Areas of 
Western United States, U.S. Dept. Agr. Tech. Buil. 1065, 1952. 

2 Drainage Surveys, Investigations, and Reports, Chap. 2, Sec. 16, ‘‘Soil Conservation Service 
National Engineering Handbook,” U.S. Department of Agriculture. 
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origins difficult to discern. A consideration of all the pertinent information on 

geology, topography, soil strata, and water table is needed to determine the source of 

the water. 

The common sources of water of major importance in drainage problems are 

precipitation, irrigation, seepage, and hydrostatic pressure. 

5. Precipitation (refer to Sec. 1 for a detailed discussion on precipitation). A 

positive correlation between the distribution of precipitation during the year and the 

fluctuations in water-table elevations may be evidence that seasonal precipitation is 

one of the chief sources of water. Lack of such correlation indicates that precipitation 

probably has little effect on the water table. 

An attempt should be made to determine whether long-term cycles of precipitation 

are related to long-term hydrographs of water levels. For example, wet cycles may be 

followed by rising water tables. Deep seepage to artesian or other aquifers, though 

slow, may often be manifested by a rise in water levels, sometimes years after the peak 

of a precipitation cycle has passed. 

Precipitation affects artesian wells, deep static wells, and shallow piezometer wells 

differently. The response of water-surface levels in these wells provides indications of 

the degree, mode, and duration of influence of precipitation on the water table. 

6. Irrigation (refer to Art. 14, Sec. 33). Many drainage problems in irrigated 

areas are caused by the application of too much irrigation water. Studies should be 

made of (1) the effect on the water table of single irrigations, (2) water-table fluctua- 

tions throughout the irrigation season, and (3) long-time changes in water-table eleva- 

tion over a period of years subsequent to the beginning of irrigation. 

Poor methods of water application and inefficient use of irrigation water are likely 

to result in the loss of large amounts of water by deep percolation and surface runoff. 

Methods of applying water vary widely, depending on such factors as soil, slope, 

crops, size of field, delivery schedule of water, and availability of water. 

7. Seepage. Seepage is a major source of water in many drainage problem areas. 

A study should be made to determine the locations and amounts of excessive seepage 

from canals. A comparison should be made of water-table hydrographs when canals 

are full of water and when they are empty to show any correlative relationship. 

8. Hydrostatic Pressure. Water originating from precipitation, irrigation, or 

seepage may cause drainage problems in areas far removed from the water source. 

The locations of springs, seeps, and abandoned wells may be important clues to the 

source of water. 

SOILS 

The soil-stratum survey, which gives the location, extent, and physical char- 

acteristics of the various underlying soil layers, is probably the most important single 

technical phase of the drainage investigation.! 

No drainage system can be adequately designed without a knowledge of the soil 

profile and the characteristics of the subsurface strata. Points which should be 

considered are (1) kinds of soils, (2) thickness of the various strata, (3) continuity of 

strata, and (4) position of the various strata with respect to the ground surface and to 

each other. 

Some soils drain easily ; others are extremely difficult to drain. Generally speaking, 

the coarse-textured soils drain better than the fine-textured soils. In many irrigated 

areas the soils are formed into complex profile patterns. Stratified sands, silts, and 

clays are commonly found. Fine-textured clay layers are often underlain or overlain 

by coarse-textured sands. The sequence of permeable and impermeable soils and 

1 Donnan, W. W., G. B. Brapsuaw, and H. I’. Buanry, Drainage Investigation in Imperial Valley, 

California, Soil Conservation Serv. Tech. Publ. 120, U.S. Department of Agriculture, 1954, 
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their ability to transmit water determine both the type of system that should be 

installed and the design. For example, open drains at intervals of 1 mile may be 

adequate for drainage of coarse-gravel subsoils, whereas a fine-textured clay soil to a 

depth of 10 or 12 ft might require mole drains spaced at 30 ft. Lack of drainable 

aquifers at the 3- to 5-ft level may make drainage by tile lines unfeasible. Deep 

underground sand and gravel layers are usually easy to drain with pumps. 

9. Borings. The soil borings should be made in a grid over the project area. A 

minimum of one hole per square mile to a depth of 12 ft should be used to characterize 

the soils in the project. In addition to this reconnaissance grid there should be a series 

of detailed spot boring grids. These surveys should consist of a very detailed soil 

investigation of a 1,000-acre parcel in each 20,000-acre block of the project. On these 

smaller parcels the borings would be spaced at about 400-ft intervals or at such spacing 

as to map carefully individual soil types and series. 

10. Permeability. An estimate of the permeability of the strata underlying the 

soil surface is essential in developing sound techniques of land drainage. Water- 

transmission rates should be determined in quantitative terms to be of practical use in 

this connection. 

Coefficient of permeability may be defined as the rate of flow of water through a 

unit cross-sectional area under a unit head during a unit period of time.! For con- 

venience in making comparisons, coefficient values are stated in terms of flows of 

water through saturated soil. 

Methods of accurately determining the coefficient of permeability may be grouped 

in three broad classes, as follows: 

1. Field measurements.? 

a. Direct measurement of the permeability of an entire soil profile, based on 

pumped-well data. A drawdown curve and data on quantity of water pumped 

are used to compute the coefficient. 

b. Direct measurement of the permeability of individual strata by means of small 

tubes, piezometers, or auger holes.? 

Laboratory measurements utilizing a permeameter device and either in-place 

undisturbed specimens taken in the field by means of one of the various sampling 

devices, or samples of disturbed soil prepared for laboratory examination by drying 

the soil and packing it into the permeameter. 

3. Indirect evaluations of permeability based on physical and chemical soil properties. 

i) 

Each of these methods has its merits and drawbacks. The particular method selected 

will depend upon the requirements of the drainage survey, the availability of appro- 

priate measuring devices, and the degree of accuracy desired. 

11. Indirect Evaluations of Permeability. Some of the soil characteristics that 

control the movement of water through the soil are type of structure, arrangement of 

aggregates, grain size, texture, pore space, dispersion, swelling, and type of clay 

mineral. In many sections of the country, including Western United States, visible 

soil characteristics have been correlated with measured percolation rates, and the soil 

permeability is graded in accordance with a classification which has been used exten- 

sively by the Soil Conservation Service‘ in describing mapping units of soil-conserva- 

tion surveys. This classification follows: 

. 1 WenzeL, L. K., Methods for Determining Permeability of Water-bearing Materials, Water Supply 

lene W. W., Field Experiences in Measuring Hydraulic Conductivity for Drainage Design, 
J. Am. Soc. Agr. Engrs., 40(5), 270-273, 1959. 

3 Frevert, R. K., and D. Kirxuam, A Field Method for Measuring the Permeability of Soil below 
the Water Table, Highway Res. Board Proc., 28, 433, 442, 1948. 

4 Soil Survey Manual, ‘‘Soil Conservation Service Agricultural Handbook”’ 18, U.S. Department of 
Agriculture. 
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Percolation rate, in./hr, through 

Permeability class Permeability saturated undisturbed cores 

under 14-in. head of water 

Wer slomiet ov meet a core 1 Less than 0.05 

Blower chee ceca rien ven vee 2 0.05-0.2 

Moderately slow............ 3 0.2 -0.8 

Moderate tyne a1 stunner 4 0.8 -2.5 

Moderately rapid............ 5 225 =5.0 

IRAvoNC A Sako Aor Bone oe cei 6 5.0 -10.0 

enya pid nvr qrrmeenc enciays "i More than 10.0 

12. Texture Index. One mappable characteristic which can be used to describe 

permeability is texture. The following arbitrary relationship between texture and 

permeability is used in the determination of soil drainability. 

EmpPiIRIicAL RATIO BETWEEN TEXTURE 

AND PERMEABILITY OF SOILS 

Avg permeability 

Textures 

gal/day ec/hr m/day 

Coarseisand $./7055 sani ears 2,500 500 120 

San clpeprcnrekeicuecracvanasmrerd str 250 50 12 

amessand’s vance neo ss oareree 100 20 4.8 

Very fine sand...... 50 10 2.4 

oamiy Sandie crepe score sin fees 25 5 i 

Sand yilOam ma entonncnccecsta iter ies 5 1 0.24 

Very fine sandy loam........... Deo) Ono OF 

HOGS Ae Ace wk rere e cha SIERT Sek CEOS LeU 0.2 0.048 

Siltlonmepetencis, wkaecces een 0.5 0.1 0.024 

Sildvnclay mWoamiacg winnie eee 0.25 0.05 0.012 

Sp raie Ley Fe iatd AG, Sho. beckon hota ied Ganon & 0.05 0.01 0.0024 

ANG ach testa Skeuexte oe vetcerisup’ ychcwire (8 Iv ks 0.025 0.005 0.0012 

SALINITY 

The diagnosis and treatment of saline and alkali soils is a problem in soil chemistry, 

but because it is so frequently associated with areas needing drainage, especially in arid 

and semiarid regions, it is necessary for the drainage engineer to become familiar with 

this problem. 
There must be a thorough and detailed study of the salinity problem of the drainage 

area. This should include a study of the salinity of the surface soils and of the 

groundwater. 
Soil samples taken from boreholes made on the soil-survey grid should be analyzed 

for mineral content. A minimum of one sample for each square mile of the project 

area is suggested. In addition, spot checks should be made at intervals so as to be 

able to draw a map showing the location and degree of severity of saline and alkaline 

deposits. 
Ixcessive quantities of mineral elements in the root zone of the soil inhibit plant 

growth. They must be leached downward and disposed of by the drain system. 

Saline and alkaline soils have been separated into three groups, namely, (1) saline, 
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(2) saline-alkali, and (3) nonsaline-alkali. The following discussion is taken largely 

from U.S. Department of Agriculture Handbook 60, “Diagnosis and Treatment of 

Saline and Alkali Soils,”’ 1954. 

13. Saline Soils. The term saline is used in connection with soils for which the 

conductivity of the saturation extract is more than 4 mmhos/cem at 25 C and the 

exchangeable-sodium percentage is less than 15. Ordinarily the pH is less than 8.5. 

Saline soils can usually be improved through leaching, as the soluble salts present 

will go into solution and be removed with the drain water. Leaching in areas of high 

precipitation is usually a natural process after subsurface drainage is established. In 

arid and semiarid regions it is necessary to supply irrigation water to accomplish this 

leaching. In summary, the reclamation of saline soils can usually be accomplished 

through some type of leaching without the addition of chemical amendments. Ade- 

quate subsurface drains are, of course, a prerequisite. 

14. Saline-alkali Soils. The term saline-alkali is applied to soils for which the 

conductivity of the saturation extract is greater than 4 mmhos/cm at 25 C and the 

exchangeable-sodium percentage is greater than 15. These soils form as a result of 

the combined processes of salinization and alkalization. As long as excess salts are 
present, the appearance and properties of these soils are generally similar to those of 

saline soils. Under conditions of excess salts, the pH readings are seldom higher than 

8.5 and the particles remain flocculated. If the excess soluble salts are leached down- 

ward, the properties of these soils may change markedly and become similar to those of 

nonsaline-alkali soils. 

Drainage of these soils may require certain chemical amendments based on labora- 

tory analysis of soil samples. Insofar as the engineer is concerned, the difficult 

problem with saline-alkali soils is their identification, as they may exhibit char- 

acteristics of both saline and nonsaline-alkali soils. As pointed out in the definition of 

saline-alkali soils, they may be flocculated because of the presence of excess salts and 

may have a permeability equal to or higher than nonsaline soils. This is often 

misleading and may give the impression that soils can be reclaimed through simple 

leaching. Actually this may not be the case because leaching will remove the soluble 

salts, thereby causing the soils to become strongly alkaline, and the permeability will be 

materially reduced. 

15. Nonsaline-alkali Soils. The term nonsaline-alkali is applied to soils for which 

the exchangeable-sodium percentage is greater than 15 and the conductivity of the 

saturation extract is less than 4 mmhos/em at 25 C. The pH readings usually range 

between 8.5 and 10. These soils frequently occur in semiarid and arid regions in small 

irregular areas, which are often referred to as “slick spots.” 

The treatment of nonsaline-alkali soils is different from that for saline soils as it 

may be impossible to leach the soil until after certain chemical amendments are added. 

Through alkalization, soil particles undergo certain physical changes. These changes 

tend to destroy the original soil structure and leave the soil as a deflocculated mass. 

Nonsaline-alkali soils have the consistency of tar or heavy machine grease, which is 

smooth and without texture. As alkalization progresses, the soil becomes less and less 

permeable. Strongly alkaline soils become virtually impermeable and impracticable 

to drain under most conditions. 

It is highly important that nonsaline-alkali soils be recognized as such before 

attempting to establish subsurface drainage. This is important because these soils 

have lost some of their internal drainage characteristics and may not drain properly 

regardless of the type of drainage system installed. Where it is economically 

feasible to reclaim these soils, chemical treatment may be necessary to flocculate the 

soil particles and restore soil permeability before leaching and drainage. Some of the 

chemical amendments commonly used are calcium chloride, gypsum (calcium sulfate), 



WATER TABLES 39-7 

sulfur, and sulfuric acid. The kind and amount of amendment applied must be based 

on recommendations following an analysis of representative soil samples. 

16. Water Quality. A knowledge of the salinity of the groundwater in the drain- 

age problem area is important because of the adverse effect of saline water on the 

growth and production of beneficial plants. In areas of good-quality groundwater, 

the solution to the drainage problem is largely a matter of lowering the water table 

below the root zone of the plants to keep excess water from interfering with normal 

plant-growth processes. Some latitude in the fluctuation of the water-table elevations 

is permissible. 

In areas of saline groundwater, however, the water table not only must be lowered 

to a point well below the feeding zone of the plant roots but must also be kept from 

rising above that level so that evaporation and capillary forces will not concentrate 

the salts in the root zone. The presence of large amounts of harmful mineral elements 

in the root zone of the soil intensifies the drainage problem since steps must then be 

taken to drain not only the excess water initially present but also any additional 

quantities that must be applied to leach the saltsout of the soil. The danger of losing 

essential plant nutrients in the leaching process further complicates the problem of 

devising effective drainage systems and measures. 

WATER TABLES 

The water-table survey will indicate the height, movement, and cyclic trend of 

groundwater levels. These data can be further analyzed to pinpoint the sources of 

excess water, the quantity, and the direction of the underground flow. If observations 

indicate artesian pressure from deep aquifers, relief wells and pumpage are usually 

necessary. Where rainfall contributes to the rise in water table some type of surface 

drain may be indicated. If seepage from an adjacent canal or reservoir can be 

detected but not controlled, an interceptor drain may solve the problem. 

Records of water levels, maps of depths to water table, and other hydrologic data 

for past years are often available for many drainage problem areas. Such data, when 

correlated with current conditions, furnish clues to the cause of fluctuations in the 

water table. The plotting of water-table hydrographs in conjunction with data on 

precipitation, irrigation, runoff, effect of pumping, and other hydrologic phenomena 

provides a useful basis of analysis. 

17. Observation Wells. There should be a grid of observation wells established 

at the beginning of any project study. This grid should consist of cased holes to a 

depth of 15 to 20 ft spaced at about one per square mile. Water-table observations 

should be carried on periodically, at sufficient frequency to obtain an adequate seasonal 

and annual hydrograph. The records for any given project area should be related 

and compared with hydrographs from other observation wells having long-term 

hydrographs. 
18. Piezometers. A useful drainage-investigation tool is the groundwater 

piezometer, an unperforated small-diameter pipe so designed and installed that after 

it is driven or jetted into the ground, water can enter only at the bottom end.' The 

piezometer registers the hydrostatic pressure of the underground water at whatever 

level it is terminated. Since underground water moves from a point of high pressure 

to one of low pressure, the piezometer opens up a wide range of possibilities for inves- 

tigating groundwater movement. With sets of piezometers installed at different 

depths and spaced at intervals the hydrostatic pressures of an entire soil profile may 

be determined, and seepage movement detected. 

1 CuristTrANsEN, J. R., Ground-water Studies in Relation to Drainage, J. Am. Soc. Agr. Engrs., 24, 

339-342, 1943. Donnan, W. W., and J. E. CuristrAnsen, Piezometers for Ground Water Investiga- 

tion, Western Construct. News, 19, 77-79, 1944. 
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SURFACE DRAINS 

19. Design Criteria. All the data developed from the drainage surveys and 

investigations should be utilized in the design of both surface drains and subsurface 

drains. Surface drains are usually constructed as open ditches. The main outlet 

drain and its principal branches or laterals form the backbone of the drain system and 
they are usually installed as open unlined channels. 

20. Location. The topography of the area is generally the controlling factor in 

the location of the main and lateral drains. ‘Topography also influences the spacing of 

the laterals. For very flat areas, the laterals should be not more than 14 mile apart. 

In no case should the laterals be more than 1 mile apart. The open lateral thus 

provides an outlet for both surface and subsurface drain water. Property lines or 

government subdivision lines should be considered in determining the locations of the 

laterals. Drainage ditches in wrigated areas usually serve primarily to control 

surface and subsurface irrigation waste and seepage waters. Their location is often 

dictated by the location of the irrigation-canal system. Main outlet ditches may 

follow natural streams and provide channel capacity to handle flood runoff in addition 

to the drainage waters from irrigated lands. 

21. Rate of Discharge. The rate of discharge is generally expressed in cubic feet 

per second per square mile of drainage area. Various empirical formulas have been 

developed for determining runoff into drainage channels (see Sec. 1, Art. 1). 

22. Rational Formula. A formula developed by Ramser! for estimating storm- 
water runoff from agricultural areas is as follows: 

(On pt 

where Q = maximum rate of runoff, cfs 

C = runoff coefficient dependent on topography, vegetation, etc. 

I = rainfall intensity, cfs/acre, which corresponds to intensity, in./hr 

A = watershed area, acres 

General values of C runoff coefficient are as follows: 

Kind of watershed Slope % Value of C 

Cultivated gentle............ 0-5 0.40 

Cultivated rolling. ..... «+s. 5-10 0.60 

Cultivated hillyen serene 10-30 0.72 

Pasture: gentles sun aes ee 0-5 0.25 

Pasture rollingssan. eae: 5-10 0.36 

Bas tureshailhycawcs er een 10-30 0.42 

‘Dimbenve en ulkeomae. es ere ene 0-5 ORS 

(iim berzro) lin seer een 5-10 0.18 

Bua NOS WI omeaob ee Fone OaA 10-30 0.21 

23. Southwestern Drainage Formula. A formula developed for conditions in the 
Southwestern United States? but which has been used in many other areas is as follows: 

Q =CM* 
where Q = runoff, cfs 

C = coefficient dependent upon the topography, soils, and land use 
M = watershed area, sq miles 

1 Ramser, C. E., Runoff from Small Agricultural Areas, J. Agr. Res., 34(9), 1927. 
? Open Ditches for Agricultural Drainage, Chap. 6, Sec. 16, ‘Soil Conservation Service National 

Engineering Handbook,” U.S. Department of Agriculture. 
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Some examples of coefficients, which have been developed for specific areas, are as 
follows: 

= 125 for hill areas (maximum) 

= 75 for hill areas (minimum) 

= 45 for coastal area, cultivated land 

= 40 for delta area, cultivated land 

35 for western plains, cultivated land 

= 30 for improved pasture 

22 for rice land 

= 15 for range land 

In irrigated areas the mains and laterals must have a capacity to remove rainfall 

runoff as well as excess irrigation water and inflow from tile drains. Where appreciable 

rainfall occurs, one of the above empirical formulas should be used to develop runoff 

design capacities. Where little or no appreciable rainfall occurs, capacities of 6-ft- 

depth open drains are seldom if ever exceeded. Studies made by the U.S. Bureau of 

Reclamation and others indicate that the overall yield of seepage into an open drain 

system aggregates about 0.10 to 0.15 cfs/sq mile of irrigated land.! 

ll 
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HYDRAULIC DESIGN 

The actual hydraulic design of open drains with respect to capacity, permissible 

velocity, roughness factors, grade, side slopes, and bottom width is all adequately 

covered in Secs. 7 and 34. For the most part, open drainage channels are designed in 

the same manner as open irrigation canals. Some additional pertinent factors are as 

follows: 

24. Grade.? The longitudinal slope or grade of a ditch is determined almost 

entirely by local topographic and soil conditions. The grade of a ditch must follow 

more or less closely the slope of the ground surface along the center line of the ditch, 

and its value is fixed within narrow limits by topographic conditions. Because of this 

fact, the grade is the first of the hydraulic elements entering into the design of a ditch 

which is considered. 

It is impracticable to distinguish between the grades of mains, submains, and 

laterals, since these terms are relative, and the lateral ditches in a large drainage sys- 

tem may be larger than the main ditch of asmallsystem. In any onesystem, however, 

the grade of the main ditch will usually be flatter than those of the laterals. 

The elevation of the bed of the outlet stream gives a starting point for the grade 

line of the main ditch. A tentative grade is then assumed for the main which estab- 

lishes tentative starting elevations for the submains. Tentative grades are then 

chosen for the submains, which in turn establish the elevations of the ends of the 

laterals. As the study progresses, the tentative grades will have to be modified 

somewhat in order to meet more satisfactorily the requirements of the other ditches. 

Ieven after these changes have been made, further adjustments may be necessary later 

when the size of channels and velocity of flow are considered. The nature of the soil 

through which a ditch is to be constructed also has a bearing on the grade line, since it 

may affect the depth of the ditch. 

25. Depth. Ditches for agricultural drainage are usually 6 to 12 ft in depth. 

The depth of each lateral is first determined. The criterion is that each lateral must be 

of sufficient depth to serve as an outlet for the tile underdrains that are to discharge 

into it. The flatter the topography and the greater the spacing of laterals, the deeper 

will the laterals have to be. Thus depth and spacing of laterals are interrelated. The 

1“Tand Drainage Techniques and Standards,’ Reclamation Institute Series 520, U.S. Bureau of 

Reclamation, 
2 Discussion taken in part from Sec. 22, Drainage, by George W. Pickels, Ist ed., 1942. 
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laterals are the most important part of the drainage system. Each submain must be 

of sufficient depth to receive the discharges of the group of laterals that it serves. The 

depth of the submain, therefore, will be determined by either the longest lateral or the 

lateral from the flattest portion of the area. 

Likewise, the depth of the main ditch is determined by the elevations of the 

bottoms of the submains at their ends. In very flat country, this may result in too 

low a grade for the main ditch. In this case, the best solution is to reduce the area 

served by a main ditch, 7.e., divide the total area to be drained into two or more parts 

and design an independent system of drainage for each part. 

In muck and peat soils, deeper drainage channels are necessary than in other soils 

to allow for the subsidence that occurs when the soil is drained and cultivated. In 

the virgin muck soils of the Florida Everglades, it has been found necessary to make 

the laterals 8 ft deep in order to have a depth of 51¢ ft 3 or 4 years after construction. 

26. Spacing. It will rarely be necessary in agricultural drainage to place the 

lateral ditches closer than 14 mile. With this spacing no portion of the area will be 

more than 14 mile from an outlet, and even if the ground is very flat a satisfactory 

underdrainage system can be designed. Where the natural surface slopes 5 to 10 

ft/mile, a spacing of laterals of 1 mile is satisfactory. The mile has been used as the 

unit of spacing, since ditches are usually located on government section or quarter- 

section lines. 

In situations where open lateral drains are designed to accomplish the entire 

dewatering of the problem area the spacing criteria should follow that prescribed for 

tile spacing (see Art. 39). In other words, one 6-ft-depth open drain is analogous to 

one 6-ft-depth tile line. It is equally effective but no more effective in drawdown of 

subsurface water than a tile line. 

Generally speaking, open drains are not designed for this purpose except in coarse- 

textured soils since their installation at close spacings removes a considerable portion 

of the crop land from cultivation and their maintenance becomes a problem. 

DRAINAGE STRUCTURES 

See Sec. 34 for design criteria on chutes, drops, transitions, inverted siphons, 

flume crossings, and/or other types of structures employed in the development of a 

drainage system. 

SUBSURFACE DRAINS 

The various materials used for subsurface drains are clay and concrete tile, cor- 

rugated metal pipe, bituminous-fiber pipe, and plastic tubing. Clay and concrete 

tile come in 1-, 2-, or 3-ft lengths. Metal and fiber pipe, and plastic tubing are 

usually manufactured in 8-ft or longer lengths and must be perforated to permit entry 

of water tothem. The following general design criteria for tile drains usually apply to 

all types of underdrainage. 

27. Types of Tile Drainage Systems. The commonest type of tile drainage 
systems is shown in Fig. 1.1 

The herringbone system consists of parallel laterals that enter the main at an angle 

usually from both sides. This system is adapted to fields where the main or submain 

lies in a slight depression. It may also be used where the main is located in the 

direction of greatest slope and better grades for laterals are obtained by angling the 

laterals upslope. The gridiron-tile system consists of parallel laterals located per- 

pendicular to the main tile. It is used on flat, regularly shaped fields and on uni- 
form soil. 

The double-main system is a modification of the gridiron or herringbone systems 

‘ Subsurface Drainage in Humid Areas, Chap. 4, Sec. 16, ‘‘Soil Conservation Service National 
Engineering Handbook,” U.S. Department of Agriculture. 
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and is applicable where a depression, which is frequently a natural watercourse, 

divides the field where tile is to be installed. Placing a main on each side of the 

depression may serve to drain the waterway and provides an outlet for the laterals. 

Parallel mains are also used to reduce the size of the main. 

A random system of tile is used where the topography is undulating or soils vary 

and fields contain isolated wet areas. 

The interception system intercepts seepage moving down a slope.! The inter- 

ceptor usually should be placed at about the upper boundary of the wet area as 

determined by drainage investigations. 

Double main 

Tia. 1. <A type of tile drainage system. 

DESIGN CRITERIA 

The design of a closed subsurface drainage system involves the determination of 

depth, spacing, and size of drain, together with an adequate outlet and appurtenant 

works. Depth and spacing are roughly proportional, depending on the permeability of 

subsurface materials. Generally, the greater the depth of drain the wider the spacing 

between drains; the choice of depth and spacing is often an economic consideration. 

28. Depth. The depth of tile drains is often controlled by depth of the outlet 

system. Where this circumstance does not prevail, depth is determined by a com- 

bination of such factors as crop type, soils, drainable strata, and spacing. For best 

growth of ordinary crops in humid regions, the water table should be drained to at 

least 219 ft below ground surface. This would require a depth of drain of from 3 to 4 ft. 

In arid areas of general high water table or where salts occur in the water and soil, 

drains should be relatively deep. It is necessary to maintain a water table at such a 

depth that water rising by capillarity from the water table will not reach the ground 

surface from which it can evaporate and deposit the dissolved salts. For medium- 

textured soils, the water table should be a minimum of about 4 ft, and for fine-textured 

soils about 5 ft. This means that for salt control, drains should be placed at least 6 ft 

in depth. 

There is opportunity for crop diversification on many of the irrigated farms. 

Different crops have different rooting characteristics, with some roédting to shallow 

depths and some deeper, and ranging from | to 10 ft. Any curtailment of natural 

rooting will have an adverse effect on production. Since tile drains are relatively 

permanent they should be installed as deeply as possible to develop the deepest root 

area for any crop that may be grown. A drain cannot lower the water table below the 

depth to which the tile is laid. Tile laid above the water table will not intercept 

1 Donnan, W. W., Drainage of Agricultural Lands Using Interceptor Lines, Proc. ASCE, J. Irriga- 

tion Drainage Div., 85(1R1), 1959. 
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downward percolating water and no water will be collected until the water table has 

risen to the tile. Except in the immediate vicinity of the tile line the water table will 

always stand higher than in the tile. 

The deeper the tile, the greater the tile spacing can be to obtain the same minimum 

depth of water table. In stratified soils it is advisable to place tile in the most 

permeable layer—provided, of course, this is below the depth to which the water 

table should be lowered, and within a depth that can be economically reached. Where 

stratifications are undulating or discontinuous, it may not be possible to place the tile 

in the more permeable layer since the tile must be on grade and continue to a point of 

discharge. In summary, it may be said that considering cost and soil conditions, tile 

should be placed as deeply as possible. 

29. Spacing. Spacing between tile lines depends upon the texture of the soil and 
the depth of tile below the ground surface. Since water usually stands nearer the 

ground surface midway between drains, the depth at this point determines whether or 

not the drains are lowering the water table satisfactorily. Water usually moves 

through a coarse-textured soil more rapidly than it does through fine-textured ones. 

Therefore, drains can be spaced greater distances apart in coarse-textured than in fine- 

textured soils. Soil texture is generally used as a guide to the rate of water con- 

ductivity. In most cases it is a satisfactory guide but in others, where such things as 

the method of soil deposition may alter the conductivity, soil texture may be mis- 

leading. Differences may be detected by reliable investigations, as previously 

discussed. 

In an irrigated area over a general high-water-table condition, with tile installed at 

6- to 8-ft depths, drains may be placed 300 to 600 ft apart in sandy soils and 100 to 
300 ft apart in clay soils. 

30. Donnan Spacing Formula. Several theories covering the flow of water to tile 

drains have been proposed in recent years.!. These theories have modified the 

approach of the drainage engineer toward the solution of many tile drainage problems. 
Considerable progress has been made toward the rational design of drainage systems 
using such theories. 

Among these formulas is the one commonly known as the Donnan formula,? which 

is typical. The formula was developed for relief drains and is based upon certain 

barrier conditions. This is illustrated by the following expression: 

4P(b? — a?) 
S= a 

where S = spacing of tile lines, ft 

P = hydraulic conductivity or coefficient of permeability, gal/sq ft /day 

b = distance from the average tile depth to barrier stratum at the mid-point 
between the tile lines, ft 

a = distance from the average tile depth to barrier stratum, ft 

Qa = quantity of water to be drained, gal/ft/day 

Where no barrier straum is present, a barrier should be assumed at a depth equal 

to twice the drain depth. Figure 2 is a sketch showing the above relationship. 

The units for hydraulic conductivity or the coefficient of permeability P and Q,z can 

both be expressed in gallons per square foot per day or in cubic inches per square inch 
per hour in this formula without changing its validity. 

The Donnan and other formulas require that the average effective permeability 

and barrier conditions be established by field investigations. The quantity of water to 

be drained Qa is dependent upon a multitude of complex interrelationships of soil- 

‘yan ScHILFGAARDE, JAN, D. KrrKuHam, and R. K. Frevert, Physical and Mathematical Theories 
of Tile and Ditch Drainage and Their Usefulness in Design, Iowa State Univ. Res. Bull. 436, 1956. 

2 Donnan, W. W., Model Tests of a Tile-spacing Formula, Soil Sci. Soc. Am. Proc., 11, 131-136, 1946. 
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water hydrology. All the various factors, such as rainfall, irrigation, slope, soil type, 

ponding time, waste disposal, crop, infiltration rate, evapotranspiration, and seepage 

in and out of the problem area, enter into the final determination of the amount of 

water which must be drained by the drainage facility. It is essential that a reasonable 

determination of this amount be made since it is a factor in the design of the facility. 

Where precise criteria are lacking, the designer can arbitrarily take a percentage of 

the irrigation water applied for estimating Qz. In humid areas the ‘‘drainage mod- 

ulus” can be used to determine Q,, quantity of water to be drained. The drainage 

modulus, or drainage coefficient, is the discharge of an underdrainage system, expressed 

in inches of depth of water which must be removed from the area in 24 hr. The 

drainage modulus is a measure of the maximum rate at which the water will move 

through the soil to the laterals. The proper drainage modulus for a specific section of 

Ground surface 

Draw-down 

Barrier layer 
2 Sele, 

Fia. 2. Development of the Donnan spacing formula. 

the country can be stated in general terms only, since it varies not only with the 

rainfall intensity but also with the soil texture, topography, and depth and spacing of 

laterals. The following general values, based on annual rainfall, will aid in the 

choice: for 30 in. of annual rainfall, a modulus of 14 in.; for each additional 5 in. of 

annual rainfall, an additional !46 in. in the modulus. 

Where salt is a problem, research has indicated that at least 8 to 10 percent of the 

water apphed must drain down and out of the root zone in order to maintain a favor- 

able salt balance in the soil. Therefore, under these conditions, not less than 10 per- 

cent of the water applied would be considered as the amount to be drained. 

31. Grade. ‘Tile lines laid in most soils with little or no grade tend tosiltup. On 

flat lands a minimum grade for tile lines should be established based on site conditions. 

These should be not less than the following limits, with a specific limitation on length, 

depending on soil conditions:! 

MINIMUM GRADES FOR CLAyY-LOAM SOILS 

Suggested max length 

for min grade, ft 

APTN sabi xno ferrets 0.10 1,500 

DELI e VOL Gi econ eee 0.07 2,000 

Gabry WhIKER ooe eratep tem anes 0.05 3,000 

Under exceptional conditions, grades less than those recommended have been justified 

where the soil was cohesive and where the quality of installation and local experience 

indicated that lesser grades would give satisfactory performance. 

1 Subsurface Drainage in Humid Areas, Chap. 4, Sec. 16, ‘Soil Conservation Service National Engi- 

neering Handbook,’ U.S. Department of Agriculture. 
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Under many site conditions where, as an example, sandy or other noncohesive soils 

are present, the minimum allowable tile grade of laterals should be 0.30 percent or 

greater. However, for these situations, the permissible grade of mains may need to be 

set at a lower value and sediment traps installed so that the system design is feasible. 

Although the maximum permissible grade for tile mains constructed with clay or 

concrete varies with different soils, special precautions should be considered if the 

Tile grade, inches per 100 feet E 
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Fic. 3. Discharge diagram for tile drains based on U.S. Department of Agriculture 
formula. 

grades exceed 2 percent. Tile laid in sand and in sandy-loam soil on grades more than 
1 percent may cause trouble. 

32. Yield from Tile Drains. The average “runoff’’ from tile-drain systems will 
rary depending on spacing, soil type, irrigation practice, rainfall intensity, and many 
other interrelated factors. For humid regions the tile-drainage chart (Fig. 3) may be 
used to compute flow in drain tile and required tile sizes. 
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For irrigated regions, yield from tile-drain systems can be estimated from the 

following criteria:! 

Size of Area Drained, Acres Average Yield from Area, cfs 

0-40 0.4 

41-80 0.7 

81-999 0.7 plus 0.2 cfs for each 40 acres over 80 acres 

1,000-3,000 5.0 plus 0.1 cfs for each 40 acres over 1,000 acres 

DRAIN SIZE 

Four-inch tile is the smallest tile in general use in the United States. The prob- 

lems of maintaining an accurate grade and alignment and the possibility of some 

settlement encourage the use of a minimum size of tile to obtain a longer useful life of 

tile systems even though not required by capacity needs. High labor costs generally 

make it impractical to clean out small tile. 

In designing tile systems for capacity, the size of the drain conduit is determined 

from its design flow, slope, and roughness. Manning’s formula, Q = 1.486R73S?24 /n, 

is commonly used to determine required size. In so determining size, R and A are 

those values for the design flow Q in the conduit at a depth not greater than 70 percent 

of the inside diameter or height of the conduit. Minimum recommended values of n 

for various conduit materials are 

Conduit Material Min Manning's n 

Gey OG et eee hart ts aie nar seee at Tatas ghana SN acet S rs “atin ca ta terse 0.011 

@oneretertilesandipiper ance cress wee ent eee ertie ere 0.011 

Witrinednclanyapipe wcctamectnamsiactaes aden ener nkenarte eae ees ehatrars 0.011 

Perforated plastic and bituminous fiber pipe.......... 0.011 

Ea ber DOR Te INS exc. isin Be aso ng eeats Ane eee e eae 0.012 

Perforated corrugated-metal pipe..................-. 0.021 

MATERIALS USED 

33. Clay Tile. ASTM Specification C4-62 currently provides for three grades of 

clay drain tile having average strengths per foot of length by three-edge bearing test 

for 4-, 5-, and 6-in. sizes: for ‘“‘standard”’ clay drain tile, 800 lb; “‘extra-quality”’ clay 

drain tile, 1,100 lb; and for ‘‘heavy-duty”’ clay drain tile, 1,400 lb. 

Perforated clay drain tile is covered by ASTM Specification C498-62T. In 

addition to the grades of tile given above, it includes the “‘extra-strength”’ drain tile 

having a minimum crushing strength of 2,000 lb/ft average for three-edge bearing test. 

A hazard to clay drain tile is freezing and thawing action where frost penetrates 

the ground to depth of tile or where tile are exposed on the ground during the winter 

before installation. The absorption of water by tile is a valuable index of the resist- 

ance to freezing and thawing. 

34. Concrete Tile. ASTM Specification C412-60 provides for three classes of 

concrete drain tile: standard quality (800 lb/ft average minimum strength), extra 

quality, and special quality (both 1,100 lb/ft). Special-quality concrete drain tile are 

dense tile designed for use in soils that are subject to corrosive acids or sulfates in the 

soil or soil water. These tiles are manufactured on special order to meet the require- 

ments based on site conditions, and sulfate-resistant cement may be needed. 

In Western irrigated areas where deeper drains are used, ASTM C118-60, Concrete 

Pipe for Irrigation or Drainage, is used to obtain a stronger tongue-and-groove pipe. 

Under this class of specification, pipes of 4, 5, and 6 in. diameter have average minimum 

1 Werks, L. O., Drainage in the Coachella Valley of California, Proc. ASCE, J. Irrigation Drainage 
Div., 86(1R3), 1959. 



39-16 DRAINAGE 

supporting strengths of 1,200, 1,250, and 1,300 lb/ft, respectively. The tongue-and- 

groove construction protects pipe from settling out of line. 

If concrete pipe may be used under acid or sulfate exposure conditions, samples for 

determining acid or sulfate concentration of the soil and soil water should be obtained. 

35. Bituminized Fiber Pipe. Bituminized fiber pipe usually comes in 8-ft or 

longer lengths with the size and spacing of perforations optional to the purchaser. 

In laying, adjoining sections are joined by collars. One or more lengths of this pipe 

are used in many locations to protect the outlets of tile lines of short lengths. 

ASTM Tentative Specifications D1861-61T and D1862-61T cover homogeneous 

and laminated-wall bituminized fiber drain and sewer pipe. These specifications may 

be modified if 800 lb crushing strength is adequate. 

36. Metal Pipe. In the United States, metal pipe is used chiefly (1) for outlets for 

tile drains, (2) as a substitute for concrete or clay tile where minimum cover of soil is 

not available, (3) at road crossings where additional load-bearing capacity is required, 

(4) for use in auxiliary structures, and (5) for installation through pockets of quicksand 

or other unstable soils where a continuous pipe of high strength is required. Metal 

pipe is also used in other situations where strength, economy, and reliability justify use. 

37. Sewer and Culvert Pipe. Sewer or culvert pipe may be specified for unusual 

load conditions occurring in deep wide trenches or where bell-and-spigot or tongue- 

and-groove pipes are needed to provide greater resistance to misalignment. 

Imperfect sewer or culvert pipe classed as seconds in the trade may often be 

obtained at considerable saving in cost and may be satisfactory for drainage work. 

The use of such pipe should be limited to cases where the damage to the pipe is of a 

nature such as breaks in the bell end or minor cracks at the spigot end and where 

strength and soundness are ample for site conditions. 

38. Plastic Pipe. Small-sized plastic pipe about 8 to 10 cm in diameter, laid with 

standard tile trenches to depths of about 1 m, is used extensively in the Netherlands 

and other areas. With in the past two years the use of 3-in.- and 4-in.-diameter, thick- 

walled, corrugated polyethylene drain pipe has come into use in the United States. 

This material is hghtweight and durable and can be coiled into 400-ft lengths for 

transportation to the field. It is laid with an ordinary tile trenching machine to 

depths of 6 or 7 ft. Costs are competitive with clay or concrete tile. 

The use of plastic liners for mole drains is in the process of development.! 

39. Filter Materials. Closed subsurface drains should be installed with suitable 

filter material around the conduit. The purposes of placing filter material around the 

tile are to prevent sediment from entering the tile and to allow water to flow more 

freely into the tile. In most tile installations in the humid area of the United States, 

only the topsoil or selected permeable soils from the sides of the trench are placed 

around the tile, and tile are covered. This is called “blinding.’’ However, before 

“blinding,” the joints are covered, if required, with tar-impregnated roofing paper, 

glass-fiber filter, plastic guards, burlap, or other materials. This joint covering is 

usually laid around the upper two-thirds of the tile to prevent sediment from entering 

the lines. 

Materials such as hay, straw, sawdust, wood chips, and corncobs are used on many 

installations. These are generally effective but for an indeterminate period. Obser- 

vations of systems installed in western Washington, in organic soil, indicated that 

straw remained effective 6 to 11 years. At one site wood chips were only slightly 

decayed after 9 years in the ground. The availability of filter material, its cost, and 

extent of local successful experience usually determine the type used. In irrigated 

areas of the United States sand and gravel filters are generally used. The minimum 

thickness of filter material placed around the conduit is 3 in. Design criteria are 

1 Fouss, J. L., and W. W. Donnan, Plastic Lined Mole Drains, J. Am. Soc. Agr. Engrs., 43(9), 
512-515, 1962. 
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available for filter material based on research by the U.S. Bureau of Reclamation and 

the Corps of Engineers, U.S. Army. 

INSTALLATION OF SUBSURFACE DRAINS 

Digging of the trench should start at the outlet end and proceed upgrade. The 

alignment of the trench should be such that the tile can be laid in straight lines or 

smooth curves. The trench width is often fixed by the width of available trenching 

machines. The trench width measured at the top of the tile may be equal to the 

outside diameter of the tile, plus about 0.5 ft. This clearance between the tile and the 

sides of the trench is necessary for proper bedding and blinding of the tile. It is very 

important that the bottom of the trench be cut accurately to grade and shape, and then 

the tile set to grade. If the trench is overcut, the depth should be sufficient to place 

gravel filter material at any place. It should be backfilled either with graded gravel 

or with pulverized soil and tamped sufficiently to provide a firm foundation. The 

bottom of the trench is then recut to grade and shape. 

The bottom of the trench should be rounded so that the tile will be embedded in 

undisturbed soil for at least 60 deg of its circumference. Some tile-trenching machines 

shape the bottom of the trench as a part of trenching operations. 

40. Joint Spacing. Laying the tile should begin at the lower end of the line and 

progress upgrade. Lach tile should be turned until it fits correctly. A tight fit is 

required in noncohesive soils having a high percent of silt or sand. The gap may be 

about 14,6 to 1g in. for clay and clay-loam soils. However, local experience may 

indicate a wider spacing for peat and muck soils up to !4- to 3g-in. spacing. Where 

large gaps occur between tile, as on the outer side of a curve, the joints should be 

covered by broken tile, plastic, ete. 

Perforated pipe should be laid with the perforations on the underside of the line. 

41. Laying Tile in Unstable Soil. Special construction methods should be used 

when tile are laid through unstable pockets of soil such as saturated fine sand. One 

method is to place stable soil, coarse hay or straw, tough sod, crushed limestone, or 

gravel in the bottom of the trench before laying the tile. Another method is use of a 

broad cradle to support the pipe. A third method is use of a tightly sealed sewer pipe, 

continuous pipe, including corrugated-metal pipe, or nonperforated bituminized fiber 

or plastic pipe. 

PUMPING FOR DRAINAGE 

Pumping for drainage falls into two categories. Low-lift drainage pumps are used 

to pump surface water to lower the water level behind a levee or to lift water out of a 

shallow sump. High-lift drainage pumps are installed in deep wells in a grid pattern 

for the purpose of dewatering a large contiguous area to effect a general lowering of the 

water table. 
42. Low-lift Pumping.! The factors that determine the location of a pumping 

plant for a levee district are topography, nature of foundation, and proximity to towns. 

Generally, the ditch system is first designed in conformity with the topography and 

the pumping plant is located at the lower end of the main ditch. An exceptionally 

poor foundation for the building and pumping machinery at this point, however, may 

make a change of location necessary. The other factors may at times be the con- 

trolling ones. 
43. Pumping Capacity. The rate at which the drainage water will have to be 

removed by the pumps depends upon the amount and distribution of rainfall, the size 

of the district, the nature of the soil, the quantity of water contributed by the higher 

lands outside the district, the storage capacity of the ditches, the amount of seepage 

under the levee, and the completeness of drainage desired. 

1 This discussion was taken primarily from Sec. 22, Ist ed. 
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The pumping capacity required is expressed in inches of depth of water over the 

entire drainage area which must be removed in 24 hr. The capacities of pumping 

plants in successful operation vary from 0.25 to 1.50 in. The average capacity of a 

number of plants on the Illinois River is 0.36 in. The rate of removal in terms of 

inches of depth in 24 hr is then converted into discharge in cubic feet per second. 

Most pump manufacturers rate their pumps for a discharge velocity of 10 fps, but as 

operated in practice this velocity is about 8 fps. With these data, the size of pump can 

be determined. 

44. Types of Pumps. Centrifugal, rotary displacement, plunger, and sewer pumps 

have all been used, but the centrifugal pump is generally better adapted to drainage 

district pumping and is used almost exclusively at present. 

Drainage pumping plants are operated only a small part of the time and rather 

intermittently. Fora large part of the time, the pumps will operate at about one-third 

capacity. For this reason, it is desirable to have two or more small pumps rather than 

one large one. Where two pumps are used, one should have about twice the capacity 

of the other. Where three or more are required, they should be of the same size. 

45. Inlet and Outlet Pipe. The suction lift of the pump should be as low as 

possible. Generally, the elevation of the floor of the pumping plant is about | ft above 

the highest elevation to which the water in the suction bay can rise during periods of 
excessive rainfall with the pumps not operating. 

Suction pipes are generally of riveted steel, although reinforced concrete has also 

been used. They must be airtight, smooth on the inside, and as straight as possible. 

The lower end should be expanded so that the entrance velocity will be not more 
than 2 fps. 

The discharge pipe should be gradually enlarged immediately after leaving the 

pump to about twice the area of the pump discharge opening, so that the dis- 

charge velocity will be not more than 5 fps. The end of the discharge pipe should be 
submerged. 

The discharge pipe may pass either through the levee or over its top. The latter 

arrangement Is preferable, since it eliminates danger of seepage through the levee 

along the pipe and prevents the water in the river from flowing back through the pump 
when it is not operating. 

46. Power. Steam engines, electric motors, and internal-combustion engines are 

all used to operate pumps. Steam engines are found in all the older plants, but the 

newer ones use either electric motors or diesel engines. Each type has its advantages 

and disadvantages. 

The water, or theoretical, horsepower developed by a pump at maximum head and 

rate of discharge can be computed from the equation 

62.5hQ 
Water hp = 550 = 0.1136hQ 

in which h is the dynamic head in feet and Q the maximum discharge in cubic feet per 

second. 

The brake horsepower required will be greater than the water horsepower and 

depends upon the efliciency of the pump. With a pump efficiency of 70 percent, the 

brake horsepower will be 1.48 times the water horsepower. 

47. Operation. Drainage pumping plants are run only a small part of the time, 

generally 60 to 90 days a year. During the fall months, after the crops are harvested, 

the pumps are not used. During the winter, the pumps are operated occasionally to 

remove the water that accumulates during winter storms. In the late winter and 

early spring, the pumps are operated continuously, not necessarily at full capacity, to 

remove the water from the saturated soil and to place the soil in condition for early 
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plowing and planting. During the latter part of this period, the pumps will be run 

more or less intermittently, and it is at this time that the advantage of gasoline engines 

or electric motors is most apparent. During the growing season, pumping will be 

required after each storm period to keep the groundwater at the desired elevation. 

At this time, the full capacity of the plant may be needed. 

48. Pumping from Wells for Drainage. Drainage by pumping from wells is 

usually practiced in irrigated areas. Under some conditions, pumping groundwater to 

provide land drainage is an effective method of lowering a high groundwater table and 

reducing salinity hazards. Careful engineering investigations should precede the 

installation of wells to ensure the success and economy of the project. The following 

conditions singly or conjunctively contribute to the use of wells for drainage: 

1. Large areas of flat lands with extensive high water table and salinity problems 

2. Well-defined contiguous permeable aquifers underlying the wet areas 

3. Aquifer deep enough to permit an efficient well 

4. Groundwater under artesian pressure 

5. Groundwater having good quality suitable for irrigation use with or without 

mixing with other irrigation waters 

6. Electric power available at reasonable cost 

It is desirable to investigate the feasibility of drainage by pumping from one or 

more test wells if there is a possibility that the method will succeed. In areas where 

the method has proved successful it has solved the drainage problems effectively and 

eliminated the need for open and closed subsurface drains to control the water table. 

In most instances the drain water is used to supplement the supply of irrigation water. 

In some areas it is possible to determine subsurface conditions from logs of existing 

wells. In other areas deep borings, often to depths of 100 to 200 ft, are necessary to 

explore underground aquifers. Nearly always it is advisable to operate one or more 

test wells at capacity and make observations of the rates of pumping and the draw- 

down by lines of observation wells radiating from the test well. If the well produces a 

significant drawdown at distances from 300 ft to !9 mile from the well, the method of 

drainage by pumping deserves additional study, especially if there is a use for the 

pumped water. 

The actual design and construction of wells, including well screens, gravel treat- 

ment, and other related items, has the same criteria as for an irrigation water-supply 

well (see Sec. 35). 

49. Spacing. The radius of influence of a drainage well will depend on the soil 

strata, rate of pumping, and other related factors. It is not unusual to find radu of 

1,000 to 4,000 ft around a pumped well. The well spacing should be less than twice 

the radius of influence or drawdown cone of depression around the well. Drainage 

wells should be placed in a grid, and there should be a sufficient number of wells in 

the grid so as to command an extensive contiguous area. The spacing and location 

might be dictated by location of power supply or the location of disposal facilities for 

the pumped water. A grid of 1-mile spacing for 200-ft-depth gravel-packed wells 

having a 3-cfs pumping capacity has been used with success. 
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SECTION 40 

SEWAGE QUANTITIES, SEWERS, AND PUMPING STATIONS 

By SamMugL A. GREELEY,* WILLIAM E. STANLEY, AND 

DonaLtp NEwtTon 

INTRODUCTION 

This section covers the hydraulic aspects of the design of sanitary and storm- 

water sewers. The engineer, in determining the best sewer design for a specific 

project, must also consider other factors. An early decision must be reached between 

a combined system of sewers, which would carry both sewage and storm water, and 

two separate systems of sewers in which sewage and storm water would be carried in 

separate conduits, designated as sanitary sewers and storm sewers, respectively. t 

Engineering practice and state regulatory codes tend toward separate sewer systems. 

In some cases, local considerations and costs require that combined sewers be designed 

or continued in use. Two major factors favoring separate sewer systems are the 

effect of sewage overflows, during heavy rains, and the lesser costs of sewage-treat- 

ment works. Conclusions as to the type of sewer system to be installed are properly 

based on the extent and character of existing sewers, the topography, the geographic 

location, the relative elevations of sewers and waterways, the extent of sewage treat- 

ment, and costs, both present and future. 

SEWAGE QUANTITIES 

1. General. Domestic sewage comprises the soiled water of a community and 

such groundwater as infiltrates into the sewers. It is important, therefore, to deter- 

mine the tributary population, the portion of the water consumption that is dis- 

charged into the sewers, and a reasonable estimate of the infiltration. Also sewers 

generally carry some commercial and industrial waste waters, which amounts must 

also be determined. 

2. Design Period. Sewers should be designed with a capacity sufficient to provide 

for some future development, the extent of which depends upon local considerations 

and the character and use of the sewers. 

Generally, lateral and submain sewers should be designed for the anticipated 

ultimate development of the area; whereas the capacity of main sewers, outfalls, and 

intercepting sewers should be based upon estimates of developments 40 or 50 years 

in the future. Another procedure, sometimes useful, is to consider what capacity 

the present population might reasonably undertake to provide for future growth. 

Some typical data (Table 1) from trunk-line sewer-design experience indicate ratios 

of future to present population ranging from 1.4 to 3.7, with an average of about 2.3. 

Similar data for capacity of sewage-treatment works are given in Table 2. 

3. Area Development. Sewer design should include a consideration of the pres- 

ent needs and probable future expansion of the study area. Older portions of 

* Deceased. 

{ Superior numbers refer to items in the Bibliography at the end of this section. 
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existing cities are experiencing population and sewage-quantity changes as resi- 

dential areas are redeveloped with apartment-type dwelling units or are replaced by 

expanding commercial and industrial areas. 

Large land areas near population centers may be developed as complete community 

units with readily predictable future expansion plans. 

ment of larger metropolitan areas may include several areas of these community 

types of development with many intermediate variations. 

capacity should be provided in the main sewer lines to take sewage from the likely 

Studies for sewerage develop- 

A reasonable amount of 

TaBLE 1. Porpuuation INCREASES FOR WHICH TRUNK-LINE SEWER 

Capaciry Has Bren PrRovipep at Various PLACES 

Ratio, population 

; At time Design basis of design 

City of design basis to population at 

time of design 

Appleton. Wisk. «mass A hee te eee es Soe 27,000 58,000 2.15 

Batons Rouge, cba mic wee ee ea eee ee: 43,700 89,125 2.04 

HEROS NCOP NP Crile Geach olas Anko Boo eae A aoa Sao 600 , 000 1,100,000 1.83 

@ranston phils csr prayer eee recente eater eee ase 53,000 90 ,000 1.70 

Deca tur elles sectccectavhsucy hancesaptete een eek see iis 43,818 120,000 2.74 

Distric.tro ts Colina nian eae ae en 1,406 ,000 1,925,000 I B30 

East Bay Municipal Utility District, Calif....... 574,000 884,900 1.54 

Hari Claires sWiskiaccs cee ed oe ee ee ree 30,000 90,000 2533 

AMG cw UNE ee emcees ihay omen oa BIO G Miata SNE 28,260 70,000 2.48 

Bvansvalles Ind: parse sane se ee er ee ee 105 ,000 225,000 2.14 

kn oxeyilleaulien name cceae ase ie ee meien ees 160,000 350,000 2.18 

Lexington, ity ease ae cei ee nnn en 60,000 156 , 000 2.60 

Madison Wisten ts cock ere ncn eee oe eee 137 , 600 500 , 000 3.64 

Iilwaulkeer Wismae acer tenre aaah tere eee 414,000 862,000 2.08 

Oshkosh Wises se anova aa eeeae eer et nee ee 40,000 70,000 175 

Greater Peoria Sanitary District, Ill............ 133 ,000 335 ,000 2.02 

Richmond ss Viavwe nee ant ee er eee een 248,900 667 ,000 2.68 

RockfordiSanitary. Districts Lilia sees eee eer 185,000 404,700 2.18 

Spolkane my Waslicuce cnet teen unt tune ote ana 134, 800 223 ,000 1.65 

Springfield salt era aerewker cee rae wee rye eect 62,000 193,000 3.12 

Tami pay slilaasee. ees ate rise ee ee 164,696 335,000 2.04 

Tull ahro nny aap ken nese ee eae en ne ere 6,700 25,000 35083 

Westchester County, N.Y., Mamaroneck District 73,000 130 ,000 1.78 

Westchester County, N.Y., Yonkers District..... 359,700 708,000 1.97 

extensions of sewered areas. Table 3 shows illustrative data on the extensions of 

area for which provisions were made in a number of comprehensive sewerage projects. 

The areas within a city may be classified with regard to their effect upon sewage 
quantities as follows: 

1. Residential 

a. Light residential, single houses 

b. Heavy residential, multiple dwellings and apartment houses 
2. Commercial 

3. Industrial 

4 . Public use: parks, playgrounds, cemeteries, etc. 

Zoning regulations aid materially in anticipating future developments, but they 

are sometimes modified, generally at the expense of the single-home residential areas, 
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TaBLEe 2. PopuLaTION INCREASES FOR WHICH SEWAGE-TREATMENT 

Puants Have Breen DesiGNED aT VARIOUS PLACES 

Population / , 
Ratio, population 

City basis of design 

, , to population at 
At time Design * : 

; b time of design 
of design basis 

Albany WN Vines tens cet hae Ann inte cea 101,000 150,000 1.49 

FAM LEGON Aw WY 1S 4 ese Hees huaystu ane menus tekst tey eis se tearm ahen 46 , 300 71,000 1.54 

PACE SULNN VENTA TL er acto even hatacr-c ral e caatatewe fait cake asi soeey -nvaie 26,000 43 ,000 1.65 

IBostons NBassee seater strats ese oes er sue a seen eat 1,447,000 1,701,500 ilenky? 

TDS Cari iar eeld leo ratiia sts gaeseaheo es haxkiteedcworsiedemienen os aveleee ere 62,500 72,500 1.16 

Districtrot@okwumbiansrw centric oe see aie 1,406 ,000 1,791,000 127 

East Bay Municipal Utility District, Calif....... 574,000 716,900 1225 

ItCH DUT Oe wIVEABS hos erst cater eaten reste in creer esee rae 42,000 55,000 bes Hi 

ROU EOTI LOX spe. as cues civ Ce sis Gin, SPE, G8 SM ae 434,000 776,000 179 

nciamea polis se cn cme mrrecmaee eect nan A ec reer 350,000 500,000 1.43 

Ron onyail ere bien tr. cuisine Pabedan Pate: 160,000 269,500 1.68 

WWexim gtON Myson. cntce ste cect ovale eee ted mere eee orci 60,000 114,000 1.90 

IWEERONICYoN, ARBs 5 oc erat td Ps eeee eo ERY ore ture 137,600 210,000 1.58 

PENA LEY voce ee ee «saris a esackon Panes eee fined. we 230,000 330,000 1.43 

INGREC (COME INANE acini a4 anaes gene gene aes 470,000 570,000 FPA 

Greater Peoria Sanitary District, Ill............ 133 , 000 258,000 1.94 

Tautolobeaop oo mene yh, coding marie oun eens Ca et ace tetera eee 248,900 330,000 oo 

VOCHeSbET UNS Veen tetas cistreumnat Mincohnetee Ee) artuths caheraNte 250,000 438 ,000 i ee 

Rockford Sanitary Districts Lilien. = asec stare sy 185,100 308 , 600 LS6u 

SOMATIC MAR ite. toe creas ck ire tte wisi wo oe Gua msedeeee 150,000 176,000 Lees, 

Sy opaboy-aelatio Loe NUM Ma cite, Sed deca enpicicarme akin a cies oleae 6 58,300 90,000 1.55 

SUMACUSO MENG A Atte cra ciush eo Ree area ek corrals 269 ,000 336 , 000 E25: 

HRampareliladerse oes cline come cae an ee Obeiee ne 164,700 260,000 1.58 

Westchester County, N.Y., Mamaroneck District 73,000 105 ,000 1.44 

Westchester County, N.Y., Yonkers District..... 359,700 505,000 1.40 

WWGLCOSHOL: INEARH i. tatu en See es ee ces moo 175,000 200,000 | 1.14 

TaBLE 38. EXTENSION OF AREA FOR COMPREHENSIVE SEWERAGE 

DEVELOPMENTS (AREAS IN ACRES) 

City Incorporated Wish future Ratio 
extensions 

DLO GOs WHS crashed eta lise es ck tran eld alg rotor yearn archer arate 13,800 23,500 1.70 

Boston Metropolitan District Commission, Mass............ 62,165 89 , 800 1.44 

Hast Bay Wlunicipal UitilityIDistrict,) Califemu vcs orn cee cs 35,569 46,221 1.30 

TMU PLE MOLVORLYA tiara aoe, eras aha: Eat HIE os eye) Miner Sere eee 22,000 55,000 2.50 

Midis nia: Wilsiemrec unc rite esd enicieyy <edaliens Ol cake katona rise oie epee areas tee 40, 800 93,000 2.28 

Metropolitany Dade County Mlamann sem iacsueracm or cee es <8 69 ,000* 297 ,000 4.20 

Greater Peoria sanitaryaDistricuy: Ulin vce scans secsemcrs 18,459 33,198 1.80 

LRG Kod blicaifay oXo LPN) on Stee ole petra cr Peey tired ces CH CaO eM ice Ss aeLiAEY AeioP er ER OITA et 17,483 46,606 2.68 

ROCktora Sanitary e Districts Lis ci trsiie cs giervicrans ide sits e eeenererat< 27,000 70,000 2.60 

SpokaneraWwasienan wrsneacrste: Seis ouctee enevirn srMerrinc oe etestaver’ crea n 8,990 18 , 237 mee 

4 We ivavh af:ip- i) DUE: ote hc a PEN Cpt CaCO Pe ECAC oe OR aie Dc Ro ey ieean) aciic Rats 29,591 47,387 1.60 

* Estimated sewered area by 1970. 
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when there is a need for more extensive commercial, industrial, or apartment-house 

districts. 

Some indication of the relative proportions of urban areas likely to be devoted 

to various uses is furnished by the typical data in Table 4. 

4. Population Forecasts. The present population is necessary as a basis for fore- 

casts and for determinations of the present population distribution and density of 

development. When the studies are undertaken sometime after a census year, it 

may be desirable to make an estimate of present population using locally available 

indexes of growth. School enrollments, school censuses, and utility customer infor- 

mation are frequently available and useful in making such population estimates for 

noncensus years. Table 5 illustrates the use of various indicators in estimating 

population. 

TaBLE 4. PERCENTAGE OF ToraL LAND AREAS ALLOCATED TO VARIOUS USES 

; Resi- Indus- Commer- | Parks and Unde- 

City dential trial cial others veloped 

Appleton; Wi8' x << cre is suetgie ou tsgis) eens 54.4 6.9 5.8 18.7 14.2 

AMPS GIN SII, oa cre ccc seg ee erst ye cs hele ate 65.7 4.8 5.0 8.5 16.0 

SHCA Os US crac othcrana cuskces Weetianen set) ae tnerdae 29.9 15.4 5.6 35.04 14.1 

Knoxville. Renny i ..<3.c:ancwatscasbor etnies 87.7 10.7 1.6 b b 

HossAm poles Galihce-ccuauer meaner eer ol ene eee 49.5 5.3 5.5 39.7 

WES ISON Se WSs con, rote ante eee eee 24.3 4.1 St. 7 41.94 26.0 

Nassati County. (Nex, cnrtoe na sere 42.6 2.0 2.2 26.7¢ 25.8 

Greater Peoria Sanitary District, Ill..... 62.5 alah. 'Z DKS eo a0) 

Richmonds Va cocs se eras es a eee 83.5 7.9 4.6 4.0 b 

Spokane) Waele sms csvctueekauere nc ates eae $2.1 12.0 4.9 b b 

amps lewsuccs was aimee temas ere aot 34.0 3.8 3.0 25.07 34.2 

Medellinye@olombianncs ne sneer 25.2 2.4 1.5 Gad 64.2 

Panama City, Republic of Panama...... Le Oeil 0.9 1OmL 1 

yal eran d BheWAULe Be Suge ghee chs Ree a ween A 29.8 1.9 Dee 3.1 63.0 

2 Includes streets and parkways, 25.1 percent. 

6 Included in other categories. 

¢ Includes vacant. 

4 Includes streets and parkways, 15.4 percent. 

¢ Includes streets and parkways, 11.9 percent. 

/ Includes streets and parkways, 19.9 percent. 

Several bases have been used to forecast the future growth of cities from past 

population records. Some are as follows: 

1. A uniform percentage rate of increase per decade for future growth based upon 

the rate of growth between recent census periods. 

2. An arithmetical increase in population per decade or per year. 

3. A graphical extension of the curve of past growth into the future. 

4. A graphical comparison with the growth of other similar but larger cities after 

the date at which their population was the same as that of the city under consider- 
ation. 

5. A decreasing percentage rate of increase for each decade in the future. This 

is particularly applicable to larger cities. 

The method of graphical comparison has been, perhaps, the most generally used, 

but it is frequently advisable to compare the results obtained by several procedures. 

A number of procedures are described in the literature.?:3\4. 
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Local conditions that may have been responsible for peculiar changes in past 

growth or that are likely to affect future growth in any unusual way should be given 

careful study. Consideration should also be given to the relative growth of other 

nearby cities and to the current trend of birth and mortality rates. It is sometimes 

useful to represent the probable future growth by two limiting lines on the popula- 

tion curve, as illustrated in Fig. 1. 

5. Metropolitan Areas. The metropolitan area around and including larger 

cities is being more generally considered as the municipal unit for study and design 

of sewers and sewage disposal. The 1960 Federal Census report and statistical sup- 

plements include population distribution and area data for a number of metropolitan 

areas. The probable future areal expansion is a factor to consider in the design of 

major sewer systems. Limited data, obtained from a number of regional-plan studies, 

are shown in Table 3. 

The ratio of the central-city population to the metropolitan-area population has 

been declining (Fig. 2). Extension of the rate of decline provides a useful basis for 

Tasue 5. Various Estimates or PorpuLATION AT TIME OF SEWERAGE STUDY 

FOR SHEBOYGAN, WIs. 

; Index eo Estimated 
Basis Neo. estimate population 

factor . 

Schoolicensuse cc iseecnks eos se ate nee we 11.788 3.33 39,200 

SCHOOMENnLOlLMEN Gemeente eee mete 7.443 5.10 37 ,900 

Wiaiberisenvic OS treme uct een aia tecman er ske tPA 3.54 39 ,600 

GasrserviCe Sinnkasate. peu eo eran 12.872 3.14 40,400 

Power and light services..............5. Bewers 3.28 38,700 

Melephonest sas se scis teeese 9.015 4.35 39,300 

Chamber of Commerce estimate.......| ...... Deo 42,408 

Telephone Company commercial sur- 

vey (based on past growth).........) 0 «.2.55 Raich 37,400 

Adoptediies tim art Gh rrus suse venelteea eer tet| Ml euses asa 20 Aah 40,000 

U.S. Census (made 1 year later).......| ...... feat 39,251 

predicting the future population of the metropoltan area. Population forecasts 

may be made for the individual communities by the foregoing listed procedures. 

6. Population Distribution. As a basis for estimating sewage quantities for 

various sewers, the area under study should be subdivided into sewer districts and 

subdistricts, with boundaries determined largely by topography and by artificial 

developments of the city, and the present and estimated future populations should 

be distributed into the several districts. Distribution of the present population 

may be estimated by obtaining the number of residences in the several districts from 

fire insurance maps, acrial photographs, and actual field counts of houses, by the regis- 

tration of voters by precincts, or by recent census counts by enumeration districts. 

Large community units, developed from raw land, are generally planned to such a 

degree that future population distribution is not difficult to predict, though property 

sales and hence the rate of growth may be. 

Based upon a study of such factors as present population densities, type of develop- 

ment, zoning regulations, and any indicated migration of population from one dis- 

trict to another, the future density can be estimated for each district. 

The population of various types of districts tends to approach maximum densities, 

approximating 15 to 20 persons per acre for light residential (single-residence) areas, 
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50 per acre for small-apartment-house districts to more than 100 per acre for multi- 

storied developments, and ranging from 10 to 30 per acre for large commercial and 

industrial districts. Average population densities for a number of large cities are 

given in Table 6. 

7. Capacity Factors. The distribution of future population into sewer districts 

is less certain than the population estimate for the entire city. This uncertainty 

is less (1) for larger districts than for smaller districts and (2) for densely populated 

600 

= Standard Metropolitan Statistical Areas 

US. Bureau of Census 

500 

400 

Flint, Mich. SMSA 

Bridgeport, Conn. SMSA 
300 ie 

Possible limits of 
probable future growth 

Maadlson Sewerage 

District 
Population in thousands 

200 Madison Standard 
Metropolitan s Oklahoma City 
Statistical Area UA 
(U.S. Census) Dayton, Ohio 

Norfolk, Va. 
100 ; ; 

Madison Sewerage District 

City of Madison 
(US. Census) 

O 

1900 1920 1940 1960 1980 2000 

Years 

Fic. 1. Estimated population for sewerage district, Madison, Wis. 

districts than for sparsely developed districts. Some allowance should be provided 

in the computed capacity of main and submain sewers to cover such uncertainties 

of population distribution. In practice, this may be done by multiplying the esti- 

mated future population for a given area by a capacity factor, ranging from 1.0 to 

2.0 (Fig. 3), to obtain a figure that may be designated as the basis of design popula- 

tion, which is then multiplied by the selected per capita flow to obtain the rate of 

sewage flow for which sewer capacity should be provided. 

8. Designation of Sewage-flow Rates. Unit domestic sewage quantities are 

frequently stated in terms of gallons per capita per 24 hr (gcd). Thus it is con- 

venient to state total flow rates in terms of million gallons per 24 hr (mgd). How- 

ever, it is rather a general practice to state capacities of pumps in gallons per minute 

(gpm) and to express storm-sewage flows in cubic feet per second (cfs). These terms 
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TABLE 6. PoOPULATION-DENSITY COMPARISON* 

I960 

Population 

Municipality Population Area, acres density 
persons 

per acre 

Nawal Works, UNM vs iis spies ore areas 201,660 38.6 

Chicago lls pee eer enw 143,490 24.8 

ToswAmrelesss Gaultier. aces ereean 291,070 8.5 

Chin Ifoxbves Wis on wa eS Go Deore 39,040 ow?) 

INewsOrleans; Wa) e neater 6 127 , 230 4.9 

Minneapolis, Minnis... . 2.03 0% 36, 160 13.4 

Salen WAS Leon etn awed a ccame Gamer EYL 56,640 9.8 

Denver Colois, sans. 8 cer 493 , 887 45,440 11.9 

PAvtl aint sian Gx iemeeteaces nee oi eeccbauewe 487 ,455 82,050 5.9 

letonqunkmonol, (Ohaus otra cia ome oo hon 372,676 43,010 8.7 

INT come nD ee rena ae hosnaate ee te eae 291,688 21,880 13.3 

TISSUE rar ane ts aislts o foechite se nee 261,685 30,590 8.6 

Hiebpionds Va oon sce con oun re 219,958 23,680 9.3 

Albuquerque NM. scenes 201,189 35,970 SRG 

Salt. Lake City, Utah: sc snces cn 189 ,454 35,900 Bis 

Nashville; Genn.......-.. 170, 874 18,560 Ory 

iBybaxeyodhay, INA OPO ney en ou a IEA. seal 16,260 7.9 

Ganton, OBIO. . ue eben 113,631 9,150 12.4 

IRE GrIa illic reese ay 103 , 162 9,730 10.6 

* 1960 Census data, 

1980 
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Fig. 3. Capacity factors for unequal population development. 

may be converted from one to another by the following factors: 

To change from Multiply by | Or divide by 

PROpeKOY VA nos ae a ove pare 0.00144 694 

PONG Clem cnals Sia onthe 0.00223 449 

eNO AR PP MA an on 694 0.00144 

mig datouclSmras aes ent eee Tea fas 0.646 

Cig COng pe ee en een 449 0.00223 

cflsitoumy dees ae ene 0.646 150) 

9. Computation of Sewage Quantities. Estimates of probable future sewage 

flows may be based upon one or more of the following items: 

1. Water consumption from public and private sources with a deduction for water 

that does not reach the sewers and an addition for probable infiltration 

2. Short-term records of sewer gagings 

3. Long-term records of sewer gagings 

4. Arbitrarily selected per capita sewage-flow rates based upon experience else- 
where 

5. The tributary area and a unit per acre allowance for the sewage flow based 
upon experience elsewhere 

The first method is perhaps the most commonly used. Long-term gagings give 

the most reliable results but are frequently not available. In estimating future 
sewage flows, the available records of water or sewage quantities should be related 
to the actual present or past population to which the quantities apply in order to 
obtain per capita quantities for use with the future population. Total water con- 
sumption as routinely reported often includes only the public water supply. Locali- 
ties with private unreported water supplies or large infiltrations of groundwater into 
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TaBLe 7. Ratio or SeEwaGe Fitow to WATER 

PuUMPAGE IN VARIOUS CITIES 
co. Avg Sewage Flow, % 

Place of Avg Water Pumpage* 

(ADDIECON MWA See eee MN ec een eee rae ae Ce 178 

Knoxville saienn nese sranecee airs seein ie er aceiee re 189 

Shas AORN ASH DM oye enarsiiate aro ecto cen Lees Ease Aa 205 

GarolnG ity ukila peer eerie ce eens ak eee ns etten, meee Lennie y G5 

Efonols selawailimee aera ecto ee in es teneree ike areca eee 80 

INISS al COMTL VINO sere e mere te mete ee earn ae eee 102 

Westchester County, N.Y., Yonkers District.......... 95 

Dullahomea gwhennisey neat ice kane ARet Orman ae ei otro ae 222 

LCE TA ON CCEY Hyer etme Gene eran ee EI eet ec ani tare 128 

Districtiote Columb ancimnntoetcrarcee ham. a eeewsn eee tenis Pa facies 89 

TSAO CA ORDESI ge INLD Cox rape stars oat ia 2 ellen TRH REIS CODE ACID SNS TICE) a 131 

IEE St eV auopats HSGuS, 25.4 don meanest ve De act cu Boe Cahokia me ELPA 114 

* Data at time of studies, various years, 1948 through 1959. 

the sewers may have a total sewage flow greater than the recorded total water con- 

sumption. The nonuniformity of relative average sewage flow and water consumption 

is illustrated for representative cities by Table 7 and by variance in per capita data 

for a large city in Fig. 4. 

In a study of water-supply quantities as related to sewage flows, consideration 

should be given to the seasonal, daily, and hourly variations as well as the yearly 

average rate in gallons per capita per day. All water supplied to a community may 

not be returned to a sewer. The yearly average per capita water-consumption rates 

differ widely for various cities (see Table 8). 

250 

200 

150 

Gallons per capita per day 

Ilia. 4. Monthly variation in water pumpage and sewage flow rates. 
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TABLE 8. AVERAGE YEARLY TOTAL 

WATER-CONSUMPTION Data 

, Population Water 

WA supplied supply, ged* 

Chicago wmllia (city pe wcrceueueccseis rian sree cs 3,550,000 255 

Chicago, Tl (suburbs)i..%.. 4... Sen secre ee 873 ,000 141 

IDEtroLtmNEIC heya wie terrae. oni ieee erences 3,138,850 154 

East Bay Municipal Utility District, Calif..... 1,000 , 000 157 

Dem Very GOL ference. Sea deel easter nab agioeae 612,000 215 

(tomo lili cele wea specs eae desc fot eicacnee fess steve es 422,000 154 

Thongs Beachy ‘Califcss 2 ssscn sete e ay esis 326 ,000 144 

TMalsan@ kel anersmeee cntacets aca aaleh teins teense 292,000 149 

Wiiarriihia) ate eet ce eer erage ie fre eae 312,000 148 

DAbilesock Arian eer een ee Tae Paes 199 ,900 106 

LED haga WNW NK skomy ol & Mako eae Gatiegs Mec Gas koe rne ans Seas 196 , 000 162 

Ste ae hay een CoP Oe ee OE nee 160,000 230 

Pasadena Oalifis-comuaccsn te cists a tomene naceice ee 137,100 201 

Dubuquemlowarena.25.cieee SA een es nee 57,000 73 

IN(OFABay INGERTUG INE. 3 tenn Goons Gaon bauae he ahs 47 ,000 111 

Holland) Molen: arte tee ete ers Aeon 18,360 172 

Sou tinwblia views Nite bata keneeees cee ose anes ana hae ge 7,000 183 

* Data for 1960 (about) including total supply to municipal users—domestic, commercial, and 

industrial. 

The hourly and daily variations of the flows in sewers are so affected by infil- 

tration and other factors that frequently during wet seasons there is little relation 

between the sewage flow and the water consumption. This is illustrated by a series 

of careful gagings of sewers at Springfield, Ill. (Fig. 5). 

There is a tendency for per capita average daily water consumption to increase. 

The following data for 16 cities in Massachusetts, ranging in present population 

250 250 

Water Pumpoge rote r 
6 day Average |Aug 27 pape Pape baled /-Town| Bridge Oct. 21-23 

200 | 1 200 

Oak Knolls Oct.26-28 

; AES ay 

8-138 

A 100 

Park Oct 9-II 

Flow, gallons per capita per day Flow, gallons per capita per day a (eo) 

s Bridge Oct.2 

ry : PIM. 

8-30 12-30 4-30 8-30 12-30 4-30 8-30 

Time, hours 

A : PJM 

12-30 4-30 8-30 | 2-30 4-30 $0 

Fic. 5. Sewage gaging, Springfield, Il. 
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from 3,000 to 150,000, illustrate the increase in water use and the wide variation in per 

capita usage between cities. 

Avg daily consumption, gcd 

(data from 16 cities) 

Period 

Avg Max Min 

LST5—L OVO een eare se ahyte or 46.6 129 16 

UG S6=1LO SS reece : 127.4 242 55 

10. Sewer Gaging and Sewage-flow Records. In the absence of the more reli- 

able long-term records of measured sewage flows, it is sometimes desirable to secure 

approximate flow data from short-term gagings. These gagings may be made by 

installing weirs in selected manholes and making measurements at intervals of | hr or 

less over a period of a few days. Less accurate methods make use of floats or dye to 

indicate the time of travel between manholes, the flow being computed from the 

velocity thus obtained and the depth of flow found by careful measurement. 

Such short-term records must be used judiciously and with due regard to ground- 

water elevations and rainfall and runoff conditions just preceding and during the 

period of measurement. Frequently the flows during a wet season have been as much 

as twice the dry-weather flow, as indicated by the following typical results of sewer 

gagings. 

Ratio Wet-season 

to Dry-season 

City Sewage Flow 

BIOOMIN ETOMs: Llen ate ater ase nee 210 

DOcnturmlilse comet em hd pire ereee 16 

Oklahoma City,. Okla cee ttre eer ia 

Tolédot@OHioy hss Gos be ee eee 1.4 

Urbana-Champaign, Dlg... eee oe 2.0 

Tables 9 and 10 show some data on average domestic sewage-flow rates for various 

cities. In general, the yearly average sewage flows range from 125 to 250 ged for 

larger cities to as low as 50 to 80 ged for smaller cities or for the less congested resi- 

dential areas in larger cities. 

11. Sewage-flow Variations. The seasonal, daily, and hourly variations in 

sewage flow for typical locations are illustrated by Figs. 6 to 8. Also, Fig. 9, based 

on studies of sewage flows at Urbana-Champaign and Decatur, Ill., indicates the 

number of times each year the sewage flow equals, or remains above, a given flow 

rate. In Fig. 10, data are given on the percentage of time various sewage-flow rates 

are equaled or exceeded. The latter curves may be based on hourly or daily flow 

records, preferably hourly, expressed in terms of the yearly average rate of flow, and 

are frequently designated as flow-duration curves. 
Data from extensive sewer gagings at Minneapolis-St. Paul, Minn., relating to 

the hourly variations in sewage flows are given in Fig. 11 for domestic or residential 

areas, industrial areas, and a composite curve for all areas. It will be noted that the 

general effect of industrial sewage and infiltration is to reduce the hourly variations 

somewhat. 

The hourly variations of domestic-sewage flow in terms of the yearly average 

daily rates are indicated by Fig. 12 for flows in the Pasadena main outlet sewer. 
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TaBLE 9. AcTUAL YEARLY AVERAGE SEWAGE-FLOW 

Rates IN VARious CITIES 

Avg sewage flow 

Give Tributary 

population 

mgd gcd 

DetroitseNlich* ene. cata mie ea eee erent 2,634,000 619.4 235 

Philadelphianibarcrmartd cs: anemia wet eae 1,089 ,000 150.0 138 

Minneapolis=st- bal, Viintrner. .ereirrserecneG 1,061,000 158.2 149 

Sant branciscom@alitn cer eater derevse serrata: ic 770,000 ue 101 

East Bay Municipal Utility District, Calif...... 635,000 60.8 96 

Ber al Ose NS Vise res ras ree Sve cr eretin ein elivcan seen eres 615,000 126.0 205 

Cincinnatin Oblommnncneaemeni riick sme eer iar: 500,000 Wir ars 145 

Wanniper a Vian teeta mr ermtre et tere neta re 432 ,900 39.8 92 

Hampas Plaster seneie tie ccs cee etre es Aces eater 196,200 pas eg | 107 

(CIA DENG eae sours Mee ah oun om a ol oo oer 170,000 30.09 177 

ae No bctop ian N Witla daa ences tes edu Goines Gay enact 137,600 19.07 138 

Alexa natiar’\ dic) oko era ere stuns eee 101,700 9227 91 

itchbureslass...a1 aes terecena, ye eosreeretee 42,000 3.87 92 

Haw Claire Wash -tovtant ne eet citi ceae creak sonar 37,990 3.98 105 

Northe Miami Hlarers seer ice se mentor ecrcnencre 30,030 Snoo: 178 

Boise widalo se fren ce tn es ceca ne, wore a 29,700 (ail 205 

Walla sWallasWastircce vee emir omar tse ee. 26,000 6.1 234 

Painesville n@Olhionewmie passe rans merece 16,000 1.9 119 

Lexing tony. Cin ceyee ease ane eee ate ne 15,700 120 64 

Coral GablesiBlan circa riiei eee ees 15,500 SO) 130 

Tasie 10. EstTimMaTrep QUANTITIES OF DomEsTIC SEWAGE 

IN VARIOUS CITIES 

P . tele Tributary SECIS, 
City estimated : ged 

for Bongiapon (design) 

ys as ho}: hPa GAL Tiras Aes ARR ee A Fara oN eee tae 2000 300,000 50-80 

Westchester County, NuY. i406 ca. nnces 1985 105 ,000 103 

2000 130,000 110 

Floustonm, 2 exe. ti. neem tee ree me 1970 776,000 88 

Minneapolis-St. Paul, Minn............ 1980 1,454,000 65 

2000 1,557,000 75 

DaderGountys Blam weder kao. setae cee 2000 3,692 ,000 80 

Richmond's Vago cess eee no tents Snes 2000 660 ,000 60 

North Va. metropolitan area............ 1970 2,432,000 70 

Washington Suburban Sanitary District .. 2000 1,925,000 65 

Honolulus Hanwatites.: oie ee ees 1975 400 ,000 70 

Baltimore, Md., Design Manual......... nee ot 75 

These data include very little industrial sewage but reflect the effect of occasional 

rains, although, in general, the normal amount of groundwater infiltration into the 

Pasadena sewers was quite small because of the low rainfall. 

12. Maximum Rates of Flow. Sewers must be designed for maximum rates of 

flow, which usually are obtained most conveniently by applying suitable ratio factors 

to the average sewage quantities. Frequently the term “peak rates” is used instead 
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Fie. 6. Monthly sewage-flow variations, Alexandria, Va. 
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Fig. 8. Hourly variations in dry-weather sewage flow, Shockoe Creek Sewer, Richmond, 
Wake 
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Fia. 9. 

50 100 

Sewage flow rate, percent of yearly average 

150 200 

Occurrence of various rates of sewage flow. 

of, or interchangeably with, the term ‘maximum rates.” 

sewage flow, available for many cities, furnish helpful information regarding the 

relation of maximum sewage-flow rates to the yearly average daily rates. 

Figure 10, based upon sewage-flow records, is helpful in evaluating the proportion 

of time for various rates of sewage flow. 

Urbana-Champaign indicates the following: 

average rates, for smaller areas or smaller numbers of people. 

Ratio of max 

rate to yearly avg 

Proportion of time flow occurs 

% of time Hr/year 

2.0 0.6 52 

2.0 3.0 263 

1.8 5.2 455 

1.5 TEC) 964 

Long-term records of 

Thus the curve for hourly flow data at 

It seems reasonable to expect higher maximum rates of flow, as compared with 

This principle is 
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Percent of time flow equal to or greater than given rate 

Fic. 10. Probable variations of flow in sewers. 

reflected in many of the empirical procedures that have been proposed for arriving 

at maximum rates of domestic-sewage flow for which sewers should be designed. 

Jxamples of these are (1) the formula given by Babbitt,*® for use between the limits 

of 1,000 and 1,000,000 population, 7 = 5/P*; (2) a similar relationship proposed by 

Gifft?, M = 5/P’5; and (3) the relation offered by Harmon’, M = 1 + 14/(4 + P*%), 
in which P is the tributary population in thousands and M the ratio of maximum 

sewage-flow rate to average rate to obtain the sewer design capacity. 

These formulas relate to the sewer design capacity to be provided for domestic- 

sewage flows. The fluctuations in total sewage-flow rates may be less owing to the 

leveling influence of groundwater infiltration and industrial and commercial sewages. 
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Fig. 11. Hourly variations in sewage flows. 
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12. Hourly variation in sewage flow, Pasadena, Calif. 

The Maryland State Department of Health has proposed that the basis of design 

of sanitary sewers should be related to the average sewage flow according to a certain 

chart, from which the following ratios have been computed (similar charts have been 

in use by the Washington Suburban Sanitary District and in New York City): 

* This factor applies to all flows greater than 16 

Sewage flows, mee Ratio 

Avg sewage Basis of design flow 
flow sewer design ave 

0.2 0.8 4.0 
0.5 a LSr ( 3.4 
1.0 3.2 3.2 

2.0 5.6 2.8 
4.0 9.9 2.5 
6.0 IES 74 2.3 

10.0 21.2 ae 
16.0 32.0 a.0* 

med. 
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On the basis of 100 ged for the yearly average daily domestic-sewage flow, the 

procedures of Babbitt, Gifft, Harmon, and the Maryland State Department of Health 

yield the following comparative results: 

Avg domestic- 

Ratios of max to avg sewage-flow rates as computed by 

various methods 

Population sewage flow, at NE 

108" ged) mgd iis 5 14 State Dept. 

M = 16 M = P% MM 255 DP y2 of Health 

diagram 

10,000 LO 3nd 3.4 3.0 3.2 

25,000 P45) 2n6 2.9 2.6 Pht 

50,000 5.0 23) 2.6 28: 2.4 

100 , 000 10.0 20 2.3 2.0 21 

200 , 000 20.0 W.% Hah 3k 1.8 2.0 

500 , 000 50.0 1.4 1s 1.5 20 

1,000 ,000 100.0 1S: 126 1.4 2.0 

The following tabulation shows the ratio of the maximum hourly to the average 

flow, as indicated by measured sewage-flow records for several cities. 

Ratio of peak hourly to 

yearly avg flow 

City Population 

(approx) 
Equaled or Equaled or 

exceeded 0.1 % exceeded 1% 

of time of time 

lonesB cache @alitommer es eerneertr 125,000 202 1.8 

WoswAn eel eset @allitemm ane ene ena 1,060,000 1.8 i 

Pasadena © ait wnat wes sree 70,000 254 20) 

Urbana-Champaign, Ill........... 40,000 2.8 Pd §5s 

On the basis of a number of gagings at Buffalo, where the sewage flow in combined 

sewers 1s intercepted for treatment, ratios of peak flows to the average flow at the 

treatment plant were estimated as follows (Fig. 10): 

; ° of time Ratio of flow 
Period 

per year to yearly avg 

Peak Paterno te Gan he 0.01 4.44 

AINE FRA Xoee ste olece esse errs 0.046 3.80 

PA SUR DINE. See, oxcndtseOno Ho Oe 0.274 3.00 

PGE RY DaatN Sua Glenn am & Bae 0.55 2.50 

BONE WINE. ooAnwAe amen oe 0.82 2.00 

IVMaxcmionthiesemiwarirse 8.2 1.33 

INGO ime pine, Gals es AERO WP LGeare oe 0.50 
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13. Industrial and Commercial Waste-water Flows. Careful consideration must 

be given to the quantities of industrial and commercial waste waters for which 

sewer capacity should be provided. In smaller communities with no large volumes 

of industrial wastes, the allowance for such wastes can generally be included in the 

per capita flow of domestic sewage; but in the larger cities having numerous indus- 

tries and commercial establishments, the quantities of these wastes are preferably 

estimated as separate items and added to the estimated domestic-sewage quantity. 

The proportion of the city area used for industrial and commercial purposes is 

usually small (see Table 4). The probable future extension of these areas should be 

carefully estimated. 

A usual practice is to estimate future flows of industrial and commercial waste 

water in terms of gallons per acre per day based upon a study of the quantities 

TABLE 11. COMMERCIAL AND INDUSTRIAL SEWAGE FLows Basis 

OF SEWER DeEsIGn* 

Industrial waste-water flows 

Total com- 

Municipality Population | ™ercial and 
industrial Total Gal/ | 

acreage million ged 
; acre/day 

gal/day 

Mam pas kl las gercc cocci eeeee eee 335,000 2,629 13.69 5,200 41.0 

Spolkcane; Wiaslarcaaresuaterie esr en Pere 223,000 Syloo 19s 6,330 89.5 

En OXVAllen Menmy cer cepae ec anne 350,000 3,835 20.16 5,260 57.6 

RAchim OmdrmV area ee cdemee 666 , 800 6,570 50.13 7,640 ees 

Minneapolis-St. Paul............ 1,453,530 21,390 o2u2 2,440 35.9 

Metropolitan arcane. 1,557,390 23 ,655 56.7 2,440 36.5 

Dade County, Fla. 

Metropolitan area... .6.6 22. ns 3,692,000 18,680 41.2 2,200 ti eee 

PAO Paulow Brazile tse eae 5,000,000 15,300 159.1 10,400 31.8 

* Estimated flows used as basis of design of main sewers serving the total commercial and industrial 

areas. 

discharged from presently developed areas and comparative data from other cities. 

Special consideration should be given to existing industries that produce exceptionally 

large quantities of wastes. Table 1 (Sec. 41) gives illustrative data on the volumes 

of wastes produced in various types of industries. Sewer-capacity allowances for 

industrial and commercial areas based on careful analyses of existing conditions 

are given in Table 11 for several cities. 

14. Infiltration. The flow in sewers is increased by surface water and ground- 

water from two sources: (1) the entrance of runoff from rains directly through inlets 

such as downspouts, street inlets, and other openings; (2) the entrance of water from 

the ground into the sewers through leaky joints and other structural defects and 

foundation drains. Improperly constructed or defective house-connection sewers 

frequently are sources of large infiltration rates, estimated by one authority’ at 90 

percent of the total infiltration, and are impractical to remove. This possibility 

must be considered in providing new or relief sewers for any areas with old sewers. 

Drains might be improperly connected to sanitary sewers, a condition which, if uni- 
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versal in a subdivision, may produce maximum rates of flow more than twice as large 

as normally expected. 

In spite of the fact that most modern plumbing codes and sewer regulations prop- 

erly prohibit the discharge of rainwater or other surface water into sanitary sewers, 

it is generally necessary to provide capacity for a limited amount of surface runoff. 

Figure 13 shows the influence of rain on domestic-sewage flows in one specific case. 

Rainfall, inches for each hour 

Sewage flow, million gallons per hour 

0.0 
810 246810122468 1012246 81012246 8101224 6 810122468 

M N N M AM. 

le Sun. —rle Mon: a, Tues. ole Wed. 

Hours 

Fre. 13. Effect of rain on the hourly sewage flows at Long Beach. 

The infiltration of groundwater into sanitary sewers depends upon a number of 

major factors, including the following: 

1. The level of the groundwater with reference to the sewer. 

2. The character of the subsoil. Sand and gravel will permit more water to 

leak into a sewer than will clay. 

3. The watertightness of joints and the provisions to prevent cracking of the 

sewer pipes. 

4. The character of the construction of the house connections. This usually 

relates to the extent and care with which the construction of the house connections 

is supervised. 

5. Foundation drains connected to sanitary sewers. 

Reduction of the amount of surface water entering existing sewers is sometimes 

possible, but it is difficult, costly, and impracticable to reduce the groundwater 

infiltration after a sewer system and the house connections have been built. There- 

fore, every effort should be made during the period of construction to assure water- 

tight sewers. 

In some Western cities, the elevation of groundwater is raised several feet during 

the irrigation season and the infiltration is greatly increased (about 2.5 times), as 

indicated by the following rates of seasonal per capita sewage flow at Yakima, Wash.: 
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Nonirrigation Irrigation 

Month ged Month ged 

JaNUAryene sat ee crate 181 

Hebnuarvar wan eta 189 

Mar ch weutec cn en: mee eer ac 205 

A Til Regt ar chee ete oes ante 315 

ON Ee Teen Dis oe eee Aer coeeniowen aieesa| mee: 

JUNC had Sees neem ee 567 

SUlyitetone sosactie. a ewe eee 595 

JANI QUIS br wens mete ar eren 667 

Septemberinss. eee. 571 

Octobersssh eee riee 436 

November's, 6.40205 238 

December\iacaceewe ee 215 

Several units of measurement of infiltration have been suggested, such as gallons 

per 24 hr per capita, per acre, per foot of joint, per square yard of interior surface, 

and per mile of sewer. The rather extensive available data on measured leakage 

into sewers show quite a wide range in amounts even for new sewers built under 

careful supervision. Also a large proportion of infiltration is an indeterminate flow 

into house-connection sewers. 

Accordingly, there appears no justification for any refinement of the units of 

measurement. The units of gallons per 24 hr per mile of sewer or gallons per day 

per acre (gad) of sewered area are easily applied and are most commonly used. 

The approximate lengths of sewer lines per acre of sewered area provide a basis 

for changing the infiltration rate from one to the other of the latter two terms. This 

will vary, depending on the size of lots, and may range from 132 ft per acre for a 

rectangular street pattern with lots 135 ft deep to 218 ft per acre for lots 100 ft deep. 

The following data are typical of measured quantities of infiltration for newly 

constructed sewers and may be useful in determining reasonable allowances for 

design purposes: 

Size of sewers Groundwater 

Locality included in infiltration, 

measurements, gal/mile of 

in. sewer/24 hr* 

North Shore Sanitary District, Ill......... 30-42 2,300 

FUICHINONG HAV Sienna vintates Natty nates 30-36 3,250 

AlyyisYos yu) D Cyn oeeamercracarnno oipenod orcs: ceetiee eee 8 30-60 4,800 

Ve Ape HUM ee Sse Quctcenccie a aasarh site sain 6-21 2,200 

POrlenrOUcliye Vee rite wanes Ret eae sine ae ee 6-18 3,850 

* These rates relate to the main sewer—not to tributary laterals or house sewers. 

Some increase in infiltration rates is likely to occur as a sewer system becomes 

older. The infiltration provided for in the planning and design of a number of well- 

considered sewerage projects, given in Table 12, may be helpful as a guide to judgment. 

If the average domestic-sewage flow per capita is based upon gagings or flow records 

the average infiltration is included and the allowance for infiltration for sewer design 
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should be considered as an additional maximum flow rate above the average. If the 

average domestic-sewage flow does not include any infiltration, a larger allowance 

should be used. 
15. Summary—Sewage-quantity Computations, Sanitary-sewer Design. Sani- 

tary-sewer design requires determination of sewage quantities considering the 

following: 

1. The area for which capacity is to be provided, including appropriate subdis- 

tricts. 

2. The design period, usually 40 or 50 years in the future; or population increases 

ranging from 1.3 to 3.8 times the population at the time of design. 

3. The population forecast and distribution of population. 

4. An estimate of average per capita domestic-sewage contributions based on 

TaBLp 12. Typicat ALLOWANCES FOR GROUNDWATER 

INFILTRATION Basis OF DESIGN 

Groundwater infiltration per 24 hr 

Locality 

Gal/mile of sewer* Gal/acre 

Mamaroneck District, Westchester County, N.Y... 36,900 existing |1,050 

12,000 future 340 

Washing tome lov. cava crgeracceke eecun was once epee ese ase 24,000 700 older lines in city 

14,000 400 newer lines in suburbs 

BEG) ab eaVoy eXe las NE Rep stpras ceed ci eatvnn oat Arcee cael Aen Beane ines as 10, 500-52 , 500 300-1,500 depending on 

age of sewer and location 

Metropolitan area of North-Va.-.. ..<...¢...01.-+-: 10, 500-17 , 500 300-500 

Minneapolis-St. Paul Sanitary District............ 14,000 400 central city 

7,000 200 suburbs 

Metropolitan area of Seattle, Wash................ 10,500 300 summer 

21,000 600 winter 

Deming are ect ces cope rie Gates ee ee ee ee 8,800 250 high, dry areas 

16,000 450 low, wet areas 

* Estimate based on 150 ft of sewer per acre except Mamaroneck District, which was based on 

35 acres/mile of sewer (150.1 ft/acre). 

water supply entering the sewers plus average infiltration, or sewage-flow records 

(or gagings) including average infiltration. 

5. The maximum domestic-sewage flow rate (sometimes improperly called the 

peak rate) based on average sewage flow multiplied by a maximum-flow factor, to 

which should be added allowances for maximum infiltration and industrial and com- 

mercial waste-water flows. 

6. Infiltration allowances should be made to provide for some reasonable maxli- 

mum. infiltration rate per 24 hr per acre of tributary sewered area. 

7. Estimates of the probable future waste-water contributions from industries 

and commercial establishments, based on areas expected to be developed within the 

design period at a general allowance in gallons per acre per 24 hr, plus any special 

flow rates determined by a study of existing industries producing large waste-water 

flows. The industrial and commercial contributions generally relate to relatively 

small areas tributary at specific locations on a few sewers. These flow rates must 

be included in the design capacity for sewers downstream of the points of contribution. 



STORM-RUNOFF QUANTITIES 40-23 

8. Contributions from institutions, colleges, and schools which sometimes are 

sufficiently large to justify special allowances may be handled in a manner similar to 

industrial or commercial waste waters but usually are computed on the basis of con- 

centrated populations. Generally sewage flows from schools are not included in 

major sewers or sewage-treatment works, as the school population is included in the 

community population. 

9. The summation of computed sewage flows, as described below under Capac- 

ity Design. 

Each sewer system has special conditions and factors which require adjustments 

in the application of the foregoing basic considerations to the capacity design of 

sanitary sewers. 

STORM-RUNOFF QUANTITIES 

16. Introductory. The design of storm sewers or combined sewers involves a 

decision as to the degree of protection to be provided against property damage, 

nuisance, and inconvenience from surcharged sewers. It is not economically feasible 

to construct sewers of sufficient size to take the runoff from the extreme storms likely 

to occur at infrequent intervals. Surcharging of combined sewers is more objection- 

able than surcharging of storm sewers, because of the nuisances and health hazards 

that result from the flooding of basements and the overflowing of domestic sewage. 

Thus, the quantity of storm water for which sewer capacity should be provided 

is a balance among the first cost and the capitalized damage to private property, 

the hazard to health, and the curtailed convenience to the public.!". These factors, 

therefore, should be given consideration as well as the technical hydraulic factors. 

An exact determination of the permissible frequency of surcharging is impossible 

in present practice, and the conclusion as to the basis of design depends, finally, 

upon the judgment and experience of the designing engineer. Data with reference 

to sewer costs, sewer capacities for storm water, and the results of operating experl- 

ence In a number of cities are helpful guides to judgment. 

A study!! of new and relief sewers at Decatur for a residential area, including 

consideration of sewer assessments (costs per foot of assessed frontage) and sewer 

capacities, resulted in the data in Table 13 for a proposed sewer district of about 

525 acres, approximately 9,000 ft long by 2,500 ft wide. Comparative data from a 

number of cities are given in Table 14. The Decatur estimates indicated that a 

storm sewer for a 3-year storm must have a capacity 2.2 to 2.7 times as great, and 

would cost 1.43 times as much to build, as one for a storm frequency of four times 

per year. 
17. Bases of Storm-sewer Design—General. In past computations of storm- 

water quantities, engineers have used two general procedures: (1) the empirical- 

formula method and (2) the “rational method.” 

In either of these procedures, the computed quantity of storm water for sewer- 

capacity design is a function of (1) the area to be drained, in acres, as determined by 

field surveys or by scaling from a map; (2) the rainfall intensity, which results from 

an analysis of rainfall records and storm frequencies; and (3) the maximum rate, or 

coefficient, of runoff. The latter factor depertds upon the surface slope and the 

anticipated future condition of the drainage area with reference to the proportion 

of the rainfall that may run off. 

In the empirical-formula method, experience in the design and operation of storm 

sewers, in one or more localities, has been expressed in formulas proposed for applica- 

tion to other localities. Because such empirical formulas were expressions of the 

judgment of others, based on conditions for limited localities, they are no longer in 
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general use. They may, however, be useful sometimes as rough checks, and par- 

ticularly in large cities where the results of sewer-design practice are known and the 

sewer-department engineers are experienced in expressing their judgment through 

the formula, but this practice is also losing favor. 

The so-called rational method, which has been widely used, relates the storm-water 

runoff directly to the tributary area, the rainfall intensity, and an estimated propor- 

tion of the rainfall reaching the sewer as direct runoff. 

More recently, procedures have been developed for estimating rainfall runoff by 

the hydrograph method. These procedures recognize a number of separate factors 

TaBLe 13. RevLativE Cost oF SEWERS PER FRonNT Foor 

AS ESTIMATED FOR THE PROPOSED NORTH SIDE SEWER 

District, Decatur, ILL. 

Relative cost of sewers per | Approx capacity 

foot of assessed of sewers, cfs/acre 

frontage* storm water 

Projects 

BES Lateral | Total pose ue 
sewers acres acres 

Combined sewers: 

Rainfall frequency 

MOLV.CATBS Me. cssensates WER ectae Case eee: 1.44 1.96 3.40 0.73 1.06 

By VCASH eee see teen epee meter 1.21 1.78 2.99 0.42 0.76 

LY aTeces sce enter ame ee een 1.14 1.61 2219 0.38 0.57 

Storm sewers: 

Rainfall frequency 

SUVCATS wastes So aie ames aie une recs 1.21 Oa 2.88 

DO MORE. rs sca Aces ee ts ee ea 1.14 1.51 2.65 

4 times Per Vea ciccsee eee ee 0.88 1.22 2.10 0.19 0.28 

Sanitary sewers: «cee as ee eee 0.18 0.82 1.00+ 

Separate sewers (storm and sanitary): 

Rainfall frequency 

AIR) aoe ete PO TAR co NOMA OEE OG OS 1.39 2.49 3.88 

VeVOaT eens cap rnenie tins ena by onstanal aetueene 1.31 2.34 3.65 

4 times periyears Ui .cte cre eae: 1.06 2.05 Eee | 

* Referred to total cost of sanitary sewers = 1.00. 

t+ Capacity 300 gal per capita and 19 people per acre, sewers flowing full = 5,700 gad. 

which affect the quantity of runoff which may result from rainfall and also the relative 
time of occurrence of the peak rates of runoff from various future types of surfaces 

in each tributary area and from several separate tributary areas. Unlike the “rational 

method,” in which, generally, all factors are combined into one coefficient C expressing 

the judgment of the sewer designer, the principal factors considered in the hydro- 

graph method include 

1. The time occurrence of the peak rate of rainfall in a selected typical storm with 
respect to the start of precipitation 

2. The diminution and delay in runoff due to depression storage and infiltration 

3. The relative time of appearance of runoff at the sewer inlet from different 

types of surfaces 

4. The time of flow in the sewers, including the house and lot drains, and the 

storage effect of sewers and catch basins 
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The hydrograph method appears to be most applicable to large sewer systems where 

considerable similarity in drainage areas exists and a computer can be used to deter- 

mine unit runoff quantities from typical areas for repetitive use in design studies. 

The procedure has received attention from a number of investigators, culminating 

in a full development of methodology by Tholin and Keifer for the city of Chicago, 

which is presented in the ASCE Manual of Engineering Practice No. 37. 
7 12 

The 

“hydrograph method” is not yet in general use and will not be discussed further here. 

TABLE 14. RELATIVE SEWER CAPACITIES AND ASSESSMENTS 

SUMMARY OF APPROXIMATE Dara FoR VARIOUS CITIES 

Sewer capacity, Relative cost of equivalent combined 

efs/acre sewer service per front foot 

Kind of 

City sewer : “al 
Eaton | On basis | On basis 

100 500 As of 200 ft | of 250 ft 
Trend 

acres acres reported | frontage | frontage 

per acre | per acre 

POUIaVALLeS.. 6 catia, oaks deanlx C 1.46 LEMGS Sle Pacers 1.24 0.99 1.02 

S Glbouilaee sear cca take soho she Cc 2.55 Oe Ye Ate cro 1.05 0.92 1.02 

Gino ag oan tere creek hes Cc 0.26 OSGi ee Nene ee lt tence ||| eaecna ee 0.83 

Indianapolis. 2... 5.005% .-.: Cc 0.60* ESB Pee Hee) yet ares Will eorgk sak 0.56 

Butiallon Meraoste amet ne Cc 0.82 ee LAD Sage ||| eee nee See) PM Ae: 1.55 

Milwaukee. co s6065 aes Ss 0.80 0.65 A [Ok Se ee a Neale ewer 1.02 

Detroit ein cee che crs es C ee a NUS act nie CO eae awe 0.60t 0.48t 1.02 

SVracuserrts ne cite cnatos Cc 0.50 0.75 0.55§ 

New Bedfords nase. on C 1.0 0.37§ 

sostAnig elesiee isn. SPP te eer. Ona ee 2k PII Genes 1.02 

IAS Mera tenure. take lle |) a ehtie ce aul mechan Hi eaasccte || Macatee 1.004 

C = combined. 

S = separate. 

* Based on C = 0.4 and slope of 0.002. 

+ Storm sewers only. 

t Laterals only. 

§ Assessment fixed by law. 

{| Relative costs are related to an adjusted average cost of $24 per front foot, at Engineering News- 

Record Construction Cost Index of 950. 

18. Rational Method. Here the 

procedure will be represented by the formula 

Q = c1A 

so-called “rational-method’’ computation 

in which Q = storm-water runoff entering the sewer, cfs 

c =a coefficient representing the ratio of runoff to rainfall, commonly 

called the runoff coefficient 

? = rainfall rate, cfs/acre, or (close enough for all practical computations) 

intensity of rainfall, in./hr (1.00 in./hr = 1.008 cfs/acre) 

A = tributary drainage area, acres 

The application of the rational method requires the exercise of sound judgment in 

the selection of the coefficient ¢ and the rainfall intensity @. 

can be more definitely determined. 

The tributary area A 
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In practice, the first step is a tentative arrangement of proposed sewer lines on 

a plan of the sewer district for which the sizes of sewers are to be computed; a division 

of the district into subdistricts tributary to several concentration points along the 

proposed sewer lines; and the successive summation of the areas tributary at or above 

the various concentration points, related to the sewer directly below each concentra- 

tion point. 

The second step is the selection of a future storm frequency for which sewer capac- 

ity is to be provided and the determination of the rainfall intensity of this frequency 

for a storm duration equal to the computed ‘‘time of concentration,’’ which includes 

two factors: an “inlet time,” 7.e., the time required for rain falling on the most remote 

point of the tributary area to flow across the ground surface, along pavement gutters 

to the street inlet, and through the inlet into the sewer; and a “‘time of travel” within 

the sewer from the uppermost inlet to the concentration point under consideration. 

The third step is a determination of the proportion of the rainfall which may enter 

the proposed sewer as runoff, expressed as a rate, based on the anticipated future 

conditions in the tributary areas. 

19. Area to Be Served. The area to be served by the proposed storm sewers will 

be determined primarily by topography, though the arrangement of streets will 

affect the arrangement of the sewers and must be considered in determining the sub- 

districts tributary at various concentration points. 

Initial layout of the proposed sewers and anticipated future tributary drainage 

areas can be accomplished best on moderate-scale topographic maps. U.S. Geological 

Survey maps, where available at the scale of 1 in. = 2,000 ft, are useful, though this 

scale is often too small for the area to be served. Topographic maps prepared at 

scales in the range of 1 in. = 200 to 500 ft, prepared by aerial photographic methods, 

are most suitable. The present development of the tributary areas is a useful guide 

to judgment as to the probable future character of areas. 

Careful analysis of the present development of an area to be sewered is particularly 

necessary where relief storm sewers are being planned. Such development analyses 

should determine the percentages of the area covered by various types of impervious 

surfaces and the average ground slope, both of which affect the proportion of rainfall 

likely to appear as direct runoff. 

The estimated future development to be used as the basis of design is a matter 

of enginecring judgment, based on experience and extensive study. The present 

development will serve as a guide, but such factors as zoning ordinances, suscepti- 

bility to total change in character of the tributary areas, such as development of 

apartments or urban-renewal projects replacing residences, must be considered. The 

effect of large paved parking areas associated with suburban shopping centers must 

be considered. Determination of the relative amounts of impervious area in present 

fully developed blocks is helpful and is facilitated by aerial photography. 

20. Storm-flow Concentration Time. The time of concentration ¢ in the ‘‘rational 
method” comprises two parts: 

1. The inlet time is affected materially by the character and slope of the ground 

surface, and selection of an allowance for this time has a considerable influence upon 

the rainfall-intensity rate. The selected “inlet time’? may be as short as 5 min for 

closely spaced street inlets of ample size on areas highly developed or with steep 

slopes, or 10 to 15 min on flatter slopes with greater inlet spacing. Inlet time also can 

be controlled by size and design of the storm-water inlet structures. Under certain 

conditions, an inlet time up to 20 or 30 min may be considered for relatively flat 

residential areas with small-capacity street inlets or with street inlets spaced at rela- 

tively long distances, where some surface ponding may be permissible. ‘Inlet time’’ 
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selection practice in several cities has been reported as follows: 

City Min City Min 

ButtalOmepe rea ater es: 15 BUOChestere ey setae 7 

Chicagor scree Noe oe 10 StrPauleree nas eel 10 

Cincinnatinn sai 5*-10t San Francisco......... 4 

@levelandirar tus er ee 8 Springfield, Mass...... 20+ 

C@olumbusis-a0r o) aoe 10 Ste Wouisseene ce ese 5 

Des Moines:....:.4.% 55. D Rolled Owain te nee 207 and 15* 

* Business district. 

+ Outlying area. 

In general, drainage areas in Chicago are quite flat while ground-surface slopes 

in San Francisco are much steeper, and the inlet times used reflect this difference. 

The character of the area being sewered is another factor. Thus the 20-min inlet 

time for Springfield, Mass., apples to outlying fairly flat residential districts. 

2. The time of travel in sewers, or ‘flow time,’”’ computed from the length of sewer 
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Ita. 14. Storm-sewer design—time of concentration and travel time related to tributary 
area, 



40-28 SEWAGE QUANTITIES, SEWERS, AND PUMPING STATIONS 

divided by the average velocity of flow, will be shorter for steep slopes. Thus steeper 

topography results in a shorter “time of concentration” and hence, with a given 

rainfall-intensity curve, a higher average rainfall intensity and a larger sewer-capacity 

requirement. 

Theoretically, “flow time’’ in the sewer should be a simple computation (length 

ae 

x : 
\ 
BN 
ISR ee YL EAL 

ie 

CMe 
Average rainfall intensity -inches per hour 

meme aoa0/ /aee a0 i 04 
OF S10 20 30 40 50 60 70 80 90 100 110 120 

Duration of rainfall - minutes 

Fia. 15. Rainfall curves used for sewer design. 

divided by average velocity). However, there is considerable uncertainty as to the 

resistance to flow in older sewers, and hence there is uncertainty as to the velocity of 

flow at the design period of 30 or 40 years in the future. 
Accordingly, some sewer designers have attempted to relate the effective time of 

concentration to the tributary area, as illustrated by Fig. 14, which shows ‘“‘travel 

time’ vs. tributary area and “concentration time” vs. tributary area, for a 

number of cities. 
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21. Rainfall-intensity Data. The basic procedure in studying rainfall data for 

storm-sewer design is to obtain the records of all excessive rainstorms for as many 

years as they are available. The greatest average rate of rainfall, in inches per hour 

for periods of 5, 10, 15 min and up, may be determined throughout the duration of 

each storm. The intensities are tabulated in order of magnitude for each duration of 

time and the frequency in years for each intensity is determined by dividing the num- 

ber of years of record by the number of occurrences. By plotting these data and 

drawing smooth curves through the plotted points, a series of rainfall-intensity curves 

can be obtained, representing various frequencies of storm occurrence. 

The rainfall curves and storm frequencies which have been used for storm-sewer 

design in a number of cities are compared graphically in Fig. 15. 

Some investigators have combined the records of several rain-gaging stations, 

120 ia 

110 HI it 

Oo 
SOx 90 SSI fs 

| | | 

a @ SKS) 

no oo Ss) 

Duration, minutes 

al tf 10 rT 

| 1.5 2 2.0 ee San OE OME 10 
Intensity, inches per hour 

Fig. 16. Intensity and duration of rainfall, Chicago area. 

assuming, for example, that the storm records of two stations for 10 years at each 

station would be equivalent to a 20-year record at one station. There is doubt as 

to the validity of this procedure. 

Figure 16 gives the results of an investigation of the records of 13 recording rain 

gages within the Chicago area, equivalent to 330 station-years. The semihyperbolic 

plotting used in Fig. 16 yields straight-line results. About 1944, the Chicago Bureau 

of Sewers adopted the Eltinge-Towne rainfall-intensity formula for a 5-year storm, 

? = 90/(t% + 11), as the basis for combined sewer design. 

Curves for other cities may be developed from an analysis of the available records 

of local recording rainfall gages. Such recording gages are more in use today than 

formerly. 

22. Rainfall Formulas. [!fforts have been made to represent the time-intensity 

relation for rainfall by a mathematical formula. Many of these follow the form 

1 = A/(t +b), devised by Talbot in 1891, in which 71s the rainfall intensity in inches 

per hour, ¢ is the storm duration in minutes, and A and 6 are constants. An exten- 

sive study by Schafmayer!’ seemed to indicate that this hyperbolic type of formula 
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was as good as any for showing the relation between intensity and duration for storms 

not exceeding 120 min. Factors A and b for the curves in Fig. 16, as computed by 

Schafmayer, were as follows: 

Ast 
Factors in 7 = my 

Storm frequency, : 

years 

4 b 

2 102 16 

5 138 19 

10 166 21 

15 182 21 
20 193 22 

25 203 22 

* Schafmayer for Chicago area. 

Some authorities have considered that an exponential formula such as 7 = A /t® 

ori = A/v/t + 6 would fit the rainfall data better. However, neither the accuracy 

of the available data nor the reliability of their application in storm-sewer design 

warrants much complexity in the mathematical formulas representing the relation 

between duration time and average rainfall intensity. 

Formulas proposed by Meyer!! have been found useful in the absence of any 

better analysis of a long-term record of local data. These are in the form 

7 = A/(t +b), and he gives values of A and b (Table 15) based upon the rainfall 

records of various groups of localities (Table 16). 

Collection and processing of comprehensive rainfall data can be undertaken only 

on large extensive projects. For most projects, data published by governmental 

agencies are available in usable form. Charts prepared by Yarnell'® have given good 

TaBLr 15. Mryrr’s Constants IN RAINFALL ForRMULA 7 = ——— 

Storm frequency, years 

Regional 
pica Constants 

1 2 5 10 25 50 100 

1 A 145 180 220 276 355 450 600 

23 24.5 27 32 40 50 65 

2 A 100 131 ileal 214 252 289 325 

b 18 21 23.5 26 28 30 32 

3 A a 96 122 150 181 216 256 

b 16 18 19.5 21 23 25 

4 A 60 84 108 132 160 186 210 

b 15 16 17.5 19 20 21 22 

5 A 60 75 90 105 126 152 180 

b 13 13 13 13 14 16 18 
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results. More recent analyses of rainfall data are available in U.S. Weather Bureau 

publications, particularly Technical Papers 24, 25, and 28. 

Data from Technical Paper 25 have been used by B. A. Swab to prepare and 

publish!® small-scale charts of mass rainfall for various frequencies for the United 

States east of the Rockies (east of 105th meridian). These may be useful in com- 

munities where local rainfall records are insufficient or have not been fully analyzed. 

23. Rainfall Distribution. The rainfall-intensity factor 7, in the “rational for- 

mula,’ usually represents rainfall measured at a single point, or the average of several 

single-point measurements. Data are meager on rainfall distribution over large 

areas but indicate that the rainfall intensity, when averaged over the total area, 

reduces as the size of the area increases, with the reduction being greatest for storms 

TaBLE 16. List oF RAINFALL Stations Usep By Mryer As Basis FOR 

His ForMuULAS 

Cities in various regional-group numbers 

t 2 3 4 5 

Galveston New York Boston Duluth Denver 

New Orleans Philadelphia Albany Escanaba Bismarck 

Jacksonville Washington Pittsburgh Buffalo 

Norfolk Elkins Rochester 

Raleigh Asheville 

Savannah Knoxville 

Atlanta Memphis 

Little Rock Cairo 

Fort Worth Indianapolis 

Abilene Cincinnati 

Bentonville Cleveland 

St. Louis Detroit 

Kansas City Grand Haven 

Lincoln Chicago 

Des Moines Madison 

St. Paul 

Moorhead 

Yankton 

Dodge 

of shorter duration. Marston ralled attention to this phenomenon more than 

AO years ago.1” 

The sewer departments of Chicago'® and Pasadena!® have used reduction factors 

or coefficients 2, which may be useful guides to sewer designers. These R factors, 

to compensate for the reduced rainfall intensity averaged over large areas, are reported 

here in Table 17. These coefficients for reduction in average rainfall intensities 

over large areas may be useful in the plains states and elsewhere on the United States 

mainland where there is substantial similarity in storm types. 

However, in Hawaii, other Pacific islands, and some parts of the mainland, 

mountain ranges and prevailing winds result in large differences in rainfall intensities 

and in total annual rainfall for areas only short distances apart. Thus on Oahu the 

total annual rainfall along the shore near Pearl Harbor is about 20 in. while 10 miles 

away it is 8300 in. On the island of Kauai the total annual rainfall ranges from 20 to 

600 in. in less than 10 miles. 
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Taspire 17. Repuction Facrors R FoR RAINFALL INTENSITIES 

AVERAGED OVER LARGE AREAS 

areal avg rainfall intensity 
R values 5 ; ; 5 

areal max point rainfall intensity 

: 30 min* 60 min* 120 min 
Drain 180 m* 

seeds Ref. 18+ 
acres | Ref. 18+ | Ref. 19+] Ref. 17 | Ref. 18+ | Ref. 19+ | Ref. 17 | Ref. 18+ | Ref. 19+ 

DE sateen LOO Ail) one ssevans 1.00 

600 | Sacoac eee OCGA oP ans ee 0.97 

640 0.934 sake ieee 0.964 neeee eee 0.985 Oro 0.996 

LOCO 4) aeage Bae OrOt ob gies pees 0.95 

2,500 0.854 0.91 Petes 0.922 0.93 React 0.964 0.98 0.985 

PX AOTOL |! chenencke gar Rese antl Min ode ai ae 0.93 

5,000 0.788 0.87 0.885 0.90 0.86 0.94 0.96 0.972 

10,000 0.682 0.82 0.828 0.86 0.906 0.93 0.952 

15,000 0.604 Rs 0.784 ee 0.875 ernes 0.935 

20,000 0.544 0.75 0.752 0.80 0.85 0.89 0.915 

* Time of concentration or rainfall duration, minutes. 

+ Figures from Ref. 20. 

Pearl 
Harbor 

Fic. 17. One-hour rainfall intensity for recurrence interval of 10 years, city and county 
of Honolulu. 
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Thus storm-sewer designers for the city and county of Honolulu determine 1-hr 

rainfall intensities from a chart (Fig. 17 is illustrative for a recurrence interval of 

10 years) for the locality to be sewered; then from a second chart (Fig. 18) the selected 

1-hr rainfall intensity is used to determine the intensity for a computed time of con- 

centration. For example, near Pearl Harbor the intensity of 1-hr rainfall = 2.2 in. 

I-HR. RAINFALL (IN.) 

= — 1 ut 
\ 2 = 4 5 6 7 6 95x10 

RAINFALL INTENSITY (IN./HR.) FOR INDICATED DURATIONS 

Fig. 18. Intensity for various durations from 1-hr rainfall curves for city and county of 

Honolulu. 

(Fig. 17). From Fig. 18 for a 20-min storm duration (i.e., concentration time), the 

rainfall intensity to be used would be 3.63 in. 

The city and county of Honolulu “Storm Drainage Standards” include a reduction 

coefficient 2, based on the storm-recurrence interval, as follows: 

Storm-recurrence Reduction 

Interval 7m, Coefficient 

Years R 

10 0.79 

20 0.85 

30 0.89 

50 0.93 

24. Use of Rainfall Data. A procedure in the use of rainfall data by the “rational 

method,” i.e., to compute storm-water quantities, for which storm-sewer capacity 
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should be provided by the formula Q = c7A, would include the following steps, 

supplemental to the three basic steps outlined in Sec. 18: 

1. Plot an average rainfall-intensity vs. rainfall-duration curve (comparable with 

a curve in Fig. 15) for the selected storm frequency, or occurrence in years, for which 

storm-sewer capacities are to be provided. [The chart may be replaced by a formula, 

such as the Eltinge formula, 7 = 90/(t°° + 11) in Chicago, and the rainfall inten- 

sity computed. | 
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Fic. 19. Runoff from sewered areas computed for rainfall intensities exceeded once in 
10 years, Peoria, Ill. 

The selection of the rainfall storm frequency for any specific storm-sewer design 

may be determined by one of a number of procedures: (a) by a ‘‘manual of design’”’ 

set up by some controlling or supervisory authority, for example, the “Storm Drainage 

Standards” of the city and county of Honolulu; (b) by jadgment based upon a study 

of the operation of existing sewers over a period of years; (c) by judgment based upon 

operating experience in other communities where good records are available. 

2. Determine the time of concentration (= rainfall duration in above) by selecting 
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an allowance for “inlet time’”’ and computing the ‘‘time of travel’’ in the sewer. The 

methodology for this is illustrated by Table 24. 

3. Determine runoff in cubic feet per second per acre by multiplying the average 

intensity 7 for the computed concentration time by a selected ‘runoff coefficient”’ 

(see Art. 25). This resultant is frequently called the cz value. The anticipated 

runoff, in cubic feet per second per acre, may also be determined from a chart similar 

to Fig. 19. 

4. The total storm-flow quantity for the sewer below any concentration point is 

then determined by the product of the cz value at the concentration point and the 

sum total of all tributary areas, 1.e., A, in acres tributary above the concentration point. 

25. Runoff Coefficients. Pondage in depressions, evaporation, absorption, and 

other factors reduce the runoff, so that not all the rainfall, even on impervious 

So cm) [e) 

S fo) oO 

0.60 

Run -off coefficient 

/MPERVIOUS AREAS 

0 10 20 30 40 50 60 
Time of concentration-duration of rainfall, min. 

Run-off coefficient 

30 40 
Time of concentration- duration of rainfall, min. 

Fic. 20. Runoff coefficients for pervious and impervious areas, Peoria, Ill. 

surfaces, reaches the sewer inlets. The longer the storm duration, the larger may be 

the percentage of rainfall runoff. 

The proportion of pervious and impervious areas probably affects the runoff as 

much as any other factor. In designing storm sewers, a practical procedure includes 

a reasonable estimate of the probable future percentage of impervious area. The 

typical curves in Fig. 20 represent the bases for selecting runoff coefficients used for 

certain projects in various cities. 
Estimates of the relative proportion of pervious and impervious areas can be 

made by considering the present development of a number of typical areas in the 
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more completely developed sections of the city for which sewers are to be designed 

and comparing these with the anticipated future development of the districts to 

be sewered. 
Certain illustrative data on the percentage of impervious surfaces, used in con- 

nection with various storm-sewer projects, are as follows: 

Impervious 

Project and Type of Area Surfaces, % 

Peoria, Ill.:* 

vesidemn tialene yer sic oer aye ne ee ae 30-40 

Residential with neighborhood commercial areas.... 45-50 

Decatur, IIl.:* 

Miorcambile:s osu aaiow outs Siete sida one vebie nd babe ekesnls 70 

Industrialeecte ans oe oi eat ace ed eee oor 60 

COT IBET CUAL s Aer oe outa sien Sd wee Oe O ais eee 50 

Residentialud6—-30) persaere)in sccniy nee eterno eres 25 

Parksrandsundevelopedmyrn.a..varra ta meee antars 10 

New Orleans, La.:t 

Gomimercia leet art roan oor estes es 76-100 

ECOSIO OR EIN er etre ot eee ee he oh ede ON ie 2 ydeech ean bree 42-— 72 

Residential wightwrmm roc. teenie ait erica 40- 45 

Residential -qburbanon 5 <2 =... eae ees 39- 48 

Analysis of typical areas in several cities: { 

Beuisvilles Key. residentialiva, samen ees 32-56 

Springtield = Mass.. residential... ..4aa0ee eee 49 

Cincinnati, Ohio 

Residential, 20 per acre: 2... se 5s cs er 35 

HO PCr acres sarks.c ates cae escent es 55 

LBS OTIC Es. Gavste ns tis pata aeeee xe se 84 

@Wommenciallen tater oe teertetea toe ee mec eee ee 100 

* GREELEY and HANseEN, engineering reports and designs. 

+ MacDonatp, F. W., and Meun Apams, Jr., Determination of Runoff Coefficients, Public Works 

Mag., November, 1963, p. 74. 

t Metcaur and Eppy, ‘“‘American Sewerage Practice,’ vol. 1, 2d ed., p. 286, McGraw-Hill Book 

Company, New York, 1928. 

To apply these coefficients, the area under consideration is divided into zones 

representing the anticipated future extent of impervious area and a tabulation is 

made showing the pervious and impervious areas tributary to each concentration 

point, from which an average coefficient of runoff may be computed corresponding 

to the computed time concentration. 

These computations may be simplified for use in an extended study of several 

proposed sewer districts by constructing a diagram to give the computed runoff in 

cubic feet per second per acre for various times of concentration (storm duration) 

and the proportions of impervious area (Fig. 19). 

Another method, sometimes used, includes a fixed coefficient of runoff based upon 

the anticipated future development of the area. This, in effect, assumes that the 

uncertainties in forecasting area development and the selection of rainfall intensities 

make unnecessary the refinements in the foregoing procedure. Table 18 gives the 

runoff coefficients which have been used in a number of cities. 

26. Storm-sewer Computations. The procedures for computing sewer sizes, 

designated hereafter as ‘“‘capacity design,”’ are discussed in Arts. 43 to 52, for sanitary 

sewers, storm sewers, and combined sewers. Other aspects of storm-sewer design 

are also discussed under Capacity Design. 

27. Comparative Capacities per Unit Area. Computed storm-water runoff 

quantities per unit of tributary area (generally cubic feet per second per acre) are 

a logical basis for comparing the sewer capacities provided by the sewer-design 

practice in various communities. Some careful inquiries as to service satisfaction 
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TaBLE 18. RuNoFrF COEFFICIENTS FOR VARIOUS CITIES 

City Type of area Runoff coefficients 

Baltimore: CountyseNid. sac encr es in eeee Roofs, pavements, and walls, per- 0.95 

vious areas, varies with slope 

and soil type 

Sparse vegetation 0.30-0.55T 

Lawns 0.12-0.20+ 

Dense vegetation 0.08-0.12+ 

BuffaloseNe te see eate roca an cece eee rae Residential 0.48-0.58 

Apartments 0.60-0.65 

Commercial 0.60-0.70 

Industrial 0.55-0.60 

Cincinnatiy Ohio herrea ete aN Suburban (large lots) 0.30 

Residential 0.35-0.40 

Apartments 0.50-0.65 

Retail business and downtown 0.70-0.90 

Milwaukee County Metropolitan Dist., Wis.t..} Most dense community ORD 

Adjoining densely built-up 0.65 

Residential, well built-up OzDs 

Adjoining built-up residential 0.45 

Suburban 0.30 

IRI GtSDUne Hwee a aentenect caguunee stiteetan: cece mt aasae Varies with % impervious and 

slope 

O-— 10% impervious 0.20-0.30 

50 % impervious 0.50—0.57 

100 % impervious 0.90 

Rochester, A NAY caerccreara s ateucererra con ea eet a ah Residential 0.25-0.40 

Commercial 0.50-0.90 

Industrial 0.60 

SI BORED TSH ANY Roe etre cy a sae Nr inimentn! Ges auc eet eee canis Varies with % impervious and 

storm duration ————— 

0% impervious 0.30 0.60 

50 % impervious 0.50 0.78 

100 % impervious 0.70 0.95 

Han ranciscom@alivetan em icne crepes ee Industrial 0.60-0.90 

Commercial 0.80-0.70 

Apartments and flats 0.60-0.75 

Residential, attached houses 0.45-0.60 

Residential, detached houses 0.40—-0.50 

Suburban 0.25-0.35 

Parks 0.10-0.20 

* “Baltimore County Design Manual,’’ Department of Public Works, Baltimore County, Md., 1955. 

+ For average slopes, 2.1 to 7 percent, and sand to clay, extremes range from 0.03 to 0.70. 

t Ref. 20. 

of existing sewers may provide technical evidence useful as a guide to judgment for 

communities in regions of similar rainfall characteristics. 

Some comparative data are given by Fig. 21. These data in terms of cubic feet 

per second per acre vs. tributary area for various communities show a wide range 

of unit capacities. For 500 acres, the overall range (Fig. 21) is from 8.0 down to 0.7 

cfs per acre, i.e., 4:1. A considered study by Stanley and Kaufman?° indicated 

reasonable unit storm-sewer capacities for the general region of United States main- 
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land and Canada east of the Rocky Mountains might be as follows: 

Reasonable sewer capacity, 

efs/acre 

Extent of 

drainage 

area, acres Outlying Downtown or 

residential | thickly populated 

districts areas 

10 1.0 2.0-3.0 

100 0.8 2.0-2.5 

1,000 0.6 1.2-1.5 

These unit-capacity figures may be used as rough guides to Judge the probable 

adequacy of proposed storm sewers. They should not be used as a basis for storm- 

sewer design, without careful study of basic factors, as outlined in the fore- 

going sections. 

28. Effect of Storage on Storm-water Quantities. The runoff of storm water, 

for which sewer capacity may be required, is greatly affected by any storage of storm- 

water quantities. (This is one factor affecting the application of unit sewer-capacity 

figures to any particular sewer district.) Storage of storm water may be in 

these forms: 

1. Infiltration capacity of soil and land cover. ‘This factor is substantially affected 

by pavements, roof surfacing, and other impervious coverings which result from 

urban development. It is an important consideration in application of the ‘‘hydro- 

graph method” (ASCE Manual of Engineering Practice No. 37). 

2. Depression storage, i.e., that portion of rainfall retained in surface depressions. 

3. Detention of storm-water flow over land, in gutters, and in house drains, catch 

basins, and lateral drains. This is covered in part by the selected value of ‘‘inlet 

time” in the ‘‘rational method.” 

4. Lakes, Ponds, or Reservoirs. Sometime sizes of lower trunk sewers may be 

reduced by conserving natural lakes or ponds or by constructing storage reservoirs. 

This generally may be more practical in outlying semiurban areas than in highly 

developed urban areas. However, any storage lakes, ponds, or reservoirs have a 

tendency to become a catchall for debris or a source of breeding of mosquitoes, unless 

developed for some recreation use and properly controlled. 

The basic effect of any storage is to retard flow and thus reduce peak runoff flow 

rates. However, the effect is reduced with time because of filling up of storage and 

so has less or no effect on runoff from long durations of rainfall. Storage effects are 

a part of the factors needed in the ’’hydrograph method.’ Probable storage effects 

should be considered in selecting runoff coefficients in the ‘rational method.” In 

either method, storage effects must be forecast for the future period for which the 

storm sewers are designed. 

29. Summary Statement. The determination of storm-water runoff quantities 

for which storm-sewer capacities should be provided has been done, in various com- 

munities and at different periods, by three methods. 

1. Formulas, used frequently in early years, but not now used for routine storm- 

sewer design. 

2. The rational method, as discussed above. 
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3. The hydrograph method; one version is discussed in detail in ASCE Manual of 

Engineering Practice No. 37. 

The “rational method” represents the most practical present basis, in general, 

for estimating storm-water runoff quantities for storm-sewer-capacity design, in 

most communities, when used with mature judgment based upon engineering experi- 

ence in relating storm-sewer capacity to troubles from sewer surcharge, or to actual 

measurements of storm-sewer flows serving various types of tributary areas. The 

“rational method” is not an easy method, nor is it always reliable for an inexperi- 

enced engineer to use without guidance. 

Recently, the “hydrograph method” has been used in a limited number of large 

cities. However, it requires a great deal of local data collected over many years. 

Typical discussions of basic aspects of this method may be found in the following 

references: 

Horton, Rosert E., Trans. Am. Geoph. Union, 14, 446, 1933. 
SHERMAN, LERoy K., Eng. News-Record, 108, 501, 1932. 

Horner and Fuynt, Trans. ASCE, 101, 140, 1936. 

BERNARD, M. M., Trans. ASCE, 100, 347, 1935. 

Tuottrn, A. L., and Cunt J. Koirrer, Proc. ASCE, March, 1959, p. 85. 

ASCE Manual of Engineering Practice No. 37, pp. 53-76, 1960. 

HYDRAULICS OF SEWERS 

30. General. The laws of hydraulics are applied to sewers for three general 

purposes: 

1. To design new sewers to carry the estimated quantities of waste waters, includ- 

ing the proper size and slope and resistance to flow caused by junctions and other 

appurtenances 

2. To estimate the capacity of existing sewers, recognizing the effect of resistance 

to flow caused by junctions and other appurtenances, to determine the relief capacity 

which may be needed to prevent surcharge with the anticipated waste-water quantities 

3. To determine the flow in a sewer as a means of estimating existing waste- 

water quantities 

A high degree of refinement in hydraulic computations for sewers is unnecessary 

because of the practical limitations on the accuracy with which the quantities and 

future physical factors, which affect hydraulic flow, can be anticipated. 
Sewage is composed of about 99.9 percent water and about 0.1 percent pollution 

matter, partly suspended and partly dissolved. Industrial wastes may be, at times, 

somewhat more concentrated, and storm water may include considerable grit and 

other debris from street washings. Sewers are considered in hydraulic computations 

as conduits carrying clear water, with the following exceptions: 

1. Velocities of flow must be maintained sufficiently high to prevent deposits 

of solids. 

2. Reduction in the carrying capacity of a sewer may be caused by openings or 

connections cut in at frequent intervals and by variations in alignment of the short 

pipe sections. 

3. There may be some reduction in the carrying capacity of sewers, with the 

passage of time, owing to deposits or adhesions of matter from the sewage or to 

deterioration of the interior of the sewer surface as a result of chemical reactions of 

sewage substances and the sewer material. 

The first exception relates to the minimum slopes at which sewers should be con- 

structed, and the last two relate to the selection of the roughness coefficients, or flow- 
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resistance factors, to be used in the hydraulic formulas for computing the sizes of 

the sewers. 

31. Hydraulic Formulas. Usually sewers are considered as open channels in the 

selection of hydraulic formulas, except for pressure lines such as depressed sewers or 

pumping-station discharge lines. 

Various hydraulic formulas are discussed in Sec. 2 for flow in open channels and 
pipes flowing under pressure. 

The Kutter and Manning formulas have been widely used in sewage-flow com- 

putations for open-channel conditions. The Manning formula has had increased 

use in recent years because of its simplified form and relative ease of use in slide-rule 

computations for all channel shapes. The Hazen and Williams formula has been 
widely applied in connection with pressure pipes carrying sewage. These formulas 

in their usual general forms are as follows: 

Kutter: 
0. — 

V= /De 

mee VRS 
1 aoe 67 +=) Vik S 

Manning: 
g 

v = = Rss 
Hazen and Williams: 

V = 1.318CR°-8389.54 

32. Roughness Coefficients. Selection of the proper value of the coefficient of 

roughness 7. (7.e., flow resistance) to be used in hydraulic computations for sewers is 

most important. Generally used values of n, which are the same for both the Kutter 

and the Manning formula, are discussed in Sec. 2. 

The results of a number of actual measurements of flows In sewers are available 

showing values of n ranging from 0.011 to 0.016 for sewers in reasonably clean condition 

and up to 0.020 for sewers in poor alignment or with deposit on the bottom. Labora- 

tory experiments, without the variables of field conditions and effect of sewage 

contaminants, have resulted in n values of 0.009 to 0.012 under variable slope and 

velocity conditions. However, sound design should provide some factor of safety 

for future deterioration in capacity of the sewers. 

A joint committee of the ASCE and WPCF?! suggested the following values of n 

for use in the Manning formula. The lower values are suggested for clear water. 

For cement-lined cast-iron pipe.............0.0-5 0.012-0.015 

For dirty or tuberculated cast-iron pipe........... 0.015-0.035 

Boraconcretespip emit Goes co une a oes erin ea 0.012-0.015 

For asbestos-ceoment pipes ice cv ce lee Gere on 0.012-0.015 

Roravitnined-clayssewer pipe. .av. sas eres as 0.012-0.015 

For corrugated steel: 

Uncoated, 1$-in. corrugations.............+....-. 0.024-0.026 

Asphalt-coated and 25% paved................ 0.021-0.023 

Smoothwasphalticnlinim gan nmin sam cece ween «us 0.012-0.015 

It has been the practice of the authors: to base preliminary designs of sewerage 

projects for sewers 8 to 108 in. in size upon n = 0.015 to cover all hydraulic losses in 

the sewers and then in the preparation of final design drawings to use n = 0.013 for 

straight sewer sections with additional fall included to proyide for hydraulic losses 

caused by manholes, curves, junctions, and other factors. 

Recently more research data have become ayailable on the absolute roughness of 

pipe surfaces and the effect on conditions of flow within the conduit. The Kutter 
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and Manning formulas consider the flow to be in the turbulent state, affected only 

by the roughness of the conduit walls. At the velocities normally encountered in 

sewers, this condition is not fully developed and the friction loss is affected by the 

roughness and irregularities of the pipe walls and properties of the fluid. The friction 

coefficient f in the Weisbach-Darcy formula (Sec. 2) has been shown by experiment 

to be related to the boundary roughness and Reynolds number and presented in a 

form for engineering use.22. If the Manning and Weisbach-Darcy formulas are 

rearranged, the theoretical relation between friction coefficients can be expressed 

as follows: 
Vy 

n = 1.486R% (<) : 
og 

where R = hydraulic radius 

The effect of increasing size and R on the value of n is evident. However, research 

has indicated the effect of diameter and velocity, as expressed in the Reynolds number, 

on the value of f for any given magnitude of the roughness of the pipe walls tends to 

decrease f with increasing size or velocity of flow. The combined effect with an 

absolute roughness commensurate with the surface character of commercial sewer 

pipe, and usual sewer velocities, is computed values of n which increase shghtly with 

increasing size. Some engineers have used lower values of n in larger sewers, but 

this assumption is not supported by the research data. 

33. Computation Diagrams. Diagrams for the general solution of the Kutter, 

Manning, and Hazen and Williams formulas are included in Sec. 2. 

Various forms of diagrams, prepared specifically for the design of circular sewers, 

are available. The large diagrams originally prepared by John H. Gregory,?* based 

on the Kutter formula, have had wide acceptance. Figure 22, a somewhat more 

conveniently sized diagram for n = 0.013 and n = 0.015, is based on the Manning 

formula. 

Figure 22 permits the use of a straightedge to show the relation of the several 

factors that determine sewer capacity for n = 0.013 or 0.015. 

The results obtained with these diagrams are as accurate as warranted by the 

generally available basic data. Diagrams can be prepared for noncircular sewer 

sections and may be used where elliptical, horseshoe, or other sections are involved 

in extensive computations. In general, problems involving noncircular sections can 

be solved by the general nomographic solution for the Manning formula, given in 

Sec. 2, or by computations using a loglog slide rule as explained in See. 34. 

34. Slide-rule Computations. The Manning formula, V = (1.486/n)R”S’?, can 

be readily used for direct computation on a loglog slide rule. Its application to 

slide-rule computation can, however, be facilitated by some rearrangement and the 

use of factors computed for the common sewer sizes, as follows: 

iy V \? ees ae Ne (x) 

where K; = pee Rs 
n 

Q\2 
and Q = Iker or S= (=) 

where Ky = 16 RA 

Table 19 contains values of A; and K» for n = 0.013 and 0.015 for sewers flowing full, 

up to 144 in. in diameter. Values of these coefficients for other sewer sizes, or values 

of n, can readily be computed. Coefficients for noncircular sections can similarly be 

computed, using the appropriate values of hydraulic radius and area of section. 
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FLOW OF WATER IN PIPE LINES 
250 400 

. $ Ae Manning’s Formula 
300 

_ 1.486 2 | 
150 Vis aha ssc 72 

200 (Pipes flowing full) 

100 
90 
80 

Vv 

70 

60 
oD 

50 108 

40 ee 0.00005 

90 

30 ia 0.0001 

25 66 

0.0002 

(an) eo wn 
() ve 0.0003 2 

as 2 0 0.0004 
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& 8 ne ae = 3 
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. f) 0.003 © © 
2 aoe = < 0.004 < oa 

E 2 ooo 6S apace € = : = ~ 4 Example iS ee) oz = 

S rs rs 3 
0.010 = 3 els 

0.02 

0,03 

0.04 
0.05 

0.5 

0.4 

Nomograph for solution of Manning's formula for circular pipes. 

365. Hydraulic-elements Graphs. Hydraulic-elements graphs are used for the 

solutions of problems involving sewers flowing partly full. Most of the hydraulic- 

elements graphs in common use to date have been based on the assumption that the 

coeflicient m does not vary with the depth of flow in the conduit. For some time 

this assumption has been known to be erroneous, but lack of suitable information 

has delayed its correction. The experiments of Wilcox and Yarnell and Woodward 
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TaBLp 19. SiiIpE-RULE COMPUTATIONS 

BY THE MANNING FORMULA 

y — 1588 pyg 
nr 

Velocity factors Ki* Capacity factors K2t 

Diam of 

sewer, in. 

n = 0.013 n = 0.015 n = 0.013 m = 0.015 

8 32.6 28.2 11.4 10.0 

10 40.1 34.8 21.8 19.0 

12 45.4 39.4 350 30.9 

15 52.7 45.6 64.9 54.9 

18 59.5 61.5 105.0 Ou 

21 65.9 bof <2 Ak 158.5 Mey Os) 

24 12.0 62.5 226.0 196.3 

27 77.8 67.5 309.0 269.0 

30 83.6 12.0 410.0 356.0 

36 94.3 81.8 666.0 Sy erea) 

42 105.9 90.6 1,018.0 871.0 

48 114.3 99.1 1425.0 1,247.0 

54 123.9 107.3 1,970.0 1 7 OL0 

60 132.7 116.0 2,605.0 2,275.0 

66 141.3 122.4 3,360.0 2,910.0 

72 149.9 129.9 4,230.0 3,070'.0 

78 158.0 137.0 5,240.0 4,550.0 

84 166.0 144.0 6,390.0 5,540.0 

90 174.0 150.6 7,690.0 6,650.0 

96 181.5 P5SiSL 9,130.0 7,950.0 

102 189.2 164.0 10, 750.0 9,300.0 

108 196.5 LOR 12 ,300.0 10, 800.0 

114 20355 176.3 14,400.0 12,500.0 

120 211.0 182.6 16 ,580.0 14,330.0 

126 21725 188.5 18,850 .0 16 ,330.0 

132 224.5 194.5 21,300.0 18,490.0 

138 231.5 200 .5 24,050.0 20,850 .0 

144 238.0 206.0 26,900.0 23 ,300.0 

* Constants for given size and n for velocity computations: 

Slope known. «0... 0 V = Kise 

Velocity known....... S = (V/K1)2 

+ Constants for given size and n for capacity computations: 

Slope known... 2.2.05 V= K28'2 

Capacity known...... iS = OME? 

have demonstrated that the values of the Weisbach-Darcy friction factor f and n 

in a partly full pipe are greater than for the same pipe when flowing full. The rela- 

tion between the two friction factors in partially full pipes is as follows: 

eae Ge 
Figure 23 is a hydraulic-elements graph, from a similar diagram by Camp, using 

the principle of varying n and f with depth of flow. The graph includes curves 
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showing the variation of the friction factors with depth from experiments of Wilcox 

and of Yarnell and Woodward, and certain measurements made by C. Frank Johnson 

in large sewers in Louisville, Ky. The graph also includes as broken lines the hydrau- 

lic elements based on a constant value of n, as commonly assumed in the past. 

36. Self-cleansing Velocities. A theoretical development by Shields*4 of the 

movement of particles in flowing water indicates that the force required to produce 

particle motion varies approximately proportional to the diameter and the submerged 

Values + ana? 
"ut full | 

(HO) NW Te IMS IS ©) 2224 (AS ASS HO) YA SIC SHS 

S ines 
——h,f variable with depth 

n,f constant ] 
+ 

Velocity for 

equal cleansing 

O Experiment by Wilcox 

and Yarnell and 

Woodward | | 
+ + 

Ratio of depth to diameter 
Estimated from 

4 measurements 

by C.F Johnson i 

= large sewers 

ial as ee jevitte . Ky, 

OPO Ore NO SMO4 MOS OG Of TOS MOOR ORE 27 AS 
} A r Hydraulic elements —— , —*—, 4— ana 

y Vruil Ofun Atutt Rtull 

it 

Fic. 23. Hydraulic elements of circular sewers. 

weight of the particles. The critical velocity has been expressed by Shields and Camp 

in the following formula: 

v= Nes g(s — 1)d = —— eee 

in which v is the mean velocity of the stream in feet per second, f is the Weisbach- 

Darcy friction factor, g is the acceleration of gravity in feet per second per second, s is 

the specific gravity of the particle, n is the roughness coefficient, R is the hydraulic 

radius, d is the diameter of the particle in millimeters, and 8 is a dimensionless con- 

stant varying from about 0.04 to start motion to about 0.8 for adequate self-cleansing 

of sewers. 
This Camp-Shields equation with a friction factor f of 0.025 for a pipe flowing 

full indicates that a 2-fps velocity will be capable of barely moving a coarse sand 

particle with a diameter of 1.8 mm or an organic material (specific gravity of 1.2) 

with a diameter of about 14.8 mm. For effective scouring at a 2-fps velocity, the 

maximum size of sand particle would be 0.09 mm, about equal to U.S. Standard 170 

sieve openings, and for organic material, 0.75 mm. 

Since sewers generally are designed on the basis of their capacity when flowing 

full, the provision of a velocity adequate for self-cleansing under these conditions 
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does not necessarily ensure prevention of deposits at all conditions of flow, especially 

during the early years when the tributary sewage quantities may be a small propor- 

tion of the design capacity. It may be desirable, therefore, to design sanitary sewers 

to provide scouring velocities for lower rates of flow, such as the estimated average 

daily rate of flow in the early years. 
The Camp-Shields equation shows that the scouring velocity decreases with 

increases in the friction coefficient. Since the friction coefficient increases with 

decreasing depth of flow in a pipe, equal cleansing ability will occur in partially full 

pipes at somewhat less than the critical velocity when flowing full. Based on these 

principles, a curve of the proportional velocity required for equal cleansing ability 

at all depths of flow has been added to the graph of hydraulic elements associated with 

TaBLe 20. Minimum GRADES FOR SANITARY SEWERS 

Slope, ft/1,000 ft (n — 0.013) 

Diam, 

in. Ordinary min* Extreme mint 

for velocity when for velocity when 

full = 2.0 fps full = 1.80 fps 

8 4.0 3.0 

10 2.8 2.0 

12 DP £26 

15 1.6 1.2 

18 1 0.95 

21 0) 0.75 

24 0.8 0.65 

30 0.6 0.47 

36 0.44 OnsT 

42 0.36 0.29 

48 0.32 Om25 

54 0.26 OF21 

60 0.24 0.19 

* Usual minimum requirements of state boards of health, ASCE Manual No. 37, 1960, p. 98. 

+ These grades should be used only where they will make pumping or excessive excavation unneces- 

sary and then with extraordinarily careful construction and operating precautions. 

a circular sewer (Fig. 23). This curve indicates that for a sewer expected to flow at 

all times greater than half full, no change in slope is required, but considerable change 

in the slope may be required to ensure self-cleansing when the minimum depths of 

flow are less than half full. 

37. Minimum Grades. It has been common practice, and in accordance with 

most state board of health codes, that the minimum slopes be such as to produce a 

minimum velocity of 2 fps when flowing full, based on the assumption that this veloc- 

ity will produce self-cleansing sewers. The assumption is generally borne out by 

experience, although some municipalities have experienced no serious problems with 

sewers designed with minimum velocities of about 1.5 fps. 

High construction costs sometimes warrant designing sewers with velocities less 

than 2 fps. The sewer grades normally considered as the desirable minimum and 

the flat test grades that should be considered in any well-designed sewer system are 

indicated in Table 20. 
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38. Maximum Velocities. Maximum velocities in sewers may be important 

because of the possibilities of excessive erosion on sewer inverts and occasionally 

because of the piling up of water or sewage at the lower end of a high-velocity section 

due to the abrupt reduction in velocity. The erosive effect may depend upon the 

material used in construction or upon irregular surfaces. Evidence is available that 

velocities in excess of 40 fps have been harmless to smooth, dense concrete and regular 

vitrified-clay surfaces. Considerable erosion may be caused by gritty particles at 

much lower velocities. A limiting velocity of about 10 fps is desirable for the usual 

materials of construction. Special construction may occasionally be required to 

reduce the velocity at the lower end of a steep sewer section, such as a series of drops 

or a specially designed hydraulic-jump chamber. These may be particularly desirable 

at storm-sewer outlets to prevent soil erosion. 

TaBLe 21. Hypraunic Facrors ror SEWER SECTIONS 

OTHER THAN CIRCULAR* 

Relative to : ‘ ; 
: 5 Hydraulic elements, ratio to height 

circular section 

Type of section — ———— ————— 

Capacity X Height Y Area x ented Hydraulic 
perimeter radius 

LESCE Salo wiall a rersenrste racic wre 0.96857 1.15783 0.60488 H2 2.80138H 0.21592H 

(Ohigo ko Waren rues tuck cin ere ee EO cee 0.95280 1.20782 0.56505 H2 2.72991H | 0.20698H 

DUAN and ego Mee wpe antec eee 0.91808 1.29456 0.51046H2 2.643830H | 0.19311H 

Semiuellipticalewrensacss nase 0.91603 1.02687 0.81311H2 3.33984H 0.24346 

ELOTSES HO Gren is. hwsenr te rere eal 0.95554 0.98499 0.84719H?2 3.33789H 0.25381H 

Basket: handle te: evar vc ees cen 0.98535 0.97922 0.83126H?2 3.25597H 0.25530H 

Modified horseshoe, type I... 0.92717 0.89166 1.06544? 3.80006 H 0.28037H 

Modified horseshoe, type II... 0.92522 0.88392 1.08646 H2 3.84140H 0.28383H 

Square (4 sides wet)......... 0.78540 1.00000 1.00000 H2 4.00000H 0.25000H 

Square (3 sides wet)......... 1.39626 0.75000 1.00000 H2 3.00000 H 0.33333H 

* Roperts, Bearp, Eng. News-Record, 72, 608-610, 1915. 

39. Sewer Sections Other than Circular. Circular sewers are commonest in 

modern construction practice. Some large sewers and many older sewers may have 

shapes other than circular. Certain noncircular sewer sections are shown in Fig. 24, 

with various hydraulic factors given in Table 21, wherein the factor X, for a partic- 

ular noncircular sewer section multiplied by the required capacity, gives the capacity 

of a circular sewer having the same velocity. The factor ¥ is the ratio of the height 

of the particular noncircular sewer section to the diameter of a circular section haying 

the same hydraulic radius. 

When required by special design problems, hydraulic-element graphs can be 

developed for these special shapes by computations following the general method, 

illustrated for circular sections by Fair and Geyer.*® 

40. Critical Flow. The theoretical considerations of critical flow are discussed 

in See. 2. Most sewer designs will involve flow in the “upper alternate stage,” at 

depths in excess of the critical depth, and critical flow is usually not a matter of 

concern. 
Stable flow in the upper alternate stage is assured when d/H = 0.75 and 

H =d + V?/2,. When the depth of flow is less than critical depth, and d/H = 0.5, 

the flow will also be stable, but it may be characterized as “shooting flow,’ and there 
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is greater uncertainty as to the estimates of losses of head. Between these ratios 

it is necessary to compare the ratio d/D with the critical depth itself in order to 

determine the stage of flow. 

It may occasionally be desirable to investigate critical flow, such as in a large 

steep sewer designed to flow partly full, and reference may then be made to discus- 

sions by Camp?° and Fair and Geyer.?7 

41. Head Losses Other than Friction. At various places in the sewer system 

there may be head losses other than friction losses. These may be due to turbulence 

or eddies produced by changes in velocity, direction of flow, or obstructions. The 
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Fig. 24. Typical sewer sections. 

commoner locations of special head losses are manholes, curves, changes in sewer 

size, and junctions of two or more sewers. 

Some engineers include allowance for the commoner losses by the use of a larger 

value of the coefficient n. More commonly a lower value of n is used and allowances 

are added for the special losses. There are very few data on actual measurements 

of special losses in sewers. Allowances for special head losses must be based on 

somewhat arbitrary estimates, drawing largely on data for pressure conduits. The 

bases for estimating the commoner special losses in sewers are outlined in the fol- 

lowing discussions. 

Transition and Junction Losses. Head losses at sewer transitions and junctions 

could be computed theoretically by the application of the momentum principle. 

In practice this refinement is obscured by the inaccuracies in estimating sewage-flow 
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rates; so resort is generally made to estimates of the head loss using empirical coeffi- 

cients applied to the change in velocity head. The best data available are given 

by Hinds,?® who recommends estimating the head loss in well-designed increasing 

velocity transitions at as low as 

and double this for decreasing velocity transitions. The magnitude of the loss is 

affected by the flare of the transition. Where practical, Hinds indicated that the 

angle of divergence between the center line and each wall be not more than 12.5 deg, 

especially for expanding transitions (i.e., decreasing velocity transition). Suggested 

values of the losses for ordinary sewer conditions are as follows: 

For increasing velocity transitions: 

and V, and Vz are, respectively, the velocities before and after the transition. Junc- 

tions can be treated as two or more transitions, with computations being made sep- 

arately for each incoming sewer. 

The necessary invert drop for all special sewer losses should be determined from 

the energy grade line using the following general formula: 

Invert drop =y= (a. + x) = (a + a) + h « 

where the subscripts uw and L denote, respectively, condition before and after the 

invert drop. Negative values of y, suggesting invert rises, are to be ignored and 

inverts matched in such cases. 

Manholes. Manholes are the commonest form of transitions, junctions, and 

changes in direction. Losses at changes in size or slope and for junctions can be 

estimated as discussed in the preceding paragraphs. Bend losses should be allowed 

as discussed in the following paragraphs. A minimum loss allowance of 0.02 ft per 

manhole having these characteristics is desirable, when invert flow channels are con- 

structed in the bottom of the manholes. 

Where essentially no change in conditions of flow occurs, as in straight-through 

manholes, with the formed channel depth at least 3/4D, the loss in the manhole 

may be neglected. 

Bends. Losses in bends can be expressed ash = K(V?2/2q), where V is the velocity 

when full and the loss is that in excess of the friction loss in an equal length of straight 

pipe. Data on the magnitude of the coefficient for open-channel flow are needed. 

Based largely on data for small pressure pipes, the following values of A appear 

realistic for 90-deg changes in direction: 

Radius to Center Line 

of Pipe K 

D 0.5 

2 to 8D 0.25 

For radii greater than about 10D the bend loss may be neglected. For less than 

90-deg bends, the coefficients may be reduced by the ratio ¢/90, where ¢ is the 

bend angle. 
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Increases in Pipe Size. These should be treated as transitions with the necessary 

invert drop based on computations using the energy grade line. It is not correct to 

match inverts. The frequent practice of matching the 0.8 depths is based on hydrau- 
lic elements determined with n assumed constant at all depths of flow and neglecting 

the transition loss. A more conservative procedure in small-pipe sewers with low 

velocities of flow would be to match crowns and neglect the transition loss. 

42. Nonuniform Flow. Flow in an open channel is considered uniform when the 

depth, cross-sectional area, and other elements of flow are substantially constant 

from section to section along the channel. The foregoing discussion of sewer hydrau- 

lies relates to uniform flow, which is the usual condition in sewers. 

Whenever the depth and other features of flow, such as the velocity, the cross- 

sectional area, and slope, vary from section to section, the flow is nonuniform or 

varied. Steady nonuniform flow exists when a constant quantity of water flows with 

variable cross-sections, slopes, and velocities. Under these conditions the surface of 

the water is not parallel with the sewer invert. 

The commoner examples of nonuniform flow in sewers include: 

1. The drawdown curve, which occurs near the free outlet end of a sewer in which 

the velocity increases toward the outlet. 

2. The backwater curve caused by an obstruction in the sewer such as a dam or 

by discharge into a body of water whose surface is above the normal level of flow in 

the sewer. A flattened grade in the sewer also will produce a backwater curve. 

In such cases, the velocity and surface slope decrease and the depth increases toward 

the obstruction or flattened grade. 

3. The hydraulic jump, which is the rise in the surface of the moving stream of 

sewage likely to occur when sewage moving at high velocity in a relatively shallow 

stream strikes a stream having a substantial depth and generally moving at a lower 

velocity. 

The first two types of nonuniform flow are the more common, and of them the 

backwater curve is perhaps the more important in that it frequently is the cause of 

surcharging in sewers. The hydraulic jump is not common, but it may be quite 

important under certain conditions. 

A profile of the drawdown or backwater curve can be computed by the application 

of the general formula for steady nonuniform flow in open channels 

Q = Arn VJ Rn? 

in which A,, and R,, are the average values of area and hydraulic radius for the two 

ends of the section of channel or conduit being studied. Consideration must be 

given to the shape and slope of the conduit, the quantity of flow, the coefficient of 

roughness, and the depth of flow at some known point. 

In the solution of any specific problem, use is made of the following procedure: 

1. The depth of flow at the outlet is computed. 

2. The depth of flow at a section at some selected distance upstream is assumed. 

3. The loss of head between these two sections is computed. 

4, The distance between the two sections is related to the difference in total head 

(depth of flow plus velocity head) at each section. If the computed factors check 

the assumed factors, they become known. 

5. The computation is repeated for the next section until sufficient points have 

become known to establish the drawdown or backwater curve. 

The procedure is general and is applicable to all conditions of steady nonuniform 

flow. It is limited only by the accuracy of the assumptions on which it is based. 
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CAPACITY DESIGN 

43. General Statement. The capacity design of any system of sewers involves 

three major steps: 

1. The preparation of a general plan showing the sewer lines and the area tribu- 

tary to each 

2. The determination of the anticipated sewage quantities for which capacity is 
to be provided 

3. The determination of proper sewer sizes and grades to carry the anticipated 

sewage quantities 

Procedures for computing sewage quantities have been given in the foregoing 

articles, and the application of hydraulics to sewer design has been discussed. In the 

following articles the practical application of sewage quantities and sewer hydraulics 

to a computation of sewer sizes and grades will be discussed. 

44. Sewer Systems. Four general types of sewer systems, each including trunk 

sewers, submains, and laterals, will be considered as follows: 

_ Sanitary sewers 

Storm sewers 

Combined sewers 

4. Intercepting sewers 

2 

Some considerations pertinent to the relative capacities of the several types of 

sewers are as follows: 

1. Sewers required to carry off the domestic sewage and industrial waste waters 

should be provided with ample capacity at any cost, as they concern public health. 

2. There is more leeway in determining the capacity of storm sewers as surcharging 

of these would back relatively clean storm water onto the streets. Thus there is 

a factor of convenience vs. cost as distinct from a factor of public health. 

3. Combined sewers should have larger capacities than separate storm sewers 

because of the public-health hazards and inconvenience from basement flooding. 

4. The capacity provided in storm or combined sewers to carry off storm water 

is in the nature of an insurance against inconvenience resulting from flooded streets 

or flooded basements. Thus the relationship between cost and capacity is pertinent. 

45. Maps and Profiles. An early step in sewer design requires an accurate map 

of the district to be sewered, on which should be given street lines, lot lines, waterways, 

and contours for surface elevations to outline the ground slopes and to permit the 

preparation of preliminary profiles. Such a map should be drawn to a reasonably 

large scale, around 200 to 400 ft to 1 in. Aerial maps are well adapted to prelimi- 

nary layout work and can be prepared at considerable savings over ground-survey 

methods where large areas are to be studied. Federal agencies, such as the agri- 

cultural stabilization and conservation service, have aerial photographs from which 

aerial mosaics may be prepared. 

Where aerial maps are available at a scale of 200 or 400 ft to 1 in., the original 

photography may be subsequently used to prepare plan strips along the selected 

routes on drafting films for the construction plans. In reasonably open terrain these 

are sufficiently accurate to reduce the surveying to construction layout surveys and 

easement surveys. In built-up areas a center-line survey and profile may be desir- 

able after the sewer location is determined. 

46. Sewer Design. An arrangement of the proposed system should be made with 

the sewers following the natural slopes by the shortest route toward the outlet of the 
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district. Sometimes, several preliminary arrangements may be required to determine 

the most suitable and economical plan. 
When the sewer arrangement is fixed, the subareas tributary to each lateral 

sanitary sewer or to each storm-water inlet, or other concentration point, should 

then be outlined and the areas determined by scaling or by a planimeter. Subarea 

boundaries must be located in anticipation of the probable future street and lot 

improvements within the sewer district. Sewerage for each lot must be provided in 

the layout of separate and combined sewers. 

Finally the sewer sizes may be computed by one of the several procedures outlined 
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Fig. 25. Typical sewer-capacity curves. 

in the following articles. Good engineering practice includes 8- and 12-in. pipe as 

the minimum sizes for sanitary and storm systems, respectively. Smaller sizes are 

more likely to become obstructed by debris, tree roots, and the like. 

In selecting the proper sewer sizes, it is helpful to determine first a general slope 

corresponding to the ground-surface slope. The final sewer invert slopes will be 

somewhat flatter over a long line of sewers than the ground surface, as part of the 

available fall must be used for the invert drops required to provide for special losses 

and changes in sewer sizes. The minimum depth of the sewer invert should, in 

general, be not less than 5 ft, or sufficient to provide a minimum cover of 2 to 3 ft. 

The depth for storm sewers is governed by the minimum required cover, and the 

depth for sanitary or combined sewers is determined, in many instances, by the 

necessity of providing drainage for basement plumbing fixtures, generally requiring 

a minimum cover of 7 to 8 ft. 
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47. Computation Procedure for Sanitary Sewers. A procedure for sanitary- 

sewer design which has been found useful is the adoption of a curve representing the 

quantity per acre for which capacity is to be provided, as illustrated in Fig. 25. Sucha 

basis-of-design curve is determined from the estimated population densities, the per 

capita sewage flows, the allowances for groundwater, and the like, as illustrated by 

the computations shown in Table 22. Obviously, any single curve will apply to only 

one set of conditions. 

TaBLe 22. Computation ror Unir per AcrE Capaciry—SANITARY SEWERS, 

ILLUSTRATIVE FOR Crty with FururE Torat PorpuLarion or 40,000 

Quantities for various areas, acres 

Item 

10 50 100 300 500 1,000 

Estimated concentration of 

future population per acre. 20 20 20 20 20 20 

Factor for uncertain develop- 

ment; (See igi siya sae oa 1.6 1.6 Lod L.3 12 1 lees | 

Basis of design population per 

ACLORE Cy aes KYA Ro aiins le agnor aces 32 32 30 26 24 22 

Estimated average daily per 

capita sewage flow—future 100 100 100 100 100 100 

Factor for peak flows: 

14 
Ce 4.1 3.6 3.4 3.1 2.9 2.6 

4+ /p* 
Per capita peak sewage flows. 410 360 340 310 290 260 

Total daily sanitary sewage 

flows, gal/acre (peak flows 

times basis of design popu- 

lation per acre).........»..|| 13,000 11,500 10,200 8,100 7,000 5,700 

Infiltration at 1,000 gal/acret 1,000 1,000 1,000 1,000 1,000 1,000 

Total sewer basis of design, 

gal/acre capacity ......... 14,000 12,500 11,200 9,100 8,000 6,700 

* » = total population for area in thousands. 

{ Illustrative figure only—actual to be carefully determined. 

It seems logical to use gad for the unit capacity of sanitary sewers, though some 

engineers prefer cfs per acre or per 100 acres. In certain cities, unit sanitary-sewer 

capacities considerably lower than those shown in the illustrative computation have 

been found satisfactory as a basis of design. Among these are the following: 

Madison, Wis. The original sewer system was designed in 1885. Data from 

the city engineer (1937) indicated the original design was reasonably satisfactory, 

some relief sewers being required only in commercial and more congested districts. 

All sewage in Madison is pumped two or more times, and determined efforts have 

been made to prevent downspout and surface-water connections to sanitary sewers 

and to reduce infiltration. 

The design of sewers in 1930 was based upon 100 ged with population densities 

of 25 per acre for light residential areas and 50 per acre for apartment districts, 

plus 25 percent for infiltration and allowance in the design for 100 percent overload. 
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Thus these two bases for the sewer flowing full become equal to: 

Area gad cfs/100 acres 

light residential. ......... 6, 250 0.96 

Apartments. 1... <srcgge es 12,500 1.9 

Later sewer designs for areas of anticipated heavy future development have been 

checked as to capacity by the engineers in the Madison Metropolitan Sewerage 

District, on the following basis: 

Population to be served............. 30 per acre 

Max hourlyaratesess cece uaa 300 ged 

Max rate of sewage flow............ 9,000 gad 

Infiltration. one aetna 2,000 gad 

Max rate of flow in sewer........... 11,000 gad 

or 1.7 cfs/100 acres 

Milwaukee, Wis. Engineers of the Sewerage Commission, city of Milwaukee, 

according to Ray D. Leary, Chief Engineer and General Manager, use the following 

criteria in designing main and intercepting sewers and in reviewing plans for sani- 

tary sewers: 

Description of Area Quantity of Sewage, gad 

1. Residential (10-14/acre) 9,700 

(15-20/acre 12,900 

Main sewers 19,400 

2. Commercial 60,500 

3. Industrial* 

5 acres or less 242 ,300* 

10 acres 129 , 200 

50 acres 32,300 

100 acres 23,900 

500 acres 11,000 

* Within 1916 city limits, use double these rates. 

Phoenix, Ariz. Bennett published a sanitary-sewer design curve (Hngineering 

News-Record, Oct. 14, 1948) ranging from 12,000 gad for 50 acres or less to 4,000 gad 

for 1,500 acres or more (see Fig. 26, curve 6), based on maximum-flow measure- 

ments in existing sewers. 

Columbus (Franklin County), Ohio. Curves 5 and 5a in Fig. 26 illustrate some 

experiences frequently found in highly developed urban areas where control of infil- 

tration has been a problem. Bradley (Proc. ASCE, September, 1928, p. 2065) pub- 

lished the design basis for sanitary sewers in Franklin County near Columbus, Ohio, 

with bases of design capacities ranging from 2.0 cfs per 100 acres for areas less than 

50 acres to 1.0 cfs per 100 acres for areas over 500 acres (curve 5, Fig. 26). In 1938, 

an investigation of the Franklin County sewers, then a part of the developed urban 

area of the city of Columbus, showed that the sewers were overloaded in wet weather 

because of infiltration from foundation drains, roof drains, and leaky sewers. A new 

design capacity 50 percent higher than the Bradley basis (curve 5a, Fig. 26) was 

considered desirable. Certain relief sanitary sewers were considered with capacities 

of 4.0 cfs per 100 acres (25,800 gad). 
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Los Angeles, Calif. The basis of design for sanitary sewers has been as follows: 

Sewage quantities Sewer capacities 

per acre per 24 hr flowing full, gal/acre 

Description of area 

we mi 15-in. and | 18-in. and 

g smaller* largert 

Residential, R-1 single-familyt.......... 0.004 2,580 5,160 2,800 

Residential, R-5 unlimited.............. 0.020 12,920 25,840 14,000 

CWomimerciala(all)lsan ose hye ceed acne eee 0.015 9,690 19,380 10,500 

Industrial, M-1 and M-2, light§......... 0.024 13,570 27,100 14,700 

| 

* Sewers 15 in. or smaller design to flow one-half full (7.e., 0.5 full eapacity). 

+ Sewers 18 in. or larger design to flow 0.85 full (7.e., 0.85 full capacity). 

t Two-, three-, and four-family zones should have unit capacities of two, three, and four times 

single-family zone. 

§ Major industrial districts—determined for each area. 

The reported Los Angeles basis-of-design data for sanitary sewers in single-house 

areas provide the lowest per acre sewer capacity of any major city (curve 7, Fig. 26). 

48. Footing Drains. Care should be taken in determining sewer-capacity require- 

ments where footing drains are permitted to be connected to sanitary sewers. In 

Peoria, Ill., investigation revealed rates of flow in a small sewer system during rains 

in excess of 25,000 gad, which were attributed to “piping” of surface water rapidly 

to the footing drains and thence to the sanitary sewer. 

49. Storm-water Allowances in Sanitary Sewers. In many cities the discharge 

of roof water into sanitary sewers occurs; so additional capacity should be provided. 

At Waukegan, IIl., where a house count in several sewer districts showed that 48 and 

92 percent of the houses had downspout connections, capacity was provided for roof 

water from 90 percent of the existing houses computed for a 15-min storm duration 

and a runoff of 80 percent. In other cases, allowance in sanitary-sewer capacities 

is made for runoff from courtyards. The computation of sewer sizes and slopes is, 

in general, similar to that for combined sewers with resulting unit capacities from 

40,000 gad for 500 acres to about 120,000 gad for 20 acres (Fig. 26, curve 3). 

50. Computation Forms. Computations for determining the required sewer 

sizes and slopes may be simplified by using a form similar to that shown in Table 23. 

The rate per acre, obtained from the curve previously adopted as a basis for the 

design, is entered in column 6 and is multiplied by the total area (column 5) to obtain 

the total flow rate (column 7) for which capacity is to be provided. Column 14 is 

the sum of the losses due to bends, manholes, junctions, and special structures. 

Where sanitary-sewer flow rates are to be computed from the population, as shown 

in Table 23, they may be computed directly on the design computation form by 

appropriate modifications to columns 4 through 7. 

61. Computation Procedure for Storm Sewers. Application of the rational 

method, which is discussed in Arts. 18 to 25, to the selection of sewer sizes and slopes 

may be simplified by the use of a form similar to that shown in Table 24. Values 

of the runoff coefficient relating to the total area tributary at a particular point are 

entered in column 6. The rainfall intensity (column 9) corresponding to the time 

of concentration (time of flow) (column 7) is obtained from a previously adopted 

rainfal] time-intensity curve. The rate of runoff per acre (column 10) is the product 

of the runoff coefficient (column 6) and the rainfall intensity (column 9) and is some- 
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times designated cz; whereas the total runoff for which capacity is required is the 

product of the total area (column 5) and the rate of runoff per acre. 

Where the hydrograph method is used for computing the capacity, as discussed 

in Art. 17, the weighted imperviousness is computed, requiring expansion of columns 

4, 5, and 6. The runoff rate is determined from standard design curves for various 

percentage imperviousness and flow times in the sewer and is entered in column 10. 

The rainfall-intensity column (column 9) is not used. 

If the storm-sewer capacity is to be based upon the arbitrary method in which 

a per acre runoff is selected for future conditions from experience with existing sewers 

as discussed in Art. 27, a rate per acre may be taken directly from a curve similar 

to that shown in Fig. 21, prepared especially for the city under consideration. In 

this case, columns 6, 7, 8, and 9 of Table 24 are not needed. This procedure is 

useful in the design of new and relief sewers covering substantial portions of a city 

already provided for storm water with combined sewers. Since this procedure does 

not include consideration of the time of concentration, care must be taken in the 

selection of the runoff curve to give due consideration to differences in surface slopes 

and the characteristics of individual sewer districts. 

52. Computation Procedure for Combined Sewers. Sizes and slopes of combined 

sewers are computed in the same manner as for storm sewers, with the exception that 

higher runoff values should be used. Also, some engineers add the estimated maxi- 

mum rate of sewage flow to the computed storm runoff to determine the required 

sewer capacity. However, this may be a questionable refinement since rainfall 

runoff is in the magnitude of 100 times the sanitary-sewage flow. 

53. Intercepting Sewers. Intercepting sewers are generally used in connection 

with a sewage-treatment project and serve as the collection system to take such part 

of the flow from existing sewers as may be necessary to eliminate objectionable 

waterway pollution. Intercepting sewers may be classed as follows: 

1. Sewers to take the flow from existing sanitary sewers 

2. Sewers to take the dry-weather flow and a portion of the storm flow from com- 

bined sewers 

The first class of intercepting sewer is essentially a trunk collecting sewer, directly 

connected to the existing sewers and designed to take the full flow at the peak rates 

that may be reasonably expected from the tributary areas within the design period. 

The basis of design of the second class of intercepting sewers is less easily deter- 

mined because of the rapid and large increases in the rate of flow in the tributary 

combined sewer system during rainstorms. The major problem is to determine how 

much of the storm runoff should be diverted into the intercepting sewer before the 

sewage diluted with rainwater is permitted to overflow through the old outlets into 

the waterway. 

Determination of the quantity of storm water to be admitted to the intercepting 

sewer requires consideration of the following principal factors: 

1. The pollutional characteristics of the sewage to be intercepted 

2. The quantity of sewage in relation to the minimum flow in the waterway 

receiving the overflow 

3. The use to be made of the waterway or body of water and the water quality 

desired, or required, in the waterway 

4. The extent, frequency, duration, and intensity of rainfall and resulting over- 
flow of sewage 

5. Considerations of cost 
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The design of large intercepting sewers must be based upon an extended investi- 

gation including both the capacity of the waterway to take pollution without creating 

objectionable conditions and experiences elsewhere in actual operation of similar 

intercepting systems. These questions will become more complex as the need for 

stream-pollution abatement increases. 

Some data on the capacities of intercepting sewers at various places in the past 

are summarized in Table 25. Generally, intercepting sewer capacities have been 

TaBLe 25. ComPaARATIVE Data ON INTERCEPTING-SEWER CAPACITIES 

Interceptor capacity at 

Ave date of ultimate design 
dry-weather 

sewage flow, 

gcd 
ged gad 

Minneapolis-St. Paul Sanitary District 

Main interceptor near plant, original 

Gesignyasi9;. Oi Ole seme renetee eters 4 51 368 5,650 

Revised by 1960 review of existing 

Bewers—2Z000). -o. aiaciscn ha ten iswaand tus a 173 342 4,260 

Wiheclingy Wr Views nae ee men ace ee. 280 665 9,200 

Spokane Washrecasenoe cs sack cn. wale 233 536 6,830 

Peoria, Ill., Kickapoo interceptor....... 145 407 3,859 

Beal OmmIN ie rete eave water dante canine 186 512 18,000 

FOC WOBULET MIN AY oy 15 eerie rears acres 120 420 12,200 

Wetrovelicheess sa. cers eo omarion 155 329 6,620 

350 to 500 ged based on the future population. However, in certain instances a 

much larger capacity has been considered desirable, as at Springfield, Ill., where the 

southeast intercepting sewer was designed for a capacity of twenty-five times the 

dry-weather flow or about 2,200 gcd, as it was anticipated at the time of design that 

the stream into which the overflow would discharge would flow into the future source 

of water supply. 

SEWER MATERIALS AND JOINTS 

64. General. Sewers are usually constructed as underground conduits, and 

their structural design is discussed in Sec. 7. Structural considerations affect the 

hydraulic characteristics of sewers principally through the selection of the shape and 

through roughness, or frictional resistance of the materials used in the construction. 

Most of the faults in sewers are traceable to poor construction methods leading 

to cracked pipes and leaking joints which lead to overloading the sewer system by 

excessive groundwater infiltration. 

55. Materials of Construction. The most commonly used materials for sewers 

are clay pipe and monolithic and precast-concrete pipe (plain or reinforced). Asbes- 

tos-cement pipe is being used in increasing quantities. Cast-iron, steel, corrugated- 

metal, and plastic pipes are also employed, usually where special conditions can be 

best met by properties unique to each of these materials. 

A more detailed discussion of sewer materials may be found in the ASCE Manual 

of Engineering Practice No. 37.7! 

56. Sewer-pipe Joints. The design of the joints in sewer pipe is extremely 

important to the proper installation of a sewerage system. <A tight joint becomes a 

necessity when treatment plants and pumping stations are added to a sewer system, 
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since hydraulic capacity must be provided for infiltration, which usually occurs at 

pipe joints, including house connections. An acceptable joint must be watertight, 

resistant to root penetration, resistant to corrosion, and durable and must provide 

for flexibility. 

At one time a simple cement mortar joint was considered adequate; however, 

the trend in recent years has been toward the use of rubber or neoprene gaskets in 

all sanitary sewers. Many shapes of gaskets have been developed and used with 

varying degrees of success. A gasket with a circular cross section retained in a 

groove on the pipe spigot has been used in almost all pressure pipe for some time, 

and its use for gravity sewers has been rapidly increasing. This joint is watertight, 

flexible, and durable and is relatively easy to make up in the field. 

A more detailed description of other common and special pipe joints may be 

found in ASCE Manual of Engineering Practice No. 37.7! 

657. Sewer Sections. The circular sewer section will, in general, be found the 

most economical, owing largely to its availability in precast pipe up to 10 ft in diam- 

eter. Pipes with elliptical cross sections, equivalent to circular pipe up to 10 ft in 

diameter, are available at a higher cost for use with the long dimension laid either 

vertical or horizontal, depending on the location. 

Larger sewers of reinforced monolithic concrete are frequently of horseshoe or 

semielliptical section, though in some cases other special sections have been used. 

The choice of the sewer cross section is governed by relative construction costs, with 

consideration given to possible operating difficulties where small flows, and hence 

low velocities, may be expected. 

58. Deterioration of Sewer Materials. The principal causes of the deterioration 

of sewer pipe are acid industrial wastes and hydrogen sulfide. Certain anaerobic 

bacteria can reduce sulfates, present in the sewage, to form sulfurous acid which 

accumulates in moisture on the pipe walls above the sewage. The acid attacks the 

cement and may ultimately destroy the concrete pipe. Deterioration from acid 

industrial wastes usually occurs in the bottom of the pipe. 

Problems with concrete-pipe deterioration are more prevalent where there are 

high sulfate concentrations in the water supply, or where there is seawater infiltration, 

where the climate is warm, and where low velocities of flow or stagnant sewage allow 

solids to settle out. The problem does not occur where pipes flow full, as in sewage 

force mains. 

Some methods of reducing deterioration of sewers are as follows: 

1. Provide scouring velocities which will reduce solids deposits and reduce surface- 
film accumulation 

2. Avoid excess turbulence which causes the release of hydrogen sulfide 

3. Provide ventilation of the pipe, thus preventing the accumulation of conden- 

sate on the pipe walls and reducing the concentration of sulfide gas in the sewer 

atmosphere 

4. Provide internal protection of pipe: 

a. Vitrified-clay liners 

b. Plastic liners 

c. Utilize fly ash in concrete 

d. Provide additional concrete cover on steel to allow for loss due to hydrogen 

sulfide 

e. Vinyl and epoxy coatings 

Discussions of hydrogen sulfide control and protection of pipes have been pre- 

sented by Pomeroy and Bowlus,?? by Parker,?° and by Santry.*! 
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59. Pipe Laying and Bedding. Proper laying of sewer pipe is important to attain 

properly aligned and smooth joints. The hydraulic capacity can be reduced by 

turbulence and increased friction losses resulting from poor pipe jointing. A detailed 

discussion of the structural design and bedding requirements for pipe in trenches will 
be found in See. 7. 

It should be noted, however, that particular attention should be made to the 

preparation of the pipe bed, the maximum width of trench at the top of the pipe, 

and proper compaction of backfill up to the top of the pipe. 

SEWER APPURTENANCES AND SPECIAL STRUCTURES 

60. General. The commoner sewer appurtenances include manholes, junction 

chambers, street inlets, and catch basins. Special structures used occasionally for spe- 

cific purposes include inverted siphons (depressed sewers), sewage-regulating devices, 

overflows, outfall structures, and tide gates. 

61. Manholes. Manholes are constructed to provide ready access into sewers 

for inspection, cleaning, and repairs. They are generally provided at changes in 

alignment or grade, at sewer junctions, and at such intermediate points that the 

distance between manholes will not exceed 300 to 500 ft, with the greater spacing 

on the larger sewers. 

Where one sewer joins another with a difference in invert elevations of 2 to 3 ft 

or more, a drop manhole is usually constructed to permit the sewage to fall vertically 

through a pipe placed just outside the manhole barrel and entering the manhole near 

the bottom, providing a minimum disturbance to flow and inconvenience to workmen 

who must enter the manhole. 

Standard manholes are shown in Figs. 27 and 28. Illustrative drop manholes are 

shown in Figs. 27 and 29. Details of a special bend manhole design used in recent 

work at Peoria, Ill., are shown in Fig. 30. 

To provide for the head losses resulting from the disturbance to flow caused by 

manholes, it is considered good practice to allow an additional elevation drop through 

the manhole. This drop is dependent on the velocities in the sewer and the degree 

of change in direction of flow and varies from 1 in. to as much as 8 In. 

62. Junction Chambers. Junction chambers for small sewers usually are man- 

holes, but special structures are frequently included for the junction of large sewers 

(42 in. and larger). The major hydraulic problem is the prevention of deposits and 

head losses incident to the checking of high velocity in one sewer by a lower velocity 

in another. Insofar as practicable, the velocities of flows should be the same in 

both sewers at a junction. To prevent backing up of flow in one sewer due to a 

higher elevation of flow in a larger sewer, it is usually desirable to bring the sewers 

together so that the 0.8 depths of both sewers will be at the same elevation. Where 

there is a change in the direction of flow at a junction, the upstream sewer is usually 

raised to allow for an additional head loss due to turbulence. 

As long as reasonable care is exercised to avoid sudden enlargements or contrac- 

tions, and changes of direction are accomplished by the use of smooth, easy curves, 

the hydraulic features of junction structures generally present no very complex 

problem for velocities up to 6 or 8 fps. A typical junction chamber is shown in 

[anes coe. 

63. Inlets. Street inlets, used to permit entrance of storm water from the street, 

should usually be located upstream of the crosswalk at each street intersection and 

at low points between streets. 

The time of entrance and hence the required capacity of the storm-water sewer 

may be controlled to a limited extent in flat areas by restricting the capacity of the 

inlet or by spacing the inlets at greater intervals. On steep grades the inlets must 
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be designed to catch the storm water as it flows along the gutter and to prevent objec- 

tionable accumulation of the water on lower property. 

It is frequently necessary, particularly on steep slopes, to depress the gutter at 

the inlet, but such depressions should be carefully designed to avoid traffic hazards. 

The maximum height of the inlet opening is limited by the curb height and the per- 
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Fic. 27. Drop manhole, Sanitary District of Bloom Township, Chicago Heights, IIl. 

missible depth of depression. Experience in many places indicates that heights 

of 4 to 6 in. are desirable. On steep grades, the inlet openings may be made longer 

than elsewhere to provide sufficient inlet capacity. 

Formerly, bar gratings were provided on the vertical openings of side inlets to 

prevent entrance of materials of sufficient size to clog sewers. Practice today varies, 

but with more paved streets there is a tendency to use clear openings with no bars. 

Data on inlet capacities are few, and quite generally the type and number of inlets 
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are determined by local experience. It is not feasible to check capacities closely by 

experimental installations, as partial clogging of the inlets by debris is frequent. 

Capacities of particular inlet designs should be calculated with various depths of 

flow. An inlet should be designed to pass the required design flow with the inlet 

50 percent clogged. 

A typical inlet design is shown in Fig. 32 and capacity data are given in Table 26. 
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Fic. 30. Typical special bend manhole for sewers 48 in. and larger in diameter. 

64. Catch Basins. Catch basins are used to retain solids washed off the street and 

prevent them from reaching the sewer. With the increasing number of streets being 

paved, the catch basin is being used less and less. 
In new sewer systems, with steep grades, catch basins may be omitted with a 

considerable reduction in the maintenance required. 
65. Inverted Siphons (Depressed Sewers). Sewers normally are constructed 

to grade and operate with the hydraulic gradient approximately parallel with the 

sewer invert. Occasionally it is necessary to construct a sewer under some obstacle. 

In this case, an inverted siphon may be used. A true siphon, carrying the sewage 

flow above the hydraulic gradient, is rarely used. 
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An inverted siphon, or depressed sewer, is a sewer constructed below the hydraulic 

gradient so that the sewer flows under pressure. Usually an inverted siphon includes 

one or more conduits, an inlet chamber, and an outlet chamber. The inlet chamber 

includes controlling devices to direct the sewage flow into the several conduits so as 

to develop self-cleansing velocities in them. 
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Fic. 31. Typieal junction chamber. 

The hydraulics of an inverted siphon relate to the velocities required to prevent 

the depressed sections from filling up with deposits. Either the velocities during 

minimum flows must be sufficient to prevent deposits, or the velocities during maxi- 

mum flows must be sufficient to scour out any deposits that may form during periods 

of low flow. A considerably higher velocity may be required to scour out deposits 

than is necessary to prevent their formation. 
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Experience in the design and operation of inverted siphons has indicated that 

velocities for the estimated near-future minimum dry-weather flows of short duration 

should not be less than 1.0 to 1.5 fps and that velocities during normal flows should 

not be less than 2 to 3 fps for sanitary sewers and 3 to 4 fps for combined sewers. 

When sufficient elevation difference can be obtained between the two ends of the 

depressed sewer section without undue cost and the sewage quantities are sufficient 

to create the proper velocities, a single pipeline may be used. However, it is usually 

uneconomical to use the required head to create velocity, and as the sewage flows vary 

over quite a range, the more economical design to obtain suitable velocities may 

TaBLe 26. Capacity oF STANDARD GRATING INLETS 

Capacity of 

Street Grade, % Inlet, cfs 

0 3 (AO) 

1 S200 

2 3.38 

3 3.20 

4 3.02 

5 2.85 

6 2.69 

tdi 2.53 

8 2.38 

9 72, PRS) 

10 PMP 

12 1.88 

14 cll 

16 I taf 

18 1.47 

20 1.40 

Note: Data are for an inlet 251% by 36 in. overall in plan, with 14-in. bars and 1-in. clear spaces. 

Bars placed parallel to curb. Two-inch local depression in pavement. Capacity figures are for no 

overflow past inlet. With a slight overflow the rated capacity may be increased 50 percent. 

include two or more pipes of different sizes. Some typical data for siphons are 

given in Table 27. 

The hydraulic design of an inverted siphon requires the determination of the 

following and their interrelationship: 

1. The present and future maximum and minimum rates of sewage flows to be 

taken through the depressed sewer. 

2. The difference in elevation in feet which is available or may be obtainable 

across the depressed sewer within reasonable limitations as to construction and 

operating costs. 

3. The head losses across the siphon for various sewer sizes with one, two, or 

three depressed conduits. 

4. The minimum and maximum velocities of flow for several combinations of 

sewer sizes. (If there is more than one pipe, the minimum flows may be taken by 

the smaller pipe, in which case the other pipe or pipes will have a minimum velocity 

of zero.) 

5. The pipe materials to be used in construction. This may modify slightly 

the conduit sizes, as the standard commercial sizes vary for different materials. 

The total head available to force sewage through the siphon at desirable velocities 

is the difference in water-level elevations in the two sewers on either side of the siphon. 

The total loss of head in a siphon includes the head loss at entrance and exit, at 
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bends, and at changes in cross section plus the frictional resistance along the length 

of the depressed conduit between the inlet and outlet chambers. 

One typical design of an inverted siphon for a river crossing at Appleton, Wis., 

is shown in Fig. 33. 

A detailed outline of the design of inverted siphons will be found in Ref. 34. 

66. Special Sections. Special sections are often used where the interference 

with the proposed sewer is not of sufficient degree to require an inverted siphon. In 

TaBLE 27. Dara on TypicaL INSTALLATIONS OF INVERTED SIPHONS 

| 

; Die. Max 
Place SMS ee] EGS 409 Pipe diam, in. Bev cen velocity, 

med ft invert fps 

elev., ft 

Arp DlebOn wey Vilseanerierctirs cairn ieee ee 950 1-15 Seal 4.8 

1-30 

hossAmaeles; Califa ai. sepact ean ere 36 800 1-30 0.4 4.6 

1-36 

Charlevioir  Wiich ss ccs. sen elect does iW 5955 210 2-8 4.30 4 

Gaxlisle ny Pat. Mpa wean sos hance a. whee eee 0.92 51.5 | 1-12 0.05 1.8 

(Winbaan lll terrence crn itiucatty serch Grane 5.8 42 1-12 

1-14 0.44 Pett 

1-16 

Boston, Mass.: 88 890 1-60 3.87 6.9 

Cirelseau reels 5 acc wis ensve eaten ee 320 1,000+ | 2-60 12.6 

Buffalo, N.Y.: 

1BI ROE Iavorel fe IBIENI ofepen. g Gon cu teemcnooaD e 570 545 2-96 1.58 8 

IB OUS EN COMAROU Is 4h A acecioe too O-b a 90 210 1-36 3.36 5.2 

1-48 X 77 sec. 

with 23.85 sq 

ft area 

Peoria, IIl.: 

Biphomean. wyarpecerces sei eee 62.5 185 1-30 0.88 4.7 

1-54 

SiphongBrre erratic ean ee 62.5 180 1-30 1.00 4.6 

1-54 

SEDDON Gi ecto racic en pe a aekbewssiacsrerr 62.5 318 1-30 25 4.6 

1-54 

SU OM LS y Meet 5 Paveatedeetan en 57.0 197 1-20 1.18 5.2 

1-48 

Sip ROMPLiawey timers oleeireewenn cia ts 57.0 228 1-27 1.60 5.2 

1-48 

ovo) sop Val Vics Ses iat at A Oe eae Sereda 57.0 183 1-27 aps 5.2 

1-48 

such cases it is often feasible merely to reduce the vertical height of the sewer by 

providing a transition from a circular conduit to a rectangular section. Relatively 

low head loss can be obtained by maintaining a constant cross-section area and 

velocity throughout such transitions. An example of a special section designed for 

use in Peoria, IIl., is shown in Fig. 34. 

67. Intercepting Devices. Intercepting devices are used to regulate the quantity 

of mixed storm water and sewage diverted from a combined sewer to an intercepting 

sewer. On occasion they may also be used to control and regulate overflows into 

a relief sewer. 
With the present emphasis on reduction in discharges from combined sewers to 

streams, these devices may be required less frequently. However, an understanding 
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of their design is also necessary to facilitate measures to control overflows from existing 

combined sewers. 
In general, an intercepting device will include a dam in the combined sewer, 

designed to divert all dry-weather flow to the intercepting sewer, and a regulating 

device to limit the quantity diverted when the combined sewer is also carrying storm 

runoff. The hydraulics of intercepting devices all include determination of the 

following: 

1. The quantity to be diverted, usually expressed as the average dry-weather 

flow and, as a maximum, this quantity plus one or more volumes of storm water 

a ; Hydraule grade: i, 
i Hydraulic gradent Elev. 715.81 
4 Eley. 712.70 

—— SSS SS SSS Ss 
48 je “elev. 709.50 eee Do ce 

SECTION B-B 

943" 

pales 

fale 10 [roxeiver | 
x ‘Standard L. Serre 7003 a 

ie aren Me = ye 
Inv. ek SS = a7 Lanne Fae omen | MIRBZG ee aaa 30"and 15" Pipe | leso 

9+50 8+50 1+50 2+00 +00 0+00 
PROFILE OF SIPHON 

Fic. 33. Profile of crossing, plan of inlet chamber, and plan of outlet chamber. 

2. The capacity of the combined sewer and the partial depth of flow corresponding 

to the quantity to be diverted 

3. The size and setting of the control device so that the variation in depths in 

the combined sewer will not result in excessive variation in the quantity diverted to 

the intercepting sewer 

The design of the intercepting device should have provision for adjustment so 

that the quantity intercepted can be modified as operating experience may indicate 

to be desirable. Some of the more commonly used devices are described in the 

following articles. 

68. Overflow Weir. Although commonly referred to as an intercepting device, 

the overflow weir actually comprises a dam whose purpose is to regulate the water 
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depth in a combined sewer at an interception point. Usually the weir is built on a 

diagonal in the combined sewer to obtain greater length. Regulation of the diverted 

flow is accomplished by an orifice or the throttling effect of the pipe connection to 

the intercepting sewer. All quantities are diverted as the combined sewage flow 

increases until excess storm water overflows the weir. This type of device is partic- 

ularly useful where the available head on the control is limited. Since the head on 

the outlet and hence the rate of diversion increase with the depth of flow over the 

————s 52°-0 = — 
SS ct ce a 50 

€ Spillway | 

Monhole Frame & Cover 
(Anchor frame to Slab 
with 2~ "4 Anchor Bolts) 

78°IRCP. = = =e 
I. E/ 448 86 A 2 Z ; 

(78° 4RCP cs | iw El 44889 
se 

th» A Typico/ 

% Sewer Joint 
: 2 

» 
» 
. 
2 XM 

Std 5'-0" + Removable 
Concrete Slab 

SECT. PLAN TOP PLAN 
Scole '4°=!-0" 

f= 6-6" Stee 9-6 a i 

60" 159% 2-6 cd fepe es 

t—Sym. about ¢ 

Gr E/ 458.0 | 

Coukwith NTT TTT Topiek 
rics thetl Ripra, Mastic Bee. 
» 
=~ 

. 
° 
© 

eh 
: 

1-0" Wide Pc. of Work Me) 
78° # RCP. 

SECTION A 
Scole %=-0" 

Fic. 34. Special depressed section. 

weir, the length of the weir materially affects the amount diverted in excess of the 

desired quantity. 
In addition to the general hydraulic data, the computations require special con- 

sideration of the probable increase in diverted flows above the desired quantity and 

the likely effect on the intercepting sewer capacity for various alternative lengths of 

overflow weir. The length and elevation of the weir are selected on the basis of these 

computations. Occasionally the importance of closely regulating the quantity of 

diverted flow will warrant constructing an overflow weir of considerable length, 

such as at the Broadway overflow chamber at Decatur, Ill. (see Fig. 35), but 

the expense of such long structures is not always warranted. The hydraulics 
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of this type of design has been considered on a theoretical basis by various hydrau- 

licians, and several formulas for practical application are given in some detail by 

Metcalf and Eddy.?? 

For intercepting chambers on small sewers, it has often been feasible to build 

the diversion weirs in manholes (see Fig. 36). Sometimes the connecting sewer to 

the intercepting sewer can be used as the control to prevent interception of quantities 

greatly in excess of the desired diversion. In other cases, additional control has 

are eS 
ve SECTIONAL PLAN PLAN 

v Standard manhele 
y frame and cover 

SECTION A-A SECTION B-B 

Where L is more than 9°0" 

Ira. 36. Standard intercepting chambers. 

been provided by using an adjustable gate as illustrated in Fig. 36, an orifice plate, 

or stop logs to throttle the discharge into the intercepting sewer. A more detailed 

outline of the design of an overflow-weir device may be found in ASCE Manual of 

Iingineering Practice No. 37.7! 

69. Leaping Weir. The leaping weir comprises an opening in the invert of the 

sewer of such dimensions as to permit the flow that is to be intercepted to fall through, 
the increase in velocity and depth at times of storm causing the storm water to pass 

over or leap the opening and continue along the sewer to the storm-water outlets. 

Figure 37 shows a typical design with adjustable plates to permit some modifica- 

tions in the quantity of intereepted flow. 

A diversion dam is not used, and this type device is particularly useful in existing 
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TION Ry 6 SECTIONAL PL 

@ 
a wr wen Standlard manhole 

40 4) — 
se A frame and cover aN 

SECTION A-A 

/ Bronze bolts 
5Reqa.-6"long each plate 

RY 

WS 

, >| Anchor y 

rod 

DETAIL OF WEIR PLATE DETAIL OF WEIR LIP 

Fic. 37. Leaping-weir intercepting chamber. 

sewers with steep grades. Considerable difference of elevation is required between 

the invert of the combined sewer and the connection to the intercepting sewer. 

The form and width of the weir opening will depend upon the depth of flow and 

the surface velocity at any point across the stream flowing in the sewer. The theory 

for this has been developed by McClenahan** substantially as follows (see Fig. 38): 

ai 
Upstream Downstream 

jo) = ‘ lip 

SEWER SECTION WEIR OPENING 

Fic. 38. MecClenahan’s formula for leaping weirs. 
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Let d = depth of flow, ft, at center of sewer (computed from Fig. 23 by propor- 

tional quantity data) 

d' = depth, ft, at any distance X from center line 

R = radius of sewer, ft 

L = distance across weir opening at center of sewer, ft 

Lx = distance across weir opening at any distance X from center, ft 

angle whose sine is X/R 
effective surface velocity, fps 

d’ =d — R vers 6 

SCS fl 

ZW * 

L = ya 
peed ia 
2d 

Ly = V NH 22 BT 
g g 

In a given sewer, the effective surface velocity may be somewhat greater than 

the mean velocity and may vary across the width of the stream. However, the 

uncertainties as to the exact flows in the sewers and the amounts to be diverted are 

sufficient to warrant ignoring the refinements relating to the variations in velocity 

across the section of the flowing stream. 

The usual practice is to construct the weir as a movable plate and to provide for 

adjustments of about 50 percent of the Z distance in each direction. Thus, at the 

Bond Street intercepting chamber in Springfield, Ill., the L distance was computed 

to be 7 in. and the weir plate was designed to provide an opening adjustable from 

5 to 11 in. 

To determine the dimensions for cutting the weir plate before it is bent into a cir- 

cular form, the Lx distances may be taken at a distance X’ from the center line, where 

In larger intercepting chambers, it is desirable to cut the weir plates to the com- 

puted forms, but in many cases in small sewers a simple circular cut will be suffi- 

ciently accurate. 

70. Orifice Control. The orifice control includes an orifice set horizontally (and 

occasionally vertically) somewhat below the flow line of the combined sewer. A low 

dam in the combined sewer diverts the normal flow to the orifice. The area of the 

orifice will depend upon the quantity to be intercepted and upon the distance that 

the orifice is placed below the crest of the diversion dam and may be computed from 

the orifice formula 

q = CA V2gh 

with C taken at 0.60. Experience in operation has indicated that orifices less than 

about 6 in. in diameter should not be used as they require excessive attention to 

prevent clogging. Figure 39 shows a typical installation. The loss due to the 

obstruction caused by the dam will depend upon the characteristics of any particular 

installation. The permissible loss is the difference in depth of flow required for the 

total flow in the combined sewer and that required for the total flow less the maxi- 

mum amount to be diverted. 

* This formula applies for distance across weir opening at center of sewer only. 
+ This formula applies for distance across weir opening at any distance XV from center of sewer. 
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The following velocity-head coefficients have been used in pumping-station 

designs with satisfactory results: 

Coefficient K in 

Type of fitting ip = He MG Authority 

29 

Gatenvalvien(wideopen)easreacius hus cn eer cree 0.19 Um. Wis. Bull. 252 

COREG EV BING ta aie mere ee geo ki As + Goes el eens ee es 3.0 =10..0 

Standard 90-deg bend (4 to 18in.).......... Se 0.25-0.40 “Handbook of Hydraulics,’’ King 

Long-radius 90-deg bend (4 to 18 in.)........... 0.20-0.35 “Handbook of Hydraulics,’ King 

Standard 45-deg bend (4 to18in.)............. 0.20—-0.30 “Handbook of Hydraulics,” King 

Standardsreducensuas amuse eee reece are 0.04* “Hydraulics,” Daugherty 

* Based on velocity head at smaller section. 

It will be noted that the check-valve loss is the largest and the most uncertain 

individual loss. Some data on measured check-valve losses are given in Table 28. 

TaBLe 28. CHeEcK-vALVE Losses 

(Loss in terms of velocity head in pipe) 

emelercieds Velocity in pipe, fps coe fee Ke 
valve, in. ¥ ey V2/2g es 

valve, ft 

12 2.84 OnL25 0.2 eG 

12 SO” 0.518 0.5 1.0 

14 5.8 0.53 4.6 8.7 

14 Gul 0.58 2.8 4.9 

16 5.0 0.39 3.0 dheth 

16 3.2 0.16 (053 1.9 

18 2.52 0.099 0.8 Sa 

18 S\Oo 0.40 Hat) 3.8 

Data derived from tests in pumping stations at Whiting. Ind.. and Urbana, IIL. 

Check valves are also undesirable as they sometimes clog and may be quite noisy. 

Sometimes the hammering, due to the rapid closing of the check valve, sets up unde- 

sirable vibrations in the piping. For these several reasons, the usual type of check 

valve may be replaced by an automatic cone or ball type of valve. Automatic cone 

or ball check valves in large sizes are relatively expensive. However, they afford 

good control of the closure speed and are especially desirable where long force mains 

are involved and water-hammer problems can be anticipated. 

In another type of design which has been successfully used in many medium- 

sized and larger pumping stations, discharge valves are eliminated entirely. The 

discharge pipe is extended above the sewage level in the outlet conduit and is then 

turned down so as to be sealed below the sewage surface. During pumping, the 

gooseneck acts as a true siphon and the static head is measured to the sewage surface 

in the discharge conduit. To prevent back siphonage from the conduit with the 

stopping of the pump, an electrically controlled siphon-breaking valve is provided at 

the top of the gooseneck. <A time delay should be incorporated into the pump- 

starting controls so that the pump cannot be started when backflow from the ver- 

tical discharge pipe is turning the pump in reverse rotation. 
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74. Force Mains. Frequently the discharge from the pumping station will be 
through a long force main. In this case, two factors must be given consideration, 
which may, at times, be somewhat opposing. On the one hand, the pipe must be 
small enough so that unduly low velocities and objectionable deposits will not result 
during minimum pumpage rates. On the other hand, there should be an economic 
balance between construction costs and operating costs which may require somewhat 

TaBLp 29. TyprcaL Computation To DretTeRMINE Size or Force MAIN 

Sewage quantities: 

Uh, A Gtaiheatsusn UCR). magn pam ado ows oe anda aed amen. 0.47 mgd 

2. Dry-weather flow (Dwf) 1930................ . 0.82 mgd 

Sea CAL VeaVeLrav ert Owe cn. eee ells eee ae 1.10 mgd 

Total average monthly pumpage............., 34 mg 

a Maxinnumerate LO4QUcr i uc mie sete arent cess 6.6 mgd 

Oh, Mies sroinenieyie, WEA)ss canpoonancg soocsoe esa Ae 13.2 mgd 

6. Maximum pump capacity, say................ 7.0 mgd 

7. Force main maximum capacity................ 13.2 mgd 

Force main: 

Teenie Ghinemeerescre Bape ehy a pee y mae ee Nr eee 21,000 ft 

Static lift (wet well to end of force main).. 11 ft 

Loss through P. sta (assumed constant).... 4 

‘Rotaleliitterieci ace ca seiwaaitec cee neets he 15 ft 

epaateee V. in F.M. eve eee Friction Losses, ft Total head, 

Diam. 3 fps j per 1,000 ft total ft. 
PM. 1.0 fps ing 

Oa een bane te sie min | Dwr | Mim | Max | 1970] Min | Max | 1970 | Min | Max eee 
pump.] pump.] max | pump.|pump.! max | pump.] pump.| 

pump.| max ity 

20 1.4] 972] 4.96 | 9.3 | 0.333] 0.58 | 0.33 | 6.4 | 21 7.0 | 134 | 440 | 22.0 |149 455 
24 2.0 | 1889 | 3.45 6.5 | 0.235) 0.41 | 0.26 | 2.63 8.5 5.5 55 178) 1-20.53) 70 193 

30 3.0 | 2083 | 2.20 4.2 | 0.157] 0.27 | 0.18 | 0.89 2.9 3.8 18.7 61 | 18.8 aie 76 

36 4.4 | 3056 | 1.53 2.9 | 0.107) 0.19 | 0.17 | 0.37 1.2 3.6 7.8 25 | 18.6 | 22.8 40 

Head considerations indicate force main size should be 24 or 30 in., depending on relative costs (see below). 

ComMPARATIVE Cost or Force Marns 

I Construction} Fixed charge Daceannekh Total annual 

eae cost at 714% | ; cost 

24-in. force main, pipe line only............ $133 ,000 $10,000 $4,040 $14,040 

30-in. force main, pipe line only............ 145,000 10,900 | 3,700 14,600 
| 

Use 30-in, force main. 

larger pipes. Table 29 shows an illustrative computation to determine the size of 

a force main. 

75. Pump Selection. The head-discharge conditions will not be the same for 

all pumping units within a given station, but for most situations it is sufliciently 

accurate to assume that the head conditions will vary with the total station pumpage. 

Some preliminary assumptions are necessary as to the number of pumping units and 

their respective capacities in order to compute the hydraulic losses. On the basis of 

these computations, preliminary head-discharge curves may be prepared representing 
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Discharge, per cent of discharge at maximum efficiency 
0 20 40 60 80 100 |20 140 160 

2 140 
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5 z Lest 
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Ss tT J al = pe] 
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S 7. bo eee Z Bip o\ ‘ | 
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Fig. 48. Pump characteristics. 

the anticipated performance of the pumping station. These preliminary head- 

discharge conditions should then be compared with head-discharge curves for pumps 

likely to be available. A typical pump selection is shown in Fig. 42. General 

characteristics of several classes of pumps are shown in Fig. 43. 

76. Other Design Considerations. The foregoing brief discussion of pumping- 

station design touches on matters of hydraulic significance. A complete discussion 

of all phases of design and sewage-pumping facilities is beyond the scope of this 

handbook and would cover such additional items as follow: 

Screens vs. comminutors for protection of pumps 

Flowmetering 

3. Ventilation, particularly as regards the wet well, and odor control for exhausted 

Ne 

air 

4. Facilities for chlorination 

5. Automation of pump operation and variable-speed drives 

6. Prefabricated steel pumping stations for smaller capacity requirements 

7. Storm-water pumping facilities 

For additional discussion of such matters reference should be made to other sources, 

such as “Design and Construction of Sanitary and Storm Sewers,’? ASCE Manual 
7 

of Engineering Practice No. 37. 
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SECTION 41 

SEWAGE AND WASTE-WATERS TREATMENT 

By SamMugEu A. GREELEY,* WILLIAM E. STANLEY, AND KENNETH V. HILL 

INTRODUCTION 

This section covers the application of applied hydraulics to a limited number of 

basic types of treatment processes. The applications of hydraulics, discussed here, 

are related mainly to treatment plants for municipal sewage and such process waste 

waters as may enter municipal sewers. Most of the application procedures would 

also apply to industrial waste-water-treatment plants. 

THE SEWAGE AND WASTE-WATERS DISPOSAL PROBLEM 

1. Sewage and Waste-waters Disposal. Waste waters from communities 

(sewage) and from industries (process wastes) have been permitted to flow by gravity 

or have been pumped into waterways for disposal. This practice was reasonable so 

long as the pollution introduced by the sewage, or process wastes, did not cause a 

danger to public health, a nuisance, a water-resource impairment (or recreational 

use), or uncompensated damage to property. 
2. Sewage and Waste-waters Treatment. Treatment of sewage or process 

wastes constitutes the correction factor between the quantity of pollutional material 

in the waste waters and the capacity of the waterway to assimilate pollutional material 

without causing objectionable conditions. The pollutional matter is in part inorganic, 

in part organic of animal or vegetable origin, and in part living organisms, largely 

bacteria; it comprises matters in suspension and matters in solution. 

Nature provides for the conversion in waterways of the organic matter into inor- 

ganic matter. Oxygen, an important requirement in this conversion, is supplied 

from the water. The water absorbs oxygen from the air through its surface, the 

amount increasing as the surface becomes turbulent, and the polluted stream also 

may receive oxygen from tributary streams and from the life processes of algae. If 

the supply of dissolved oxygen is sufficient, so that the oxygen demand of the organic 

matter does not eventually exceed or nearly exceed it, the conversion of organic 

matter proceeds normally, without objectionable conditions. 

Many field investigations and analyses have been made of surface waters and of 

seawater to determine the pollution-assimilation capacities of the natural waters. 

Increasing numbers of investigations are being made of marine disposal of waste 

waters into seawater, at bays and estuaries or offshore. 

Other pollution factors which determine the need for waste-waters treatment 

include the visual nuisance of objectionable floating matter; deposits of suspended 

solids which form sludge banks; poisonous or discolored wastes from industries; and 

especially the bacterial pollution which is dangerous to water supplies, bathing and 

recreation, shellfish, and the public health. 

The objectives of sewage and waste-waters treatment include (1) the removal of 

floating and suspended solids; (2) the removal of pollutional matter in colloidal 

+ Deceased, 
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dissolved state, when required by receiving waters; (3) the reduction of bacteria; 

and (4) the stabilization and disposal of the settled solids removed. 

The treatment problem comprises five main parts: (1) a determination of the 

extent or degree of treatment necessary and the most economical or advantageous 

treatment process; (2) computations of plant capacities and plant hydraulics; (3) 

choice of equipment and design of structures; (4) construction of treatment facilities; 

and (5) operation and maintenance of the plant facilities to produce adequate results. 

Commonly used methods, structures, and equipment are described briefly with 

principal emphasis on the hydraulic design of the various treatment-plant elements. 

SEWAGE QUANTITIES AND CHARACTERISTICS 

3. Flow Rates for Plant Design. Normal quantities of municipal sewage and 

rates of flow are given in Sec. 40. The ratio of the maximum to the average yearly 

rate of flow to be passed through each element of a treatment plant determines the 

capacities of plant elements and the hydraulic losses. The following ratio figures 

represent reasonable engineering design practice: 

Ratios of Max Hydraulic Capacity* 

Type of Treatment to the Basis of Design Rate of Flow 

iPlainysedimentationstankssa- eae ore or tese ke cameras 2.5-4.0 

iChenical-treatment plantain, ce: cs te eta oat aioe eae 2-5 

Activated-sludge-treatment plants: 

Screens, grit chambers, preliminary settling tanks.......... 2.5-4.0 or more 

Acrabionsunitsiand final ica Wisi sem fern ie einen hemes nelte 1.5-2.0 

‘Trhekling filter plants ince ne tte oo nh hoe eae een oe oe as 2.5 

* Hydraulic capacity provided in pipes, channels, and openings to take maximum rates of flow. 

The maximum rates of flow permitted to pass through a treatment plant may be 

controlled by overflows or bypasses. Computations of these hydraulic losses would 

be separate from those for the treatment plant. The minimum rates of flow through 

the treatment plant will be determined by the actual flows from the sewers and can- 

not be avoided, except in those cases where the flows are pumped to the treatment 

plant, in which cases the minimum pump capacity determines the minimum flow rate. 

Adequate velocities, aeration of channels, or other means must be provided to 

prevent objectionable deposits in conduits at minimum rates of flow. 

4. Sewage Characteristics. Municipal sewage may be considered as soiled water 

plus limited quantities of industrial-process wastes, the water content comprising over 

99.9 percent of the total volume. The pollutional material consists of large floating 

matters which are usually removed by screening, heavy inert material called “grit’’ 

which is removed by a grit chamber, and fine particles in suspension or solution. 

A portion of suspended matter may be removed by plain sedimentation, and a larger 

portion including dissolved matter by chemical or biological treatment. 

Laboratory analyses include a number of chemical, mineral, and biochemical 

characteristics. The two most important characteristics are the suspended solids 

and the biochemical oxygen demand (BOD), with reference to basic capacity factors 

in treatment-plants design. Typical per capita quantities of these two characteris- 

tics may be as shown in the table at the top of the next page. 

The use of home garbage grinders is increasing, and their effect on sewage charac- 

teristics for any particular community should be determined. In general, it appears 

that the unit quantities of suspended solids and 5-day BOD in the foregoing table 

may be expected to increase from 20 to 40 percent and 10 to 40 percent, respectively, 

because of the presence of home-ground garbage in the municipal sewage. 

5. Effect of Industrial Waste Waters. Liquid wastes from industries vary in 

amount and strength within a given industry and vary in characteristics according 
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Lb per Capita Daily 

Item (Municipal Sewage) 

Suspended solids: 

Separaterse werstancce mae Wancie,cortet: mira icin eee nt Nein, lence 0.17 (46) 

Cormbinedtsewersimear. ters nti ote st) eee ee ee ere: 0.33 (44) 

5-day BOD: 

Residential areas only, with separate sewers ............ 0.12 (48) 

Residential cities including ordinary commercial establish- 

ments, with separate sewers ....6..000.540 0s Ou nes on 0.17 (16) 

Residential cities including ordinary commercial establish- 

ments, with combined sewers: «0... 5.0.2. ba seouaccee ces 0.25 (34) 

Manufacturing city, with no large special industrial wastes 0.33 (14) 

Industrial wastes (frequently quite high)............... 0.33-0.50 (14) 

to the type of industry. Certain industries have waste waters with characteristics 

high in suspended solids, dissolved solids, and biochemical oxygen demand. Some 

industries produce wastes with one or more of the following characteristics requiring 

specific waste-waters control and treatment: high temperature, flammable matter, 

toxicity, salinity, acidity, alkalinity, grease and oil, taste, odor, color, and bacteria. 

Some industries recover material from waste waters for reuse or to process into by- 

products. Usually, special industrial waste-water surveys are required. 

For purposes of indicating the possible effect of industrial waste waters, approxi- 

mate average quantities per production unit, for a number of selected industries as 

to volume, the suspended solids, and biochemical oxygen demand, are given in 

Table 1. 

TasuLe 1. APPROXIMATE AMOUNTS OF POLLUTIONAL MATTER 

FOR SELECTED INDUSTRIES 

Lb per unit 

Taduetry Production Gal 

unit per unit eeroeaded 

: BOD 
solids 

BYE WelVics crarcntuckiurk cekemie vedio ceeleus | ere bbl 320 bees Se 

Cannery: 

FAR DALATUSs cae wet ioe Ce ee cree ene Case 70 0.02 0.06 

Rinmpkineandisquashiy.. tose seer Case 25 0.38 1.3 

PAM A) DEANS poster es sessiis echayse saree scot Case 250 0.88 0.40 

Wistillery: erate. cyeew + hese w ne tee poe ene cee Bushel 600 0.45 0.58 

LOPS Ys bala eames ap Ry ony aes epee nrat arco can ate eee 100 lb dry 400 ent 4.0 

Meat: 

PACKINGHOUSE caries Fare ees rere 100 hogs 550 2.8 4.1 

Slaughterhouse oi. sk wneud Oa ee 100 hogs 160 2 3.0 

Milk: 

Generslidarrynea sincere: nesters ti asavche 1,000 lb 340 1.8 yew 

CHEESE CTOLY y.ci0d sas atid File arb toddl ae ees 1,000 1b 200 1.0 ey 

(Oy ike aba the veda ewe a comes ccna eee es nh Reet enna bbl of crude oil 770 0.24 0.10 

PAPEL, DICACH EC srericlelane ser) cates ethene Ton 47 ,000 44 Gigi 

TROON) Ap ete eerie che Blam ach euschte Ray eehe Miegeary Ont 1,000 chickens 6,000 25 12 

Tannery, vegetable tanning............. 100 lb of hides 300 16 8 

It is outside the scope of this section to discuss industrial wastes in detail. In 

general, the hydraulic problems for process waste-waters-treatment plants are simi- 

lar to those for municipal sewage plants. 

Industrial waste waters discharged into public sewer systems must not exceed 

the hydraulic capacities of sewers or treatment-plant limitations, nor should they 
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damage sewers, structures, or equipment. Some waste waters may not be amenable 

to treatment in the municipal plant. 
There have been great increases in the manufacture of synthetic products pro- 

ducing organic chemical waste waters, frequently termed “exotic’’ wastes. For a 

great variety of these liquid-process wastes there is limited information as to charac- 

teristics and effective treatment processes. Various industries have increased the 

production of radioactive wastes. These are closely regulated by state and Federal 

agencies. 

6. Sludge Characteristics. Sludge, comprising the solids settled in bottoms of 

tanks, has a high water content; is putrescible with high concentrations of organic 

solids, bacteria, and other organisms; and requires special consideration in the design 

of the sludge-handling elements of treatment plants. 

Sludges vary in quantity and characteristics depending on the composition of the 

waste waters and the type and extent of treatment processes. Typical percentages 

of solids, by weight in a given volume of settled fresh sludges and digested sludges, 

from residential cities, for some illustrative sewage-treatment processes are as follows: 

% solids by weight 

Treatment process 

Settled | Digested 

sludge sludge 

Plain sedimentationia.nceeo er van rice eran 2.5-5 10-15 

Plain sedimentation and trickling filters*.........../ 3 -6 10 

Activated: shidge* <2. ses oo eae Somes 4-5 6- 8 

Chemical precipitation.4..0 25 « gor. sas 0 oe gee eee 2 =5 10 

* Humus or activated sludge mixed with plain sedimentation sludge. 

Sludge thickeners are often used to reduce volumes, and their use results gen- 

erally in considerable economy in sludge-disposal processes. Thickening of settled 

sludge reduces the sludge volume by increasing solids concentrations, which generally 

results in higher solids loadings, per cubic foot of digester capacity, lesser sludge 

volumes in ocean disposal, and reduced chemical requirements for sludge dewatering. 

The following percentages are typical results in thickening settled sewage sludge: 

Thickened Sewage Sludges, * 

Treatment Process % Solids by Weight 

Plaingsedimenta tions afer et ai ennai ere 8-10 

Plain sedimentation and trickling filters............ 7-9 

Activatedtshitd pe:tin sm peser Sic: emcees are acer 5-8 

Modified activated sludge. .......-.....0-...5-.4- 8-12 

* Raw primary sludge at 10 percent solids is difficult to pump. The addition of secondary solids or 

digested solids has the effect of a lubricant making it possible to pump up to 14 percent solids through 

piping systems with short suction lines. 

PLANT ELEMENTS AND TREATMENT PROCESSES 

7. Introductory. Treatment-plant hydraulics depend upon the treatment pro- 

cesses, the arrangement of plant elements, and the topography and shape of the 

treatment-plant site. Brief descriptions of the more commonly used plant elements 

and treatment processes are included, but no attempt has been made to include 

all varieties. 

Continued increased presence of detergents, radioactive materials, exotic chemi- 

cals, and toxic substances in liquid waste waters will require the expansion and 
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modification of many present sewage-treatment processes and the development of 

new ones, as some waste waters are not amenable to treatment in many present plants 

or by natural purification processes. 

In most states the review and approval of designs of sewage works are influenced 

largely by ‘‘Guides for the Design of Sewage Works”’ or ‘““Recommended Standards.”’ 

The “‘Recommended Standards for Sewage Works’ adopted by the Great Lakes— 

Upper Mississippi River Board of State Sanitary Engineers are used officially or 

unofficially in many states. Recently, many new state and federal water-quality 

standards have been promulgated. 

8. Dilution. This process comprises the mixing, dispersing, and dilution of 

sewage or industrial liquid wastes into a body of water. When the quantity of 

pollutional matter is too great, the self-purification capacity of the body of water is 

overloaded and artificial treatment becomes necessary. Aerated stabilization ponds 

are being used in greater numbers in recent years, as a type of dilution. 

The Metropolitan Sanitary District of Greater Chicago has experimented with 

a floating mechanical aerator to add oxygen to the Chicago River to assist the natural 

purification processes (Fig. 1). 

Fie. 1. Experimental river aerator. (Yeomans.) 

9. Coarse Screens. The relatively large suspended solids in sewage and waste 

waters are removed to protect the operation of mechanical equipment and to prevent 

clogging of flow channels in following treatment elements. The materials are removed 

by manually or mechanically cleaned screens, or racks, made of parallel steel bars 

spaced 34 to 2 in. apart (Fig. 2). A combination type of sereen and comminutor has 

a comminuting machine which travels up and down on the screen (Fig. 38). 

10. Comminutors. Comminutors may be used instead of coarse screens. There 

are two commonly used types: (1) bottom outlet with either vertical or horizontal 

discharge (Fig. 4, horizontal discharge) and (2) straight-through flow (Fig. 5). Com- 
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Tr uf | 

H 

Fic. 2. Mechanically cleaned bar screen. (Link Belt Co.) 

minutors generally should be placed after grit chambers unless some special condi- 

tions make it preferable to place them ahead. 

11. Grit Chambers. Grit removal from waste water is essential to prevent 

abrasion of moving equipment, and especially formation of grit deposits in digestion 

tanks. 
The principal grit-removal devices include long velocity-controlled horizontal- 

flow grit-collector channels (Fig. 6) (also Art. 36) and gravity separation tanks, 

rectangular or square. Aerated tanks or channels (Fig. 7) and centrifugal separators 

or cyclones, such as Dorr-Oliver (Fig. 8), have been used. Grit with less than 10 

percent putrescible organic matter may be removed from grit by a washer, such as 

an inclined-screw conveyor (Fig. 6) or a reciprocating-rake classifier. 

12. Fine Screens. There is presently only limited use of fine screens in the form 

of revolving drums, disks, or traveling bands, or screens with openings 346 in. or 

less in the treatment of sewage. They have been used, sometimes, for screening 

settled sewage ahead of trickling filters, or the final effluents from activated-sludge 

plants. They have been used extensively in the screening of industrial waste waters 

such as those from canneries, tanneries, poultry processors, packinghouses, and 

breweries. 

13. Grease and Oil Removal. Unemulsified oils and greases tend to rise to the 

surface of waste waters and may be removed by skimming, usually from the surface 

of sedimentation tanks. The removal of large quantities of oil and grease of indus- 
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Fic. 3. Bar screen and comminutor. (Chicago Pump Co.) 

ia. 4. Comminutor, bottom outlet with horizontal discharge. (Chicago Pump Co.) 



Fre. 5. Comminutor, straight-through flow. (Worthington Corp.) 
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Fic. 6. Mechanically cleaned grit channels and grit washers. (Link Belt Co.) 



\ 

PLANT ELEMENTS AND TREATMENT PROCESSES 41-9 

Fic. 7. Aerated mechanically cleaned grit channel. (Chain Belt Co.) 
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Via. 8. Centrifugal separator. (Dorr-Oliver, Inc.) 
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Fie. 9. Grease separator by air flotation. (Chain Belt Co.) 

trial-waste origin can be increased greatly by a short aeration period with or without 

chlorination ahead of the sedimentation tanks. 

Commercial grease air-flotation units (Fig. 9) may be suitable for particular 

industrial waste waters, especially in an industrial waste-waters-treatment plant, 

or for pretreatment at the industry, to meet requirements for waste-waters disposal 

into combined or sanitary sewers. These units are of three types, operating (1) at 

atmospheric pressure, (2) under pressure, or (3) under vacuum. 

100 

Suspended solids 
80 

Ss 
S € 60 
a 

fc 

- —__— orn 100-200 p.p.m. 
os jnflue™ fe) e 

0 ] a 3 4 5 6 7 
Displacement period, hours 

Fic. 10. Suspended-solids and 5-day-BOD removal vs. displacement period, hours. 
(After G. J. Schroepfer, Sewage Works Journal, vol. 5, no. 2. 
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14. Plain Sedimentation. The removal of suspended solids in a sedimentation 

tank depends upon many factors in design including (1) hydraulic distribution of 

flow and (2) conditions significantly affecting the characteristics of the waste water 

in the sedimentation process. 

Figure 10 indicates the approximate relationship of detention period and the 

concentration of suspended solids upon the percentage removal of suspended solids 

and 5-day BOD from sewage. 

Current design practice for settling tanks gives more weight to surface loading 

(sewage flow, in gallons per day, divided by tank surface area in square feet), often 

designated ‘‘overflow rate’’ or “settling rate.’’ Some experience data on suspended- 

solids removal from sewage vs. “overflow rate’”’ are shown by Fig. 11. 
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Fic. 11. Suspended-solids removal vs. surface overflow rates. (ASCE Manual of Engi- 
neering Practice no. 36, Fig. 6, p. 93.) 

Design of primary settling tanks has been generally based on the expected per- 

cent removal of BOD from sewage, as determined by Fig. 12. 

The “Ten-state Standards” do not specify a detention period, except for Imhoff 

tanks, which should have a detention period of at least 2 hr. Instead of detention a 

depth is specified. Thus, ‘‘the liquid depth of mechanically cleaned settling tanks 
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Fre. 12. BOD removal vs. surface settling rates. (‘‘Ten-state Standards,”’ Fig. 1.) 

shall be as shallow as practical, but not less than seven (7) feet. Final clarifiers for 

activated sludge should not be less than eight (8) feet.” 

The following table illustrates the detention periods (in hours) corresponding to 

the ‘“Ten-state Standards’’ for surface settling rates with settling tanks having 

liquid depths of 7, 8, and 10 ft: 

Detention periods, hr, 

Settling rate, for a liquid depth of 

Type of tank gal/sq f{t/day 

(sewage) 

GiG 8 ft 10 ft 

AERO gan: W alcove Sitar & renee 600 aot ae 3.0 

VRS Ey ithe eu Gen Ooh Eee ere 800 6} 1.8 2225 

Intermediate.......... 1,000 R25) 1.4 ato 

Plain sedimentation, designated “primary treatment,’’? may be the only waste- 

water treatment required when receiving waters can assimilate the settled effluent 

satisfactorily. Storm-water tanks may be used for the same purpose in providing 

partial treatment of overflows from combined sewers or storm sewers. Plain sedi- 

mentation tanks are used as a primary step to ‘“‘secondary-treatment’’ processes. 

Sedimentation tanks, in general use, comprise either rectangular (Fig. 13) or round 

structures with mechanical means of sludge and scum removal. 

The same type of tank is used for ‘‘final sedimentation’’ (see Art. 22), except that 

scum-removal equipment is not usually necessary (see Fig. 14). 

15. Chemical Treatment. Chemical coagulation of waste waters to increase 

effectiveness of sedimentation is used occasionally where greater removal of sus- 

pended solids and BOD is required as with seasonally higher concentrations. Chemi- 

cal treatment of sewage may find increased use with availability of cheaper chemicals 

or as an aid to other processes in tertiary treatment, for the relief of overloaded 

trickling-filter or activated-sludge plants, and for many industrial waste waters. 
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Fic. 13. Primary sedimentation tank, mechanical sludge and scum collector. (Chain 
Belt Co.) 

The hydraulic computations for chemical-treatment plants are related closely to 

plain sedimentation, except that lower plant velocities through inlets are used to 

avoid breakup of chemical floc and a flocculation tank element is usually included. 

16. Flocculation. Air or mechanical flocculation with or without chemicals 

ahead of or in conjunction with sedimentation is sometimes used to increase sus- 
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Pia. 14. inal sedimentation tank, mechanical sludge collector. (Link Belt Co.) 

pended and colloidal solids removal, as much as 10 to 30 percent, depending on char- 
acteristics of the sewage or waste waters. In chemical treatment, the chemicals 
should be well mixed and allowed to flocculate for a detention period of 20 to 90 min 
depending on the sewage characteristics. Depths of facilities are generally determined 
by the aeration or the mechanical flocculator equipment. . Hydraulic losses are ecom- 
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puted by methods similar to sedimentation tanks, except that the water levels are 

usually controlled by the following settling tanks so that outlet weir losses are avoided. 

Outlet weirs are not desirable as they tend to break up chemical floc. 

17. More Complete Treatment Methods. Several methods are available for 

greater reduction of the pollutional components of waste waters, which depend on 

biological oxidation of the putrescible organic matter, in suspension and in solution, 

by living organisms. Among the more complete methods of sewage, and some 

industrial waste waters, treatment are the following: 

Irrigation, broad and spray 

Lagoons and oxidation ponds 

Sewage filters 

Intermittent sand filters 

Trickling filters 

Rotary mechanical fine screens 

Activated sludge systems 

Conventional 

Step aeration 

Modified or high-rate 

Completely mixed 

Disinfection and chlorination 

18. Irrigation. Broad irrigation or spreading of sewage and waste waters over 

land areas, usually after plain sedimentation, is an old method of sewage disposal 

not now used extensively in this country. Spray irrigation has been used success- 

fully by some canneries and other industries in a few places for disposal of liquid 

wastes, and is being proposed for plant effluent disposal. 

19. Lagoons and Stabilization Ponds. Lagoons, built of earth dikes, are some- 

times used as an adjunct to sewage treatment for sludge digestion, storage, and dis- 

posal. Stabilization or oxidation ponds, generally designated “waste-stabilization 

lagoons,’’ are being used by smaller communities and by some industries for waste- 

waters treatment, particularly in regions of favorable climate and low land values. 

Aerobic oxidation is carried on in these artificial ponds of shallow depth by a com- 

bination of bacteria and algae. Some states have promulgated design criteria, for 

example, the state of Missouri, in a ‘“‘Guide for Design’’ dated 1962. 

No specific or routine procedures can be outlined for application of hydraulics to 

design of lagoons. Flow in sewers and possibly outlet weirs, generally, would be 

involved. 

20. Sewage Filters. Biological treatment of sewage and some industrial waste 

waters has been provided by two types of sewage filters: 

Intermittent Sand Filtration. This comprises the intermittent application of 

settled sewage, or waste waters, over natural or artificial sand beds, each dose being 

oxidized during its passage through the sand. Large sand-bed areas are required; 

so the size of the community which can be served is limited. Such sand filters have 

been used sometimes as a finishing treatment after trickling filters. 

Trickling Filters. These comprise a bed of crushed stone, or other types of 

media, a distribution system, and an underdrainage system. A variety of recir- 

culation systems are used in part to dilute a strong sewage, or waste water, and in 

part to maintain sufficient flow to keep sewage-distributor equipment (Fig. 15) 

moving, in order to maintain an active biological film growth on the broken stones or 

other filter media. 

Trickling filters, for reduction of BOD in waste waters, may be “. . . designed so 
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Fra. 15. Rotary distributor for trickling filter. (Yeomans.) 

as to provide the reduction in BOD required . . .’’!:* by proper selection of (1) the 

number of stages, (2) the recirculation ratios, and (3) the proper filter loading rates 

(hydraulic and organic). 

Reasonable design results, for domestic sewage, may be obtained by complex 

procedures, as published in the ASCE Manual of Engineering Practice No. 36? (Sec. 

11.4, Design Criteria). Rankin’ has proposed three methods to compute filter opera- 

tion results. Computation procedures can be found in detail in Refs. 1, 2, and 3. 

The foregoing procedures determine the number, arrangement, and size of filter 

units. The hydraulic computations are outlined in Art. 39. 

21. Activated Sludge. There are many types of activated-sludge processes, in 

which aerobic biological oxidation is accomplished in aeration tanks where screened 

or settled organic waste waters, together with bacteria and other microorganisms, 

are combined in a mixed liquor which develops into a sludge floc that reduces BOD 

and stabilizes the organic matter. The biochemical process is maintained by the 

return of microorganisms with settled sludge, designated ‘‘activated sludge,’’ to 

the aeration tanks. 

The loading of aeration tanks has been expressed as both (1) BOD loading and 

(2) solids loading. The BOD loading is determined by dividing the total pounds 

daily of BOD applied to aeration tanks by total tank volume, in thousands of cubic 

feet, to get BOD loading in pounds per 1,000 cu ft/day. The solids-loading rate of 

aeration tanks may be determined by dividing the total dry weight of solids in the 

tanks by the dry weight of the suspended sewage solids added daily. This figure has 

been expressed by R. H. Gould as “sludge age’’ in days required for the sludge floc 

to be sufliciently oxidized that it will settle readily. Aeration and mixing are accom- 

plished by diffused air or mechanical aeration systems or a combination of both 

(Figs. 16 to 18). 

The activated-sludge process, with many modifications, has become an important 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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Fic. 16. Diffused-air aerator. (Walker Process Equipment, Inc.) 

waste-water-treatment method where substantial reduction in the organic pollutional 

content is required. 

Reliable design criteria for domestic sewage have been set up by various authorities, 

such as the “Ten-state Standards,”’ for the conventional activated-sludge process. 

Approval of the many modifications of the accepted conventional activated-sludge 

process by public supervisory authorities may require considerable investigation of 

Fic. 17. Mechanical aerator. (Yeomans.) 
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Fie. 18. Combined air and mechanical aerator. (Dorr-Oliver, Inc.) 

probable results based on basic research, pilot-plant studies, and operation experience 

from existing plants, particularly for industrial waste waters. 

The objective of modifications of the activated-sludge process is to provide a less 

costly treatment system which will produce substantially equivalent results. Special 

studies of the process, its application, and the proper design factors must be made for 

each proposed waste-water-treatment project. Some comparative data are given 

by Table 2, based on tabulated figures proposed by Chicago Pump Company. 

Taste 2. Design PracticeE—DIFFUSED-AIR AERATION PROCESSES 

BOD ; BOD Ratio plant sizest 

Treatment process loaaine, Curuain/> Sludge removed 
lb/1,000 BOD age, dayst Gt Y 

cu ft* x Areat | Volumet 

Conventional activated 

BUA GOnmene cay semeucrs ra 35 1,000 ee 90+ 1.0 1.0 

Step aeration or contact 

stabilization. ..ccis. 50 800-1 ,000 Sintd 90+ 0.86 0.67 

Modified aeration (high- 

wef 1K), Eeche RAC, PIR cee are 100 600-800 0.2-0.5 60-75 

Extended aeration...... 20 1, 500-2 , 500 1.2-20 80-90 + 

Completely mixed “rapid 

BLOC A ayace vn ate aye haarne 150 800-1 ,000 3-4 90+ 0.57 0.28 

* Aeration-tank capacity. 

+ Including aeration and final tanks. 

t Chicago Pump Co. used “rapid bloc’’ as 1.0, with other processes requiring larger plant-size 

ratios. These data have been rearranged to use 1.0 for conventional activated sludge. 
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22. Final Sedimentation. The effluents from trickling filters and aeration tanks 

contain large amounts of settleable solids which must be removed in final sedimenta- 

tion tanks to produce satisfactory treatment-plant results. These tanks must be 

designed for rapid removal of sludge, as trickling-filter effluent contains putrescible 

solids, especially at times of ‘“unloading,’”’ and activated sludge must be maintained 

in a fresh condition for that large portion which must be returned quickly to the 

aeration tanks to avoid loss of dissolved oxygen and deterioration of biological activity. 

Density currents of activated-sludge mixed liquor along the bottom of a tank have 

been used in the design to assure short detention of well-conditioned sludge quickly 

settled from the mixed hquor (Fig. 19). Effluent weirs should be located away from 

the upturn of the density currents. 

_—_ : = 

rial | Re | 
[— 
| 

Fic. 19. Density currents and flow patterns in final tank. (Chain Belt Co.) 

The design of final sedimentation tanks should be based on the design flow, or the 

design flow plus recycled flow related to a proper surface settling rate (sometimes 

designated ‘overflow rate’). 

Earlier issues of “Ten-state Standards’’ used surface settling rates for ‘‘final 

tanks” as follows: 

Type of Treatment Surface Settling Rate, gpd/sq ft 

How-rate trickling: filters. ees ee one 1,000 

High-ratentnickline filters ne seen ene 800 

Activated sludge (over:2 mgd).........00. 005 1,000 

Activated sludge (under 2 mgd).............. 800 

Detention periods are not specified but result from the selected settling rate and 

a specified minimum water depth. 

The quantity of activated sludge returned to aeration tanks and the solids content 

of the mixed liquor vary, depending on the type of activated-sludge process used and 

the characteristics of the waste water being treated. Since “mixed liquor’ is recycled 

as underflow, it is not considered in the “surface settling rate’? but must be considered 

in computing detention periods in both aeration and final tank. 

23. Disinfection. The primary use of chlorine is the destruction of pathogenic 

and other bacteria for disinfection of waste-water-treatment-plant effluent before 

discharge into receiving waters which may be used for water supply, bathing, and 

shellfish propagation or crop irrigation. A contact period from 15 min at peak flows 

to 45 min in a contact tank or the plant outfall sewer with a chlorine residual of 0.2 



PLANT ELEMENTS AND TREATMENT PROCESSES 41-19 

to 1.0 mg/liter usually provides satisfactory disinfection. Chlorine may be used also 

in waste-water treatment for many other purposes. The application rate will depend 

upon the chlorine-demanding chemicals in the plant effluent. 

24. Outfalls. The present practice is to install a submarine outfall sewer to a 

series of outlets adequately spaced along the line of a diffuser section to minimize 

interference of rising effluent columns; the placement of the diffuser on the bottom 

with horizontal discharge ports to increase initial dilution; orientation of the dif- 

fusers, in most cases, being normal to the diluting flow, or current, to provide maximum 

horizontal diffusion; and the location of the diffusers at a sufficient distance from the 

shore to provide the required reduction in concentration of coliform bacteria for 

acceptable shoreline standards. 

In a lake the diffuser should be located in an optimum circulation zone. In a 

stream the diffuser should be located in a reach related most favorably to the dissolved- 

oxygen consumption-time curve of the stream. 

Estuaries, semienclosed bays, and harbors vary widely in their circulation systems 

which govern the dispersion, dilution, and transport of waste waters. In open coast 

waters, ocean temperature and salinity gradients and seawater renewal rates have 

an important effect on the initial effluent mixing with seawater and the dispersion 

characteristics of the effluent seawater mass. The elements of time and distance 

are significant in overall bacterial removal. 

25. Sludge Treatment. The objectives of sludge treatment include the reduction 

of volume and the conversion of the putrescible solids into innocuous substances, 

so that the residual sludge may be disposed of without creating objectionable con- 

ditions. Various processes are used in reducing sludge volume, including thickening, 

centrifuging, chemical conditioning, elutriation, anaerobic digestion, aerobic diges- 

tion, biological flotation, vacuum filtration, air drying, heat drying, and incineration. 

The reduction or destruction of the putrescible solids is accomplished partially by 

digestion, and completely by incineration. 

Two relatively new processes for sludge treatment are “wet combustion’? and 

“atomized suspension.”’ 

Disposal of treated sludge from treatment works has included ocean disposal for 

plants near the coast, as fill on land, as a low-grade fertilizer, in lagoons or in some 

places discharging into a river at times of flood (the latter procedure is no longer 

permissible). 

26. Summary Plant Elements. Several elements that may be integrated in 

varied combinations of processes in a waste-water-treatment plant are as follows: 

I. Liquid waste elements 

1. Incoming sewer 

2. Preparatory devices 

a. Screening arrangements 

b. Grit-removal devices 

c. Flocculation tanks 

3. Measuring weir, meter, or Parshall flume 

4. Preliminary or primary sedimentation tanks 

5. Biological treatment 

a. Trickling filters 

b. Aeration tanks 

c. Oxidation ponds 

6. Final sedimentation tanks 

7. Iffluent screens (if used) 

8. Contact tanks for disinfection 
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9. Conduits for flows through the plant 

10. Plant outfall for effluent disposal 

Il. Sludge-handling elements 

1. Sludge from sedimentation tanks 

a. Sludge collectors, in tanks 

b. Sludge piping 

c. Sludge pumps 

2. Sludge treatment 

a. Thickening tanks 

b. Digestion tanks 

c. Wet combustion 

d. Lagooning 

e. Drying beds 

f. Conditioning tanks—chemical treatment 

g. Dewatering by vacuum filters or filter presses 

h. Dewatering by centrifuges 

?. Heat drying 

. Sludge solids disposal 

a. Dumping (wet or dried) 

b. Fertilizing land 

c. Incineration 

d. Barging to sea 

e. Outfall to sea 

is) 

Certain plant elements for the treatment of waste water or handling of sludge 

may be alternative items to be used in case others are not. 

HYDRAULIC LOSSES—GENERAL 

27. Introduction. Waste waters flowing through various treatment-plant ele- 

ments require a difference in elevation of the water levels between the plant entrance 

and outlet to overcome various hydraulic losses. These head differences vary with 

the rate of flow. Successful operation depends in a large measure upon their accurate 

evaluation. 

The hydraulic transportation of wet sludge in piping depends on its temperature, 

solids concentration, and plasticity as determined by the extent and type of the 

sludge-treatment process. Special consideration in conveying different types of 

sludge is given in Art. 42. 

The following discussion of hydraulic losses is based largely on sewage-treatment- 

plant design experience. It would also apply to most waste-waters-treatment plants. 

28. Types of Losses. Hydraulic-head losses at various points through treatment- 

plant elements are: 

1. Friction and turbulence losses through conduits 

2. Velocity-head losses 

3. Heads required for discharge over weirs, through orifices, and other controlling 

or measuring devices 

4. Water-level drops at various points such as a free fall below a weir 

5. Head allowances for future plant extensions 

6. Head allowance for higher water levels in the receiving waterway 

The extent and variation in the several hydraulic losses may be affected by a 

number of factors, such as: 
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1. Variations in flow from minimum to maximum rates. The greatest hydraulic 

loss occurs at the maximum rate of flow for which treatment is to be provided. 

2. The type and effectiveness of the devices to measure and control the distri- 

bution of flow through various plant elements. Thus close control and accurate 

measurements may indicate larger hydraulic losses than those obtained by more 

approximate methods. 

3. The tendency for the deposition of solids, particularly in advance of the sedi- 

mentation tanks. Thus the use of higher velocities or agitation, by air, or other 

methods to prevent deposits in conduits generally results in hydraulic losses greater 

than those with clear water or well-settled waste water. Minimum flow rates and 

minimum cleansing velocities often control plant elevations. 

4. The size and character of openings and the arrangements of flow channels. 

Thus small openings and abrupt changes in direction of flow increase velocity-head 

losses. 

Hydraulic design and satisfactory operation are related closely. Thus, in sedi- 

mentation and aeration tanks, it is advisable to maintain the flow level practically 

Elevation of water surface,Rockford datum 

88 
ONSG4 Zeal) adie” § 10 I5 20 25 
Times per year Once in given number of years 

Prequency of floods 

ia. 20. Frequency of flood heights, Rock River, Rockford Sanitary District, Illinois. 
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constant. The distribution of flows equally into each of several tanks and the 

delivery of the flow quietly and gently into the tank cross section determine the 

effective use of the displacement period. 

It is good practice to anticipate future enlargements of various plant elements. 

Head allowances should be included at various points to provide for such future 

enlargements. Often a plant extension of 50 to 100 percent of the initial capacity 

is reasonable to anticipate. 

The head available for the operation of a treatment plant is the difference between 

some elevation of the flow in the inlet sewer and some elevation of high water in the 

receiving body of water. The frequency of occurrence of these controlling elevations 

is important (Fig. 20 or 21). Less effective hydraulic operating control may be 
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Fic. 21. Frequency of tidewater levels and outfall capacity, Deer Island Outfall, Metro- 
politan District Commission, Boston, Mass. 

permissible at infrequent intervals, if the cost of avoiding this is great and the resulting 
small pollution is not objectionable. Also, in some cases, a higher inlet elevation 
may be had by backing up the flow in the inlet sewer, if the resulting lower velocity 
is infrequent and not too low, say somewhat above 1 fps. The high water in the 
outlet for the computation of the hydraulic gradient may be somewhat below the 
maximum and may be taken generally as that water level expected to be exceeded 
only 1 percent or, occasionally, 10 percent of the time. 

HYDRAULIC COMPUTATIONS—MAJOR TREATMENT-PLANT ELEMENTS 

29. Introduction. In an actual design project, the hydraulic computations 
might start with the selected high-water level of the river, or other body of water, 
into which the plant effluent is to be discharged, and extend upstream through the 
outfall and treatment plant in reverse direction to the flow through the plant elements. 



HYDRAULIC COMPUTATIONS—TREATMENT-PLANT ELEMENTS 41-23 

This is a particularly useful procedure if the plant hydraulics are determined before 

the incoming sewer is designed. 

To determine the proper elevations for various plant elements, the hydraulic 

gradient through the plant should be computed for the estimated maximum and 

minimum flows, as well as the basic design rate of flow. Frequently, minimum flows 

and required velocities control the elevations of certain plant elements. 

30. Entrance Losses. At the entrance, two types of major head losses may occur: 

1. Loss due to the difference between the high-water level in the incoming sewer 

and the high-water level in the treatment plant, controlled by elevation of settling- 

tank weirs. These water-level differences require careful computations, as the 

changes in water levels from incoming sewer to treatment plant may cause large 

entrance losses. 

2. Friction and velocity-head losses, due to control gates and changes in conduit 

direction or section. 

The variation in water level in the incoming sewer, between maximum and mini- 

mum flows, should be used as much as possible to overcome hydraulic losses at the 

higher flow rates through the various plant elements, such as the bar screens, grit 

chambers, flow-measuring devices, and conduits. 

If a pumping station is required at the entrance, some part of the variation in 

water level in the incoming sewer may be utilized to reduce the head against which 

the pumps must operate. 

The friction and velocity-head losses at the entrance usually are not large, depend- 

ing upon the type and design of control gates and the necessary changes in direction 

of flow. 

Losses through inlet gates may be computed by the velocity-head formula 

h = k(V?2/2q), with the following values of & as reasonable for practical design 

purposes: 

Type of Entrance Coefficient k 

Sluice gate: 

As:a submerged port ina 121m. walls. 6. foes hd be cs es Sv wow os 4 Sete ne 0.8 

A SPANCOMtraCUlOM AEA aCOMC Wl Ueinwar. panieecumetem ensun mralie teen aie ieee eee et manne eS 0.5 

Width equal to full conduit width and without top submergence........... 0.2 

31. Conduit Losses. Conduits may flow as open channels or as pressure pipes. 

They are generally circular but may have other shapes. Aerated channels are usually 

designed to flow as open channels. 

Head losses through conduits include: 

1. Friction resistance to flow 

2. Velocity-head losses resulting from (a) entrance disturbances, (b) disturbances 

along conduits, (c) sudden enlargements, (d) gradual enlargements, (e) sudden con- 

tractions, (f) obstruction, (g) bends 

The head losses from resistance to flow in open circular channels may be computed 

as indicated for sewers (Sec. 40, Art. 30). The friction-head loss in pipes under 

pressure may be determined by the Hazen and Williams formula (Sec. 40, Art. 31) 

or by using Fig. 22. The friction-head losses in open channels of rectangular, trape- 

zoidal, or other noncircular forms may be determined by the Manning formula 

(Sec. 40, Art. 31). This formula may be computed by a loglog slide rule (See. 40, 

Art. 34). Also other diagrams and tables are available for both formulas (Sec. 

2, Art. 5). The choice of C or n is dependent on the judgment of the designer assisted 

by published values determined for types of conduit material and expected roughness 

condition of interior surface. However, uncertainties due to velocity disturbances 
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Fic. 22. Flow in pressure in pipes, Hazen and Williams formula, C = 100. (Frederick E. 

McJunkin, Water and Sewage Works, vol. 113, no. 9.) 

usually make close refinements in the selection of coeflicients unnecessary. Values 

of C = 100 or n = 0.015 are usually reasonable for design computations. 

Disturbances at entrances may be covered by the entrance k factor unless there 

is a waterfall or other disturbance in the following conduit. In this case an allowance 

for the extra conduit loss may be made as described for aerated conduits (Art. 32), 

?.e., by using an n factor of 0.035 or 0.040. 

Velocity-head losses in pipelines due to changes in direction, section, and obstruc- 

tions, such as gate valves partly open, may be determined by the velocity-head 

formula with appropriate values of the coefficient k from the following data compiled 

by King‘ and King and Brater:5 

1. Entrance losses 

Type of entrance ky 

Inward-projecting, square-cornered............... 0.8-0.9 

Square-cornered, flush with wall.............+.s<+ 0.50 

Sliehtlivenowicdedis gaa pase ken eee ra ay ong een rae 0.20 

Bellinoublites. steraraceeee teers eee oN ars earn ea Oe 0.04 
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SeGradualvenlarzements nas dese eee onc ae ee See Table 4 

Aaa Sid denkCOnUPA Ch ONS ean trae anes e a eat ean See Table 5 

5. Obstructions: specifically, gate valves partly open.. See Table 6 

BA90-degtbend seer pre ny wcean t oe re me ees, se See Fig. 23 

For 45-deg bends, use three-fourths of the losses for 90-deg bends 

For 22.5 deg bends, use one-half of the losses for 90-deg bends 

7. Teess 

Velocity, fps ke 

Ah accyeois | Aah ce ets co taser yarn ives aayic aconae ast pis ves he aol Ad) 

Di RE a ra tiple ee eset ech an ids Beis noun perio ol seetaten ater as) 

LPO ACR tet Ca RPM Cane La REPRE ee tera a eat errs as ie 

AL. er Peete te hoes Gre cm ae: ale ake a ee SF; 

For Y branches, use three-fourths of the losses for a tee. 

TaBLe 3. VALUES OF Ky FOR DETERMINING Loss oF HEAD Dur TO SUDDEN 

ENLARGEMENTS IN Pipes, FROM THE FORMULA 

Hy, = K.2(v?/2g) 
d2/d, = ratio of larger pipe to smaller pipe. v = velocity in smaller pipe 

Velocity v, fps 

d2 

di 

2 3 4 5 6 ¥f 8 10 12 15 20 30 40 

Lee OTS Os c05) O20" 0610. OL T0 OL 10) Ol09 105.09 1 Os095 1008 00:09: | 0509 10.08 

1.4 | 0.26 | 0.26 | 0525 1 O224 10.24, 0.24 | O24 | O.223: |) 0.23. | 0.22 |: 0.22 | 0.21 | 0.20 

16) 16740 76.89 [OR881 Ovet O03) 0236: 1/0286 (40.359 120)..35 |) 02384 | 05383: | Oxs2 | 0.32 

1.8 | 0.51 | 0.49 | 0.48 | 0.47 | 0.47 | 0.46 | 0.46 | 0.45 | 0.44 | 0.43 | 0.42 | 0.41 | 0.40 

2:0) | 0.60: | O458" jf O)..56" | 0655 10255" 10.54 || O25s" "0062" | O52 | OL SL | 0750 |-0.48 | 0.47 

Brio: (05 ce MO zal OF: 1 0.69) )30)68) O67 | 0.66 | O65: | 0.64 1 (0.63: )- 062) 1-060) | OL 68 

S| Oso) Oreo Onis lOleg WOO WeOetor DOs Ole IOlT2 I Ol7O. | O560 hOl6n | OUG6s 

BION OL92 O789 7) O80 | 0 854) Ores 0Orsss' 0 32.) 0-80 |) OL79 | 0.78: |) O76! | 0.74 0. 72 

50) 0296: | 0.93 | OL9L 1 0.89 110.88 |} 0.87 10.86: |, 0784 |) 0.83) O82 | 0.80 | 0.77) O75 

10.0 | 1.00 | 0.99 | 0.96 |} 0.95 | 0.93 | 0.92 | 0.91 | 0.89 | 0.88 | 0.86 | 0.84 | 0.82 | 0.80 

c-) 1.60: | 1.00 | 0.98 | 0.96 | 0,95 | 0.94 | 0.93} 0.91 | 0.90 | 0:88 | 0.86 | 0.83 | 0.81 

TaBLe 4. Vatues oF Ky FoR DETERMINING Loss oF HEAD DUE TO GRADUAL 

ENLARGEMENTS IN PIPES, FROM THE FORMULA 

H, = K2(v®/29) 
d2/d; = ratio of diameter of larger pipe to diameter of smaller pipe. Angle of cone is twice the angle 

between the axis of the cone and its side 

Angle of cone 

dz 

di 

oe 4° 6° 8° 10° iS 202 | 25° 30° 35° 40° | 45° 50° 60° 

ital 0.01 | 0.01 | 0.01 | 0.02 | 0.03 | 0.05 | 0.10} 0.18 | 0.16 | 0.18} 0.19 | 0.20 | 0.21 | 0.23 

1) 74 0.02 | 0.02 | 0.02 | 0.03 | 0.04 | 0.09 | 0.16 | 0.21 | 0.25 | 0.29 | 0.31 | 0.33 | 0.35 | 0 Sirf 

1.4 0.02 | 0.03 | 0.03 | 0.04 | 0.06 | 0.12 | 0.23 | 0.30 | 0.36 | 0.41 | 0.44 | 0.47 | 0.50 | 0.53 

26 0.03 | 0.03 | 0.04 | 0.05 | 0.07 | 0.14 | 0.26 | 0.35 | 0.42 | 0.47 | 0.51 |] 0.54 | 0.57 | 0.61 

ies 0.03 | 0.04] 0.04 | 0.05 | 0.07 | 0.15 | 0.28 | 0.37 | 0.44 | 0.50 | 0.54 | 0.58 | 0.61 | 0.65 

2.0 0.03 | 0.04 | 0.04 | 0.05 | 0.07 | 0.16 | 0.29 | 0.38 | 0.46 | 0.52 | 0.56 | 0.60 | 0.63 | 0.68 

2.0 0.03 | 0.04 | 0.04 | 0.05 | 0.08 | 0.16 | 0.30 | 0.39 | 0.48 | 0.54 | 0.58 | 0.62 | 0.65 | 0.7 

sO) 0.03 | 0.04 |] 0.04 | 0.05 | 0.08 | 0.16} 0.31 | 0.40 | 0.48 | 0.55 | 0.59 | 0.63 | 0.66 | 0.71 

) 0.03 |} 0.04] 0.05] 0.06 | 0.08 | 0.16 | 0.31 | 0.40 | 0.49 | 0.56 | 0.60 | 0.64 | 0.67 | 0.72 



41-26 SEWAGE AND WASTE-WATERS TREATMENT 

rc 
TasBLe 5. Vauues or K3 ror DETERMINING Loss oF HEAD DUE TO SUDDEN 

CONTRACTION, FROM THE FormuLA H; = K;(v?/2q) 
d»/d; = ratio of larger to smaller diameter. v = velocity in smaller pipe 

Velocity v, fps 

dz 

di 
2 3 4 5 6 7 8 10 12 15 20 30 40 

1.1 | 0.03 | 0.04 | 0.04 | 0.04 | 0.04 | 0.04 | 0.04 | 0.04 | 0.04 | 0.04 | 0.05 | 0.05 | 0.06 

Lo | OZOTe OLOT Ss LOZ07 ORO ROL O%s (0207 On07 ROL OSs ROOST KOLOSs FOROSM ROR LO Ort 

WAS sli || ale || Osaki |) Oeakee | @aatee | Oa || Oodle i Oaks |) Oates |) Waals |) We wes || £0). 102) || Wh PAD) 

1.6 | 0.26 | 0.26 | 0.26 | 0.26 | 0.26 | 0.26 | 0.26 | 0.26 | 0.26 | 0.25 | 0.25 | 0.25 | 0.24 

1.8 | 0.34-| 0.34 | 0.34 | 0.34 | 0.34 | 0.34 | 0.33 | 0.33 | 0.32 | 0.32 | 0.31 | 0.29 | 0.27 

2.0 | 0.38 | 0.38 | 0.37 | 0.37 | 0.37 | 0.37 | 0.36 | 0.36 | 0.35 | 0.34 | 0.33 | 0.31 | 0.29 

2.2 | 0.40) | 0.40) | 0.40 | 0-39) | 0.39) | 0.39) | 0.39 | 0.38 | 0237 |) 0.37 | 0535 || 0.33) | 0530 

2.5 | 0.42 | 0.42 | 0.42 | 0.41 | 0.41 | 0.41 | 0.40 | 0.40 | 0.39 | 0.38 | 0.37 | 0.34 | 0.31 

3.0 | 0.44 | 0.44 | 0.44 | 0.43 | 0.43 | 0.43 | 0.42 | 0.42 | 0.41 1 0.40 | 0.39 | 0.36 | 0.33 

4.0 | 0.47 | 0.46 | 0.46 | 0.46 | 0.45 | 0.45 | 0.45 | 0.44 | 0.43 | 0.42 | 0.41 | 0.37 | 0.34 

5.0 | 0.48 | 0.48 | 0.47 | 0.47 | 0.47 | 0.46 | 0.46 | 0.45 | 0.45 | 0.44 | 0.42 | 0.38 | 0.35 

10.0 | 0.49 | 0.48 | 0.48 | 0.48 | 0.48 | 0.47 | 0.47 | 0.46 | 0.46 | 0.45 | 0.43 | 0.40 | 0.36 

© 0.49 | 0.49 | 0.48 | 0.48 | 0.48 | 0.47 | 0.47 | 0.47 | 0.46 | 0.45 | 0.44 | 0.41 | 0.38 

TasiLe 6. Loss or Heap Dur To Gate VALVES 
2 

Values of Kgin H, = Ky, 
29 

et 
1 

D 

cyan 
7 Y 

d" 

: Ratio of height d of valve opening to diam D of full 
Nominal . 

‘ valve opening 
diam 

of valve, 

an: 
as 44 38 M4 34 1 

1g 450 60 22 11 2.2 1.0 

34 310 40 12 5.5 1a 0.28 

1 230 32 9.0 4.2 0.90 0.23 

11g 170 23 hey? one 0.75 0.18 

2 140 20 6.5 320) 0.68 0.16 

4 91 16 5.6 2.6 0.55 0.14 

6 74 14 OO 2.4 0.49 (Oi2 

8 66 13 a.2 2.3 0.47 0.10 

12 56 12 Big il 222 0.47 0.07 

32. Aerated Conduits. Frequently, diffused air is blown up through the waste 
water in conduits to prevent deposits of solids with low velocities. Data are meager 
on the effect of agitation on the head losses in conduits. Some tests at Milwaukee 
were reported by D. W. Townsend,® from which it was concluded that Kutter’s 
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0.4 

0.2 

O 4 8 12 16 20 

R= Radius of bend 

d= Diam. of pipe 

Fic. 23. Head loss at 90° bends, H, = K,(V2/29). (K. H. Betz, U.S. National Bureau 
of Standards, Research Paper RP110.) 

coefficient n might range as follows: 

Velocity in Value of n in 

Aerated Channel, fps Kutter’s Formula 

ees 0.034 

1.0 0.039 

0.9 0.043 

33. Bar-screen Losses. Hydraulic computations for the design of bar screens 

(see Art. 9) include the determination of the screen area and the head loss to be 

allowed for the operation of the screen. Bar screens may include iron bars 2 to 3 in. 

wide and 14 to 3g in. thick spaced 14 to 2 in. apart. Common spacing is 14 to 34 in. 

for mechanically cleaned screens and | to 114 in. for manually cleaned units. 

The required area of submerged screen surface may be determined on the basis 

of a velocity of flow through the openings (when clean) of 2.0 fps for average flows 

and 3.0 fps for maximum rates of flow. The larger of the two areas thus obtained is 

the controlling area, but it may be increased for small installations to provide a 

minimum working width of 18 in. for manually cleaned units and 2 to 3 ft for mechanti- 

cally cleaned units. In general, the effective screen area should be about twice the 

cross-sectional area of the incoming sewer. 

Head losses through bar screen will vary, depending upon the amount of coarse 

material caught by the screen and the frequency of cleaning. A computation may 

be made of the head loss for a clean screen by the formula 

eee 
OT: Waihlye 

_ 0.5V2 , V2— 0 
or lox = Dy + 2g 

in which V and v represent, respectively, the velocity between the bars and in the 

approach channel and h, is the head loss due to a clean bar screen (foot and second 

units). 

In practice for large installations, the screen may be kept partially clean by con- 

tinuous operation of the cleaning mechanism, but for the more usual size of installa- 

tion, the cleaning mechanism may operate intermittently, in which case some arbitrary 

allowance is usually included to permit some backing up, due to clogging of the screen, 

and a high-water overflow is provided. A reasonable amount for this head-loss 

allowance is about 3 to 6 in. 

34, Fine-screen Losses. The hydraulic losses for each type of fine screen 

are different and are determined experimentally. Results are usually furnished by 

the manufacturer. 
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35. Comminutor Losses. Generally, comminutor installations (see Art. 10) are 

designed to take a maximum waste-water flow rate which may occyr infrequently, 

possibly 1 or 2 percent of the time, with higher flow rates permitted to overflow a 

weir and bypass through a hand-cleaned bar screen. 

Head requirements of comminutors depend upon waste-water flow rates; the 

machine capacity (7.e., screen diameter, height, and slot widths); machine character- 

istics; and the upstream and downstream conduit widths and flow depths. A 

comminutor affects only the upstream flow depth, while the downstream flow depth 

depends upon hydraulic characteristics of the downstream conduits and settling 

tanks, particularly the settling-tank-effluent weir elevation. 

Computations of head losses for a comminutor installation comprise three prin- 

cipal items: 

1. The waste-water level drop required, from upstream to downstream, to force 

the desired flow rates through the comminutor. This drop varies with depths of 

flow. These water-level drops may be determined from hydraulic-performance 

charts, found in engineering manuals’* furnished by comminutor manufacturers. 

2. The open-channel friction losses in the approaching and following channels. 

3. The waste-water drop in elevation due to the relative elevations of comminu- 

tors and the approaching and following conduits. By careful design these drops 

may be kept to a minimum. 

Basic design data, useful for preliminary computations, are given in the following 

tabulation for two types of comminutors, shown by Figs. 4 and 5 (final design com- 

putations should be based on the manufacturer’s manual): 

Sizes 

Max capacity, mgd | Head loss, in.t | APProach conduit 
width, in. 

Size Diam, in. 

I II I* Ilt I II I II 

4R 4-6-4 0.045 0.06 

7B 7-4 0.35 0.45 2-7 2-5 8 in. diam 

10A A itis Ee Ye ewer 3-10 eae 12 

PDEA GIS ite res Wal PFE a Sephcrcer ec 9 

0 ee || earner Eee WN Se ct eee cee | eer 12 

POD eeiemsennd OS) ee oe aN eee oe ee 16 

15M 15-5 2.3 2.4 4-10 tans 15 18 

Lo=Ge Wild stem. cse: 3.5 ATO ji Gabe 2216 

20-Gi | eee 4.6 Sette Wuoshekoesuen meee 20 

DEG NT eran ne Un for Ce | Maas 30 

25M a yee GO me Gir ers 4-10 24 

25A 25-6 110 £T20 4-15 5-28 30 36 

386A 36-6 251.0) 19.0 4-15 eee 42 48 

eisHoh a ||) Gates 26.0 G=43 0 se eee 48 

42-6. © Breer 45.0 on eect SRA | meres Sra 42 

54A (See engineering department of manufacturer) 

I = Fig. 4 type (Chicago Pump Co.). 

II = Fig. 5 type (Worthington Corp.). 

* Bottom-outlet type, controlled discharge. 

} Straight-through-flow type, controlled discharge. 

¢{ Maximum head loss, inches, is with screen fully submerged. 
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Hydraulic-design computations for comminutors should include a conduit width 

and conduit depth related to a flow velocity sufficient to hold coarse material in sus- 

pension and slot widths for a velocity to carry coarse material against the drum 

face to be shredded by the cutters. The conduit widths and slots indicated (by the 

letter or second number under sizes) in the foregoing tabulation should be checked 

during design computations. 

The selection of the proper comminutor size and determination of the overall 

head requirement for any given installation may require a number of trial computa- 

tions and considerable study. In a general way a comminutor installation may be 

expected to require a hydraulic drop of 6 to 30 in. depending on plant size. Engi- 

neering manuals or selection and application handbooks furnished by comminutor 

manufacturers give helpful instructions. 

36. Grit Chambers—Hydraulic Design. Hydraulic computations for design of 

grit chambers are affected by three factors: (1) waste-water flow rates; (2) proposed 

type of grit-removal device; and (3) quality of grit desired (7.e., size of grit and per- 

centage of organic matter). The long-horizontal-flow type of grit chamber is designed 

normally with a velocity-control device at the grit-chamber outlet (Fig. 24) to main- 

tain a flow-level and flow-rate relationship such that the velocity through the grit 

channels would be about 1.0 fps (0.75 to 1.25 fps range) for all variations of flow rate. 

Such a flow velocity generally should keep the organic matter in suspension and 

remove grit of 65 mesh at a settling velocity of about 3.7 fpm (for quartz).!8 

The settling velocity of the grit size to be removed and the hydraulic character- 

istics of the outlet-control device determine the depth of flow and the proper length 

of the grit channels. Maximum flow rates relative to minimum flows determine the 

number of grit channels. Generally, a number of trial computations may be required. 

The two commonest velocity-control devices are the proportional weir (several 

types) and the Parshall flume. The Parshall flume has become possibly the more 

frequently used velocity-control and -measuring device. 

ia. 24. Outlet end of grit chamber, Springfield, Lllinois. 

The control of flow depth by the Rettger proportional-flow weir (Figs. 24 and 25) 

for practical purposes may be computed by the formula 

(Q) = i svat 

where Q = flow rate, efs 

h = height of flow, ft, above theoretical weir crest (Fig. 25) 

b, = Rettger weir constant 

The weir constant b, may be computed after maximum values of Q and h are selected. 

* Derived from Rettger’s formula Q = (C/2) V 29 bth, with average C = 0.62. 
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NOTE: 
As it 1s impossible to make 
base of weir of infinite 
length, the weir 1s cut off at 
some width and the rejected 
area placed below the 
theoretical crest. The height 
x, at cut off 1s the amount 
the actua/ crest should be 
placed! below the theoretical 
crest for equivalent area 

Rejected----}~ 
Actual crest? 

area 

Fic. 25. Rettger proportional-flow weir. 

Dimensions of the curves for the sides of the weir opening may be computed by the 

formula 

b, 
2+>/X 

where Z = distance from center line to sides of openings 

X = vertical distance above theoretical weir crest 

A Parshall flume (Fig. 26) comprises three principal sections: (1) a converging 

level-floor upstream section B, (2) a downward-sloping uniform throat section F, 

and (3) an upward-sloping diverging downstream section G. At each end of the 

flume there is a converging or diverging transition section to connect to the main- 

flow conduit. Dimensions of flumes for throat width sized from 3 in. to 10 ft with 

the range of unrestricted rates of discharge are given in Table 7. 

Parshall flumes operate as accurate measurement and flow-control devices as 

long as the flow depth Hy near the end of the throat does not exceed the upstream 

converging flow depth H, by the following ratios according to throat-width size W: 

I 

W, Throat Size Ay / Ha (Fig. 26) 

3-9 in. 0.6 

1-8 ft ORG 

10-50 ft 0.8 

Above the limiting flow-depth ratios or permissible degree of throat submergence, 

the rate of flow is retarded. In the range below the flow-depth ratios, the rate of 

discharge is unrestricted or in free-flow discharge according to formulas developed 

from extensive experimental data. 

Tables are available for free-flow discharge rates at various heads H, for the 

different sizes of flumes. However, sufficiently close determinations of heads for 
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FLOAT WELL OR 
IN-STREAM 
TRANSMITTER 

PARTIALLY 
SUBMERGED 
FLOW ») is 

INVERT OF PIP 
LEVEL WITH 
FLOOR OF FLUME 

< CREST 
O LEVEL FLOOR 

< 
2 © 

FREE FLOW 

OUTLET 
EOGE 

SECTION A-A 

Fic. 26. Parshall flume, plan and section. (U.S. Dept. of Agriculture, Farmers’ Bull. 
1683, January, 1932, revised October, 1941.) 

TaBLeE 7. PARSHALL-FLUME DIMENSIONS AND CAPACITIES 

Dimensions in feet and inches 

Free-flow 

capacity, 

efs 
Ww A B (Cl D F G K N 

Max Min 

0-3 1-63¢ 1-6 0-7 0-103 6 0-6 1-0 0-1 0-214 PeOLOS 

0-6 2-074 6 2-0 1-314 1-3 5¢ 1-0 2-0 0-3 0-416 3.9 | 0.05 

0-9 2-105 2-10 1-3 1-105¢ 1-0 1-6 0-3 0-416 8.8 | 0.09 

1-0 4-6 4-4 74 2-0 2-9 14 2-0 3-0 0-3 0-9 UGrin BORSo 

1-6 4-9 4-7 1¢ 2-6 3-4 38 2-0 3-0 0-3 0-9 24.6 | 0.51 

2-0 5-0 4-107¢ 3-0 3-1144 2-0 3-0 0-3 0-9 33.1 || 0.66 

3-0 5-6 5-4 37 4-0 5-1 7% 2-0 3-0 0-3 0-9 50.4 | 0.97 

4-0 6-0 5-105¢ 5-0 6-4 14 2-0 3-0 0-3 0-9 67.9 || 1.26 

6-0 7-0 6-103¢ 7-0 8-9 2-0 3-0 0-3 0-9 103.5 208 

8-0 8-0 7-101 9-0 1l-1 34 2-0 3-0 0-3 0-9 139.5 | 4.62 

10-0 14-314 10-0 12-0 15-7 14 3-0 6-0 0-6 1-149 200 6 
| 

Dimension S = 423A (Tig. 26), except 6 ft O in. for W = 10 ft 0 in. 
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Fic. 27. Parshall flumes—flow rates and heads H,. (Chart plot data from U.S. Dept. of 
Agriculture, Farmers’ Bull. 1683, and Colorado A&M College, Bull. 426-A.) 
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practical hydraulic-design computations may be taken from the log-log chart of 

Fig. 27. 

Investigation of several sizes of flumes carrying the design flow, unrestricted at 

the H,/H, ratio, should resolve the choice of an economical size. This usually falls 

within a throat-size range of one-third to one-half the width of the main-flow conduit. 

Other types of grit chambers, such as short-term settling tanks and aerated grit 

chambers, require less rigorous hydraulic studies but do require grit washers to obtain 

a sufficiently clean grit. 

Head losses for grit chambers include hydraulic losses through flow-control gates, 

inlet and outlet conduits, and the necessary head differential for the two sides of 

the weir or flume used for velocity-control and flow measurements. Generally, the 

net head losses for grit chambers can be reduced by using part of the variations of 

flow depths in the incoming sewer, provided that the inlet screen and other structures 

upstream are properly designed. 

37. Flowmeters—Head Requirements. Flow measurements are essential to 

operation. Such devices require some head or drop in the hydraulic profile. In 

general, total plant-flow measurements are best made near the upstream part of the 

plant. However, measurement of untreated flows by weirs may not be satisfactory 

because of clogging of the weir crest by stringy materials. In smaller plants, flows 

have been measured by weirs at the outlet of chlorination contact tanks, but these 

measurements do not record all flow-rate variations. 

Proportional weirs and Parshall flumes are used for both flow measurements and 

velocity control of grit chambers, as discussed in Art. 36. 

Venturi meters, especially designed, are frequently used but may require more 

head loss than Parshall flumes. Such head losses depend upon the meter design and 

the ratio of the inlet velocity and the throat velocity. Flow measurement, by 

Venturi meter, is determined by the differential between the inlet and the throat 

pressure heads. The head loss is often given as a percentage of the pressure-head 

differential, as illustrated by Fig. 28. This chart shows a lesser percentage of differ- 

ential, as lost head, for the Dall flow tube, with the long Venturi meter next lowest. 

Loss of head for Venturi meters may also be computed as a fraction of the throat 

velocity head, as follows: 

Type of Meter Tube Head Loss, ft 

Pra Mg LOVIN OTN OED jars ies .c ts cee Se eG agin dp rk eed Saas (oa ht = 0.108h» 

Short-form Venturi (based on ratio of throat to inlet diam): 

CN ae WA OY Catrall eeecaC sree ete a nee Renee nem aL a RE = O:27he 

ation, eeu seas 0,00) rw attra east eect rares eee tey ieee ht = 0. 18h, 

IRM HON LAAs Ub ato) ere esen. Atl Be broschOu hu Giclee Genie ae hy = 0.143h, 

IRERO EI Vb? (Cas OHieMeon aon aa ceoe nana aoes eeu ad sie 5 cs ht = 0.14hv 

Ria trop Oy AlZinecerni Ono) cewstsins ee rere seks seas tern Stbor aaron ere ae ht = 0.135h»v 

where ht = head loss, feet 

hy V2/2g9 (throat velocity) 

The total head, in feet, required for flows in cubic feet per second over various 

types of sharp-crested weirs (with clean crests), without corrections for velocity of 

approach, may be computed by formulas as follows: 

1. Rectangular weir, per foot length (no end contractions), by Francis formula, 

Q = 3.33H% 
2. V-notch. weirs, with end contractions, (a) 90-deg notch, Q = 2.48H?-48; (b) 

60-deg notch, Q = 1.44H% 
3. Cipolletti weir, per foot length of crest, Q = 3.867H"® 

Any velocity of approach toward the weirs would increase the flow capacity for 
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Fie. 28. Characteristics of pressure head losses of differential producers. (B.I.F. In- 
dustries.) 

a given observed head. Any deposits on the weir crest would increase the head 

required for a given flow. It is common practice to design the downstream structures 

with hydraulic gradients, to provide some free fall below the measuring or control 

weir, SO as not to submerge the weir. A reasonable allowance for free fall would 

be 0.2 to 0.5 ft, depending in part on the total head available. 

Magnetic flowmeters are being used in waste-water treatment plants, where loss 

of head becomes an important factor and the larger costs for such meters are justified. 

Magnetic flowmeters have no restrictions to flow through the meter tube, except 

that they may require heaters to prevent grease deposits. However, it is frequent 
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design practice to use smaller pipe-size meters than the connecting pressure conduits. 

Some head loss is therefore involved in the reducing and enlarging connection sections. 

The foregoing data are useful for preliminary computations. However, because 

measurement meters are always provided with flow recorders, often with transmitters 

for recording at a distance, it is generally necessary to call in some specialist on instru- 

mentation, who would also be ready to supply head losses for various arrangements 

of flow-measurement instruments. 

Auxiliary devices, or instruments, additional to the main meter, may be needed 

to measure airflows, sludge flows, recirculation flows, and other flow measurements. 

Instrumentation for modern waste-water treatment plants has become complicated. 

38. Sedimentation Tanks. Hydraulic computations for sedimentation tanks 

include the following determinations: 

. Control-chamber losses 

Losses due to distribution devices 

. Inlet-conduit dimensions and losses 

. Velocity-head losses at inlets 

Head on outlet weir and free fall below weir 

Outlet channels, dimensions and losses Ow ot 

The control chamber often comprises a small chamber with outlets controlled 

by sluice gates. The head losses are a portion of the velocity head on entrance to 

the chamber through a sluice gate, additional proportions of the velocity head if 

changes in direction of flow are necessary, and further velocity-head losses through 

chamber-outlet openings. 

In any project comprising two or more tank units, the flow should be equally 

divided among the several tanks. Sometimes measuring devices are included such 

as Venturi tubes, Pitot tubes, or weirs, by which the flow to each tank is actually 

measured and the division controlled with considerable accuracy. The hydraulic 

losses through these devices can be computed from the data given elsewhere. Gen- 

erally, such accuracy of control and large head losses have not been con- 

sidered necessary. 

Conduit losses may be computed by methods already described. Thus the 

losses in the inlet conduit might include about one-half the velocity head with a 

sharp-edged entrance (0.5V2/2g), plus the friction loss along the length of the conduit, 

plus the full velocity head on discharge into the sedimentation tank. 

The head required for an outlet rectangular-type weir will depend upon the flow 

per unit length of weir and may be computed by the Francis formula (Art. 37). 

Thus, at Buffalo, for a maximum flow of 570 mgd (882 cfs) four round sedimen- 

tation tanks were included, each having a diameter of 160 ft and 500 lin ft of effluent 

weir. This amounted to 0.441 cfs (285,000 gpd) per foot of efluent weir and required 

a head of 0.26 ft. 

Current design practice limits the settling tank outlet-weir overflow rate to 15,000 

or fewer gallons per day per foot of weir. Thus design approved by ‘“‘Ten-state 

Standards” would be as follows: 
“Weir loadings should not exceed 10,000 gallons per day per linear foot for plants 

designed for average flows of 1.0 mgd or less—for plants designed for flows in excess 

of 1.0 mgd—should preferably not exceed 15,000 gallons per day per linear foot.” 

This restriction in weir overflow rate requires special outlet-weir design including 

a total weir length for rectangular tanks, several times the tank width, and for cir- 

cular tanks often two weirs with an outlet conduit between them, or a series of radial- 

flow conduits may be used. Also, the outlet-weir plates are quite generally cut into 
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a series of 90- or 60-deg V-notch weirs about 814 in. center to center for better control 

of the low overflows. In addition to the head above the bottom line of the V- 

notches, a reasonable free fall of 0.2 to 0.5 ft should be allowed for maximum flows, if 

ample head is available for the plant. 
The need for long outlet weirs and long outlet conduits with a varying inflow rate 

along the conduits results in hydraulic computations more complicated than a simple 

weir discharging into the upper end of an outlet channel. Head on the outlet weir 

may be determined by dividing the flow by total weir length (or total numbers of 

V-notches) and applying the appropriate weir formula (Art. 37). 

Hydraulics of free-flowing and free-outlet discharging conduits may be computed 

by the equations set up in Sec. 38, Art. 14, for lateral spillway channels [Eq. (17), 

Sec. 38, Art. 14] and for the critical depth at ends of wash-water gutters discharging 

freely [Eq. (42), Sec. 38, Art. 24]. For proper use of these equations to compute 

conduit head losses, the hydraulic design of conduits and structure downstream 

should not permit a backwater level above the hydrostatic critical depths at the 

channel outlets around or across the settling tanks. Friction losses computed as 

for conduits (Art. 31) should be added to the differences in upper and lower conduit 

depths (level-bottom types). In general design practice, the effluent conduit often 

is planned with a sloping bottom, which requires some modifications in application 

of the wash-water gutter and the conduit formulas. 

The computed hydraulic losses for a number of illustrative sedimentation tanks 

are given in Table 8. 

Tasue 8. IvuLusrrRatTiveE HyprRAULIC LOSSES FOR SEDIMENTATION TANKS 

Buffalo, Yonkers,* | Richmond, | Alexandria, | Appleton, 

Item Ney N.Y; Mas Va., Wis., 

570 mgd 230 mgd 70 mgd 40 med 32 mgd 

Inletichamber. co... curate nes cue Ds 0.13 0.14 0.05 Gets 0.10 

Inletncond uit eee eerie 1.04 : 0.05 0.10 0.15 

RGSSErDIDEK. xo een tat Ome te 0.59 0.698 0.08§ 0.118 
Fall across tank: 

Headson Welln <mi me scuneromer 0.25 0.20 0.08 0.06 0207 

Free fall below Weir... ..5.: 25.5: 1.48 0.01 0.50 0.98 0.18 

Collecting condults;ems 1s). ete oe 0.14 0.04 0.15 

OwmbletrconnecniOnvianee ene mene 0.49 0.14 ioe WAU 0.07 

ATL Gaile epee Bae eae ere oe 4.12 22 0.80 1.44 0272 

* Yonkers Joint Plant, Westchester County, N.Y. 

+ For round center-feed tanks. 

t Connection from individual tank to main outlet conduit. 

§ Head on inlet ports. 

39. Rotary Trickling Filters. Hydraulic computations for reaction-type rotary 

trickling filters involve the following major factors and head requirements: 

Area and depth of filter 

Losses through connecting piping and control chambers 

Head required in center column and through rotating arms 

Height of arms above filter stone 

Underdrains and outlet drainage channel Se ies SS 

The area and depth of the filter should be computed on the basis of type of filters 
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and concurrent BOD and flow-rate loadings, with or without recirculation, necessary 

to meet the extent of BOD removal required. 

The head losses through the connecting piping from the control structure to the 

center column of the distributor at the center of the filter include the entrance and 

exit losses to and from the piping and the friction losses in the pipeline, computed 

as outlined before. 

The head required for flow distribution over a rotary distributor-type filter includes 

the losses in the center column, the distribution arms, and the orifices, which depend 

upon specific design factors, such as the special construction required to control the 

rate of flow into the rotating arms, the number of arms, the design of discharge 

nozzles or orifices, and the velocity head of discharge required to cause the reaction 

force of rotation. The heads required in the center column and arms have been 

based on actual hydraulic tests by the specific equipment manufacturer. In design 

practice, it is usual to state the maximum, average, and minimum rates of flow, the 

filter size, the available head, at the center column or at the center of the arms; to 

provide details of the column base with the surface of the filters; and then to require 

manufacturers to provide distributors to operate within specified capacities and 

head limitations. However, the engineer’s hydraulic design must be close to the 

manufacturer’s standard designs, so some preliminary consultations may be desirable. 

The height from the surface of the filters to the center line of the distributor arms 

or arm-clearance loss depends upon the diameter of the filter and the details of the 

distributor. There is a static loss or clearance of approximately 9 in. per 100 ft of filter 

diameter with a minimum of about 6 in. 

Underdrains comprise both a filter-floor collection system and a subfloor supporting 

the filter media, which may be constructed of vitrified-clay blocks to carry the filter 

effluent and to provide air for the filter treatment process. The top faces of the 

blocks have openings of at least 20 percent of the top surface area. The rated dis- 

charge through the blocks should be carried in not more than 50 percent of the cross- 

sectional area. These blocks are laid on the filter floor with a minimum slope of 

0.5 percent toward a main drainage channel. The velocity in the main drainage 

channel is usually 2 to 3 fps with the maximum discharge flow level in the main 

drainage channel kept below the bottom of the underdrain blocks. 

The maximum loss of head within the rotary trickling filter is the distance between 

the water levels for the maximum flow in the center column of the distributor to the 

minimum flow in the drainage channel at the outlet, or to the outlet weir level in the 

final tanks. 

Roughly the overall head loss for a rotary trickling filter may be as follows: 

Approx head, ft 

Filter element 

Avg Range 

DISH UCOLe ne eeeeieieer eee Zo 1.0- 4.0 

Bilitenedepit hens vserveete erent 6.0 3.0— 8.0 

Undeéerdrainages asec 2..5 2.0- 4.0 

POUL ci ton erie ena eee ea aes ae WHR) 6.0-16.0 

The computed head requirements for a number of illustrative trickling filters are 

given in Table 9. 
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TaBLeE 9. ILLUSTRATIVE Heap REQUIREMENTS FOR TRICKLING FILTERS 

Wihter units Head required, ft 

Flow, 
Plant med , 

Influent Media Effluent Total 

No. Diam, ft system* | depthft | system t{ 

Alexandria; Valeonesss on) 3 160 40 3 4.33 3.08 11.43 

Austin, Minn.: 

First stages saan ao 2 68 6.75 neal E i 7.32 5.78 eae ae 13.64 

Second!stages...--.,.) | 0.88 acre§ 9.30 8.50 8.00 4.20 20.70 

Knoxville, Tenn., Love 

Creekselantwenomoce er 2 75 S.a2 3.94 6.25 10.91 21.10 

Sioux Falls, S. Dak.: 

HMirstis tag Cent steerer 4 87 4.9 6.54 6.18 2.86 15.58 

Second stage......... 4 197 9.8 5.29 7.42 18.14 30.85 

HOckford qylllarewe en erate 4 150 30 2.97 5.08 0.65 8.70 

Tullahoma, Tenn........ 2 123 ibe) BO 5.63 129 10.49 

High heads required shown for some processing units are due to elevated locations dictated by 

restrictive sites or topography. 

* Water surface in preliminary or intermediate tanks to top of media. 

+ Media depth at channel. 

t Bottom of media to water surface in intermediate or final tanks. 

§ Fixed-nozzle-type filter. 

40. Aeration Tanks. Inlet, outlet, and conduit capacities and head losses are 

computed as described for sedimentation tanks. Conduits carrying mixed liquor 

and aeration-tank effluents are usually aerated to prevent the depositing of solids. 

The relatively small losses through the aeration tank can be neglected. Head varia- 

tions on the effluent weirs are computed by the Francis weir formula, as described for 

sedimentation tanks. However, often water levels in aeration tanks may be con- 

trolled by the effluent weirs of the final tanks and no effluent weir used in the aeration 

tank. 

The diffused-air-type system for aeration tanks involves the capacity and the 

head losses of air piping and type of aeration device and the back pressure from the 

sewage depth to the device. Porous diffusers of all types require air filtering to 

control clogging. The head losses for the various aeration devices are available 

from the manufacturers. 

One of the functions of an aerator is to mix the solids in the sewage thoroughly 

and prevent sedimentation, which is considered in the design of the tank and the 

placement of the aerators. Spiral-flow tanks should have a transverse velocity of 

1 to 1!% fps to prevent solids deposition. Numerous factors are involved in the 

primary function of an aerator, which is the amount of BOD to be removed. Air 

requirements in the past have been related to volume of sewage, but with increasing 

performance data, present practice is to relate the volume of air required to the amount 

of BOD to be removed, which is dependent on the type of activated-sludge process 
used. The “Ten-state Standards” assume 1,000 cu ft of air/lb of applied primary 

effluent BOD/day for the average flow. These “standards’’ require the diffused- 

air-type system to have 150 percent of the average capacity for piping, diffuser 

piping, and blowers or compressors, including additional service conditions for the 

latter. Mechanical aerators are also required to meet the same objectives. 
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Air-piping losses may be computed by the Fritzsche formula (Fig. 29), which in 

English units may be written as follows:° 

p = 1:268( + 460)Q1 9" 
~ ~108(p + 14.7)d*378 

where P = drop in pressure, psi per foot of piping 

= mean gage pressure, psi 

= mean air temperature, °F 

= pipe diameter, in. 

length of pipe, ft 

= cubic feet of free air per minute at 60F and 760 mm pressure Ohana B 

ll 

Actual Diameter of Pipe in Inches 
L © bk b xL foah aL b) 43100,000 ae ma : 

= 
2 60,0 A 6 
S 
£40,000) 4 
Ps 
= 2 
= 20,000 ee f 

£!% 8 : 

& 6000 q = 
Fa Nee 6 @ 

of ‘Temperature, Deg.Ft 6 ° 
Ss WSN if 1= 
my 2,000 » 45 

E ‘5 
= 1,000 4s 
& Z 36 
a 600 - 
& ie 
< 40 234 
c E 
. 25 
8 20 = 

ring i 
ue Ze iB re: 
= 10 E 
< ks 
=> 
oOo 6 
o 
P 40 | 
Ss 

3 
Bee 3 

! 

S @ S&S 2S 2S SS ee 72 exe 
7 Ss Seoul S Ss CROs “ re s 

Drop in Pressure, |b. per Sq.In. per 100 Ft. 

Fic. 29. Flow of air in circular pipes based on Fritzsche formula. 

Bushee and Zack have reported?® the results of early experiments by the Chicago 

Sanitary District on air-pressure losses through piping, meters, valves, and diffuser- 

plate connections. 

Measurements with 4-in. steel pipe gave losses practically the same as computed 

by the Fritzsche formula, whereas the measured losses for 10- and 24-in. Brown and 

Sharpe cast-iron pipe were about 25 percent greater than the computed losses. Some 

allowance should be included for increased losses with age—possibly 20 percent of 

computed head losses. 
Measurements of air-pressure losses through Venturi meters gave results sum- 

marized as follows: 
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Compressed-air factors Pressure losses 

Size of meter, in. ee: ; 

Pressure, Temp, Lap ieaginas psi per 1-ft 
i 5 differential : ; 

psia EF differential 
head 

LOE <5 21.5 86 18 0.078 

5x 2 22.0 80 22 0.095 

4x2 TSE) 86 21 0.091 

3X 34 21.5 78 24 0.104 

Bushee and Zack stated that meters could be obtained to keep the total loss to 

0.1 psi. 

Tests of air-pressure losses through a 10-in. check valve with an aluminum flap 

gave results as follows: 

Loss of pressure, psi 

Rate of 

free air, 

efm Check valve | Check valve 

and elbow alone* 

500 0.042 0.04 

1,000 0.066 0.06 

1,500 0.074 0.06 

2,000 0.078 0.06 

* Assuming loss through elbow equal to 30 diameters of straight pipe. 

Air-pressure losses through elbows and bends in pipelines in terms of equivalent 

length of pipe have been given as follows: 

Equivalent length of pipe, ft 

Diam, 

58% 

Elbow Bend 

1 1.5 On23 

2 4.9 0.74 

3 9.4 1.41 

4 14.5 2:2 

6 25.9 3.9 

8 38.0 ort 

10 50.7 7.6 

12 63a 9.6 

14 Tf atts 

16 90.1 13.5 

18 104 15x 

20 ilalizé liter 

24 144 21.6 
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Air-pressure losses through globe valves, tees, and elbows in terms of equivalent 

length of straight pipe have been given as follows:'4 

Additional length of straight 

Nominal pipe, ft 

pipe 

diam, in. 

Globe valves | Tees and elbows 

1 2 2 

1146 4 3 

2 rs 5 

24 10 a 
3 13 9 

314 16 at 

4 20 13 

5 28 19 

6 36 24 

i 44 30 

8 53 35 

10 70 47 

12 88 59 

15 115 is 

18 143 96 

20 162 108 

22 181 120 

24 200 134 

41. Outfall Losses. Hydraulic losses for outfalls from treatment plants depend 

upon the distance to the waterway, the design of the entrance to the outfall conduit 

and of the outlet chamber, length and size of the outfall conduit, the depth and design 

details of the diffuser section, the differential density of the plant effluent and the 

sea or fresh water, and the variations in receiving water levels. 

The friction losses in the outfall conduit leading to the waterway are computed 

as described in Sec. 40, Art. 33, except that for settled sewage a minimum velocity 

of at least 2 to 3 fps should be used for scouring material settled during low flows. 

Entrance and outlet-chamber losses are computed as a portion (generally 0.5 to 

1.0) of the velocity head. 

Usually a free fall at the plant outlet is provided equal to the rise in river or lake 

level above the normal water level at which the plant is designed to operate. For 

a sea outfall the high tide for plant operation with full discharge through the sub- 

merged outfall requires extended study of tide levels (Fig. 21); sewage-flow durations 

(Sec. 40, Fig. 10); and effects of closer-in discharge of peak flows, infrequently and 

for short duration. A gate included in the outlet structure may be opened at high 

water levels to compensate for submergence of the overflow weir. 

A common practice after treatment is to extend the outfall conduit to a series 

of submerged outlets, so as to distribute the effluent into the water. Figure 30 

illustrates such a design. The head losses include (1) 0.5V2/2g at the entrance to 

the outfall; (2) the pipe-friction losses through the straight pipe sections; (3) the 

velocity head in the pipeline; and (4) the nozzle head required to force the discharge 

out through the openings, which may be computed by the formula 
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where h, is the discharge head, which is considered all lost, and V, the velocity through 

the openings—for a short-tube type of opening, the discharge coefficient C may be 

taken at 0.82, and the head loss is 114 times the velocity head (h; = 1.5V,2/2g)—if 

the opening is an orifice cut in the pipe, C may be taken as 0.6, and the head loss will 

be h; = 2.8V.?/2g; and (5) density head = (seawater density) + (fresh-water or 

effluent density) times depth of seawater over outlet opening. 

The height of the overflow weir above normal water level will provide the head 

to force the effluent through the submerged pipe and outlets. Thus a greater rate 

of flow can be discharged through the submerged outlets during low-water levels than 

during high-water levels. 

Outfalls designed and built from research and investigations made by the Los 

Angeles Sanitation District!! and for the city of Los Angeles!? are valuable in more 

detailed consideration of the hydraulic design of outfalls. 

42. Sludge Handling. Sludges from processing elements vary in their nature 

and solids concentration, which, together with temperature, determine flow behavior 

and hydraulic losses in the handling of sludge. Some processing elements produce 

sludge low in solids concentration and with characteristics close to the viscosity of 

water so that hydraulic losses may be computed in turbulent-flow friction losses by 

common hydraulic formulas. Such hydraulic computations can be applied to sys- 

tems for returning activated sludge and usually to sludge from intermediate and 

final sedimentation tanks used in conjunction with trickling filters. Other processing 

elements produce sludge of increasingly higher sludge concentration and of plastic 

or pseudoplastic nature with such shear resistance to flow that when overcome the 

flow is laminar unless the pressure is increased to produce the velocity required for 

turbulent flow, resulting in greater hydraulic losses. Such process products are raw 

primary sludge, thickened sludge, concentrated sludge, elutriated sludge, digested 

sludge, and scum. The characteristics of these sludges will vary further according 

to the quantity and type of solids added from other processing elements. Raw 

sludge has been found to give pressure drops greater than a digested sludge of the 

same solids concentration in the same pipeline. 

Reference 15 contains references to many investigators whose papers with those 

of Behn give an understanding of the complexity of rheological sludge flow behavior 

and progress in quantitative development of reasonable predictions of pressure drops 

for laminar flow of non-Newtonian sludges in pipelines. Where long pipelines are 

to be used for transporting sludges of high concentration and plasticity, they must 

be designed for laminar flow to keep friction losses to the minimum. 

At present, empirical methods with a large safety factor based on experience 

continue to be generally used. Head losses in piping are computed using the Hazen 

and Williams formula with a C factor range of 90 to 60, usually C = 80. Velocities 

range from 3 to 5 fps, increasing to the range from 5 to 8 fps for piping carrying heavy 

sludge and grease. Sludge piping has a minimum size of 6 or 8 in., with suction 

piping used of the shortest lengths to the pumps, and, if possible, a positive head for 

self-pump-priming. Provisions should be made for cleanouts, vent pipes, taps for 

steam cleaning, and access openings for mechanical cleaning. 

Clogging of pipelines and pump stoppage have caused major maintenance costs 

and upset operation of sludge processing. Efficiency of sludge pumps should be 

subordinated to dependable and trouble-free operation. 

Stand-by pumps are generally provided for scum and primary, secondary, and 

elutriated sludge systems. Stand-by provisions are not required where repair time 

is permissible in recirculation and sludge-transfer lines. 

The handling, treatment, and disposal of sludges from waste waters comprise 

design problems comparable with the design of waste-waters-treatment plants but 
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with the selections of sludge-handling equipment more dependent on the peculiar 

characteristics of the sludges at the various stages of the sludge-processing system. 

Applied hydraulics for sludge handling may reasonably include the foregoing 

described hydraulics for pipelines plus head losses for sludge-handling equipment 

based on experience data obtainable from the manufacture of the equipment antici- 

pated to be selected. When other sludge equipment is used, in actual construction, 

some minor modifications in applied hydraulics may be necessary. 

ILLUSTRATIVE PLANT HEAD LOSSES AND HYDRAULIC PROFILES 

43. Summary. The foregoing indicates that some of the hydraulic losses in 

waste-water-treatment plants are readily computed, whereas others depend on 

special allowances made by the engineer to provide for satisfactory operation, future 

additions, and the like, based on judgment. Therefore, the computations should be 

related to and checked by actual plant-operating experience. 

The total head available, for a treatment plant, is the difference in elevation 

between the high level of the sewage in the inlet sewer and the high level of the water 

surface in the receiving waterway. Where this difference does not provide sufficient 

head for the operation of the treatment plant, pumping generally will be required. 

TaBLe 10. OveraLL Heap ALLOWANCES FOR VARIOUS TYPES 

OF WASTE-WATER-TREATMENT PLANTS 

Rated plant Loss of head through 

capacity, mgd plant, ft* 

Treatment process 

and plant 

Avg Max At avg At max 

flow flow flow flow 

Plain sedimentation: 

Wonlkensiy ont ban taeN any ee eee 63.0 230.0 15.67 12.75 

Richmond. Vartan ete Meo eye oke een nce re ee 70.0 200.0 W292, 7.81 

Busta ON Win era cree ee eng eee eee 150.0 570.0 4.34 6.22 

CRempay lain an Pes cust hs aeons Miao Reo ee 36.0 86.4 4.92 6.32 

Trickling filters: 

Alexa Grips Viale ras tetas ore este eae ay Eee meet rn Oe 18.0 82.5 14.20 16673, 

PAUIET HD aly GIy boy sNeecg oes APS rims daa aee anor aan AREA sei Meet een a ie aes 12,2 58.29f 58.30t 

Knoxvailles denne. Gayest @neelkar en. eee ene ener 3.32 8.17 28.26 28.29f 

SiOUKRIA! Seon) a ate anemone Re a Bee ee ec ee 4.9 8.9 46.43 46.45 

ROCKTON G Se Ul Sf Seer a eee epee nen Went  ae N e By ©) 39.0 17.63 20.03t 

sulla omer elennce twee ere ey nee eo ee eae 1s) 4.2 10.53 10.55 

Activated sludge: 

Appleton Waser tnd motu ie ete maa caeaatean ea aes 16.0 32.0 4.37 4.43 

Sioux Halil S. aD a kniivep earn eee eee ten ae aeat ae een 17.0 2576 3.59 3.62 

Rockford ills tiwe wave War eee ets hen ere ee eee 39.0 56.0 7.43 We 53 
Knoxville, Tenn: 

SHIT ree lon. canst ee ear ere as ro gr era ec ee 31.4 60.0 13.88t 14.25t 

Hourbhy Creeks as Aa se nee Oe oat eee ger meee iene, 155, 20) 38.70f 34.15f 

North Shore Sanitary District, Lake County, Il., Clavey 

ROB GR re ree ees Sc ore ec ce eee 4.5 15/0 Pe Wf 2.24 

Nassau County, N.Y., Sewage Disposal District No. 2.. 60.0 140.0 10.94f Sul ali 

* Generally the difference in elevation from the water surface in Parshall flume or grit chambers 

or preliminary sedimentation tanks to weir crest controlling plant effluent or selected receiving water 

level; plus restored head by pumping in continuing plant flow, if required. 

} Integrated trickling-filter and activated-sludge processes. 

{ Head loss includes restored head by pumping. 
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ILLUSTRATIVE PLANT HEAD LOSSES 41-47 

Hydraulic profiles are computed to determine the héad required for the operation 

of the treatment plant. The overall head requirements will vary for different types 

of sewage-treatment plants and for different plants of the same type, as illustrated 

by data in Table 10. 

Sewage treatment by plain sedimentation requires the lowest overall head. The 

greatest losses in this type of treatment occur through the preparatory elements 

(screens, grit basin, etc.) and the conduits. 

Chemical treatment plants usually include a flocculation tank and some extra 

length of conduit and require some head in addition to that for plain sedimentation. 

An effluent filter may be included, constructed either around the sedimentation 

tanks or as a separate structure. Effluent filters may be operated on a 3-in. normal 

and about 6-in. maximum head. To provide a factor of safety, 8 or 9 in. is sometimes 

allowed. A separate structure would require additional head for extra conduits. 

Activated-sludge treatment plants will require additional head allowances for 

conduits, aeration tanks, and final sedimentation tanks. 

Trickling-filter treatment pla>ts usually require more head than other types, as 

head is required to distribute th. sewage properly over the filter, to provide for the 

depth of the filter and for the uncerdrainage system. 

When a plant outfall is too short, a contact tank might be included for chlorina- 

tion, in which case moderate additional losses will occur. 

Hydraulic profiles illustrating head requirements are shown in Fig. 31 for a plain 

sedimentation plant and in Fig. 32 for a high-rate single-stage filter plant. 
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SECTION 42 

TIDAL-ENERGY DEVELOPMENT 

By Eric M. WiLson 

THE SOURCE OF TIDAL ENERGY 

1. The Gravitational Influence of the Sun and Moon. Every particle of matter 

on the earth is subjected to the gravitational attraction of the rest of the earth, the 

moon, and the sun. Since the earth is not a point in space but has appreciable size 

relative to the distances between these bodies, there are slight differences in the 

attractive forces exerted by both sun and moon on different parts of the earth. These 

small but significant variations are responsible for the rise and fall of the tides. 

Figure 1 shows the gravitational attraction that a heavenly body has on an earth 

Disturbing force 

\ \\_Tide-generating 

: component 

Average attractive 
force due tomoon 

Fig. 1. Semidiurnal tides are caused by the difference in the moon’s attraction of an 

average earth particle, acting at the center of the earth, and a particle on its surface, off 

the earth-moon line. Triangle of forces shows average particle force, the actual force, 
and the resultant force, which is the difference between them. This force is also divided 
into components tangential and vertical to the earth’s surface—the tangential component 
is responsible for tide generation. On the other side of the earth, away from the moon, 

this component acts away from the moon, tending to create a “hump” of water on the 

earth’s far side. The two humps correspond to the high tides which occur twice every 

24 hr 50 min—the time of the moon’s apparent rotation around the earth. Similar tides 

are produced by the sun. 

particle, at the center of the earth where it is average in value, and at a point on the 

earth’s surface, off the earth-body line. The disturbing force is the vector difference 

between these two. The disturbing force may be resolved vertically and tangentially 

to the surface, and it is the latter component which causes those particles which are 

free to move, 2.e., liquids and gases, to do so. On the side of the earth away from the 

body, this component acts away from it, tending to cause “humps’’ of water on the 

earth-body line. 

The two bodies responsible for almost all tidal movement on the earth are the moon 

and the sun. Both of these have an apparent rotation around the earth, with a 

periodicity of 24 hr 50 min and 24 hr, respectively. Accordingly a tide due to the 

moon’s attraction occurs every 12 hr 25 min and one due to the sun every 12 hr. 

42-1 
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Although the sun has 21% million times the moon’s mass, it is 390 times farther away. 

The attractive force of a body is proportional to the inverse square of its distance away; 

however, since it is the tangential (to the earth’s surface) component of this force 

which causes the tides, and as this also reduces as a function of distance compared with 

the vertical component, the net result is to make the tide caused by the sun only 0.46 

times that due to the moon. These tides which occur either at, or approximately at, 

half-day intervals are termed semidiurnal. 

2. The Effects of Declination and Elliptical Orbits. Since the axis of the earth’s 

rotation is not perpendicular to the plane of the sun’s apparent orbit of the earth 

(except on rare occasions), there is a continual variation in the angle of incidence of the 

sun’s attractive force during the solar day. This variation alters the magnitude of the 

attractive force, which has a maximum and minimum value once a day. ‘This gives a 

diurnal variation in the tides caused by the sun. The moon’s attractive force varies 

in this way for a similar reason, so that lunar diurnal variation also occurs. The 

variation is illustrated in Fig. 2. Further tides arise from the elliptical nature of the 

Axis of rotation of earth 

Position point 
at midnight 

Fie. 2. Diurnal tides result from the continually varying angle of the sun in relation to 

the axis of the earth’s rotation as the earth makes a complete revolution. The angle of 
incidence of the sun’s attractive force on a point on the earth’s surface at midnight differs 

from the angle of incidence on the same point at midday. The moon also causes a diurnal 
tide. 

moon’s orbit of earth and of earth’s orbit of the sun. These tides are semiannual for 

the sun and fortnightly in the case of the moon. 

Phase Difference. The earth revolves on its own axis every 24 hr—the solar day. 

The moon revolves in an elliptical orbit around the earth every 2919 days, giving it a 

period of revolution relative to a point on the earth’s surface of 24 hr 50 min. If the 

sun and moon are in line with the earth, or nearly so, the effects of their attractions 

are additive and give rise to spring tides. As each day passes, the time difference 

between their apparent orbits moves the two tidal attractions apart until they are 

90 deg out of phase, resulting in neap tides. At this time the moon, earth, and sun are 

in a right-angled triangle configuration. As the phase dilference increases the bodies 

move into, or nearly into, line again with the moon on the side of the earth remote from 

the sun, and spring tides occur again at 180-deg phase difference, and so on. This is 

illustrated in Fig. 3. There is therefore an oscillation in tidal amplitude, with a period 

of approximately 2 weeks. 

The actual tides which oecur depend on the combination of all the factors men- 

tioned and others which have not been discussed. Constituents of tidal motion have 

periodicities ranging from 3.1 hr up to 1,600 years, and by combination of all the 
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harmonic oscillations, the tractive forces can be calculated for any particular time, 

past or future. The theoretical maximum possible tractive forces have been calculated 

to occur about every 1,600 years, when phenomenally high tides should result. The 

next occasion when this will happen is a.p. 3300. By observation of the actual sea 

levels at particular locations, knowing the concurrent tractive forces, the likely sea 

levels for different values of tractive force may be deduced and so predicted for 

future use. 

The source of tidal energy is by no means clear. The diminution of the energy in 

the moon’s orbit around the earth and the earth’s orbit around the sun is hardly 

A Sun 

(b) Neap tides 
(a) Spring tides 

Tide due 

to moon 

— Tide due 

fo sun — 

Ita. 3. Spring and neap tides arise from the interaction of the attractive forces of the 

sun and moon. When the lines joining the centers of the earth, sun, and moon are in a 

straight line the sun and moon tide-generating forces are additive, because both bodies 
y” tend to produce “humps’’ of water on both sides of the earth. The resulting maximum 

tidal range is called a spring tide. When the sun-earth and moon-earth lines are at right 
angles the forces are subtractive and neap tides occur. Spring tides occur at new and 

full moon. 

perceptible, though it is often assumed that it is being infinitesimally absorbed by the 

movement of the earth’s oceans. Other recent hypotheses have suggested the 

rotational energy of the earth and the solar energy of the sun as possible sources. The 

matter is not settled, and we simply do not know. 

TIDAL OSCILLATIONS 

3. Oceanic Tides. The variation in elevation of sea level in the open ocean is very 

difficult to measure. Observations at oceanic islands indicate that the range is 

probably only about 2 ft. As a tidal wave travels across the shallower water of a 

continental shelf the mid-ocean range is amplified by shoaling effects. By the time 

the coast is reached this amplification is typically about three or four times the 

original range. 

4. Estuarial Tides. At an estuary mouth there is a cyclical rise and fall of water 

level with a period, for a semidiurnal tide, of about 12.4hr. The estuary water content 

is very small on any absolute scale and is not subject to appreciable tides on its own 

account. The period of the tidal wave, 12.4 hr, is long enough to make the wave 

length generally much longer than the physical length of the estuary. Such a long 

wave tends to move along an estuary with a celerity C = ./gh, where h = mean 

depth. For example, if a semidiurnal tide with a period 7 of 12.4 hr propagates along 

an estuary of mean depth 100 ft then the wave length L is given by L = TC. In this 

case C = 57 fps and L = 44,700 X 57/5,280 = 470 miles. Most estuaries are 

shorter than this, but there are many of particular interest whose lengths and depths 
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are such that the length is approximately one-half or one-fourth the wave length. In 

these cases, it is possible for resonance to occur, and the amplitude of the tidal wave 

may increase along the estuary by factors of between 2 and 4. Well-known examples 

where such resonance plays a part in the increased tidal range are the Bay of Fundy on 

the eastern coast of Canada and the Bristol Channel on the western coast of England. 

In the case of Fundy, the tides at the mouth of the bay are increased some 214 times at 

the head. In the case of the Bristol Channel the maximum range is increased to about 

three times that of the Irish Sea at its mouth. 
There is little doubt that the funneling effect of converging estuary tides also plays 

a part in increasing the range within an estuary. 

6. Coriolis Force. Another influence on the tidal range at a particular location is 

that of the Coriolis force. This force results from the conservation of angular momen- 

tum in a fluid stream moving north or south on the rotating earth. As the stream 

moves north in the Northern Hemisphere it moves nearer to the earth’s axis. In this 

position its angular momentum is greater than required, producing an increase in 

angular velocity and so causing the stream to be deflected eastward. Similarly 

moving south, it moves farther from the axis and so requires additional momentum. 

It can derive this momentum only from the earth itself and so it tends to swing or 

slope up to the west until frictional and hydrostatic forces stabilize it. An example of 

this phenomenon and its effect on tidal range is apparent in the Irish Sea. This is a 

comparatively small landlocked shallow sea between Great Britain and Ireland, too 

small to produce appreciable tides on its own account. It is filled and emptied 

cyclically by tidal waves from the Atlantic, principally through its southern end, so 

that a flood tide results in a northward-flowing current and an ebb tide in a southward- 

flowing one. The Coriolis force induces the sea to slope up to the east on the flood and 

up to the west on the ebb by approximately 4 ft in a width of about 80 miles. The net 

result is to give a tidal range on the eastern coast about 8 ft greater than on the 

western, or Irish, coast. This Coriolis amplification is one of the reasons for the high 

ranges in the Bristol Channel and on the western coast of England and Wales. 

6. Barrage Effects. The most important effect that the construction of an 

obstruction across a sea inlet may have on the tidal oscillation may be through altera- 

tion of the resonance of the basin. If the length of a resonating basin is altered by an 

artificial barrier it is likely the range of the tide outside the barrier will change. A 

practical example of this is cited in Holland, at the mouth of the old Zuider Zee. When 

the closing dike was built across this inland sea (now called the Ijsselmeer) in 1932, the 

tidal range was increased at locations immediately outside the barrier by some 4 ft. 

It is essential, in planning a tidal-power barrage, to be sure that the sea levels 

outside the reservoir will maintain or increase their existing range, or at worst diminish 

by some relatively small amount, so that the production of energy, on which the 

economic return of the project depends, will not be found less than estimated before 

construction. Various analytical methods for carrying out such an investigation have 

been fully described in the literature.'?:*:* All these methods involve assumptions 

and simplifications which affect the correspondence with the real estuary, and it would 

almost certainly be necessary in a particular case to build a large-scale hydraulic model 

of the sea area affected as a check on the analysis. 

THE GENERATION OF MECHANICAL AND ELECTRICAL ENERGY 

7. Historical Methods. One of the earliest written references to a useful machine 

for exploiting the energy of the tides is a description in the Domesday Book, in the 

British Museum, of a tidal mill which worked in Dover Harbour. Certainly in 

medieval times tidal mills were common in the estuaries of Britain and France. There 

* Superior numbers refer to items in the Bibliography at the end of this section. 
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is a record of one at Brooklyn, N.Y., built by Dutch colonists in 1617, and in 1734 a 

Massachusetts mill was developing 50 hp and was used for spice grinding. They 

worked as simple, undershot water wheels, the sea water being contained at high tide 

by wooden tidal flaps and released to drive the wheels when the tide fell. Although 

such wheels were cumbersome and inefficient, they could be relied upon to turn for the 

millers, even when river mills had ceased to work in periods of drought. 

Later inventors had the idea of using the rise and fall of floating weights to do 

useful work, and many patents were taken out in Europe in the seventeenth and 

eighteenth centuries for such devices. Another common idea was to use the rising 

water surface to compress air in large metal or masonry vessels, the compressed air 

Sluice 
gates 

Reservoir 

Reservoir level 

with pump-assisted Reservoir level 

refilling Sea level / 

aS fi fas 

Water level 

S=standstill 
G=generating 
F= filling reservoir Approx. 12/2 hrs 

Fie. 4. Typical layout and operating regime for one-way generation. 

then to be used to drive air engines. None of these ideas is practicable for using tidal 

energy on a large scale. 
8. Methods Proposed in the Recent Past. With the development of the hydraulic 

turbine and electrical power systems there was a resurgence of interest in tidal power. 

The concept of enclosing whole estuaries by dams and building large power stations 

with many turbogenerators, to generate electricity, became accepted. The earliest 

schemes proposed simply to impound the rising tide behind a single dam, generating 

electricity as the impounded water was released through the turbines at low tide. 

Sluice gates could then be opened to allow the basin to refill. This one-way method, of 

which a typical layout and operation regime are shown in Fig. 4, requires that some 

5 hr generation is followed by 6 to 7 hr of refilling and standstill. The power and 

energy output can be improved by using the turbogenerators as motor pumps to assist 
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the refilling operation. The concept of pumping in this way came much later in the 

historical development of tidal energy, and in the earlier schemes refilling was by 

means of large numbers of sluice gates, which increased the capital cost of the works 

substantially. The pump-assisted regime is shown by the dashed line in Fig. 4. 

After the one-way working system, two-way working was proposed and various 

ingenious power-station layouts were devised to enable energy to be generated with 

water moving either from reservoir to sea or from sea to reservoir. A typical design 

for such a station and its operating regime is shown in Figs. 5 and 6. It is possible to 

extract more energy from an estuary by two-way working, but the average head on the 

turbines is lower than in the one-way method and so they are necessarily larger and 

Sy) 

Sea Reservoir a 
i a 

Fic. 5. Cross section through a two-way generation power station for Kislaya Bay, 
U.S.S.R. (Based on a 1940 design by L. B. Bernshtein.) 

Sea level 

Reservoir level 
va Y / 

Approx 12 "Yo hr 

E = emptying reservoir 
F = filling reservoir 

S = standstill in reservoir 
G,= generating: reservoir to sea 
Go= generating: sea to reservoir 

Fic. 6. Two-way generation operation cycle. 
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more expensive. Neither method overcomes tidal power’s principal disadvantage, 

that is, that power and energy are developed intermittently and to a periodic cycle 

which is out of phase with the cycle of public demand, which is that of the solar day. 

Electricity systems are designed to meet foreseeable power demand, on demand, and 

only secondly to meet overall energy requirements. A power source which does not 

provide this facility is economically handi- 

capped, since at a time of peak demand on 

the system it cannot guarantee power. 

To overcome the disadvantages of discon- 

tinuity in generation the use of multiple 

basins was proposed. For example, in Fig. 

7 is shown a_ possible multiple-basin 

scheme. Referring to Figs. 7 and 8, it works 

as follows: The high-level basin A is filled 

through sluice gates A as the tide rises and 

for some time after peak high water in the 

—— passed: 2 Sian Jase ps es level Fig. 7. Typical layout for two-basin 
meets rising basin level C, sluice A is scheme for continuous power generation 

closed, preventing outflow. Water is con- — or peaking power. 
tinually passing from high-level basin A to 

low-level basin B through the power-station turbines; so the level of basin B rises. 

However, as soon as the falling outside sea level drops below the lower basin level J, 

sluice B opens and allows basin B to discharge to the sea. This continues until sea 

level rises again to K when sluice B closes and the lower basin starts to fill again while 

the upper basin level continues to fall. Soon after, the rising sea level passes the now 

depressed upper basin A (D) and sluice A opens to refill the upper basin, thus com- 

pleting the cycle. By these means a continuous power output may be obtained, 

though it will fluctuate in magnitude throughout the cycle as indicated by the con- 

Basin A 

Basin B 

Turbines 

v. Sea level 
-Basin A level 

Water level 

Basin B level 

| | | | | 

O 6 {2 {8 24 30 36 

Time, hrs 

Fiag. 8. Operating regime for two-basin scheme with continuous power generation. 

tinually varying head on the turbines, shown in Fig. 8. The power-output fluctuation 

depends on relative basin size and installed capacity and is usually through a factor of 

about 2 cyclically, and about 5 throughout the lunar month. The firm power gener- 

ated in this way is therefore low in relation to the installed generating capacity. 

Multiple basins have the disadvantages of requiring two sets of sluices and greater 

lengths of embankment dam. On the other hand, the power station is in protected 

water, the central embankment may be low, and there need be no compromise in the 

structures’ design for best hydraulic performance since all flow passes in one direction 

only. Nevertheless, the quantity of energy that can be developed in a particular 
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location by multiple basins is only about half that of a one-way ebb scheme and still 

less than from a two-way generation scheme. A full treatment of the theoretical 

outputs of an idealized estuary under various modes of operation has been given by 

Davey.‘ 

9. Peaking Operation. At this stage it is useful to consider what a modern 

electricity system needs that can best be supplied by tidal energy. This approach is 

more rewarding than simply designing schemes which provide particular quantities of 

power or energy at inconvenient times or provide continuous but fluctuating output. 

A modern electricity system doubling in size every 10 years has normally a substantial 

part of its capacity of recent design standing idle for part of the 24-hr day. The night 

load is typically about 35 percent of daily peak demand, and so a fluctuating continuous 

output from the tides is of little interest on most systems. Such output would relegate, 

even more perfectly, adequate plant to a standby capacity, probably to the detriment 

of overall system economy. It seems clear that the most valuable contribution that 

tidal power can make is the provision of guaranteed peak power so that conventional 

plant load factors may be improved. 

There are two ways in which this may be done, and they both involve the storing 

of potential energy by pumping water. The first method is the pump-turbine system 

which has been installed at the French tidal-power station on La Rance, in Brittany. 

The second is the well-proved system of high-head pumped storage. 

10. The Pump-Turbine Concept. The essential feature of this method of pro- 

viding peaking power from tidal plants is the hydroelectric machinery. The turbo- 

generator is an axial-flow machine mounted horizontally in the water passage with the 

alternator contained in a submerged steel bulb. The turbine has variable-pitch 

blades controlled by mechanisms in the nacelle, which is therefore larger than in a fixed- 

blade propeller. The alternator also serves as a motor, so that the whole unit can be 

power-driven to pump water. Since the turbine blades are reversible the unit can 

thus generate electricity with flow in either direction and can pump in either direction. 

This gives great flexibility in the operation of the machine and enables the reservoir to 

be filled to a level higher than that to which it would normally fill, by pumping in 

additional water after gravity flow has ceased. Similarly the reservoir can be lowered 

below the gravity-flow level by pumping to the sea. Pumping in this way requires the 

consumption of electrical energy, normally supphed off-peak from the interlinked 

conventional sources. It may be seen that, provided the time of peak demand is 

known some hours beforehand, the reservoir level can be regulated to ensure that there 

is a sufficient difference in level between it and the sea during peaking hours, when 

power is required. In this way, and for the first time, it has become possible to use a 

tidal-power station economically as a source of firm power in meeting demand on a 

public electricity supply system. 

Further advantages are inherent in the system. For example, if off-peak network 

energy is available for pumping when the level difference between sea and reservoir is 

small, this energy may be recouped several times over by subsequent generation with 

the extra pumped water, when the level difference is large. The flexibility of opera- 

tion is shown in Fig. 9, which shows some of the principal ways in which a pump- 

turbine tidal station can be operated to provide power at any time in the tidal cycle. 

There are inevitably disadvantages also in the system which should be understood. 
These are listed below: 

1. The axial pump-turbines are expensive. 

2. They require fairly large waterways and hence large containing structures for a 

given flow. Each end of the waterway must be proportioned to act as a draft tube, 

which increases the containing-structure cost. 
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Reservoir level 

Sea level 

Approx 1 

Ps 

Sea level 

Reservoir level 

(b) G, = generating : reservoir to sea 
Go = generating : sea to reservoir 
P,=pumping : reservoir to sea 

Reservoir level P>=pumping +: sea to reservoir 

Seanievel E =unassisted emptying of reservoir 
II NAS F =unassisted filling of reservoir 

= standstill in reservoir 

Fie. 9. (a) One-way generation with pumped refill. Reservoir level is always above sea 

level; for exceptionally low tidal ranges. For average neap tides repeated one-way genera- 

tion with pumping (as Fig. 4) is used. (b) Two-way generations with double pumping; 

for medium tidal ranges. (c) ‘“‘Sesqui’’ operation; three turbining and two intermediate 

pumping phases during two average spring tides. Tor exceptional spring tides, repeated 

two-way generation is used. Nore: These diagrams are not to scale in elevation. Each 

represents a different tidal amplitude. Numerous other cycles are possible. 
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3. The turbine has a comparatively low pumping efficiency, about 70 percent. 

4. The peak period for which power can be guaranteed is of the order of 5 hr, 

since it depends on sea level, which fluctuates between low and high level every 6 hr 

approximately. 

5. The guaranteed firm power is less than the installed capacity, since the firm 

power depends largely on the level difference at neap tides, while the installed capacity 

depends on an economic evaluation of the value of both power and energy, much more 

of the latter being available at spring tides. 

6. Available energy is lost because it is necessary to keep a level difference for peak 

generation at specific times. 

Using the pump-turbine method, the world’s first large-scale tidal-power station 

has been commissioned (in 1966) near Dinard, on the estuary of La Rance, in Brittany, 

France. 

11. La Rance Tidal-power Station. Thescheme has been very fully described.*.5:78 

Only a brief synopsis of the principal features is given here. 

The barrage is about 2! miles inland from the mouth of the estuary of the Rance, 

giving it a well-sheltered position. The storage reservoir formed by the barrage 
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225-kv substation 

Fig. 10. General plan of La Rance tidal-power station (dimensions in meters). (Blec- 
tricité de France.) 

extends nearly to Dinan some 12 miles upstream and has a surface area of 814 sq miles. 

The tidal range at the site varies between extremes of 11 and 44 ft and has a mean 

value of 28 ft. 

Figure 10 shows an overall plan of the development and Fig. 11 a cross section 

through the power station. The power station is a hollow concrete structure, approxi- 

mately 390 m long with buttresses at 13.3 m on centers. The roof is arched and 

carries a two-lane highway. he station contains 24 bulb sets, one of which is 

illustrated in Fig. 12. Each set consists of a propeller turbine of 5.35 m diameter, 

with four adjustable-pitch blades, directly coupled to an a-c generator rated at 10 mw, 

which rotates in the pressurized. bulb at a pressure of 2 ke/sq em at 93.75 rpm. Mov- 

able guide vanes are arranged peripherally around the bulb on the estuary side of the 

turbine and are used also as regulating sluice gates by closing off the flow completely 

during standstill. A man-access shaft is provided to the interior of each bulb. 

Current is generated at 3.5 kv and the output of each of three groups of eight sets 

is conducted to a 3.5/225 kv transformer rated at 40 mva, three of which are installed 

in the power station. The crane capacity is 90 tons. 

Hach turbine waterway is equipped with gates on both sea and reservoir sides to 

enable dewatering and maintenance to be carried out. Trash racks are not provided 

on either side. 
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i 

Fic. 12. Cutaway diagram of a Rance “bulb” set. (Photo Neyrfilm, courtesy of Les 

Constructeurs des Groupes Marémoteurs de la Rance.) 
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Fic. 13. Section through a sluice gate, La Rance tidal-power station (dimensions in 
meters). 
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The sluice-gate section of the barrage has six fixed-roller-type gates, 15 m wide and 

10mdeep. A section through the center of one of the gates is shown in Fig. 13. 

The net annual output of the station is estimated at 544 Gwh made up as follows: 

Gwh 

Basin-to-sea generation................ 537 

Sea-to-basin generation....  ........ Vil 

608.5 

Energy absorbed by pumping.......... 64.5 

544 

The total cost of the Rance project is variously quoted between 420 million and 

500 million franes. (The lower value has a 1966 equivalent of £30.6 million and 

$85.5 million.) At this lower estimate, using an interest rate of 5 percent per annum 

and conventional amortization, the fixed charges alone would price the energy at 

0.86 cent per kilowatthour. About half the energy can be supplied at peak demand 

periods, but it must be conceded that it is expensive in comparison with alternative 

means of generation. It should be remembered, however, that the scheme was 

originally intended as a pilot scheme for the much larger Chausey Islands project which 

would impound about 200 sq miles of the sea in the corner formed by Brittany and 

Normandy, and that it has already given substantial benefit in the development of the 

low-head bulb turbine. The completion of La Rance Tidal Power scheme was a 

historic achievement and a lasting tribute to the imagination and ingenuity of its 

designers. 

12. Developments in the U.S.S.R. In the last few years there has been con- 

siderable work on tidal power in the U.S.S8.R., and a pilot scheme is under construction 
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Ita. 14. Section through proposed Kislaya Bay unit. (Based on the 1960 project design 
by L. B. Bernshtein.) 
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at Kislaya Bay in the White Sea. This scheme is based on the pump-turbine concept 

using sets similar to the French ones. Methods of precasting the power station and 

of installing the sets in ‘‘floating-dock”’ sections of the power station have been 

proposed and are being used by the Russians. This is a development which has been 

independently considered in Britain and may lead to considerably lower capital costs 

than appear possible if cofferdamming isemployed. The Russian work has apparently 

concentrated on this method of prefabrication of the power station and on the integra- 

tion of the tidal energy into the output of existing hydroelectric installations with a 

view to providing a larger firm power capacity than that obtainable if the two types of 

installation operated independently. It has been very fully reported by Bernshtein.® 

A cross section of one of the most recent Russian proposals, that for the Kislaya Bay 

pilot scheme of 1960, using prefabricated units, is shown in Fig. 14. 

TIDAL ENERGY WITH PUMPED STORAGE 

13. Advantages and Disadvantages. In the preceding section the pump-turbine 

concept of meeting peak demand was described and the other, alternative method of 

high-head pumped storage was mentioned. Pumped-storage schemes are discussed 

in Sec. 25, and here we are concerned only with their application to tidal energy. The 

advantages of using a high-head pumped-storage scheme with the output from a tidal- 

power station* are several, and are listed below. 

1. Since the generation of the electrical energy is not critical with respect to time, 

the most suitable tidal conditions may be selected and maximum energy obtained. 

2. Operating conditions may be chosen so that the installed turbogenerators always 

work at or near an optimum condition. The turbines can therefore be fixed-blade, 

large-diameter, and comparatively cheap. 

3. Peaking power is now supplied directly to the network when the time of tidal 

generation coincides with peak demand and by the pumped-storage plant when it does 

not. The peak energy may be used with great flexibility to meet all demands above 

certain load levels. 

4. The optimal integration of large quantities of energy through pumped storage 

can improve the system load factor and the individual plant load factors of the 

conventional plant in an electrical network. 

5. The t.p.p.s. scheme can act as “‘hot-standby”’ plant at any time it is not at 

peak capacity. 

6. If there are future unforeseen changes in load characteristics, for example, a 

flattening of the daytime load by reason of heavy off-peak use of cheaper-priced units, 

the t.p.p.s. scheme still offers a firm capacity for 12 hr at a time. The pump-turbine 

concept cannot do this and could become obsolete in these circumstances. 

The disadvantages are the necessity of finding a good pumped-storage site with 

adequate storage capacity in the neighborhood of either the load center or the tidal- 

power station, or on the transmission-line route between, and the extra costs of the 

pumped-storage plant. The value of the t.p.p.s. scheme to the network is not 

immediately calculable and depends on the network characteristics, its demand 

pattern, and its growth rate. Accordingly, the comparison of a t.p.p.s. scheme with 

any alternative means of providing for load growth must be made on the basis of 

overall system economy. No other comparison is valid. 

14. The Effect of Tidal Energy on Interconnected Electrical Networks. Pumped- 

storage schemes are considered only when they form a part of a whole interconnected 

system, since their viability depends on the effects they have on the other plant, 

normally fossil-fuel thermal and nuclear-powered stations. This dependence of 

* A tidal-power station operating with a pumped-storage scheme is referred to subsequently in this 
section as a t.p.p.s. scheme. 
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different power sources within a connected system on each other for smooth working 

and maximum economy becomes even more important when a tidal-energy source is 

included. The reason for this may be seen from Figs. 15 and 16. In Fig. 15a a 

typical annual load curve is illustrated with the various plant capacities available 

shown as working their respective proportions of total time. Only thermal plant 

(nuclear, oil, or coal) is available on the system. In Fig. 15b a pumped-storage plant 

is introduced, and immediately the peaking and standby duties are taken over by it, 

A Ak Pumped storage 
| plant capacity 

Thermal plant 
capacity 

Pumped storage 
plant capacity 

: Y Thermal 

plant 

capacity 

Thermal 
plant 
capacity 

MW MW MW 

Thermal plant Thermal plant 
pumping energy pumping energy 

% Time % Time % Time 

(a) (b) (c) 

Iie. 15. Typical annual load curves with and without pumped-storage capacity and 

tidal energy. 
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pumped storage “a 

Pumped Spare 
storage Tidal 

plant h 

capacityy Thermal} fA 
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Blocks of tidal energy Thermal energy conversion 
from ebb-flow generation for peak use through use 
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Fia. 16. Possible integration pattern of tidal energy in a predominantly thermal-power 

electricity system, as appled through pumped storage to a typical weekly demand curve. 

with corresponding improvement in thermal load factors. The pumped-storage-plant 

capacity is limited by the off-peak energy available from the high-merit-order thermal 

plant, since the farther down the peak the pumped-storage-scheme capacity comes, the 

more energy, as well as power, is required from it. More energy must therefore be 

supplied by lower-merit-order plants, and the situation is such that the point is quickly 

reached where it is uneconomic to increase the pumped-storage-plant capacity. 

Figure 15c shows what can be done with a large tidal-energy source in the system. 

All the tidal kilowatthours cost the same. There is therefore no economic disadvan- 

tage in providing pumped-storage-plant capacity as far down the load curve as there is 

tidal energy available. Referring now to Fig. 16, which shows a typical system load 
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curve for a period of a week, the ‘peak’? may by now cover a generation period of 

8 to 10 hr depending on the amount of tidal energy available, pumped-storage-plant 

capacity being available for standby duties for much of this time. The system is now 

very flexible in operation; for example, in altering from a winter to a summer demand 

curve, the life load factor of the thermal plant is increased. The pump-turbine 

method of operation cannot provide the same flexibility, being hmited to about 514 hr 

continuous generation and having a firm power capacity which is governed by the neap 

tidal range and thus is unrelated to system requirements. 

It should be pointed out that the pumped-storage reservoir capacity must be 

larger than what would normally be considered adequate, because of the variation in 

energy output of the tidal station from neap to spring tides. This larger capacity will 

not always be fully utilized by tidal-energy requirements so that a pumped-storage 

facility will be made available for part of the time to the network’s conventional plant. 

Here again the tidal scheme cannot be considered in isolation from the demands it will 

be helping to meet, since the demand-curve shape will influence the storage require- 

ments. An investigation! into the integration of the tidal energy of the Solway Firth 

(between England and Scotland) into the estimated demand of the Scottish electrical 

24.9 GWh max 

weekly demand 
from storage 

GWh (oo) 

GWh 
(oe) 

12 
|= Seas = 

Fie. 17. Fluctuation in weekly storage capacity for the complete integration of Solway 
Firth tidal energy into the hypothetical 1975 demand of the Scottish electrical system. 
(From Water Power.) 

system, as postulated for 1975, yielded the storage fluctuation shown in Fig. 17 and so 

directed the search for a suitable pumped-storage site. 

When comparing the advantages of different types of tidal-energy development and 

the alternative conventional systems it is therefore necessary to cost the whole system 

over a future period of years, probably at least 20, before the true relative economic 

merits emerge. 

FUTURE DEVELOPMENTS 

15. Simplification of Turbogenerating Machinery. All tidal schemes proposed 

in the past, including the Rance scheme, are uneconomic when the unit cost of energy 

is compared with that from alternative power sources. If tidal development is to be 

continued there must be a considerable cheapening of the plant and construction costs. 

These costs cannot be considered in isolation. For example, suppose the turbine is 

made with fixed blades. It will then operate efficiently in only one direction of flow. 

This means its output will be of the form shown in Fig. 4. This, as has been shown, is 

feasible only in a t.p.p.s. scheme. 

The possible types of generating machinery seem to be as shown in Fig. 18. 

Machines of all four types have been successfully constructed, and they are shown 

together here for comparison. The runner diameter is the same in each case. Type A 

is the French bulb unit like the Rance installation, with reversible-pitch blades and a 
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directly coupled generator. Type B is similar but has a geared coupling designed to 

reduce the bulb diameter by speeding up the alternator, thus reducing its size and cost 

and improving the hydraulic efficiency of the water passage. The French considered 

the geared unit to be less reliable and opted for the directly coupled machine although 

Type D 

Fra. 18. Comparison of alternative types of tidal-energy generating machinery. [Cowrtesy 
of Institution of Civil Engineers (London). ] 

the center-to-center distance between the sets must be larger than with Type Bb. 

Since the Type A bulb is the only one of the machines actually in service in a tidal- 

power station and is fully developed, it must be regarded as the standard against which 

the alternatives may be measured. 

If future tidal development does not follow the patterns of La Rance and is toward 
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t.p.p.s. schemes, the complexity of Types A and B would be unnecessary and the 

balance of economic advantage might then lie with Types C and D. 

Type C is the TUBE turbine with the generator directly coupled to a long turbine 

shaft, thus requiring a curved water passage. Type D is the straight-flow turbine 
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Fic. 19. Proposed design for a straight-flow turbine with rim generator. (Hnglish 

Electric Co.) 

with rim generator.* The shortest and simplest containing structure is that for 

Type D, and it seems to offer a cost advantage in this respect for t.p.p.s. schemes. It 

can be designed to operate as a fixed-blade unit capable of being motored in the 

reverse flow direction, thus providing assisted refill and reducing the need for separate 

sluices in the barrage. Figure 19 shows a proposed design for such a machine. 

Type C has a waterway with less desirable hydraulic characteristics. It requires 

* Seventy-five machines of this type were built and installed on low-head schemes on the Lech and 

Iller rivers in Germany in the period 1936-1951. They are all running and in service in 1967. None 
has yet been built as a pump-turbine. 
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deeper foundations, though this is not necessarily disadvantageous, as will be seen. It 

is likely to cost more. On the other hand, it can be readily provided with adjustable 

turbine blades (much more of a problem on Type D) and has very good accessibility 

and no cooling problems. Figures 20 and 21 show design proposals for caisson units 

incorporating machines of each type. Both will probably be further developed, and 

at present it is not possible to be sure about the economics of one compared with the 

other. This is so primarily because the function of the machine is so important in the 

design of the power station, and because the relative size and numbers of machines and 

the way they are operated control the optimum design of the machine itself. It is so 

secondarily because there is as yet little manufacturing and operating experience with 

either type. This is true also of the French machines, though they have been operating 

as prototypes for some years. 
16. Cheapening of Civil Construction Work. The construction of a cofferdam 

in an estuary is a difficult undertaking at any time, because of tidal currents and wave 

action. When the site is subject to a large tidal range and the cofferdam is required to 

cut off an appreciable part of the waterway, then the work may become extremely 

difficult and prohibitively expensive. If large-scale tidal development is to take place 

in the future, construction methods must avoid very large cofferdams like that of 

La Rance. The simplest way to do this is to prefabricate the power station in 

sections, in drydocks or on slipways, and to float the sections, or caissons, to the 

barrage site and then at slack water sink them onto a dredged, level rock-rubble 

foundation. This caisson technique is well established and, though not yet executed 

on the scale suggested here, has been appled to many problems, two notable recent 

examples being the closure of the Veersche Gat in Holland in 1961?!! and the pre- 

fabrication and installation of a complete lighthouse in the Irish Sea.!2 The method 

has also been used successfully for subway-tunnel construction at Montreal and 

Rotterdam in the last few years. The Russians have now apparently actually built a 

tidal-power station at Kislaya Bay in this way® (Fig. 14). 

Hach caisson would consist of a horizontal water duct incorporating an intake, with 

space for an axial-flow turbine and draft tube. If the scheme is one in which 

positive-head pumping is necessary to ensure firm capacity the intake may be nearly 

as long as the draft tube, so that velocity head is recovered. If the scheme is 

designed for assisted refill pumping only, the intake may remain short. Two or more 

waterways might be incorporated in a single caisson. Projects considered to date in 

any detail envisage the installation of large numbers of these cells, using large- 

diameter runners. For example, a recent proposal for the Bristol Channel in Britain 

had 220 cells each carrying a 380-ft-diameter axial-flow turbine.!? Tidal-power 

projects are likely to be viable only with large tidal ranges, and machine runner 

diameters as large as conveniently possible. Since water depths required for a 30-ft- 

diameter runner are of the order of 60 ft at low water springs, the overall height of the 

units may be as great as 100 ft. For this diameter of runner they would be about 

180 ft long by 55 ft wide for each waterway. Smaller units are perfectly possible and 

water depths will correspondingly decrease if they are used, though the unit cost of 

energy will increase as size decreases, other things being equal. Where channel- 

bottom elevations are lower than the required foundation levels for the caisson cells, 

dumped rock rubble would be used as filling. It might therefore conceivably be 

cheaper to have a deep rather than a shallow caisson. Necessary protection to the 

rubble bank against scour from the waterway discharge would be provided by under- 

water placement of hot asphaltic-concrete mixtures, whose development and use have 

recently been pioneered by the Dutch on the Ijmuiden harbor moles on the North Sea 

coast of Holland.44 Such a rubble bank will inevitably be permeable to some extent 

at least at first, but this is not a vital matter as it is in normal hydroelectric practice 
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since the water loss is likely to be very small in relation to the vast quantities passing 

every few hours, and the head is comparatively small. The Bristol Channel scheme 

referred to above has peak discharges of the order of 3 million cfs. 

The elimination of trash racks, isolating valves and gates, and so far as is possible, 

large sluice gates is also desirable. If the machine size is large enough, incidental 

trash and surface ice may be safely passed. If the turbines are used also as pumps, 

then sluices may be largely or completely eliminated. This design decision must be 

based on the availability of input off-peak energy and the relative economic worth of 

extra energy obtainable by installing sluices. 

Underwater placement of fill material is a well-tried technique and has been used 

on a large scale in many projects, notably recently at Arrow Dam in British Columbia, 

and Ijmuiden and Plover Cove, Hong Kong. 

THE ECONOMICS OF TIDAL ENERGY 

Most tidal projects considered in the past have been shelved because alternative 

sources could be shown to produce the same power and energy for less cost at the time. 

As each new development in hydrauhe engineering has occurred, corresponding 

improvements have been made in the comparable technologies. It has been aptly 

said that every tidal-power proposal ever made would have been an economic success 

10 years after it was built. The two factors principally responsible for keeping tidal 

projects from realization have been capital cost and lack of firm capacity. It will be 

realized from the foregoing material of this section that recent proposals are aimed at 

reducing capital cost, (1) by eliminating cofferdams, (2) by shortening the construction 

period, and (3) by simplifying the hydraulic machinery. At the same time firm 

capacity is to be provided, either by using the pump-turbine concept or by integrating 

the tidal energy into system demand by pumped storage; in other words, by selling 

peak-demand-period power and energy. Since most modern electricity systems 

contain large low-unit-cost producers in nuclear and thermal plants working at high 

load factors, tidal energy, like much other hydropower, can best be utilized as peaking 

energy. 

The trend in energy costs in fossil-fuel-fired plants appears to have reached relative 

stability, and current costs (1968) do not seem likely to fall much further. This may 

be seen graphically in Fig. 22, which indicates how little further room for improvement 
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Fie. 22. Historical heat-rate improvement. (After Baldwin, Houser and Smith.) 
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there is. Current prices in the United States are about $120 per kilowatt installed for 

large units, and these working at 70 percent load factor give unit costs including all 

expenses of about 0.6 cent per kilowatthour. European figures are very similar. 

Latest British plants have corresponding costs of £42 per kilowatt installed and 

0.5 pence per kilowatthour. Nuclear-power plants are still being actively developed, 

and so figures are less definite. Projected capital costs for large stations of the 

breeder-reactor type are about $170 per kilowatt installed with total unit costs around 

0.38 cent per kilowatthour depending on interest charged. It should be emphasized 

that these costs by themselves are not figures that tidal energy has to meet. Only 

overall system cost 1s a valid basis for comparison since tidal energy used for peaking 

will be replacing energy generated at much higher costs than those quoted here and in 

doing so will alter the conventional plant load factors beneficially. These figures are 

nevertheless useful as standards against which estimates for tidal energy may be 

judged. 

The multipurpose aspect of tidal barrages should also be considered. Economic 

advantages may accrue from: 

1. The use of barrages as bridges 

2. The saving of land use by alternatives (apart from capital costs) 

3. The prevention of exceptionally high water levels in the estuary with reduetion 

in levee maintenance and improvement in drainage 

4. Improved navigation facilities to estuary ports 

5. The prevention of air and water pollution and thermal degradation of rivers 

6. Aesthetic benefits and opportunities for recreation on sheltered estuaries 

Concerning the last of these it is sometimes held that such benefits are largely 

intangible and have little relevance to the “economic cost’’ of a project in comparison 

with alternatives which may. offer no such advantages, and may have further dis- 

advantages, such as spoliation through mining operations. Such views take too 

narrow a look at our use of natural resources. Although side benefits and detriments 

may be difficult to assess, some attempt should be made in every case. 

WORLD POSSIBILITIES 

There are comparatively few places in the world where the tidal range is large 

enough to justify tidal projects. Generally a mean range of about 20 ft is required 

before economic viability is possible, though this must depend on many factors of 

differing importance in different locations. 

The range is only part of the requirement. A suitable estuary or coastal indenta- 

tion must be available whose damming will not substantially reduce the range, and 

finally, if pump-turbines are to be used there should already be an interconnected 

system with surplus off-peak power available for pumping. The absence of any one 

of these three prerequisites will generally preclude tidal-energy development. For 

example, both tidal range and suitable estuaries appear to be available at Frobisher 

Bay in Baffin Island, Canada, but there is no demand there for power and so no 

electrical system. 

The number of good sites where all three prerequisites seem presently satisfied is 

soon listed: 

1. Bay of Fundy, Canada 

2. Bristol Channel, England 

3. Baie de St. Michel, France 

Yang-tse-kiang estuary, China > 
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. Gulf of San José, Argentina 
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Mezen and Penzhina Bay, U.S.8.R. 

. Cook Inlet, Alaska OrIADH 

Future possibilities exist at Ungava Bay and Hudson’s Bay, Canada; Magellan 

Archipelago, Chile; Gulf of Kutch, India/Pakistan; and the northwest coast of 

Austraha. However, it is not beyond possibility that development may make mean 

ranges of 15 ft economic, and in that case many more possibilities arise. Figure 23 

shows on a world map where development is possible now or in the future. 
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INDEX 

Activated sludge, 41-15 to 41-17 
Activated-sludge treatment plants, 

41-19, 41-43 to 41-44 

(See also Sludge handling; Sludge 
removal) 

Aeration, 38-75 
tanks, 41-38 to 41-41 

Aerator, combined air and mechanical, 
41-17 

diffused-air, 41-16 
mechanical, 41-16 

Agronomists, point of view, and 
hydrologists, 1-9 

Albigna Dam, 9-2 
Algaecides, 38-73 
All-American Canal, desilting works, 

6-20 

overchute on, 34-36 
Allievi, Lorenzo, 27-25 
Allievi chart method, in water hammer, 

27-25 to 27-31 

Allievi interlocked series, 29-23 
Allt na Lairige Dam, 16-17 to 16-19 
Alluvial soils, channels in, 6-1 to 6-5 
Alluvial streams, channels in, 31-3 to 

31-6 
Altitude-control valve, 37-32 to 37-35 
Altitude valves, 37-34 
Ambuklao project, Philippines, 24-33 

to 24-36 
Ambursen dams, 138-1 to 13-19 

massive-buttress type, 9-3 
principal features, 13-1 
stresses, 13-7 to 13-19 
theory of buttress design, 13-4 to 

13-19 
trajectories of principal stresses, 

13-15 

American Insurance Association, 
formula for water consumption, 
36-4 

American Water Works Association, 
cold-water meters, specifications, 
37-3 

pressure requirements for fire 
fighting, 37-4 to 37-7 

American Water Works Association, 
statement of policy on water supplies, 
36-16 to 36-17 

Task Group (groundwater infiltra- 
tion), 35-19 

Ammonia, 38-65, 38-69 to 38-70 
anhydrous, 38-72 

Ammoniators, 38-72 
Ancipa Dam, 12-3, 12-5 

Angus graphical method, 27-15 to 
27-25 

Aperiodic action, basic requirement 
for, 28-15 

Appalachia project, differential surge 
tank arithmetic integration (Tables 
1 and 2), 28-28 to 28-29 

surge tank testing, 28-30 to 28-31 

Appalachia Station, 24-32 
Appalachia surge tanks, 28-16 to 28-31 

design specifications, check by 
arithmetic integration, 28-26 
to 28-30 

conduits, hydraulic properties of, 
28-19 to 28-20 

economic diameter, 28-20 to 28-22 
generators, 28-17 
incipient stability, 28-17 
port area, 28-25 to 28-26 
riser diameter, 28-20 
stability, 28-24 to 28-25 
time to complete quarter-cycle for 

load-on, 28-26 
tunnels, 28-19 
turbine performance chart, 28-20 

general arrangement of, 28-18 
load demand, 28-22 to 28-23 
load-rejection tests, 28-30 to 28-31 
turbine gate blocking, 28-30 

Appalachia tunnel, Tennessee Valley 
Authority, 2-17 

Aquifer, confined, 35-3 
defined, 1-24 
unconfined, 35-8 

Arch dams, 14-1 to 14-56 
adopted plans, analysis of, 14-16 
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Arch dams, arch analysis, 14-21 to 14-23 
computer method, 14-31 to 14-44 

adjustments, 14-34 to 14-43 
arch stresses, 14-43 
temperature loads, 14-43 to 14-44 

constants, 14-26 to 14-27 
crown forces, 14-25 to 14-26 
deflections, 14-26 
general formulas, 14-23 to 14-25 
load constants, 14-27 to 14-31 
load formulas, 14-27 
manual method, 14-23 to 14-31 
notation, 14-21 to 14-22 
signs, 14-22 to 14-23 
triangular loads, 14-32 to 14-33 

basic assumption for design, 14-3 
Cain’s formulas, 14-14 
cantilever analysis, 14-18 to 14-21 

cracked cantilever, 14-19 to 14-20 
parallel sides, 14-18 to 14-19 
radial sides, 14-19 
tangential shear loads, 14-21 
twist loads, 14-21 

constant-radius, 14-1 
constant-thickness circular, 14-13 
design of, 14-5 to 14-12 

allowable stresses, 14-5, 14-11 
constants needed in analysis, 14-11 
foundations and abutments, 14-12 
Hoover Dam, 14-53 to 14-54 
maximum stresses, 14-10 to 14-11 
preliminary plans, 14-11 to 14-12 

double-curvature arch dam, 9-12 
examples of, 14-53 to 14-56 

general theory of, 14-2 to 14-3 
arch action only, 14-2 
cantilever and arch action, 14-2 

to 14-3 

instrumentation of, 14-44 to 14-52 

loads on, 14-3 to 14-4 
ice pressure, 14-3 to 14-4 
temperature, 14-4 
uplift pressure, 14-3 

model investigation for, 14-52 to 14-53 

multicentered, 14-33 

preliminary plans, analyses of, 14-12 
to 14-16 

Cain’s formulas, 14-14 
constant-thickness circular arched 

fixed at abutments, 14-15 
full load on arches, 14-12 to 14-14 
radial adjustments, at crown, 

14-14 to 14-15 
at several sections, 14-15 to 

to 14-16 
temperature deflection, 14-14 
water load deflection, 14-14 

Arch dams, stress distribution in, 14-4 to 
14-5 

arch stresses, 14-5 
cantilever stresses, 10-16, 14-4 to 

14-5 
principal stresses, 14-5 
stress examples, 14-5 

stresses, vertical (cantilever), 10-16 
structural analysis, finite-element 

method, 10-9 to 10-11, 10-15 
shell-type solution, 10-11 to 10-17 

trial-load method of analysis, 14-16 
to 14-18 

adjustments, 14-16 
rock movements, 14-16 to 14-18 

types of, 14-1 to 14-2 
variable-radius, 14-1 to 14-2 
voussoir loading, 14-33 

Arithmetic integration, Kentucky 
Project venturi-loop conduits, 
32-12 to 32-13 

longitudinal conduit and lateral port 
system, 32-16, 32-19 

use of, in Appalachia surge tank 
(tables), 28-28 to 28-29 

in speed regulation, 29-8 
Arkansas River, regulated and stabilized 

channel, 31-5 to 31-6 
Artesian wells, hydraulics of, 35-3 to 

35-14 
Autoregulator, 34-41 
Avon Dam, 16-19 

B/C ratio, in flood control, 30-8 to 
30-9 

reliability of, 30-12 
Backwater curves (rivers), 5-13 to 

5-30 
determination of, Table 4, 5-15 to 

5-19 
due to bridge piers, 5-17 
effect of tributaries, 5-17, 5-20 
water-surface profile, 5-13 

Baffle blocks, 3-20 
Baffle piers and sills, 3-19 

typical forms of, 20-47 
Bar screens, 41-6 to 41-7, 41-27 
Barrage des Fades Dam, France, 19-14 
Barrage gates, 17-20 to 17-21 
Barrages, accretion and retrogression, 

17-3 
afflux, 17-3 to 17-4 
appurtenant structures, 17-20 to 

17-23 
bunds, 17-22 to 17-23 
flank walls, 17-21 
regulators, 17-21 to 17-22 
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Barrages, bottom-side design, 17-11 to 
17-20 

exit gradient, 17-19 
foundations, 17-13 
pressure pipes, 17-19 to 17-20 
steel sheetpiling, 17-11 to 17-12 
uplift, 17-13 to 17-19 

nomenclature, 17-1 
orientation, 17-1 to 17-3 
permeable foundations, 17-1 to 17-24 
and rivers, 17-1 to 17-4 
siting, 17-1 
topside design, 17-4 to 17-11 

approach slab, 17-8 to 17-9 
baffle blocks, 17-8 
concrete-block aprons and scour, 

17-10 
crest level, 17-5 
erosion patterns, 17-9 
glacis, 17-6, 17-9 to 17-10 
hearth sill, 17-8 
hearth slab, 17-6 to 17-10 
piers, 17-6 
stone aprons, 17-10 to 17-11 
weir section, 17-9 to 17-10 
width of bays, 17-6 

Bartlett Dam, 15-8 to 15-10 
Basic performance relationships, 

pumping and turbine, 26-80 to 26-81 
Basins (see Drainage basins; Settling 

basins) 
Bear-trap gates, 21-12 to 21-16 

American, 21-12 to 21-15 
European, 21-16 
ice formation, 21-13 to 21-14 
roof weir, Huber and Lutz, 21-14 
silt accumulation, 21-13 

Benefit-cost basis, of selecting design- 
flood criteria (see B/C ratio) 

Bernoulli equation, for closed conduits, 
2-2 to 2-3 

Bernoulli formula, 26-22 to 26-24, 
26-30 to 26-31 

Bernoulli theorem, 24-3, 26-20 
for open channels, 5-1 

Big Dalton Dam, 15-7 to 15-9 
Binga Dam, 18-79 to 18-80 
Bissina Dam, 12-3, 12-5 
Blakely Mountain Dam, 3-18 
Blaney-Criddle method, evapotran- 

spiration, 33-8 to 33-13 
modified, 33-13 to 33-14 

crop-growth stage coefficients 
Ke, Table 6, 33-13 

typical monthly coefficients k, 
Table 4, 33-11 

values of climatic coefficient k;, for 

mean air temperatures ¢, 33-12 

Bligh creep theory, 17-13 
Bonnet Carre spillway, 30-3, 30-5 

Bonneville Dam, 3-20 
Borings, auger, 18-56 

sample, 18-56 to 18-57 

Boulder Dam (see Hoover Dam) 
Box Canyon Dam, spillway, 21-11 

Box Canyon project, forebay, 24-10 
Boysen Dam, gates, 22-18 to 22-21 

Breakpoint chlorination, 38-66 to 38-67 
Breakwaters, navigation systems, 

31-32 to 31-37 
Brownian motion phase of coagulation, 

38-34 
Brownlee powerhouse, 24-11 
Buchanan Dam, 15-2 to 15-3, 15-5 
Bucks Creek Dam, California, 19-6 
Bulb turbines, 26-9, 26-18 

Bulkhead gates, defined, 22-4 
weight-estimating curves, 22-112 

Bushee and Zack, statement on sewage 
meters, 41-40 

Butterfly valves, 22-38, 22-57 to 22-63 
hydraulic rotors, 22-59 
weight-estimating curve, 22-113 

Buttress dams, 9-1 to 9-14 
Bartlett Dam, 15-8 to 15-10 
Big Dalton Dam, 15-7 to 15-9 
Buchanan Dam, 15-2 to 16-3, 15-5 
buckling stability of, 10-17 to 10-19 
columnar type, 13-5 
forces on, 13-1 to 13-4 

earthquake accelerations, 13-4 
head-water pressure, 13-1 
ice thrust, 9-21, 13-4 
silt loads, 9-20 to 9-21, 13-4 
tail-water pressure, 13-3 
temperature loads, 13-4 
weight of structure, 9-20, 13-1 to 

13-3 
hollow gravity type, 12-1 to 12-20 
loading action in comparison with 

gravity dams, 9-5 
massive head, 10-8 
materials, quantity of, in comparison 

with gravity dams, 9-5 
Mohr’s circle analysis, 18-8, 13-11 

to 13-12, 13-19 
Morris Sheppard Dam (see Possum 

Kingdom Dam, below) 
multiple-arch type, 9-4, 9-9, 15-1 

to 15-17 
Cave Creek Dam, 15-1 
Meer Allum Dam, 15-1 
Sherman Island Dam, 15-1 

Nanty-y-Moch Dam, 9-6 to 9-7 

Pensacola Dam, 15-10 to 16-12 
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Buttress dams, Possum Kingdom (Morris 
Sheppard Dam), 13-6, 13-9, 13-17, 
13-19 

rapid stress analysis for, 13-18 to 
13-19 

Rodriguez Dam, 13-1 to 13-2, 13-16 
shearing stresses in, 13-14 

round-head type, 9-3 
stability and stress investigations 

for, 13-7 
stresses, 13-7 to 13-19 

horizontal, 13-7 to 13-18 
normal, 13-7 to 13-18 
principal, 10-10, 13-7 to 13-18 

trajectories of, 13-14 to 13-15 
shearing, 13-9 to 13-18 
thermal, 10-11 

structural analysis, 10-7 to 10-9, 10-11 
to 10-12, 10-17 

thin-section dam, 10-12 

CBR test (see California Bearing Ratio 
test) 

Cabin Creek Dam, Colorado, 19-12 
to 19-13 

Cain’s formulas for arch dams, 14-14 
California Bearing Ratio test, 18-66 

to 18-67 
Camp-Shields equation in sewer design, 

40-45 to 40-46 
Canalization (see Channel regulation) 
Canals, 7-1 to 7-34 

allowance for critical flow, 7-3 to 7-6 
bank slopes of, 7-10 to 7-11 
berms of, 7-12 
construction of embankment, 7-16 
contraction joints in concrete linings 

for, 7-20 to 7-21 
cross sections, 34-10 
design of, 6-21, 7-10 to 7-13 
earth, seepage from, 7-26 to 7-28 
embankment foundations, 7-16 
flow resistance, 7-1 to 7-7 

wetted perimeter, 7-1 to 7-3, 7-5 
freeboard for, 7-11 

hydraulic computations for, 6-6, 
7-13 to 7-15 

irrigation, 6-11 
linings for, 7-17 to 7-25 

asphaltic, 7-22 to 7-23 
buried membrane, 7-24 
economy of, 7-28 to 7-30 
exposed membrane, 7-23 
Portland-cement-concrete, 7-18 

to 7-20 
thin Portland-cement mortar, 

7-20 to 7-22 
location of, 7-15 to 7-16 

Canals, permissible velocities, Table 3, 
7-7 

regime, 6-1 to 6-24 

sea level, 31-20 to 31-23 
seepage losses, 6-20, 33-35 
shape and size of wasteway, 7-12 to 

7-13 
slope, 6-3, 6-6 
spoil bank of, 7-12 
thickness of banks, 7-11 to 7-12 
top width of, 7-11 
typical aqueduct sections, 7-2 
(See also Conduits; Pipe lines) 

Cantilever analysis, arch dams, 14-18 
to 14-21 

Cantilever stresses, arch dams, 10-16 
Cantilevers, cracked, 14-19 to 14-20 
Cape Cod Canal, 31-21 
Carbon, activated, 38-75 to 38-76 
Catagunya Dam, 16-16, 16-19 
Cavitation, high-pressure gates, 22-67 

to 22-68 
pump-turbines, 26-81 to 26-82 
of pumps, 26-64 to 26-68 
studies for hydraulic models, 3-6 

to 3-7 
Thoma formula, 26-32 to 26-33 
turbines, 26-30 to 26-34 

Central Valley project, 22-58 
Centrifugal pumps, 26-50 

efficiency of, 26-53 to 26-54 
radial-flow, 26-70 

Channel regulations (see Navigation 
systems, open-river regulation) 

Channel storage, determination of, 
Table 5, 5-22 

Channels, friction slope in, 7-1 
gravel, 6-4 
improvements in, 30-2 

criteria for, 30-14 
unlined earth, flow formulas, 6-6, 7-8 

Cherokee Dam, 20-46 
Cheurfas Dam, 16-1, 16-14, 16-17 
Chézy formula, 2-3, 5-2, 37-14 

open channels, 5-2 
Chickamauga Dam, 20-43 
Chief Joseph spillway, 20-10 
“Chimney” drain, in embankment 

dams, 18-13 to 18-15 
Chloramines, 38-65 to 38-72 
Chlorinating plants, safety devices, 

38-71 to 38-72 
Chlorinators, 38-70 
Chlorine, 38-65 to 38-72 

demand, disinfection of water, 38-66 
inhalation of, 38-71 
liquid, 38-70 to 38-72 
residuals, 38-66, 38-68, 38-69 

Chlorine dioxide, 38-72 
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Chute spillways, 20-20 to 20-27 
Cities, protection of, from floods, 

30-20 to 30-21 

Cle Elum Dam, cylinder gates, 22-33 
to 22-34 

Closed conduits, 2-1 to 2-30, 3-7 to 
3-21 

diaphragm orifice, 2-25 to 2-27 
entrance losses, 3-15 to 3-18 

abrupt entrances, 3-18 
cavitation, 3-18 
model-prototype camparison, 3-17 

to 3-18 
fluid properties, 2-1 to 2-3 
measurement of flow in, 2-25 to 2-27 
resistance coefficients, 3-7 to 3-15 

general equations, 3-7 
lined tunnels and conduits, 3-7, 

3-10 to 3-12 
pressure gradient at exit portal, 

3-14 to 3-15 
unlined tunnels, 3-12 to 3-14 

resistance tests, 3-8 to 3-9 
terminal structures, 3-18 to 3-21 

abrasion, 3-21 
cavitation, 3-20 to 3-21 
side-wall forces, 3-21 
stilling basins, 3-19 to 3-20 

Closure devices, definitions, 22-3 to 
22-4 

Coagulants, 38-27 
mixing and flocculation, 38-34 to 

38-39 
Coagulation, 38-27 

chemistry of, 38-28 to 38-32 
feeding and solution of chemicals, 

38-32 to 38-34 
Coefficients, discharge, C, values of, 

2-26 
high-pressure gates, 22-11 
hollow-jet valves, 22-48 
orifices, 2-29 to 2-30 
outlet works, 22-77 to 22-78 
representative, for lock-filling 

systems, 32-8 to 32-9 
siphon spillways, 34-35 
spillways, 20-14 to 20-15 
tube valves, 22-43 
values of K, 2-26 to 2-27 
Venturi meter, 2-25, 2-27 

distribution, for closed conduits, 2-2 
of permeability, 18-19 to 18-20 
of roughness, in sewer computations, 

40-41 to 40-42 

of sharp-crested weir formulas, 2-46 
to 2-48 

value of V in Manning and Gang- 
uillet and Kutter formula, 2-6 

Cofferdams, 8-10 to 8-13 
Cogoti Dam, Chile, 19-7 
Columbus, Ohio, sewer system, 40-54 
Comminutors, 41-28 to 41-29 
Compaction tests, 18-64 to 18-67 
Computers, analog, and groundwater 

wells, 35-22 to 35-23 
digital, 4-12, 4-16, 10-1, 10-3 to 10-4 

in arch analysis, 14-31 to 14-44 
and groundwater wells, 35-22 to 

35-23 
Concrete, temperature control, 11-13 

Concrete dams, 9-1 to 9-34 
design criteria, 9-19 to 9-34 

allowable stresses, 9-32, 9-34 
nomenclature, 9-19 to 9-20 
principal stress trajectories, 9-30 

silt pressure, 9-20 to 9-21 
water pressure, 9-20 

ice pressure, 9-21 
seismic forces (see Gravity dams, 

loads, earthquakes) 
stress analysis, 9-27 to 9-34 

finite-element method, 9-28 to 9-34 
trapezoidal law, 9-27 to 9-28 

uplift pressure, 9-21 to 9-25 
Conduit friction, 27-26 to 27-28, 27-30 
Conduit sections, area, wetted, hydraulic 

radius of, 7-4 to 7-5 
Conduit velocity, 7-6 
Conduits, 7-1 to 7-34 

for Appalachia surge tank, 28-19 to 
28-20 

closed (see Closed conduits) 
conveyance losses, 7-7 to 7-8 
diversion, 8-2 to 8-10 
economic sizes, 7-30 to 7-34 

application to composite sections, 
7-32 

application to high-head pipes, 
7-32 to 7-33 

controlling elevations, 7-33 to 7-34 
cost-slope tangent methods, 7-31 to 

7-32 
effect of water hammer on, 27-1 to 

27-32 
flow resistance, 7-1 to 7-7 

wetted perimeter, 7-1 to 7-3, 7-5 
hard-surface, flow formulas for, 7-8 to 

7-9 

hydraulics of, 2-1 to 2-30 
losses from concrete, metal, and wood, 

7-7 to 7-8 
partly lined, 2-17 to 2-18 

permissible velocities, 7-6 to 7-7 
for pumped storage, 24-5 to 24-7 
simple, instantaneous valve closure, 

27-8 
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Constants, symbols for, 29-11 to 29-12 
Consumption use (see Evapotran- 

spiration) 
Continuity, law of, 5-20 
Coolidge Dam, 15-5 to 15-6 
Corrosive waters, corrective treatment 

of, 38-63 to 38-65 
deactivation, 38-63 
deaeration, 38-63 

dissolved-oxygen removal, 38-63 
pH value adjustment, 38-63 to 38-65 
sodium hexametaphosphate in, 38-65 

Coyne, André, 9-12, 15-12, 16-1 
Crack control in gravity dams, 11-12 

to 11-13 
Creep theory in barrage design, 17-13 
Crest gates, 21-1 to 21-16 

bear-trap, 21-12 to 21-16 
flap gates, 21-7 
flashboards, 21-3 
needles, 21-5 
operating conditions, 21-1 to 21-3 
rolling, 21-16 
Stoney, 21-11 to 21-12 
stop logs, 21-3 
Tainter, 21-4 to 21-7 
vertical-hft (see Vertical-lift gates) 

Critical depth, 2-31 to 2-33 
flow, 2-30 to 2-31, 7-3 to 7-6 

Critical velocity, Johnson’s equations 
for, 28-8 to 28-9 

Crops, salt tolerance, 33-38 to 33-39 
Cyclones, 1-10 

tropical, 1-10 
Cylinder gates, 22-31 to 22-34 

Cle Elum Dam, 22-33 to 22-34 

Dalton’s law and pan evaporation, 1-42 
Dam embankments (see Embankments) 
Dams, concrete-face rock-fill, 19-1 to 

19-16 
design, finite-element method, 10-1 to 

10-22 

fixed-crest-type, 31-12 
navigation, 31-11 to 31-15 

movable gates, 31-12 to 31-15 
permeable foundations, 17-1 to 17-24 
rock-fill, 19-1, to 19-16 

design, evolution of, 19-6 to 19-15 
recent trends, 19-3 
traditional, 19-2 to 19-3 

factors in selection of, 19-3 to 19-6 
construction schedule and rain- 

fall, 19-5 
crest details, 19-4 
diversion and care of river, 19-4 

to 19-5 

Damas, rock-fill, factors in selection of, 
economics, 19-5 to 19-6 

foundation, 19-3 
height, 19-5 
materials, 19-3 to 19-4 
spillway and diversion tunnel, 

19-4 

topography, 19-4 
history of, 19-1 to 19-2 

seepage flow, 10-18 
surface, water supplies, 36-17 
(See also various classes of dams, as 

Arch dams; Concrete dams; 
Embankment dams, etc.) 

Danel’s method, 26-49 
Darcy formula, for pipe friction, 26-46 

to 26-47 

Darcy-Weisbach formula, 2-6, 5-2 
coefficient of friction of, 2-34 
(See also Weisbach-Darcy friction 

formula) 

Darcy’s law, 18-19 
and groundwater flow, 35-2 to 35-3 
hydraulics of artesian wells, 35-3 

Dashpots, 29-20 to 29-22 
David Taylor Model Basin, 31-21 
Davis Bridge spillway, 20-29 to 20-30 
Deactivation, 38-63 
Deaeration, 38-63 
Decatur, Ill., cost of sewers, estimated, 

40-24 

‘‘Degree-day factor,” 1-5, 1-7 
Depression storage, defined, 1-20 
Derbendi Khan Dam, 20-22 to 20-23 
Deriaz-type pump, 26-65 
Deriaz-type turbines, 26-3, 26-17 
Derry, J. D., 15-2 

Design floods, 30-10 to 30-20 
criteria, 30-10 to 30-11 

major drainage improvements, 
30-13 to 30-14 

performance-standards basis of 
selecting, 30-12 to 30-13 

degree of protection, 30-10 
discharge estimates, 1-37 to 1-39 
formulas for, 1-39 
hydrographs, 1-37 

Design storms, 1-11 to 1-14 
hypothetical 5-year, 1-14 

Detroit Dam, 11-4 
Dikes, in channel regulation, 31-6 to 

31-8 
in estuary channels, 31-32 

Discharge, symbols for, instability 
analysis, 29-11 

Discharge coefficients (see Coefficients, 
discharge) 
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Disinfection of water, 38-65 to 38-73 
ammoniators, 38-72 
chloramines, 38-65 to 38-72 
chlorine, 38-65 to 38-72 

liquid, volume temperature rela- 
tion of, 38-70 

hypochlorites, 38-65 to 38-70 

Distributing reservoirs, appurtenances, 
37-58 

capacity and location of, 37-52 to 
37-53 

classification of, 37-51 
lining for, 37-58 
regulating devices, 37-58 
storage, 37-52 
surface, 37-53 to 37-55 
tanks, 37-55 to 37-58 

Diversion tunnels (see under Tunnels) 

Donnan spacing formula, in tile drain 
design, 39-12 to 39-13 

Draft tubes, 24-20 to 24-22 
energy relations in, 24-21 to 24-22 
pumped storage plants, 25-7 

Drainage, agricultural, 39-1 to 39-19 
drainage principles, 39-1 to 39-2 
soils, 39-3 to 39-7 
sources of water, 39-2 to 39-3 

hydrostatic pressure, 39-3 
seepage, 39-3 

subsurface drains, 39-10 to 39-11 
design criteria, 39-11 to 39-15 
installation of, 39-17 

surface drains, 39-8 to 39-9 
design criteria, 39-8 
location of, 39-8 

surveys and investigations, 39-2 
topography, 39-2 

water tables, 39-7 to 39-8 
observation wells, 39-7 
plezometers, 39-7 

pumping for, 39-17 to 39-19 

Drainage basins, 1-35 to 1-36 
identification list, 1-36 

Drainage systems, drain size, 39-15 
materials used, 39-15 to 39-17 
tile, 39-10 to 39-15 

Drains, hydraulic design, 39-9 to 39-10 
Droughts, 1-8 to 1-9 
Drum gates, 21-7 to 21-9 
Dworshak Dam, 8-2, 11-1 

Dynamic similarity, for conduit flow, 
26-25 

for turbines, 26-24 to 26-26 
effective pressure head, 26-24 
relative and absolute velocity, 

relationship of, 26-25 to 26-26 
residual velocity, head, 26-24 

Earth canals, seepage from, 7-26 to 7-28 
Earth dams, field observations during 

and after construction, 18-75 to 
18-76 

freeboards for, 18-53 to 18-54 
laboratory investigations and tests, 

18-61 to 18-75 
permeability, 18-67 to 18-69 
triaxial shear, 18-69 to 18-73 

slope protection for, 18-54 to 18-55 
sloping-core versus center-core, 18-12 

to 18-13 
typical, designs of, 18-76 to 18-84 
(See also Embankment dams) 

Harthquake loads on buttress dams, 
13-4 

Earthquakes, gravity dam designs for, 
9-25 to 9-27 

Electrolysis in pipes, 37-38 to 37-40 
Embankment dams, 18-1 to 18-86 

design, 18-1 to 18-5 
hydraulic considerations, 18-3 
site and laboratory investigations, 

18-2 to 18-3 

design of filter, 18-26 
embankment types, 18-8 to 18-15 
field observations during and after 

construction, 18-75 to 18-76 
foundation treatments, 18-28 
foundation types, 18-5 to 18-8 

impervious soil over pervious-soil 
foundation, 18-8 

impervious soil over rock founda- 
tion, 18-7 to 18-8 

pervious-soil foundation, 18-6 to 
18-7 

rock foundation, 18-5 to 18-6 
laboratory investigation, 18-61 to 18-75 

compaction tests, 18-64 to 18-67 
consolidation tests, 18-73 to 18-75 
identification tests, 18-63 

unit weight of soil, 18-63 
water content of soil, 18-63 

permeability tests, 18-67 to 18-69 
plasticity chart, 18-64 
shear-strength tests, 18-69 to 18-73 

methods of construction, 18-15 to 
18-19 

degree of compaction required, 
18-15 to 18-16 

hydraulic fills, 18-18 to 18-19 
preparation of foundation, 18-15 
rolled fills, 18-16 to 18-18 

seepage analysis and control, 18-19 to 
18-33 

drainage curtains, 18-29 to 18-30 
drainage trenches and relief wells, 

18-25 to 18-29 
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Embankment dams, seepage analysis and 
control, filters, 18-25 

flow nets, 18-20 to 18-22 
grout curtains, 18-30 to 18-33 
permeability, 18-19 to 18-20 
piping, 18-24 to 18-25 
relief wells, 18-29 

settlement analysis, 18-49 to 18-53 
from compressions in embankment, 

18-53 
from consolidation of foundation, 

18-50 to 18-53 
rate-of-consolidation curves, 18-51 

slope protection, 18-53 to 18-55 
stability analysis, 18-33 to 18-49 

end of construction, 18-40 to 18-43 
infinite-slope, 18-34 to 18-36 
location of critical circles, 18-38 
rapid drawdown, 18-44 to 18-45, 

18-47 
Reinius’ charts, 18-36 to 18-38 
seismic loading, 18-45 
shear-strength parameters, 18-41 
slices method, 18-39 to 18-40 
sliding-block method, 18-45 to 

18-46 
stability charts, 18-42, 18-48 to 

18-49 

steady seepage, 18-43 

subsurface investigations, 18-55 to 
18-61 

electrical-resistivity method, 18-56 
field permeability tests in soil, 

18-59 to 18-60 
pressure tests in rock, 18-60 to 

18-61 

rock drilling, 18-60 
sample methods, 18-56 to 18-57 
seismic method, 18-56 

typical designs of, 18-76 to 18-84 
(See also Dams, rock-fill; Earth dams) 

Embankment materials, 7-16, 18-8 to 
18-15 

approximate slopes of, 18-10 

Embankment slopes, 25-4 to 25-5 
Embankment types, 18-8 to 18-15 
Embankments, construction of, 7-16 

marginal (bunds), 17-22 to 17-23 

Energy, storage of, 25-1 to 25-18 

tidal energy, 42-1 to 42-25 

Energy line, 24-2 
Ensign regulating valves, 22-2 

Ernestina Dam, 16-18 to 16-19 
Kuler formula, 26-17 

Evaporation, lake 33-14 
mean, from Weather Bureau Class A 

land pans, 1-42 to 1-45 

Evaporation-index method, evapo- 
transpiration, 33-14 to 33-16 

crop use coefficients, Table 7, 33-15 
Evaporation pans, 33-16 to 33-18 

annual coefficients, Table 8, 33-18 
Evapotranspiration, 1-19 to 1-20 

crops, 33-6 to 33-21 
daytime hours of the year, Table 

3, 33-9 to 33-10 
potential, 33-7 

Federal Inter-agency River Basin 
Committee, data of Subcommittee, 
1-32 

Federal irrigation projects, 33-34 
Fetch in reservoir wave action, 4-18 
Ffestiniogg Dam, 25-2 
Filter bottoms, 38-51 to 38-52 
Filter plants, 38-9 to 38-14 

coagulation (see Coagulation) 
rapid sand, 38-9 to 38-10 
slow sand, 38-9 

Filter, accessories for, 38-53 
hydraulic design, 38-49 to 38-53 
hydraulics of flow through sand, 38-40 

to 38-44 
mechanism, 38-44 to 38-49 

Fine screens for sewer treatment, 41-27 
Finite-element method, of structural 

analysis, 10-1 to 10-22 
displacement formulation, 10-19 to 

10-21 
nonstructural applications, 10-19 

Fire demands, water consumption for, 
36-4 to 36-5 

Fire fighting, protection service, 37-4 to 
37-10 

service meters, 37-46 to 37-47 
storage, 37-51 

Fire hydrants, 37-7 to 37-8, 37-35 to 37-37 
Fire streams, discharge and pressure 

data for, 37-6 
Fish ladders, 23-1 to 23-9 

components, 23-2 
exits, 23-6 to 23-7 

Fish passing facilities, downstream, 23-9 
to 23-11 

louvers, 23-10 to 23-11 
screens, 23-9 to 23-10 

upstream, 23-2 to 23-9 
auxiliary water supply, 23-7 to 23-8 
fish locks, 23-8 
fish passages, 23-4 to 23-6 

Fish propagation, artificial methods of, 
23-11 to 23-13 

hatcheries, 23-11 
spawning channels, 23-11 to 23-13 
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Fishways at dams, 23-1 to 23-13 
types of fish-passing facilities, 23-1 to 

23-2 
Flanagan, John, Dam, 18-81 
Flap gates, 21-7 
Flashboards, 21-3 
Flocculation, 38-27 to 38-39, 41-13 to 

41-14 
Flood, defined, 30-1 

probable maximum, 30-10 
standard project, 30-10 

Flood control, 30-1 to 30-22 
benefits, 30-5 to 30-8 

economic factors, 30-5 to 30-8 
design floods, 30-10 to 30-20 
formulation of plans, 30-8 to 30-10 

forecasts, 30-9 
preproject conditions, 30-9 to 30-10 

levees and floodwalls, 30-2 to 30-3 
reservoirs, 30-2, 30-21 to 30-22 

capacities of, 30-16 to 30-18 
multipurpose, 30-18 to 30-20 
serving large areas, 30-21 to 30-22 
single-purpose, 30-20 to 30-21 

spreading grounds, 30-4 
zoning regulations and building codes, 

30-2 
Flood hydrographs (sce under Floods) 
Flood protection of cities, 30-20 to 30-21 
Flood runoff, reduction of, 30-2 
Floodplains, controlled use of, 30-2 
Floods, 1-29 to 1-45 

in construction of rock-fill dams, 19-4 
to 19-5 

design (see Design floods) 
discharge estimates, 1-36 to 1-39 
distribution of, 30-19 
drainage basin characteristics, 1-36 
Federal Inter-agency River Basin 

Committee, Subcommittee on Hy- 
drologie Data, 1-32 

frequency analysis, 1-39 to 1-41 
groundwater, 1-29 
historic, 1-40 to 1-41 
hydrographs, 1-29 to 1-35, 30-21 

computation, 1-38 
unit, 1-29 to 1-35 

application, 1-30 to 1-32 
computation, 1-31 to 1-33 
S-curve hydrographs, 1-32 to 1-33 
six-hour, 1-35 
synthetic, 1-32 to 1-35 

hydrology, 1-29 to 1-45 
infiltration theory, 1-35 to 1-36 
meteorological factors, 1-29 
past floods, 1-36 to 1-37 
small-area, 1-41 to 1-42 
stream gaging, 1-32 to 1-34 

Floodways, 30-6 
emergency, 30-3 to 30-4 

Flow formulas, 7-8 to 7-10 
application to wells, 35-11 to 35-12 

Flow nets, 18-28 
for anisotropic embankment, 18-27 
for barrage design, 17-13 

Flume crossings, 34-25 to 34-28 
Fluoride in water as preventive of tooth 

decay, 38-8 to 38-9 
Flyball element, 29-17 
Flywheel effect for open flume setting, 

29-1 to 29-3 
Flywheel equation, 29-8, 29-10 

combined with equations of governor 
movement, 29-13 

differential form of, 29-8 to 29-10 
Fontana Dam, 9-28, 11-3, 11-5, 11-7 to 

11-9, 11-13, 11-17, 11-19, 24-13 
spillway, 20-35 

Forebays, 24-9 
Form losses, closed conduits, 2-21 to 2-25 
Formulas (see Flow formulas; Hydraulic 

formulas; Weir formulas; and specific 
names, as Cain’s formula) 

Fort Laramie Canal, desilting works, 
34-39 

Fort Randall Dam, river diversion, 8-13 

Foundations, 10-4 
permeable, 17-23 to 17-24 

barrages and dams, 17-1 to 17-24 

Francis pump-turbines, 26-79 to 26-86 

Francis turbines, 26-3, 26-6 to 26-10, 
26-28 to 26-29, 26-35, 26-38 

Francis-type runner, 24-14 to 24-15 
Fresh-water barriers, 35-19 
Friction coefficients, evaluations of, 2-8 

to 2-21 

Friction factors-unlined rock tunnels, 
Table 3, 3-15 

Friction losses, Chezy formula, 2-3 
for closed conduits, 2-3 to 2-8, 3-15 
Darey-Weisbach formula, 2-6 
Ganguillet and Kutter formula, 2-5 to 

2-6 
Hazen and Williams formula, 2-7 
Manning formula, 2-3 to 2-5 
Scobey’s formulas, 2-6 to 2-7 

Fritzsche formula, 41-39 

Froude’s number, 3-1 to 3-2, 7-3, 20-50 to 

20-54 

Gaden, Daniel, on speed regulation, 
29-15, 29-22 

Ganguillet and Kutter formula, 5-2 

friction loss, 2-6 
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Gate, defined, 22-3 
Gate valves, A.W.W.A. specifications for, 

37-29, 37-31 
inside-screw type, 37-32 

outside-screw-and-yoke type, 37-32 
in water-distribution systems, 37-29 

Gates (see specific classes of gates, as Bar- 
rage gates; Bear-trap gates; High- 
pressure gates; Jet-flow gates; Slide 
gates; Stoney gates) 

Gavins Point powerhouse, 24-22 to 24-23, 
24-25 

Ghyben-Herzberg principle, in densities 
of salt and fresh water, 35-19 to 35-20 

Glen Canyon Dam, hollow-jet valves, 
22-53 to 22-54 

hook-and-eye couplings, 22-98 
ring-follower gates, 22-15 
slide gate, 22-8 to 22-14 
spillway, 20-36 

Glendo Dam, 3-20 to 3-21 
Governor movement, basic equation of, 

29-31 
Governors, speed-responsive, 29-16 

basic equation of, 29-8 to 29-16 
with secondary compensation 

(dashpot), 29-20 to 29-22 
Grand Coulee Dam, 3-19, 9-27, 9-32, 

11-3 
high-pressure gates, 22-27 to 22-28 
penstock coaster gates, 22-27 to 22-28 
pumps, 26-51 
ring-seal gate, 22-19 

Grand Dixence Dam, 11-1 to 11-2, 11-4 to 
11-5 

Grandval Dam, 15-12 to 15-14 
Gravity, Froude’s number, 3-1 to 3-2 

in open-channel flow, 2-30 to 2-31 
Gravity crest, massive-buttress dam, 

15-15 
Gravity dams, 9-1 to 9-14, 11-1 to 11-19 

cored-gravity dam, 9-8 
data on, 11-11 
design of, 9-14 to 9-20 

basic assumptions for, 9-14 to 9-19 
contraction joints, 9-29 
crack control, 11-12 to 11-13 
earthquakes considered in, 9-25 to 

9-27 
safety factors, 11-14 to 11-15 
structural analysis, 11-15 to 11-18 

drainage galleries, 11-4 to 11-5 
flexible gravity dams, 9-13 to 9-14 
forces to be resisted, 9-20 to 9-27 

ice pressure, 9-21 
silt pressure, 9-20 to 9-21 
uplift, 9-21 to 9-25 
water pressure, 9-20 

Gravity dams, hollow (see Hollow gravity 
dams) 

Kariba Gorge Dam, 9-11 
loading action in comparison with but- 

tress dams, 9-5 
loads on, 9-20 to 9-27 

earthquakes, 9-25 to 9-27 
ice pressure, 9-21 
uplift pressure, 9-21 to 9-25 

materials, quantity of, in comparison 
with buttress dams, 9-5 

nomenclature for, 9-19 to 9-20 

safety computation, 11-14 to 11-15 
sliding factor of, 11-14 to 11-15 
stress analyses, 9-27 to 9-34 
structural analysis, 11-15 to 11-18 

finite-element method, 10-14 
static finite-element, 10-7 to 10-9, 

10-11 to 10-14, 10-17 
structural features, 11-1 to 11-19 

concrete, 11-1 
longitudinal joints, 11-3 to 11-4 
profile characteristics, 11-1 
transverse joints, 11-3 

water stops, 11-9 to 11-10, 11-12 
Grit chambers, sewage treatment, 41-29 

to 41-33 
Groundwater, 1-20 to 1-24, 35-1 to 35-23 

defined, 1-20, 1-24 
depletion curve, 1-24 
floods, 1-29 
flow, 1-29 
hydraulics of, 35-2 to 35-14 
recharge, 1-29, 35-18 to 35-20 
relation to topography, 35-2 
salinity of, 39-7 
testing for, 35-12 to 35-14 
types of collecting works, 35-1 to 35-2 

Groundwater wells (see under Wells) 
Grouting, 18-31 to 18-33 
Guard gates, defined, 22-4 

gravity-closing, 22-102, 22-105 to 
22-106 

Guayabo spillway, 20-39, 20-41 
Guri Dam, 11-5, 11-10 

Hanabanilla Dam, 18-80 
Hanover Dam, high-pressure gates, 22-32 
Hardy Cross method in computation of 

domestic flow distribution, 37-18 
to 37-22 

Hartwell powerhouse, 24-29 to 24-30 
Hazen and Williams coefficient C, 

capacity of water mains, 37-41 
Hazen and Williams formula, 37-14 to 

37-15 
for pipes, 2-7, 2-10, 41-24 



INDEX 11 

Head losses, natural channels, 5-4 to 5-5 
Head oscillation (see Water hammer) 
Heads, symbols for, 29-10 
Heart Mountain Canal siphon, 34-23 to 

34-24, 34-26 
High-pressure gates, 22-8 to 22-38 

bulkhead gates, 22-34 to 22-38 
butterfly valves, 22-57 to 22-63 
cavitation, 22-67 to 22-68 
couplings, 22-98 to 22-102 
cylinders, 22-31 to 22-34 
fixed-cone valves (Howell-Bunger), 

22-44 to 22-47 
Glen Canyon Dam, 22-2 
Grand Coulee Dam, 22-27 to 22-28 
hollow-jet valves, 22-47 to 22-54 
Hoover Dam, 22-32 
hydraulic hoists, 22-95 to 22-102 
needle valves, 22-2, 22-38 to 22-42 
paradox type, 22-14 
Pathfinder Dam, 22-2 
penstock coaster, 22-25 to 22-28 
pistons for, 22-97 to 22-98 
regulating valves (see Regulating 

valves) 
ring-follower type (see Ring-follower 

gates) 
ring-seal type (see Ring-seal gates) 
Roosevelt Dam, 22-1 to 22-2 
seals for, 22-84 to 22-88 
Shasta Dam, 22-9, 22-21 
sleeve-type valves, 22-54 to 22-57 
sphere valves, 22-63 to 22-66 
tube valves, 22-42 to 22-44 

High-pressure outlet works, 22-1 to 
22-116 

air vents, 22-75 to 22-77 
basic materials, 22-81 to 22-84 
bellmouth entrances, 22-68 to 22-70 
design, 22-4 to 22-8 
equipment design factors, 22-78 

to 22-115 
fluidway surfaces, 22-70 to 22-73 

fairing-slope ratios, 22-72 
friction coefficients, 22-79 to 22-81 
functions, arrangements, and con- 

siderations, 22-4 to 22-8 
gate slots, 22-73 to 22-75 
gate wheels, 22-87 to 22-90 
hydraulic design factors, 22-66 

to 22-78 
hydraulic operating systems, 22-102 

to 22-106 

losses and discharge coefficients, 22-77 
to 22-78 

oils and greases, 22-106 to 22-107 
operation and maintenance, 22-109 to 

22-111 

High-pressure outlet works, paints, 
22-107 to 22-109 

roller trains, 22-91 to 22-95 
rubber seals, 22-84 to 22-88 
safety factors, stresses, 22-79 to 22-81 

Hirfanh Dam, 18-12, 18-78 
Hiwassee Dam, 9-30, 11-3, 11-6 
Hoists, 22-95 to 22-102 

for barrages, 17-20 to 17-21 
rolling gate, 21-16 
Tainter gate, 20-16, 21-4 to 21-7 

vertical-lift, 21-9 to 21-11 
Hollow-buttress dams, 15-6 to 15-12 
Hollow gravity dams, 12-1 to 12-20 

design procedures, 12-6 to 12-10 
stability, 12-6 to 12-7 
stabilizing water load, 12-9 to 12-10 
stresses, 12-7 to 12-10 

geometric data, 12-4 
structural analysis, 12-10 to 12-20 

overturning, 12-13 to 12-14 
principal-stress trajectories, 12-17 

to 12-20 
shear friction, 12-14 to 12-16 
stresses, 12-17 

values of coefficients n, 12-11 
values of stresses, Tables 3 and 4, 

12-12 
variation of shearing stresses, 12-13 

structural features, 12-3 to 12-6 
Hollow-jet valves, 22-47 to 22-54 

discharge coefficient, 22-48, 22-52 
weight-estimating curve, 22-112 

Hoover Dam, 9-24, 14-53 to 14-54, 
22-62 

butterfly valve, 22-61 to 22-62 
spillways, 20-26, 20-32 to 20-33 
tube valve test, 22-2 to 22-3 

Horton’s n values, 5-3 
Howden Dam, 16-13 
Howell-Bunger valves, 22-44 to 22-47, 

22-54, 22-56 to 22-57, 26-7 
discharge capacity curve, 22-45 to 

22-47 
Huber and Lutz roof weirs, 21-14 
Hudson, Robert Y., 31-36 
Hungry Horse Dam, 9-31, 9-33, 11-3, 

20-31 
spillway, 20-34 

Hutton formula, 26-48 
Hydrants, fire, 37-35 to 37-37 

flow and pressure data, 37-4 to 37-7 
spacing, 37-4 
underwriter’s requirements for, 36-4 

to 36-5 

Hydraulic design chart, 3-17 
Hydraulic-fill construction, embank- 

ment dams, 18-19 
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Hydraulic formulas, discharge, 5-5 to 5-9 
open channels, 5-1 to 6-5 
sharp-crested weirs, 2-46 to 2-48 

Hydraulic hoist cylinder, 22-95, 22-97, 
22-99, 22-102 

Hydraulic institute, 26-64, 26-66, 26-72 
upper limits of specific speeds, single 

suction shaft, 26-73 to 26-76 

Hydraulic jump, 2-44, 17-6 to 17-7, 
20-41 

Hydraulic losses in sewage-treatment 
plants (see under Sewage-treatment 
plants) 

Hydraulic machinery (see Hydro- 
electric plants; also types of 
machinery as Pelton wheels; 
Pumps; Turbines) 

Hydraulic models, 3-1 to 3-22 
Cape Cod Canal, 31-21 
cavitation studies, 3-6 to 3-7 
chutes, 3-5 
conduits, 3-7 to 3-21 
definition of, 3-1 
energy-dissipator models, 3-4 
fish ladders, 23-3 
groundwater wells, 35-22 to 35-23 
harbor and tidal models, 3-4 to 3-5 
intake structures, 3-16 
model adjustments, 3-5 to 3-6 
model-prototype relationships, 3-1 to 

3-3 
natural waterways, 3-4 to 3-5 

outlet works, 3-3 to 3-4 
Reynolds number, 3-2 
spillways, 3-3 

siphon, 20-38 
stilling basins for, 3-4 

stilling-basin models, 3-4 
types of, 3-3, 3-5 

Weber’s number, 3-2 to 3-3 

Hydraulic systems, oils and greases, 
22-106 to 22-107 

Hydraulics, basic, 2-1 to 2-48 
sewage treatment, 41-22 to 41-44 

Hydroelectric plants, 24-1 to 24-42 
average load, 24-8 
Bernoulli theorem for, 24-3 
capacity of, 24-8 
closed conduits, energy relations for, 

24-4 
definition of terminology, 24-8 to 24-9 
draft tubes (see Draft tubes) 
efficiency of, 24-5 to 24-7 

penstocks, 24-17 to 24-20 
tailraces, 24-22 to 24-23 
turbines, 26-10 to 26-12, 26-43 

energy relations in, 24-3 to 24-4 

Hydroelectric plants, head, 24-3 to 24-5 
gross, 24-3 
net or effective, 24-3 to 24-5 
operating, 24-3 

Hoover Dam (see Hoover Dam) 
intake structures, 24-9 to 24-10 
load factor, 24-8 to 24-9 
Lower Salmon River plant, 24-26 
peak-load plants, 24-8 
penstocks (see Penstocks) 
power, from flowing water, 24-1 to 

24-9 
energy, 24-1 

formulas for, 24-7 
powerhouse structures, 24-23 to 24-41 
pumps (see Pumps) 
trashracks, 24-10 to 24-17 

Hydrology, 1-1 to 1-46 
floods, 1-29 to 1-45 
precipitation, 1-1 to 1-9 
storm rainfall, 1-9 to 1-19 

Ice pressure, in arch dams, 14-3 to 14-4 
in gravity dams, 9-21 

Ice problem in settling basins, 38-22 
Ice thrust, effect of, on buttress dams, 

9-31, 13-4 
Ideal basin, 38-16 to 38-18 

(See also Settling basins) 
Impounding reservoirs, 36-13 to 36-15 
Impulse turbines, 26-1 to 26-7, 26-39 to 

26-40 
Infiltration, defined, 1-20 

in groundwater recharge, 35-19 
in sewers, 40-19 to 40-22 
theory of, 1-35 to 1-36 

Inlets, drainage, 34-46 to 34-48 
Intake gating, 22-6 to 22-7 
Intake structures, hydroelectric plants, 

24-9 to 24-13 
Intakes, irrigation, 34-5 

river, 34-2 to 34-6 
surface, water supplies, 36-17 to 36-22 

Intercepting sewers, 40-58 to 40-59 
comparative data on capacities, 40-59 

Interception, defined, 1-20 
Inverted siphons, irrigation, 34-23 
Tron in water, 38-45 
Irrigation, 33-1 to 33-41 

applications, 33-24 to 33-30 
computation procedure, 33-27 to 

33-30 
effect of root depth, 33-24 to 33-25 
soil moisture capacity, 33-25 to 33-26 
soil moisture reservoirs, 33-26 to 

33-27 
conveyance losses and waste, 33-33 to 

33-36 
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Irrigation, conveyance losses and waste, 
canal, on Bureau of Reclamation 
projects, 33-33 

evaporation losses, 33-33 to 33-35 
operational wastes, 33-35 to 33-36 
project and experimental data, 33-36 
seepage losses, 33-35 

crop evapotranspiration, 33-6 to 33-21 
crop coefficients, 33-20 to 33-21 
free-water evaporation, 33-16 to 

33-20 
methods of estimating, 33-6 to 33-16 

and drainage problems, 30-1, 39-3 
farm requirements, 33-21 to 33-33 

cropping pattern, 33-21 to 33-22 
deep percolation and leaching, 33-30 

to 33-31 
effect of irrigation methods, 33-32 
effective rainfall, 33-22 to 33-24 
surface waste and farm conveyance 

losses, 33-31 to 33-32 
land classification, 33-1 to 33-6 

alkali soils, 33-2 to 33-3 
chemical properties, 33-2 to 33-3 
drainability, 33-3 
minimum requirements by types, 

Table 1, 33-4 
purposes of, 33-1 
sample computation, Table 12, 33-28 

to 33-29 
sampling and testing, 33-3 to 33-4 
standards, 33-4 to 33-6 

results from, 33-39 to 33-41 
crop-yield responses, 33-39 to 33-40 
economic analyses, 33-40 to 33-41 
effect of water shortages, 33-40 

reuse of drainage water, 33-36 to 33-39 
ground and surface water, 33-36 to 

33-37 
quality of irrigation water, 33-37 to 

33-39 
Irrigation projects, federal, average use 

of water, Table 17, 33-34 
Irrigation structures, 34-1 to 34-53 

canals, 34-8 to 34-10 
capacities of, 34-9 to 34-10 
cross sections of, 34-10 
design of, 34-10 
Kutter’s roughness factor for, 34-10 
linings, 34-8 to 34-9 
location of, 34-9 
West Pakistan, Table 1, 6-11 

check on South Canal, Owyhee project, 
34-29 

conveyance structures, 34-11 to 34-28 
chute on Pilot Canal, Riverton proj- 

ect, 34-17 
chutes, 34-12 to 34-16 

Irrigation structures, conveyance struc- 
tures, drops, 34-16 to 34-23 

flume crossings, 34-25 to 34-28 
impact-type energy dissipator, 34-21 

to 34-22 
transitions, 34-11 to 34-12 

delivery structures, 34-40 to 34-46 
classification of, 34-40 to 34-41 
distributor types, operation curds, 

34-43 
invariant, 34-41 to 34-42 
semivariant, 34-42 
variant, 34-42 to 34-46 

desilting works on Fort Laramie Canal, 
34-39 

distribution system, 34-6 to 34-8 
diversion weirs, 34-1 to 34-2 

design of, 34-2 
earth foundations, 34-3 
rock foundations, 34-4 
types of, 34-1 to 34-2 

drainage culverts, 34-33 
drainage inlets, 34-46 to 34-48 
farm and highway bridges, 34-48 

fish control, 34-48 to 34-49 
flume crossing, 34-25, 34-28 
headworks, South Branch Kittitas 

Canal, Yakima project, 34-31 
inverted siphons, 34-23 

transitions, 34-11 to 34-12 
measuring, 34-44 to 34-46 
metergate, 34-45 
miscellaneous structures, 34-46 to 

34-49 
overchute on All-American Canal, 

34-36 
Parshall flume, 34-44 
protective structures, 34-33 to 34-40 

culverts, 34-33 
overchutes, 34-33 

sand traps, 34-38 to 34-40 
settling basins, 34-33 

pumping installations, 34-49 to 34-53 
regulating structures, 34-28 to 34-33 

checks, 34-28 
division works, 34-28 to 34-30 
intakes, 34-28 to 34-30 

low-head siphon spillway, 34-32 
wasteways, 34-30 to 34-33 

river intakes, 34-2 to 34-6 
design of, 34-5 
sluices, 34-5 
Weber-Provo diversion canal, 34-7 

siphons, Heart Mountain Canal, 34-23 

to 34-24, 34-26 
inverted, 34-23 

transition, Kittitas Main Canal, Yak- 
ima project, 34-13 to 34-14 
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Irrigation structures, wasteways with 
siphon spillway, 34-32 

Isohyetal method for weighing rainfall, 
1-14 

Jet-flow gates, 22-3, 22-21 to 22-24 
weight-estimating curve, 22-111 

Jetties, navigation systems, 31-32 to 
31-37 

Jibacoa Dam, 18-81 
Johnson regulator, 28-2 
Johnson’s equations, for surge tanks, 28-3 

to 28-13 
load demand in, 28-12 
for load rejection, 28-13 

Joints, simplex, 37-31 
sleeve-type, 37-28 
transverse, in gravity dams, 11-3 

Jumps, hydraulic, 2-44 to 2-46, 17-6 to 
17-7, 20-41 

Junction chambers, 40-61, 40-66 

Kainji Dam, Nigeria, 10-13 
Kangaroo Dam, Australia, 19-14 to 19-15 
Kansas River, cross section, 5-15 
Kaplan turbines, 26-3 to 26-5, 26-13 to 

26-16, 26-34 to 26-37, 26-39 to 26-41 
Karadj Dam, 14-44 to 14-45, 14-48 to 

14-51, 14-55 
power station, 24-28 to 24-29, 24-31 

Kariba Gorge Dam, river diversion, 8-12 
Kariba Gorge powerhouse, 24-35 to 24-36 
Kennedy’s formula, 6-6 
Kentucky Dam, TVA, 20-42, 24-27 to 

24-28 

Kentucky project, TVA, arithmetic inte- 
gration, 32-12 to 32-14 

Venturi-loop conduits, 32-6, 32-12 to 
32-13 

Keokuk Dam, spillway, 3-1 
Khosla’s notation, 17-15 to 17-19 
Kindsvater 2-45 
Kinematic viscosity of water relative to 

temperature, 2-12 
Kinzie, Phillip A., 22-2, 22-18 
Kinzua pumped storage project, 25-14 to 

25-16 

Kirchhoff equation, 3-16 
Kittitas Canal, South Branch headworks, 

34-31 
(See also Yakima project) 

Kutter-Chézy formula, 2-34 
Kutter’s formula, friction losses, 2-5 to 

2-6 
Kutter’s roughness factor used in canal 

design, 34-10, 34-12 

Lacey’s formulas, 6-6 to 6-9, 6-22, 17-4 to 
17-5, 17-12 

Lake Pleasant Dam, 15-7 
Laminar film, concept of, 2-16 
LaRance Tidal-power Station, 42-10 to 

42-13 
Larner-Johnson valve, 22-2 
Leaping weirs, 40-73 to 40-75 

intercepting chamber, 40-74 
Levees, in large rural areas, criteria for, 

30-15 to 30-16 
protecting agricultural crop and pas- 

ture lands, criteria for, 30-14 to 
30-15 

for protection of cities, 30-16, 30-20 to 
30-21 

Lewiston Pumped Storage project, 25-17 
to 25-18 

Lindley’s regime concept, 6-6 
Load constants, arch dams, 14-27 to 14-31 
Load demand, Johnson’s equations for, 

28-3 to 28-13 
Load-demand condition, Johnson’s chart, 

28-12 
Load formulas for arch dams, 14-27 
Load-rejection condition, Johnson’s 

chart, 28-13 
Loads, basic equation, including water 

hammer, a-c motors, 29-33 
Lock closure gates, types of, 31-16 to 

31-19 
Lock-filling systems (see Navigation 

locks, filling systems) 
Lock valves, 32-1 to 32-2, 32-5 
Longitudinal conduit and lateral port sys- 

tem locks, 32-6, 32-14 to 32-19 
analysis of, 32-14 to 32-15 
arithmetic integration, 32-16 

Losses, friction (see Friction losses) 
hydraulic, in sewage-treatment plants 

(see Sewage-treatment plants) 
Lowe-Karafiath method, shear strength, 

18-44 to 18-45 
Lower Chenab Canal, 6-12 
Lower Salmon River plant, 24-26 
Lowry-Johnson method, evapotranspira- 

tion, 33-7 
Lucky Peak Dam, 3-19 

McClenahan’s formula for leaping weirs, 
40-74 to 40-75 

Mach number, 3-6 
Machinery (see Hydroelectric plants; also 

types of machinery, as Pelton 
wheels; Pumps; Turbines) 

McNary Dam, baffle-pier pressures, 20-45 
spillway, 20-11, 20-18, 20-44 to 20-45 
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Madden Dam, sluice entrances, 3-18 
Madison, Wis., estimated population, 40-6 

sewer system, 40-53 to 40-54 
Magnetic flowmeter, 37-50 to 37-51 
Mains, capacities of pipe lines, 37-44 to 

37-45 

Mangla Dam, West Pakistan, 8-7, 8-9, 
24-18, 24-20 

estimated rating curves, 8-9 
spillway, 20-21, 20-48 to 20-49 
stilling-basin baffle, 20-50 

Manholes, 40-49, 40-61 to 40-64 
Manicouagan 5 Dam, 15-14 
Manning’s formula, backwater curves, 

5-14 

friction losses, 2-3 to 2-5 
in chutes, 34-12 

natural streams, 5-3 to 5-4 
for open channels, 5-2 
roughness formula, 5-3, 6-3 to 6-4, 

37-14 
in sewer computations, 40-42 to 40-44 

Mass, conservation of in closed conduits, 
2-1 

Massive-buttress dams (see Multiple- 
arch dams) 

Mayfield spillway, 20-40 to 20-41 
Meadow Lake Dam, California, 19-6 
Measuring structures, 34-44 to 34-46 
Meer Allum Dam, 15-1 
Methods of embankment construction, 

18-15 to 18-19 
Methyl orange alkalinity, 38-5 
Meyers’s rainfall formula, 40-30 to 40-31 
Migratory fish, requirements for, 23-1 
Millers Ferry project, 31-17 
Milwaukee, Wis., sewer system, 40-54 
Minidoka project, concrete aqueduct over 

Big Wood River, 34-27 

Minikin theory of wave characteristics, 
31-35 to 31-36 

Mississippi River, 31-24 
levees, 30-2 to 30-3, 30-15 
New Orleans Harbor, 30-1 

Missouri River, cross section, 5-14 to 5-15 
Mitchell Dam, 3-1 
Models (see Hydraulic models) 
Mohr’s circle analysis, 12-8, 12-17, 13-8, 

13-11 to 13-12, 13-19 
Molitor-Stevenson equations, for height 

of waves, 18-54 
Momentum and energy, conservation of 

in closed conduits, 2-1 to 2-2 
Monsoons, 1-2 

Mont Larron Dam, France, 16-20 
Moody chart, 2-15 to 2-16 
Moody formula, 26-47, 26-76 

Moon, gravitational influence of, 42-1 to 
42-2 

Morganza control structure, 30-4 
Morning-glory shaft, 20-29 to 20-34 
Morning-glory spillway, 20-29 to 20-34 
Morris Sheppard Dam (see Possum King- 

dom Dam, below) 
Mosel River, map and profile of, 24-40 
Moses-Saunders hydroelectric plant, 

24-25 to 24-27 
Mossyrock Dam, 14-6, 14-9, 14-52 to 

14-53, 14-56 
diversion tunnel, 8-11 
spillway, 20-37 

Mud Mountain Dam, 3-21 
Multiple-arch dams, 15-1 to 15-17 

buttress spacing, 15-2 to 15-3 
Cave Creek, 15-1 
design, 15-16 to 16-17 

stability, 15-16 
stresses, 15-16 

Florence Lake Dam, 15-2 to 156-4 
Grandval Dam, 15-12 
Lake Hodges Dam, 15-2 to 15-3 
Manicouagan 5 Dam, 15-14 to 15-15 
massive-buttress type, 15-12 to 15-15 
Meer Allum, 15-1 
modern trend, 15-12 
Sherman Island Dam, 15-1 
standard type, 15-2 to 15-6 
structural form and construction cost, 

15-12 

Multiple-runner turbine, 26-27 
Multipurpose reservoirs, 30-18 to 30-20 
Muskingum Conservancy District Flood 

Control Project, 5-23 
Myer’s rating of envelope curve, U.S., 

1-40 

Nantahala Dam, 18-76 to 18-77 
National Board of Fire Underwriters (see 

American Insurance Association) 
Natural channels, 5-1 to 5-26 

backwater curves, 5-13 to 5-20 
effect of tributaries, 5-17 
Manning’s formula, 5-14 
steps in determining, 5-15, 5-17 to 

5-19 
water-surface profile of, 5-13 

determination of channel storage, 5-22 
determination of discharge, 5-5 to 5-9 

area-velocity method, 5-8 
current-meter measurements, 5-6 to 

5-8 
equation of, 5-9 
slope-area method, 5-8 
Weir measurements, 5-5 to 5-6 
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Natural channels, flow characteristics, 
5-1 

flow routing, 5-20 to 5-26 
basic data requirements, 5-22 to 5-23 
discharge-storage loops, 5-24 
flood-wave storage, 5-23 
Muskingum method, 5-23 to 5-26 
routed hydrograph, 5-25 
routing computations, Table 6, 5-26 
tributaries, 5-21 

hydraulic elements, Table 3, 5-16 
streamflow records, 5-10 to 5-13 

gage-height records and recorders, 
5-10 

stage-discharge relationships, 5-11 to 
5-13 

Natural streams, hydraulics of, 5-1 to 5-5 
discharge formulas, 5-1 to 5-5 

roughness factor, 5-2 to 5-3 
energy losses, 5-2, 5-4 to 5-5 

values of n, in Manning’s formula, 
Table 1, 5-3 

soil conservation method, Table 2, 
5-4 

Navajo Dam, hollow-jet valve, 22-52 
Navigation locks, basic mechanism of 

filling, 32-2 to 32-6 
development of unbalanced force in 

ships in lockage, 32-3 
equation for wave velocity C, 32-3 to 

32-4 
filling conduits, 32-5 
lifts, 32-5 to 32-8 
slow valve opening rate, 32-5 
wave increment height equation, 

32-5 
waves of translation, 32-1 to 32-3 

filling systems, in canalization of rivers, 
31-16 to 31-19 

cracking main lock gates, 32-7 
design of, 32-1 
Kentucky project, 32-6, 32-12 
longitudinal conduit and lateral port 

system, 32-6, 32-14 to 32-19 
as orifices, 32-3 to 32-10 
plan of, 32-6 
representative discharge coefficients, 

32-8 to 32-9 
trapezoidal cross section, 32-8 
types of, 32-1, 32-6 to 32-8 
uniform port spacing, 32-6 
Venturi-loop, 32-6, 32-8 to 32-14 

hawser stresses, 32-1, 32-5 
hydraulic models, 3-4 
hydromechanies of lockage, 31-15, 32-5 
lifts, 31-16 to 31-19 
in river canalization, 31-10, 31-15 to 

31-19 

Navigation locks, shallow-draft vessels, 
31-15 

valves, 32-1 to 32-2, 32-5 
Navigation systems, 31-1 to 31-38 

breakwaters and jetties, 31-32 to 31-37 
average Ka values, Table 4, 31-37 
definitions, 31-32 
design of, 31-35 to 31-37 
types of, 31-32 to 31-35 

canalization of rivers, 31-10 to 31-19 
navigation dams, 31-11 to 31-15 
navigation locks, 31-15 to 31-19 

delta channels, 31-23 to 31-25 
methods of control, 31-24 to 31-25 

estuary channels, 31-25 to 31-32 
channel alignment, 31-31 
channel currents, 31-31 to 31-32 
channel depth, 31-28 to 31-29 
channel width, 31-29 to 31-31 
character of bed and banks, 31-26 
design of navigation channels, 

31-28 
dispersal and flushing of pollutants, 

31-27 
fresh-water discharge, 31-26 
littoral processes, 31-27 
salinity intrusion, 31-27 
tides and currents, 31-26 
training walls and contraction dikes, 

31-32 
upland sediment, 31-26 
wave action, 31-26 

open-river regulation, 31-3 to 31-9 
dikes, 31-6 to 31-8 
pilot cuts and cutoffs, 31-8 to 31-9 
revetment, 31-6, 31-8 to 31-9 

restricted, 31-1 
sea-level canals, 31-20 to 31-23 

characteristics of, Table 1, 31-20 
comparison of restricted channel sec- 

tion and alignment, Table 2, 
31-20 

elements of channel design, 31-21 
treatment of bends in channels, 

31-23 
unrestricted, 31-1 

Needle-valve outlets, 22-38 to 22-42 
Hoover Dam, 22-38, 22-41 

Needle valves, 22-2 
New Exchequer Dam, California, 19-8 to 

19-11 

Nikuradse criterion, 2-12 to 2-13 
Nodal displacements, in finite-element 

method, 10-2 to 10-4 

Noetzli, Fred A., 15-12 
Norris Dam, 11-14, 11-16, 11-18 

Nozzle pressure for fire fighting, 37-6 
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Odors in water, 38-73 to 38-76 
control of, 38-74 to 38-76 

Oedometers, 18-73 to 18-74 
Ogee crests, gate-controlled, 20-15 to 

20-18 
Ohio River, canalization project, 31-11 to 

31-13 
Ohio River basin, storm studies, 1-8 
Olberg, C., 15-12 
Old River diversion, 30-3 to 30-4 
Open channels, 2-30 to 2-48 

backwater curves, 2-38 
Bernoulli’s theorem, 5-1 to 5-2, 5-9 
classification of flow profiles, 2-31 to 

2-33 
critical flow, 2-30 to 2-31 
flow formulas and frictional resistance, 

2-34 to 2-35 

hydraulic Jump on horizontal floor, 
2-44 

hydraulic jump on sloping apron, 2-44 
to 2-45 

hydrostatic pressure distribution, 2-37 
Manning’s formula, 5-9 
natural channels, 5-1 to 5-26 
negative surges in power canals, 2-43 
rating-curve adjustments, 2-40 

slug flow, 2-38 
steady nonuniform flow, 2-35 to 2-38 
steady uniform flow, 2-34 
surges in power canals, 2-41 to 2-43 
unsteady flow, 2-38 to 2-39 
wave profiles and velocities, 2-39 to 

2-41 

Orifice, diaphragm, 2-25 to 2-27 
Orifice spillways, 20-18 to 20-20 
Orifices, closed conduits, 2-27 to 2-30 

high head, 2-27 to 2-28 
low head, 2-28 to 2-30 

Orifices and tubes, coefficient of dis- 
charge, 2-29 to 2-30 

Oroville Dam, diversion tunnels, 8-5 to 
8-7 

trashracks, 24-16 to 24-17 
O’Shaughnessy spillway, 20-37 
Outlets, high-pressure (see High pres- 

sure outlets) 
needle-valve, 22-2 
tube-valve, 22-2 to 22-3 

Overchutes, 34-33 
Overfall dams, scour protection below, 

20-38 to 20-44 

Overfall spillways, 20-4 to 20-15 
Owyhee Dam, spillways, 20-30 
Owyhee project, box culvert, 34-37 

check on South Canal, 34-29 
Ozone, as oxidizing agent, 38-72 to 

38-73 

P.E.T. (see Evapotranspiration, 
potential) 

PMP (see Precipitation, probable 
maximum) 

Panama Sea-Level Canal (proposed), 
31-21 to 31-23 

Paradox control, 22-39 to 22-41 
Parshall flume, 41-29 to 41-32 
Passamaquoddy project, radial lock 

gates, 32-7 
Pelton wheels, 26-2, 26-4 to 26-5, 

26-41 to 26-45 
specific speed, 26-28 

Penman method, evapotranspiration, 
33-7 to 33-8 

Pensacola Dam, 15-10 to 15-12 
Penstock valves, 25-7 
Penstocks, 24-17 to 24-20 

velocities, formulas for, at full turbine 
discharge, 24-19 

water hammer in, 29-3 
Permeability, coefficient of, 18-19 to 

18-20 
tests, 18-62, 18-67 to 18-69 

Permeameter, schematic diagram of, 
18-68 

Philadelphia, Pa., hyetographs of storm, 
1-11 

Phoenix, Ariz., sewer system, 40-54 
Piche evaporimeters, 33-18 to 33-20 
Piedras Dam, Spain, 19-13 to 19-14 
Piers, baffle, typical forms of, 20-47 
Pindari Dam, Australia, 19-14 
Pipe design, water distribution system, 

37-1 to 37-22 
Pipe lines, mains, capacities of, 37-41 to 

37-43 
materials, 37-22 to 37-51 
(See also Pipes) 

Pipe linings, 37-40 
specifications for, 37-40 

Pipe material, 37-22 to 37-51 
age-coeflicient relation, 37-41 

Pipe networks, equivalent pipe, 37-15 
to 37-17 

Hardy Cross method, 37-18 to 37-22 
hydraulic analysis of, 37-13 to 87-14 

Pipe sizes, correction of, 37-14 to 37-22 
Pipes, asbestos-cement, 37-26 to 37-29 

cast-iron, 37-22 to 37-25 
fittings, 37-26 
joints, 37-28 

corrosion of, 37-38 
electrolysis in, 37-38 to 37-40 
equivalent, 37-15 to 37-17 
protective coatings for, 37-40 
reinforced concrete pressure, 37-25 

joints, 37-30 
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Pipes, simple compound, 37-16 
steel, 37-26 
(See also Pipe lines; Pipe networks) 

Plain sedimentation, 41-11 to 41-13 
(See also Sedimentation) 

Plumbing fixtures, flow requirements 
for, 37-3 

Pollutional matter, amounts for selected 
industries, 41-3 

Population estimates, 40-4 to 40-6 
Pore pressure, in finite-element method, 

10-4 to 10-5 
Portville Dikes, 18-77 
Possum Kingdom (Morris Sheppard) 

Dam, 13-6, 13-9, 13-17, 13-19 
Power, defined, 24-1 

and energy, classifications of, 24-7 to 
24-9 

from flowing water, 24-1 to 24-9 
energy, 24-1 

symbols for, in stability analysis, 
29-11 

Power canals, surges in, 2-41 to 2-43 
negative, 2-43 

Powerhouse structures, 24-23 to 24-41 

classified, 24-23 
economic design, 24-37, 24-41 
low-head plants, 24-36 to 24-37 

Powerhouses, integral, 24-23 to 24-28 
for pumped storage projects, 25-7 to 

25-8 
tidal-energy, 42-4 to 42-14 
underground, 24-32 to 24-36 

Pozzillo Dam, 9-16 to 9-17 
Prechlorination, 38-75 
Precipitation, 1-1 to 1-9 

adjustment of records, 1-1 to 1-2 
distribution of, 1-2 to 1-5 

average annual, 1-2 
geographical, 1-2 
monsoons, 1-2 

monthly mean temperature, 1-4 to 
1-6 

normal annual in U.S., 1-3 
seasonal, 1-2 to 1-5 
time distribution, 1-10 to 1-11 

droughts, 1-8 to 1-9 
maximum, 1-8 
measurements, 1-1 
missing records, 1-2 
probable maximum, 1-16 to 1-19 
runoff correlation for Tuolumne River, 

1-7 
snow, 1-5 to 1-8 
sources of data, 1-1 

Pressure, high, defined, 22-4 
Pressure and speed rise computation, 

29-9 

Pressure wave, velocity of, calculation of, 
27-29 

Prestressed dams, design of, 16-2 to 16-9 
dam profile and required cable forces, 

16-2 to 16-5 
depth of cable anchorage, 16-5 to 

16-9 
Prestressing in dams, 16-1 to 16-22 

cable and its anchorage, 16-9 to 16-17 
cable ducts, 16-13 
protection of the prestressing steel, 

16-16 to 16-17 
stressing the cable, 16-14 to 16-16 
types of cable, 16-9 

defined, 16-1 
list of dams and characteristics, Table 

1, 16-12 
methods, electric-resistivity, 16-16 to 

16-17 

mechanical, 16-1 to 16-2 
safety criterion, 16-8 
wing dams, 16-18 

Price-type current meter, 5-6 
Priest Rapids Dam, 23-3 to 23-5, 23-7, 

23-12, 26-13 
spillway, 21-6 

Profiles (see Rivers, backwater curves) 
Prompton Dam, 18-80 
Propeller pump, axial-flow, 26-68 
Propeller turbines, 26-3 to 26-4, 26-12 
Prototype, defined, 3-1 
Prototype performance, 3-1 to 3-22 
Prototypes, necessity for data, 3-6 to 3-7 

verification, 3-5 to 3-6 
(See also Hydraulic models) 

Provo, Utah, equalization reservoir, 
37-54 

Pump, eight-stage, 26-70 
Pump-turbines, adjustable-blade, 26-86 

to 26-89 
axlal-flow, 26-89 to 26-90 
classification, 26-79 to 26-80 
reversible, 25-9, 25-13 
single-speed operation, 26-84 
starting procedures, 26-85 to 26-86 
transient behavior, 26-82 
two-speed operation, 26-84 

Pumped storage, 25-1 to 25-18 
economic analyses, 25-13 
growth of pumped storage, 25-9 
pumps, 25-9 
shape of reservoir, 25-3 
site, 25-12 
turbines, 25-9 
upper reservairs and dams, conduits, 

valves, and gates, 25-5 to 25-7 
Pumping and turbine performance, basic 

relationships, 26-80 to 26-82 
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Pumping installations, 26-49 to 26-78 

Pumping tests, groundwater, 35-13 to 
35-14 

Pumps, 26-49 to 26-78 
actual and apparent flow, 26-56 
cavitation in, 26-64 to 26-68 

test, 26-78 
classification of, 26-49 to 26-53 
double-suction, 26-57 to 26-58 

specific speed, 26-59, 26-63, 26-72 

drainage, 39-17 to 39-19 
efficiency, 26-53 to 26-54, 26-61 
for groundwater wells, 35-21 to 35-22 
irrigation, 34-50 to 34-51 
laboratory tests, 26-69 to 26-78 
mixed-flow, 26-62 
model tests, 26-75 to 26-78 
propeller, axial-flow, 26-67 to 26-68 
single-stage, 26-71 
single-suction, 26-71, 26-73 to 26-75 
six-stage, boiler-feed, 26-69 
specific speed of, 26-58 to 26-63 
twelve-stage boiler-feed, 26-69 

Quartz spheres, fall velocity in water, 
6-14 

Quioch Dam, Scotland, 19-7 

R curves for larger pipes, 2-15 

Rainfall, data for storm-sewer design, 
40-29 to 40-36 

effective, 33-22 to 33-24 
formula, 40-29 to 40-31 
intensity of, 40-29 to 40-32, 40-34 
relation to average sewage flow, 40-20 
(See also Precipitation; Snow; Storm 

rainfall) 

Rainfall stations, 40-31 

Rapid filters, 38-39 to 38-40 
washing of, 38-49 

Rapid sand filters, 38-9 to 38-10 

Raw water, analysis of, 38-55 

Reaction turbines, 26-1, 26-7, 26-35, 
26-42 

Reclamation projects, Bureau of, canal 
losses and waste, Table 16, 33-33 

Regime canals, 6-1 to 6-24 
bed form roughness, 6-10 
channels in alluvium, 6-1 to 6-5 

channels with gravel beds, 6-4 to 6-5 
Manning’s n for, 6-5 

Manning’s formula, 6-3 to 6-5 
slope formulas, 6-3 to 6-4 

design of, 6-21 to 6-23 

Regime canals, effects of sediment and 
seepage, 6-12 to 6-21 

sediment transport, 6-12 to 6-18 
losses in unlined canals, 6-20 to 6-21 
sediment grade scale, Table 2, 6-14 
theory of, 6-5 to 6-12 

regime-channel formulas, 6-5 to 6-12 
variations in regime, 6-9 to 6-12 

tractive force form, limiting tractive 
forces, 6-2 to 6-3 

maximum shear stress, 6-2 
velocity versus hydraulic radius and 

slope, 6-7 
Regulating gates, defined, 22-4 
Regulating valves, 22-38 to 22-66 

butterfly valves, 22-57 to 22-63 
discharge coefficients for, 22-42 to 

22-43, 22-45, 22-47 to 22-48, 22-52 
Ensign, 22-2 
hollow-jet valves, 22-47 to 22-54 
Howell-Bunger valves, 22-44 to 22-47 
needle valves, 22-38 to 22-42 
Paradox control, 22-39, 22-41 
sleeve-type, 22-54 to 22-57 
sphere valves, 22-63 to 22-66 
tube valves, 22-42 to 22-44 

Reservoir economics, 30-20 to 30-22 
Reservoir evaporation losses, 4-9 

methods of estimating, 1-42 to 1-45 
Reservoir flood routing, 4-22 to 4-24 

arithmetic method, 4-22 
graphical method, 4-24 

Reservoir hydraulics, 4-1 to 4-24 
Reservoir linings, 25-4 to 25-5 
Reservoir outlets, needle valves, 22-38 to 

22-42 
tube valves, 22-42 to 22-44 

Reservoir planning, 4-1 to 4-24 
basic data for, 4-2 to 4-3 

reservoir area-volume curves, 4-2 
streamflow, 4-2 to 4-3 

definitions, 4-1 to 4-2 
sediment-storage requirements, 4-3 to 

4-9 
distribution of sediment deposits, 

4-8 to 4-9 
rate of sedimentation, 4-3 

capacity-inflow ratio related to 
trap efficiency, 4-6 to 4-7 

computation of suspended sedi- 
ment load, Table 1, 4-6 

density of deposited sediments, 
4-6 to 4-8 

trap efficiency, 4-4 to 4-6 
TVA curve of trap efficiency, 4-6 

to 4-7 
Reservoir storage, 25-2 to 25-9 

classification, 4-1 to 4-2 
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Reservoir systems, summary of operation 
studies, Table 3, 4-14 

Reservoir wave action, 4-17 to 4-22 
basic assumptions, 4-18 
formulas, 4-18 
freeboard allowances, 4-17 to 4-18 
relations between wave periods, 4-20 
total allowance for, 4-22 
wave height, 4-19 to 4-20 
wave run-up on slopes, 4-19 to 4-21 
wind tide, 4-18 to 4-19 

Reservoirs, capacities of, for flood con- 
trol, 30-16 to 30-18 

distributing (see Distributing reser- 
voirs) 

high-valley, 25-2 
hilltop, 25-2 
impounding, 36-13 to 36-15 

selection of sites, 36-13 to 36-15 
lower, 25-8 
multipurpose, 30-18 to 30-20 
single-purpose, 30-20 to 30-21 
stream-valley reservoirs, 25-2 

Rettger proportional-flow weir, 41-30 
Reynolds number, 2-11 to 2-13, 3-2, 26-45 

drag coefficient of spheres, 38-14 
in filtration, 38-43 to 38-44 

Ring-follower gates, 22-14 to 22-18 
air inlets, 22-17 
leaf castings, 22-17 
weight-estimating curves, 22-110 

Ring-seal gates, 22-18 to 22-21 
Grand Coulee Dam, 22-18 to 22-19 
weight-estimating curves, 22-110 

River, braided, plan of barrage and 
bunds, 17-2 

River diversion, 8-1 to 8-15 
schemes, 8-13 to 8-15 

Rivers, backwater curves, 5-13 to 5-20 
barrages and, 17-1 to 17-4 
canalization of, 31-10 to 31-19 
inland, navigation systems, 31-1 to 

31-38 
Riverton project, Pilot Canal chutes, 

34-17 
Robert Moses Niagara power plant, 

24-34 
Rock-fill dams (see Dams, rock-fill) 
Rodriguez Dam, 13-2, 13-8, 13-14, 

13-16 
buttress elevations and sections, 13-2, 

13-8 
Roller-mounted gates, 22-25 to 22-31 

weight-estimating curves, 22-112 
Roller trains, 22-91 to 22-95 
Rollers, for compaction, 18-17 to 18-18 
Rolling gates, 21-14 to 21-16 
Kanawha River Dam and lock, 21-15 

Roseires Dam, spillway, 20-19 
Roseland Development, 9-12, 9-14 to 

9-15 
Rough conduits, 3-11 to 3-12 
Round-head buttress dams, 9-3 
Runoff, 1-19 to 1-28 

annual, 1-24 to 1-25 
average, in U.S., 1-26 
Connecticut River Basin, 1-24 
Gediz River, Turkey, 1-25 
mean, 1-21, 1-25 
percentage distribution of, by 

months, 1-27 
base, separation of, 1-29 
definition of terms, 1-20, 1-22, 1-24 
direct, 1-22, 1-29 
drain areas, rational formula, 39-8 

Southwestern drainage formula, 
39-8 

equation of the hydrologic cycle, 1-20 
estimates for missing records, 1-25 to 

1-28 
evapotranspiration, 1-19 to 1-20 

mean annual versus mean annual 
temperature, 1-21 to 1-22 

groundwater, 1-20 to 1-24 
analyses of rainfall and runoff in 

Dog River basin, 1-23 
in groundwater recharge, 35-18 to 

35-19 
hydrographs, 1-8 
short-term, 1-20 to 1-24 
sources of data, 1-20 
storm, 1-41 to 1-42 
utilization studies, 1-28 
variations, long-term, 1-25, 1-28 

seasonal, 1-25, 1-28 
water loss, 1-20 to 1-21 

Salinity intrusion in waterways, 31-27 
Salmon, Pacific, life cycle of, 23-1 
Salt Springs Dam, California, 19-6 to 

19-7 
San Gabriel Dam, results of flow tests, 

2-18 
Sand, hydraulics of flow through, 38-40 

to 38-44 

Sanitary sewers, basis of design for, 
40-22 

capacity of, 40-22 
capacity design, footing drains, 40-55 

storm-water allowances, 40-55 
computation form, 40-47 
computation procedure for, 40-22, 

40-53 to 40-55 
design, 40-22 to 40-23 

minimum grades for, 40-46 
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Santee Cooper, 20-42 
Sassiere Dam, France, 19-7 
Scale effect (see under Turbines, 

homologous) 
Scobey’s formulas, 2-6 to 2-7 

concrete pipes, 2-6 to 2-7, 2-9 
steel pipes, 2-7 to 2-8, 2-9 
wood-stave pipes, 2-7 

Scour holes, in barrages, 17-12 
Scour protection below overfall dams, 

20-38 to 20-44, 20-46 
Sediment, concentrations, 6-16 

annual variation of, 6-16 
content of rivers, 31-10 
mixture, size distribution of, 6-15 
rating curve, 4-4 to 4-5 
terminology of, American Geo- 

physical Union, 6-13 to 6-14 
Sedimentation, control, 6-18 to 6-20 

Du Boys’ bed-load formula, 6-16 
Einstein method, 6-18 
Meyer-Peter formula, 6-17 to 6-18 
reservoirs, 4-3 to 4-9 
in river channels, 31-23 to 31-25, 

31-27 
Shields’ formula, 6-17 
suspended sediment load, 6-17 
velocity versus sediment load and 

grain-size parameter, 6-19 
Sedimentation tanks, 41-35 to 41-36 

hydraulic losses, 41-36 
Seepage, embankment dams, quantity 

computed, 18-23 to 18-24 
Seminoe Dam, stress distribution, 14-7 
Servomanometer, 5-11 to 6-12 
Servomotor piston, 29-14, 29-47, 29-49 
Settling basins, dimensions, 38-18 to 

38-22 
effluent orifice walls, 38-22 
inlet for, 38-22 to 38-24 

loss of head in, 38-22 
irrigation structures, 34-33 
outlets for, 38-22 to 38-24 
permissible velocities in, 38-23 
sludge removal from, 38-20, 38-24 to 

38-25 
water treatment, 38-14 to 38-22 

Sewage, characteristics of, 41-2 
commercial quantity of, 40-19 
daily flow variations, 40-14 
domestic, 40-1 

quantity of, 40-1, 40-12 
effect of groundwater, 40-16, 40-19 to 

40-22 
effect of industrial waste waters, 41-2 

to 41-4 
estimated quantities of, 40-12 
filters, 41-14 to 41-15 
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Sewage, flow rates, 40-6 to 40-8 
as basis of sewer design, 40-19 
maximum or peak, 40-12 to 40-18 
yearly average, 40-10, 40-12 

flow records for, 40-11 
grease and oil removal from, 41-6, 41-10 
hourly flow, 40-11 

variations in, 40-11 to 40-12, 40-14 
to 40-17 

industrial, quantity of, 40-19 
monthly flow variations, 40-13 
plain sedimentation, 41-11 to 41-13 
quantities of, 40-1 to 40-23, 41-2 to 

41-4 
commercial, 40-1, 40-19 
computation of, 40-8 to 40-11 
domestic, 40-1, 40-12 
industrial, 40-1, 40-19 
metropolitan areas, 40-5 
and population distribution, 40-5 to 

40-7 
and water pumpage, 40-9 

relation of rainfall to average flow, 
40-20 

Sewage and waste-waters treatment, 
41-1 to 41-47 

Sewage disposal, problem of, 41-1 to 41-2 
Sewage-pumping stations, 40-78 to 40-83 

check-valve losses, 40-80 
force mains, 40-81 
head discharge conditions, 40-81 to 

40-82 
hydraulic design of, 40-78 to 40-80 
performance of pumping units, 40-82 

pump characteristics, 40-83 
pump selection, 40-81 
velocity-head coefficients, 40-80 

Sewage treatment, hydraulics, 41-4 to 
41-5 

processes of, 41-4 to 41-20 
activated-sludge, 41-15 to 41-17 
BOD removal, 41-10 to 41-12 
chemical, 41-12 to 41-13 
coarse screens, 41-5 to 41-6 

comminutors, 41-5 to 41-8 
diffused-air aeration, 41-17 
dilution, 41-5 
disinfection, 41-18 to 41-19 
fine screens, 41-6 

grease and oil removal, 41-6, 41-10 
grit removal, 41-6, 41-8 to 41-9 
irrigation, 41-14 

plain sedimentation, 41-11 to 41-18 
sedimentation, 41-18 

Sewage-treatment plants, aerated 
conduits for, 41-26 

aeration tanks, 41-38 to 41-41 
designed for population increase, 40-3 
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Sewage-treatment plants, elements of, 
41-4 to 41-20 

flowmeters, 41-33 to 41-35 
grit chambers, 41-29 to 41-33 
head losses and hydraulic profiles, 

41-44 to 41-47 
hydraulic computations for major 

elements, 41-22 to 41-44 
hydraulic losses in, 41-20 to 41-22 

aerated conduits, 41-26 
bar-screens, 41-27 
comminutors, 41-28 to 41-29 
conduits, 41-23 to 41-26 
entrance, 41-23 
fine screens, 41-27 
outfall, 41-41 to 41-43 

lagoons and stabilization ponds, 41-14 
outfalls, 41-19 
rotary trickling filters, 41-36 to 41-37 
sewage meters, 41-33 to 41-35 
sludge handling, 41-19, 41-43 to 41-44 

Sewer capacity, design for, 40-51 to 
40-59 

Sewer systems, 40-51 
capacity design, 40-51 to 40-59 

maps and profiles, 40-51 
Sewered area in acres, 40-3 
Sewers, appurtenances, 40-61 to 40-78 

catch basins, 40-65 
inlets, 40-61 to 40-65, 40-67 to 40-68 
intercepting devices, 40-69 to 40-70, 

40-72 to 40-73, 40-76 
inverted siphons, 40-65 to 40-69 
junction chambers, 40-61, 40-66 
leaping weirs, 40-73 to 40-75 
manholes, 40-49, 40-61 to 40-64 
mechanical regulators, 40-77 to 

40-78 

overflow weirs, 40-70 to 40-73 
area development for, 40-1 to 40-4 
capacity factors, 40-6 to 40-8 
combined, computation procedure, 

40-58 
computation diagrams, 40-42 
depressed, 40-65 to 40-69 
gagings, 40-10 to 40-11 
hydraulic elements graphs, 40-43 to 

40-45 
hydraulics of, 40-40 to 40-50 
infiltration in, 40-19 to 40-22 

groundwater, 40-16, 40-19 
losses of head in, 40-48 to 40-50 
materials and joints, 40-59 to 40-61 
nonuniform flow in, 40-50 
population estimates for, 40-4 to 40-6 
sanitary (see Sanitary sewers) 
storm (see Storm sewers) 
velocities in, 40-45 to 40-47 

Shallow, term defined, 1-42 
Sharp-crested weirs, formulas for, 2-46 

to 2-48 
Shasta Dam, 9-27, 9-31, 11-2 to 11-3 

high-pressure gates, 22-3, 22-9, 22-21 
outlet conduit gate, 22-3 
uplift pressure, 9-24 

Sheboygan, Wis., sewerage study, 40-5 
Sherman Island Dam, 15-1 
Shihmen Dam, 18-82 to 18-83 
Shihmen Reservoir project, diversion 

tunnel, 8-8 to 8-9 
Side-channel spillways, 20-27 to 20-29 

flow characteristics, 20-28 to 20-29 
Sidhnai Canal, 6-10, 6-12 
Single-stage pump, 26-71 
Siphon spillways, 20-36 to 20-38 
Skin plates, 22-30 to 22-31 
Shde gates, 22-8 to 22-14 

weight-estimating curves for, 22-110 
Slopes, open-channel, classification of, 

2-32 
Sludge, characteristics of, 41-4 
Sludge handling, 41-19, 41-43 to 41-44 
Sludge removal, 38-20 

equipment for, 38-24 to 38-25 
Smith Mountain Dam, 25-2 
Smith Mountain Project, 25-16 to 25-17 
Snow, 1-5 to 1-8 
Snow survey index, 1-5, 1-7 
Sodium hexametaphosphate (Calgon), 

38-65 
Soil sampling, 18-57 to 18-59 

in irrigation, 33-3 to 33-4 
Soil sealants for canal linings, 34-9 
Soil testing, 18-61 to 18-75 

compaction tests, 18-64 to 18-67 
impact-type, 18-64 
kneading, 18-64 to 18-66 
permeability tests, 18-62, 18-67 to 

18-69 
static, 18-66 to 18-67 
vibratory, 18-66 

consolidation tests, 18-73 to 18-75 
identification tests, 18-63 to 18-64 

chemical or mineralogical, 18-63 
grain-size distribution, 18-63 
liquid and plastic limit, 18-63 to 

18-64 
relative density, 18-63 to 18-64 
unit weight, 18-63 

shear-strength tests, 18-69 to 18-73 
triaxial, 18-69 to 18-73 

Soils, borings, 39-4 
clay-loam, grades of tile drains for, 

39-13 to 39-14 
and drainage, 39-3 to 39-5 

salinity, 39-5 to 39-7 
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Soils, permeability and drainage charac- 
teristics of, 39-4 to 39-5 

texture index, 39-5 
Solway Firth tidal-energy project, 

42-16, 42-20 
South Holston project, intake chamber, 

24-12 
Specific speed, turbines, 26-26 to 26-30 
Speed droop, 29-17 to 29-19 
Speed regulation, 29-1 to 29-55 

Speed regulation, oil-pressure relay 
valves, displacement of, 29-16 to 
29-19 

pressure and speed rise computation, 
29-9 

primary compensation, 29-16 
servomotor piston, 29-13 
speed droop, 29-17 to 29-19 
speed-responsive governors with pri- 

mary compensation, 29-16 
arithmetic integration, use of, 29-8 
basic equations, of governing (com- 

pensation omitted), 29-8 to 29-16 
including primary compensation, 

29-16 to 29-19 
including water hammer, 29-22 to 

29-55 
Allievi interlocking series, 29-23 
calculation of the coefficient K of 

the general criterion of stabil- 
ity, 29-38 to 29-51 

coefficients r and s, 29-27 to 29-30 
effect, of first component h, 29-30 

to 29-31 
of second component h, 29-30 

to 29-31 
experimental statistics, 29-37 to 

29-38 
flywheel equation, 29-13, 29-30 

combined with equations of 
governor movement, 29-13 

gate oscillation, 29-22 to 29-26 
governing stability of two (or 

several) generating units, 29-51 
to 29-55 

head oscillation, 29-22, 29-24 to 
29-30 

loads, a-c electric motors, 29-33 
power output po, 29-47, 29-49 
servomotor speed travel, 29-47, 

29-49 
vector diagrams, 29-15, 29-18 to 

29-19, 29-27, 29-34 to 29-37 
of speed acceleration, responsive- 

type governors, 29-19 to 29-20 
with secondary compensation 

(dashpot), 29-20 to 29-22 
flyball elements, 29-17 
flywheel effect for open-flume setting, 

29-1 to 29-3 
flywheel equation, 29-8, 29-10 
governing stability, analysis, symbols 

for, 29-10 to 29-12 
of two or several generating units, 

29-51 to 29-55 
governors (see Governors) 
load rejection study, Table 1, 29-4 to 

29-5 

symbols for governing stability 
analysis, 29-10 to 29-12 

time required to pick up full load, 
29-6 to 29-7 

turbine gates, 29-16 
water hammer, influence of, 29-3 to 

29-7 
W R?, 29-1, 29-8 

Spillway crest gates (see Crest gates) 
Spilway crests, 20-3 to 20-4 

geometry, 20-2 

types, 20-3 to 20-4 
Spillway dams, 17-23 
Spillway discharge capacity, 20-1 to 

20-3 
design flood, 20-1 

Spillway discharge coefficients, 20-8 to 
20-15 

Spillways, 20-1 to 20-54, 25-5 
approach conditions, 20-1 to 20-3 
chute, 20-20 to 20-27 

floor slabs, 20-26 to 20-27 
side walls, 20-24 to 20-26 

design, Nappe coordinates, 20-5 to 
20-6 

design flood, 20-1 
flip bucket, 3-19 
gated and orifice, 20-15 
morning-glory shaft, 20-29 to 20-36 
piers for, 20-18 
scour protection below overfall dams, 

20-38 to 20-54 
deflector buckets, 20-38, 20-41 
plunge pools, 20-38 

stilling basins, 20-41 to 20-54 
types of, 20-3 to 20-4 

chute, 20-20 to 20-27 
overfall, 20-4 to 20-15 
side-channel, 20-27 to 20-29 
trough, 20-20 to 20-27 
tunnel, 20-34 to 20-36 

Staats-Hornsby valves (see Hollow-jet 
valves) 

Stability, criterion of, 29-32 
incipient test for (surge tanks), 28-9 

to 28-15 

Stability analysis, symbols for, 29-10 to 
29-12 
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Structural analysis, finite-element 
method, 10-1 to 10-22 

loads and eriteria of analysis, 10-4 

Stauwerke gates, 21-8 

Steenbras Dam, 16-13, 16-15, 16-17 
Stewart Mountain Dam, 14-8 

Stilling basins, hydraulic models for, 
3-19 to 3-20 

in river canalization, 31-12 to 31-15 

Stilling wells, 5-11 
Stoney gates, 21-11 to 21-12 
Stop logs, 21-3, 22-34 to 22-38 

defined, 22-4 
weight-estimating curve, 22-113 

Storage, flood-control, 4-1 
reservoirs, 4-1, 25-2 to 25-8 

Storm rainfall, 1-9 to 1-19 
areal, 1-14 to 1-16 

isohyetal method, 1-14 to 1-15 
Thiessen method, 1-14 to 1-15 

depth-area-duration curves for three 
large-area United States storms, 
1-17 

design storms, 1-11 to 1-14 
orographie effects, 1-19 
points, 1-10 to 1-14 

hyetographs and mass curves of 
Philadelphia storm, 1-11 

six-hour, U.8., 1-138 
thunderstorms, 1-5, 1-10 

types of, 1-9 to 1-10 
zones, 1-12 

Storm sewers, 40-23 to 40-40 

capacities of, 40-25, 40-36 to 40-38 
comparative, 40-39 

computation procedures, 40-36, 40-51, 
40-58 

cost of, 40-24 
design of, area to be served, 40-26 

basis of, 40-23 to 40-25 
rational method, 40-25 to 40-26 
storm-flow concentration time, 

40-26 to 40-28 
effect of storage, 40-38 
rainfall data for, 40-28 to 40-29 
runoff coefficients for, 40-35 to 40-37 

Storm transposition, 1-15, 1-19 

Storm types, 1-9 to 1-10 
Strain meters, 14-44 to 14-47 
Stream-bed protection works, 20-1 to 

20-54 

Streamflow records, 1-8, 4-2 to 43, 
4-11, 5-10 to 6-138 

Stress analysis, gravity dams, 9-27 to 
9-34 

Stress distribution, Hiwassee dam, 9-30 
Stresses, hollow gravity dams, 12-7 to 

12-10 
in prestressed dams, 16-4, 16-6 to 16-7 
vertical, in arch dams, 10-16 

to 10-7 
gravity loading, 10-5 to 10-6 
inertia loads, 10-6 
prestressing and other loads, 10-6 
temperature loads, 10-6 
water loading, 10-4 to 10-5 

vibration frequencies, 10-17 
Structural features, 11-1 to 11-19 
Sun, gravitational influence of, 42-1 to 

42-2 
Surface tension, 3-6 

Weber’s number, 3-2 to 3-3 
Surge tanks, 28-1 to 28-34 

Appalachia (see Appalachia surge 
tanks) 

basic differential equations, 28-2 to 
28-3 

closed-top, 28-33 
compound, 28-33 
critical velocity, Johnson’s equations 

for, 28-8 to 28-9 
differential, 28-20 
economic diameter, 28-20 to 28-22 
functions of, 28-1 
Johnson regulator, 28-2 
Johnson’s equations, 28-3 to 28-9 
load-demand condition, Johnson’s 

chart, 28-12 

load-rejection condition, Johnson’s 
chart, 28-13 

Johnson’s equations for, 28-6 to 
28-8 

load-rejection test, 28-30 to 28-31 
restricted orifice type, 28-32 to 28-33 
riser-drop curve, maximum efficiency 

of, 28-4 

test for incipient stability, 28-9 to 
28-15 

Thoma tank diameter, 28-14 
water levels following load demand, 

chart, 28-15 

Tail-water depth, 2-45, 2-47 
Tailrace, 24-22 to 24-23 
Tainter gates, 20-16, 21-5 to 21-7 

in locks, 31-19 
Tanks (see specific type, as Surge 

tanks) 
Tapping machines, 37-41, 37-43 
Tarbela Dam, 18-83 to 18-84 
Tasan tunnel, 2-18 
Taum Sauk Dam, Missouri, 19-7 to 

19-8, 25-4 
hilltop reservoirs, 25-2 to 25-3 
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Taylor, Roy, 28-4 
Temperature control, concrete, 11-13 
Temperature loads, on arch dams, 14-4 

on buttress dams, 13-4 
Tennessee Valley Authority spillways, 

20-12 to 20-13 

Theis nonleaky-type curve, 35-5 to 35-8 
Thiessen method for weighing rainfall, 

1-14 to 1-15 

Thoma formula, cavitation, 26-32 to 
26-33, 26-35, 26-39, 26-64, 26-67 
to 26-68 

Thornthwaite method, evapotranspira- 
tion, 33-7 

Thunderstorms, 1-5, 1-10, 1-15 to 1-16 
area-depth relations, 1-15 
(See also Storm rainfall) 

Tidal-energy, development, 42-1 to 
42-25 

in U.S.S.R., 42-6, 42-13 to 42-14 
world possibilities, 42-23 to 42-25 

economics of, 42-22 to 42-23 
effect on interconnected electrical 

networks, 42-14 to 42-16 
effects of declination and elliptical 

orbits, 42-2 to 42-3 
phase difference, 42-2 to 42-3 

future developments, 42-16 to 42-22 
in generation of mechanical and elec- 

trical energy, 42-4 to 42-14 
LaRance Tidal-power Station, 

42-10 to 42-13 
peaking operation, 42-8 
pump-turbine concept, 42-8 to 

42-10 
phase difference, 42-2 to 42-3 
with pumped storage, 42-14 to 42-16 
source of, 42-1 to 42-3 
typical annual load curves, 42-15 

Tidal oscillations, 42-3 to 42-4 
barrage effects, 42-4 
coriolis force, 42-4 
estuarial tides, 42-3 to 42-4 
oceanic tides, 42-3 

Tides, diurnal, 42-2 
semidiurnal, 42-1 
spring and neap, 42-3 

Time, symbols for stability analysis, 
29-10 

Tractive-force formulas, 6-1 to 6-5 
Training walls, 31-32 
Transient phenomena, 27-1 
Transite, tests on, 37-42 
Trapezoidal law, applied to dams, 12-7 
Triaxial shear test, 18-69 to 18-73 
Trickling filters, 41-36 to 41-37 

computations for, 41-38 

Trier power station, 24-41 
Trinity Dam, jet-flow gate, 22-23 

Trough spillways, 20-20 to 20-27 
“TUBE” turbine, 26-9, 26-19 

in tidal energy, 42-18, 42-21 
Tube valves, 22-42 to 22-44 
Tunnel spillways, 20-34 to 20-36 
Tunnels, bend losses, 2-24 to 2-25 

deposits and organic growth, 2-19 to 
2-21 

diversion, 8-2 to 8-10 
plugs, 8-10 
water-surface profiles, 8-4 

gradual conical contraction, 2-24 
gradual conical expansion, 2-23 to 

2-24 
horseshoe, 7-3 
long tail, 2-43 to 2-44 
sudden enlargements, 2-21 to 2-22 
typical sections, 7-3 
unlined, 2-18 to 2-19 

Turbine action, 26-12 to 26-24 
force and torque relations, 26-14 to 

26-20 
fundamental principles of, 26-12 to 

26-24 
head or energy relations, 26-20 to 

26-24 
power formulas, 26-17 
relative and absolute velocities, 26-12 

to 26-14 

Turbine gates, opened from speed-no- 
load position, 29-17 

Turbine performance curve, relative 
efficiency versus relative power, 
29-22 

Turbine runners, characteristic propor- 
tions, 26-40 to 26-41 

Turbines, homologous scale effect on, 
26-45 to 26-48 

hydraulic, 26-1 to 26-49 
cavitation, 26-30 to 26-34 
cavitation coefficient sigma, test 

curves of efficiency, power, and 
discharge versus, 26-33 

classification by limits of specific 
speed, 26-37 

combined operation of several units, 
26-48 to 26-49 

dynamic similarity, 26-24 to 26-26 
effective heads, 26-10 to 26-12 
efficiency of, 26-10 to 26-12, 26-43 

specific speed relations, 26-28 to 
26-29 

general classification, 26-1 to 26-9 
power formulas, 26-17 to 26-24 
recommended limits of plant sigma 

for specific speeds, 26-34 to 26-40 
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Turbines, hydraulic, selection of type 
and speed, 26-34 to 26-40 

specific speed, 26-26 to 26-30 
for tidal energy, 42-16 to 42-19 
(See also specific types, as Francis 

turbines; Kaplan turbines) 

Ultraviolet light, as germicide, 38-73 
Underwriters’ requirements for fire 

hydrants, 36-4 to 36-5 
UNESCO study on drainage needs, 

39-1 
U.S. Public Health Service drinking 

water standards, 38-7 to 38-8 
Uplift pressure, in arch dams, 14-3 

in gravity dams, 9-21 to 9-25 

Valve, defined, 22-3 to 22-4 
Valves, assortment and types of, 37-29 

to 37-37 
check, 37-34 
high-pressure gates, 22-38 to 22-66 
(See also specific type, as Altitude 

valve) 
Vector diagrams, 29-15, 29-18 to 29-19, 

29-27, 29-34 to 29-37 
Velocity, symbols for, 29-11 
Velocity-head coefficient, 41-24 
Venturi meters, 2-25, 37-48, 37-50 

formulas, 2-25 
Venturi tubes, measuring device, 2-26 
Vertical-lift gates, 21-9 to 21-11 

fixed-wheel, 21-10 to 21-11 
in locks, 31-18 
sliding, 21-9 to 21-10 
Stoney, 21-12 to 21-13 

Viscosity, 3-6 
Reynolds number, 3-2 

Viscous drag, 3-2 
Von Karman-Prandtl equations, 2-34, 

3-12, 3-14 
Von Karman and Prandtl theoretical 

analysis for pipe flow, 2-13 to 2-15 

Wabash River, levee, 30-16 
Wanapum Dam, 16-20, 18-78, 23-3 to 

23-4, 23-6, 23-8 
intake structure, 16-10 to 16-11 
river diversion, 8-14 to 8-15 
spillway, 20-43 
spillway gates, 21-6 

Wanapum powerhouse, 24-24 to 24-25, 
26-15 

Warwick, R. I., water-distribution 
system, 37-9, 37-11, 37-20 to 37-21 

Waste-waters disposal, problem of, 41-1 
to 41-2 

Watauga project, intake tower, 24-12 
Water, alkali reaction in, 38-4 

alkalinity, 38-5 
methyl orange, 38-5 

buffer actions of, 38-5 
clarification theory, 38-16 to 38-18 
color of, 38-2 
corrosive (see Corrosive waters) 
detergents in, 38-9 
fluoride in, 38-8 to 38-9 
hardness of, 36-11, 38-7 
impurities, 38-7 to 38-9 

dental fluorosis, 38-9 
methods of identification and 

measurements, 38-4 
sanitary significance, 38-7 to 38-9 
sewage pollution, 38-7 
soap waste, 38-7 
U.S. Public Health Service stand- 

ards, 38-7 to 38-8 
ionic products in, 38-4 
ionization of, 38-4 to 38-5 

bicarbonate, 38-6 
ions, concentration of, 38-4 
iron in, 36-13, 38-45, 38-60 to 38-63 
for lockages, 31-10 
manganese in, 38-60 to 38-63 
odor in, 38-73 to 38-76 
pH value, 38-5 
phenolphthalein, 38-5 
power from (see Hydroelectric plants) 
purification of, plant requirements for, 

38-13 to 38-14 
quality of, 36-8 to 36-10, 38-1 to 38-9 

composition, 38-1 to 38-4 
substances occurring in, 38-3 
taste in, 38-73 
use of, commercial, domestic, and 

industrial, 36-1 to 36-4 
Water availability analysis, 4-9 to 4-17 

flow-duration analyses, 4-9 to 4-11 
historical critical period, 4-15 
mass-curve analysis, 4-11 to 4-12 
reservoir-operating study for critical 

period, Table 2, 4-13 
stochastic analyses, 4-15 to 4-16 
tabular reservoir-operation analysis, 

4-12 to 4-13 

Water conductors, in hydroelectric 
plants, 24-9 to 24-23 

Water consumption, 36-1 to 36-8 
average yearly data for cities, 40-10 
per capita, 36-1 to 36-3 
demand forecasting, 36-5 to 36-8 
fire demand, 36-4 to 36-5 

typical large fires, Table 5, 36-5 
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Water consumption, fluctuations in 
demand, 36-3 to 36-4 

rates, and demand, Table 4, 36-4 
requirements of principal users, U. S., 

Table 3, 36-2 to 36-3 
residential use, data, Table 1, 36-2 

Water distribution, 37-1 to 37-58 
design of pipe distribution systems, 

37-1 to 37-22 

fire-protection requirements, 37-4 to 
37-7 

general arrangements, 37-7 to 37-8 
pressure and flow requirements, 

37-1 to 37-4 
pressure table and pressure districts, 

37-8 to 37-10 
procedure in, 37-10 to 37-14 

Water distribution systems, computation 
of loads for, 37-11 to 37-13 

fire-stream and hose data, 37-6 
hydraulic analysis for pipe networks, 

37-13 to 37-22 
pressure contours for domestic con- 

sumption, 37-12 to 37-13 
pressure losses in new services, Table 

9, 37-45 
valves and hydrants, 37-29 to 37-37 
in Warwick, R. I., 37-9, 37-11, 37-20 

to 37-21 
Water hammer, 27-1 to 27-32 

Allievi chart method, 27-25 to 27-31 
Angus graphical method, 27-15 to 

27-25 
arithmetic integration method, 27-12 

to 27-14 
basic differential equations, 27-4 to 

27-7 
field of applicability of various 

methods, 27-31 to 27-32 
head oscillations, 29-22, 29-24 to 29-30 
influence on speed, 29-3 to 29-9 
speed regulation, basic equations 

including, 29-22 to 29-55 
symbols for, 29-10 
waves, 27-3 to 27-7 

mechanism of wave reflection, 27-7 

to 27-11 
Water mains, capacity of, 37-41 to 37-43 
Water meters, house, loss of pressure in, 

37-3 
service meters, 37-46 to 37-51 
specifications for, 37-3 

Water power, 24-1 to 24-9 
Water softening, 38-53 to 38-63 

lime-soda process, 38-53 to 38-57 
Water-stage recorders, 5-10 to 5-11 
Water stops in gravity dams, 11-9 to 

11-12 

Water supplies, 36-1 to 36-22 
impounding reservoirs, 36-13 to 36-15 
service meters, 37-46 to 37-51 
sources of, 36-10 

classification, 36-8 
effects on water quality, 36-8 to 

36-10 
statement of policy on, (A.W.W.A.), 

36-16 
surface, 36-8, 36-10 to 36-22 

dams, 36-17 
dissolved solids in, 36-12 
intakes, 36-17 to 36-22 
watershed control, 36-15 to 36-17 

suspended matter, 36-8 to 36-10 
Water treatment, 38-1 to 38-76 

balance of ions, 38-56 
clarification, 38-14 to 38-27 

demineralization, 38-53 to 38-63 
hydraulic characteristics of typicak 

tanks, 38-19 

inlet and outlet devices, 38-22 to 38-24 
ion exchangers, 38-57 to 38-60 
settling basins, 38-14 to 38-22 
type and capacity of plant, 38-9 to 

38-14 
upflow sludge-blanket clarifiers, 38-25 

to 38-27 
(See also Filter plants) 

Waterways, U.S., classified, 31-1 to 
31-3 

principal inland, 31-2 
(See also Rivers) 

Waterworks, design, discharge table for, 
Table 6, 36-6 

Wave characteristics, in design of break- 
waters and jetties, 31-35 to 31-37 

Wave component, reflected, calculation 
of reflection, 27-13 

Weber’s number, 3-2 to 3-3 
“Wedge” method, of prestressing, 16-2 

to 16-3 
Weight estimating curves, intake gate, 

22-114 to 22-115 
various types of gates, 22-110 to 

22-115 
Weir formulas, 5-5 to 5-6 
Weirs, fish passage, 23-4 to 23-6 

leaping, 40-73 to 40-75 
sharp-crested, 2-46 to 2-48 

Weisbach-Darcy friction formula, 38-39 
Wells, artesian, 35-3 to 35-14 

groundwater, 35-14 to 35-23 

methods of construction, 35-14 to 
35-17 

caisson wells, 35-17 
California or stovepipe, 35-15 to 

35-16 
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Wells, groundwater, methods of con- 
struction, gravel-developed, 
35-18, 35-19 

gravel-packed, 35-18 to 35-19 
reverse rotary, 35-16 to 35-17 
standard or cable-tool, 35-15 

models and computers, 35-22 to 
35-23 

pumps, 35-21 to 36-22 
recharge wells, hydraulics of, 35-19 

to 35-20 
recharging, 35-18 to 35-20 
sanitary precautions, 35-20 to 

35-21 
hydraulics of, 35-3 to 356-12 

under equilibrium conditions, 35-3 
to 35-5 

under nonequilibrium conditions, 
35-5 to 35-10 

specific capacity and safe yield, 
35-10 to 35-12 

leaky-artesian formula (Hantush and 
Jacob), 35-9 to 35-10 

Wells, modified nonequilibrium formula 
(Cooper and Jacob), 35-8 to 35-9 

Westergaard equations, 12-13 
Wheel-mounted gates, 22-25 to 22-31 

weight-estimating curves, 22-112 
Wheeler filter bottom, 38-51 
Wicket gates, 26-84 to 26-85 
Wilson Dam, 20-17 
Wind, in reservoir wave action, 4-18 
Worthington model pump, 26-60 
W k?, 29-1, 29-8 

Yakima project, canal headworks, 34-31 
warped transition sections, 34-13 

Yellowtail Dam, high-pressure gate, 
22-30 

Zack’s statement on sewage meters, 
41-40 

Zanger’s equation, 9-26 to 9-27 
Zuider Zee formula, 4-19, 18-53 
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(continued from front flap) 

in the design of dams, waterways, and regime 
canals. 

Written from the practicing engineer’s point of view, 

the book is organized in the order which is usually 
followed in making regional plans for water use and 
control. Conveniently divided into four major parts, 

it contains comprehensive coverage that ranges from 
basic hydraulics, reservoir hydraulics, and natural 

channels , . . through river diversion, the finite-ele- 
ment method of analyzing dams, foundations material, 
basic principles of concrete dam design, prestressed 
dams, barrages and dams on soft foundations, and 

fishways at dams... to pumped storage, flood con- 
trol, groundwater, and navigations systems. You will 
also find detailed discussions on several advances 
from Europe, notably dams of the flexible-concrete- 
block type, the cored-gravity type, and the wide-span 
multiple-arch type. 

ABOUT THE EDITORS 

CALVIN VICTOR DAVIS, 
Consulting Hydraulic Engi- 

neer for Harza Engineer- 
ing Company, has planned 
and designed numerous 
large hydraulic projects lo- 

cated both in the United 
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formerly chairman and 

President, Harza Engineering Company; Chief Engi- 
neer, Ambursen Engineering Company; Principal 
Planning Engineer, Tennessee River System, IVA; 

Project Engineer for the Fontana Project, TVA; and 

Vice President, Frederic R. Harris Engineering Cor- 
poration. Mr. Davis is also the Editor-in-Chief of the 

first and second editions of the HANDBOOK OF 

APPLIED HYDRAULICS, as well as author of nu- 

merous articles on river development and regional 

planning. 
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SEN is Vice President, 

Harza Engineering Com- 
pany. Prior to becoming 

Vice President he was Head 
of the Planning Depart- 
ment in charge of feasibili- 

ty studies for dams, hydro- 
electric plants, irrigation, 
and flood control projects. Mr. Sorensen has also 
worked as a structural engineer with the Kimberly 

Clark Corp. and in the Panama Canal Zone. 



Today’s best guide to hydrology 
and water-resources technology 

This giant reference provides an up-to-date 
source of information and data on all important 
areas of hydrology and water resources. Here 
you'll find detailed coverage of the fundamental 
sciences on which hydrology rests . . . the various 
phases of the hydrological cycle and various hy- 
drologic phenomena . . . the practice and appli- 
cation of hydrology ... and the legal and socio- 
economic aspects of hydrology. 

Covers practical new innovations 

An especially valuable section examines the 
latest application of electronic computers in 
solving hydrology problems. You'll also learn 
about water-quality requirements for various in- 
dustrial water supplies, waste-water reclamation 
and reuse, and storm-runoff removal for air- 
ports and urban expressways. Other subjects cov- 
ered include statistical and probability analysis 
— regression and correlation analysis — analysis 
of variance, covariance, and time series — and 
the design of water-resources systems. 
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VEN TE CHOW, Editor-in-Chief 

Professor of Hydraulic Engineering, 
University of Illinois 

1482 pages, 6 x 9, 614 illus. 

The only complete handbook of 
modern piping “know-how” 

Prepared by a team of experts under the editor- 
ship of Reno C. King, this latest edition of 
Sabin Crocker’s PIPING HANDBOOK is easily 
today’s most reliable and comprehensive refer- 
ence on piping systems engineering. 

Presents the best of current practice 

Reflecting the tremendous progress made in 
piping since the previous edition, the hand- 
book provides vital new insights into piping 
design, specifications, fabrication, installation, 
testing and inspection. Here for example, you'll 
find detailed discussions on the manufacture of 
piping (including processes and metallurgical 
properties) . . . the selection of materials from 
the viewpoint of their physical properties and 
their ability to withstand chemical attack .. . 
a unique new analytical development of the ex- 
pansion and flexibility problem . and the 
fluid mechanics of compressible flow. Equally 
important, reference is made to the latest edi- 
tion of the appropriate governing codes in chap- 
ters dealing with specific piping systems design, 
including test cases for extra guidance. 
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‘EDITED BY RENO C. KING 
Professor of Mechanical Engineering, 

New York University 

5th ed., 1,652 pages, 6 x 9, 872 illus. 

A detailed authority on every key 
phase of civil engineering 

Practical and user oriented, this one-volume 
handbook provides easy access to information 
that is essential to everyone engaged in civil 
engineering: consulting engineers, public works 
engineers, architects, contractors, material and 

equipment suppliers, inspectors, and many others. 

Written by leading practitioners 

To ensure professional treatment of every topic 
within the vast discipline of civil engineering, 
the editor drew on the knowledge of the coun- 
try’s top engineers. As a result, the book is 
wider in scope than the usual civil engineering 
reference. For example, it presents the latest and 
best techniques in areas like the use of com- 
puters in civil engineering . . . design manage- 
ment .. . construction management . . . light- 
weight steel design and construction . .. and 
building engineering — just to name a few. De- 
signed for fast reference, this volume is a boon 
to engineers in both the field and the office be- 
cause it covers construction methods and equip- 
ment in great depth and detail. 

LIVIL ENG 

Edited by FREDERICK S. MERRITT 
Consulting Engineer 

1326 pages, 6 x 9, 731 illus. 

Essential formulas and tables 
used in hydraulic engineering 

You now have fast access to the many tables 
and other reference data required by the prac- 
ticing hydraulics engineer who wants to speed- 
up his computations without sacrificing accu- 
racy. Covering every phase of common practice 
as well as many special problems, this well- 
known handbook provides you with condensed 
and simplified rules and formulas; lucid expla- 
nations of the practical application of the many 
tables and diagrams; and full use of dimension- 
al analysis in arranging these tables results in 
their particular form. 

Fully up-dated for today’s requirements 
Now in its Fifth Edition, the handbook features 
information on fluids other than water, modern 
material on orifices and sluice gates, weirs, 
pipes, and uniform and non-uniform flow in 
open channels. What’s more, completely new 
sections have been included in such areas as 
fluid flow high velocity transition 
wave motion and forces . . . and spatially vari- 
able and unsteady flow. 
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BY HORACE W. KING 
and ERNEST F. BRATER 

5th ed., 566 pages, 5 x 71/2, 179 illus. 


